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Abstract

Progressive collapse is a collapse where local failure leads to a disproportionate
collapse. Due to a focus on ease of erection in the construction process and
more and more optimisation of design through advanced analysis techniques
buildings are believed to have become more vulnerable to loads outside the de-
sign envelope over the past decades and are thus more vulnerable to progressive
collapse.

When a building is subjected to local failure the load resisting behaviour is
quite different than the behaviour considered in conventional linear elastic de-
sign. To design a building resistant to progressive collapse in a cost efficient and
aesthetically attractive way consideration of these non-linear effects is required.

The purpose of this research is to investigate structural non-linear behaviour
of building structures and develop design rules or strategies to economically
design building structures resistant to progressive collapse. Focus is on RC
structures in static loading conditions.

In order to do this first the progressive collapse phenomenon itself was con-
sidered. Three design approaches were distinguished: the event control ap-
proach aimed at improving the level of protection of a building, the specific
local resistance approach aimed at increasing the hardness of a building and
the alternate load path approach which aims at improving the robustness of
building. The latter approach has been elaborated.

Alternate load paths can be developed roughly in four manners. By arch
action, suspension action, Vierendeel action and catenary action. Ductility of
the structure and its connections is important to enable these alternate load
paths. For arch and catenary action special detailing of structural ties is needed,
especially catenary action depends highly on the elongation capacity of these
ties.

When Vierendeel action occurs, redistribution of internal moments is an
important effect. This effect relies highly on the ductility of the RC structure.

To assess the effect of non-linear effects numerical determination of limit
loads was performed for a case study. Three non-linear effects creating an over-
capacity compared to linear assessment were distinguished in the case study:
strain hardening of the reinforcement steel, moment redistribution and occur-
rence of torsional moments in hollow core slabs.

The magnitude of these effects depends on the actual reinforcement lay-out
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and the structural geometry. For three investigated cases of column removal
the non-linear overcapacity was in the order of magnitude of 1.8.

With this overcapacity factor a linear procedure of notional element removal
was performed for the entire building. Each column was removed one by one,
one at a time and the effects were assessed.

It was concluded that via this approach the design of the studied building
can be adjusted adequately and economically to enhance the robustness. The
right detailing if of primary importance in enhancement of robustness.



Chapter 1

Introduction

In this chapter the background of the research conducted is sketched and the
research itself is outlined.

1.1 Background

Since the terrorist attacks at the Oklahoma Federal Building in 1995 and the
World Trade Center in New York in 2001 the phenomenon of progressive collapse
has had renewed public attention. The attention of structural engineers to this
topic however, dates back to the world famous partial collapse of an apartment
complex at Ronan Point, London, UK in 1968 when a gas explosion led to
collapse of part of all 22 floors.

Although intuitively most people can imagine what is meant by the ex-
pression progressive collapse it seems hard to give a closed definition of this
phenomenon. Progressive collapse involves initial local damage leading to a
disproportionate collapse, but it is difficult to give a quantitative expression to
the terms ‘local’ and ‘disproportionate’.

When looked at progressive collapse from the viewpoint of a structural engi-
neer, probability of progressive collapse can be reduced by designing a building
in such a way that it is robust, where robustness is defined as a measure of
the performance of a building in damaged state. However, robustness is equally
difficult to measure as it is difficult to quantitatively express progressive collapse.

Furthermore robustness should be distinguished from collapse resistance.
The probability of progressive collapse can be reduced by more means than just
increasing robustness. Also the level of protection and the hardness of a building
exert influence on the collapse resistance.

In 1976 it was estimated that approximately 15 to 20 percent of building
collapses develop in a progressive manner [Leyendecker & Burnett, 1976]. It
should be remarked that progressive collapse is a relatively rare event, also to
date. This means that the experience base is also small.
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1.2 Problem Analysis

It is widely assumed buildings have become more vulnerable to progressive col-
lapse over the past decades. Two circumstances have contributed to the in-
creased vulnerability of building structures to progressive collapse. First the
development and refinement of analysis techniques made possible by the use of
the computer and innovations in structural systems have enabled engineers to
optimize designs to a greater extent. This has lead to designs with a smaller
margin of safety because the structures have become lighter and more flexible
making them more vulnerable to loads outside the design envelope.

Secondly designs over the past decades have become more and more focused
on ease of erection which might lead to designs with less inherent continuity,
also making them more vulnerable to abnormal loads.

Moreover, with the rise of terrorist threat and increasing development of
high rise buildings causes of progressive collapse have a higher probability of
occurrence and consequences are larger.

1.2.1 Current Situation in Design Practice

In the design practice of structural engineering, until recently not much atten-
tion was paid to progressive collapse and if progressive collapse was considered
it was mainly considered in a late stage of the design. However in the past few
years a growing concern for progressive collapse can be noticed. Current build-
ing codes also proof not to be very helpful, since the qualitative and general
nature of statements addressing progressive collapse leads to a lot of discussion
in engineering practice. Also in the field of building codes recent and future
improvements can be seen, for example the approaching introduction of the
Eurocode in Europe and introduction of Progressive Collapse Guidelines in the
u.s.

Tools able to accurately assess the structural integrity of a building and
analyze progressive collapse are complex and time consuming. A method to
quantitatively and quickly compare design alternatives for the sensitivity to pro-
gressive collapse is currently not available.

One idea for a tool capable of giving an indication of the sensitivity of
a building to progressive collapse is to combine a finite element calculation
with stochastic variation of the initial failure. However, this tool needs to be
developed, more refined and more thoroughly theoretically founded before it can
be used in practice.

Especially the modeling of a progressive collapse or the determination of the
limit load of structures in damaged state needs attention. When a structure is
designed to remain stable in damaged state via conventional analysis method
the structure is bound to be extremely over dimensioned. Therefore non-linear
behaviour normally not considered in design is likely to be depended on for the
stability and strength in damaged state. At present day however there is little



Chapter 1. Introduction

experience in praxis with designing in such a way and there is no consensus of
how to design a structure in damaged situation.

1.2.2 Problem Definition

To effectively and economically analyze and enhance designs on sen-
sitivity to progressive collapse non-linear effects should be taken into
account. To what extend these effects occur should be investigated.

1.2.3 Master’s Project Aim

Investigate structural non-linear behaviour of building structures and
develop design rules or strategies to economically design building
structures resistant to progressive collapse.

1.2.4 Most Important Starting Points

e Focus will be on Reinforced Concrete (henceforth RC) structures.

e Only the static loading cases are considered.

1.3 Thesis Structure Overview

In the next chapter the phenomenon of progressive collapse is discussed. Histor-
ical cases, a definition and design approaches come up. In Chapter 3 focus is on
the structural behaviour of building structures in damaged state. Chapter 4 is
dedicated to advanced analysis of building structures which is needed to assess
the behaviour in damaged state, and this is exemplified by a case study. In
Chapter 5 the design approach known as the notional element removal method
is elaborated. This design approach in combination with the findings of Chapter
4 is used to come up with design solutions for the case study in order to make
this building more resistant to progressive collapse. The thesis is concluded with
a summary of findings and recommendations on the subject brought forward in
the thesis.






Chapter 2

Dealing with progressive
collapse

In this chapter the phenomenon colloquially known as progressive collapse is
discussed. A brief overview of historical cases commonly associated with pro-
gressive collapse is given and current design approaches are dealt with.

2.1 Historical Perspective to Progressive Collapse

A number of cases of collapse often associated with progressive collapse given
in Figure 2.1 will be discussed in this section.

| | | | | | | | | |
Bl L N LA L T 1 "
1960 1970 1980 1990 200
1968 1987 1996 2003
Ronan Point L'Ambiance Plaza Khobar Patio Sevilla
London, U.K. Bridgeport, Connecticut Towers 2001 Maastricht
WTC/
1973
Skyline Plaza 1995 Pentagon
Fairfax, Virginia U.S. Federal 'Bu|ld|ng
! Oklahoma City, U.S.

Figure 2.1: A time line of cases associated with progressive collapse.

The first widely known case of progressive collapse and a classical example
is the Ronan Point disaster which took place in London in 1968. In this case
a gas explosion blew out a concrete panel on the 18th floor. This caused the
loss of support of the panels of the above floors. The debris loading from the
upper floors eventually lead to successive collapse of all floors below. The 22
story high apartment complex was constructed completely out of pre-cast panels.
Interesting about this case is that although poor workmanship is often referred to
as one of the possible causes, an inquiry found no violation of building standards.
After this disaster a lot of research and discussion about progressive collapse
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Figure 2.2: Two similar cases of progressive collapse: Ronan Point (left) and

Skyline Plaza (right).

Figure 2.3: Damage to the Alfred P. Murrah building in Oklahoma (left) and

the Khobar Towers (right).
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took place. Also a lot of changes in building standards in several countries are
directly related to this event.

A very similar, but less well-known collapse occurred in 1973 at the Skyline
Plaza in Fairfax County, Virginia. This building was still under construction. A
premature removal of slab shoring on the 22th floor lead to progressive collapse
of all floors above and below. Debris loading from this collapse also caused the
progressive collapse of an entire parking garage under construction adjacent to
the building. Pictures of both the Ronan Point building as Skyline Plaza just
after the collapse are given in Figure 2.2.

In 1987 a collapse of a building under construction in Bridgeport, Connecti-
cut, known as L'Ambiance Plaza occurred. This collapse is directly related to
construction failures. The building was designed to be constructed using the ‘lift
slab system’. Though no consensus exists on what ultimately caused the col-
lapse it is assumed a number of local failures eventually lead to a total collapse
of the building.

In 1995 the Alfred P. Murrah Federal building in Oklahoma City was de-
stroyed by a bomb. The explosion shattered one column and damaged two
others. This lead to a collapse of approximately 50 percent of the total floor
area of the building. See Figure 2.3. The nine story building was designed
in the early 1970's. The structural system was an ordinary moment resistant
frame of reinforced concrete and had a large transfer girder at the third floor.
Research [Corley, 2002] showed that with relatively simple and cost efficient
measures to provide a better general continuity and ductility of the structure
the damage could have been reduced by about 50 percent.

An example that could be considered as a prevention of progressive collapse
is the Khobar Towers bombing in Khobar, Saudi Arabia one year after the
Oklahoma bombing. In this case damage was minimized because of restricted
access to the building and concrete barriers between the bomb and the building.
These measures are assumed to have prevented a total collapse. Figure 2.3 gives
a clear view of the damaged building.

The world’s attention was again brought to the subject of progressive col-
lapse by the terrorist attacks on September 11th 2001. Two aircrafts were
crashed into two towers of the World Trade Center in New York which lead
to the total or partial collapse of 10 major buildings. Though it is sometimes
discussed if this is an example of progressive collapse, since the towers remained
stable for over an hour after the initiating event withstanding the initial load,
this event did bring attention to the inherent weakness of buildings when ex-
posed to unexpected or extreme loadings. Less well-known is that this event
also showed a lot examples of buildings resistant to progressive collapse since a
lot of neighboring buildings did not collapse although they suffered severe de-
bris loadings. Also the attack on the Pentagon showed the progressive collapse
resistance of this structure.

A recent case in The Netherlands showed again the potential hazard to pro-
gressive collapse. In 2003 four balconies of a newly completed housing project
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in Maastricht called Patio Sevilla collapsed. In this case the cause was a con-
struction error at the base of the support of the lower balcony [VROM-Inspectie,
2003].

When investigating these historical cases two aspects are conspicuous. The
first aspect is that the initiating events are various in nature and predictability. In
the regarded cases the initiating events range from deliberate aggressive actions
to accidental overloading to construction errors both in design and in execution.

The second aspect is that often progressive collapse is a matter of multiple
causes leading to a total collapse. There is a chain of events leading to a
collapse and it seems hard to determine exactly the nature and order of these
events in hindsight. Often a dispute arises about the causes and if the expression
progressive collapse is appropriate in the specific case. This is why the definition
of progressive collapse should have some attention.

2.2 Definition of Progressive Collapse

Many different definitions of progressive collapse of building structures exist in
different papers and standards. In Appendix A on page 79 some definitions
from different authors are given. All definitions agree that progressive collapse
of a building structure denotes a local failure or damage leading to a global
collapse of the structure. In the U.K. the expression ‘disproportionate collapse’
is much used for the same phenomenon. This expression emphasizes the relation
between the local initiating event and the global consequences and views the
matter as the opposite of a proportionate collapse. The terms ‘local’, ‘global’
and ‘(dis)proportionate’ are all relative. This is why discussion can arise on
whether or not a case of collapse of a building structure or part of it should be
categorized as a progressive collapse. The discussion above concerning the WTC
Towers is an example, but also with respect to the collapse of the Oklahoma
Federal building the presumed ‘local’ or ‘global’ cause is often discussed.

2.2.1 Chain of Events

Progressive collapse occurs when an initiating event leads to damage to part
of the structure by which this part looses its load bearing capacity. As a con-
sequence the loading pattern of the structure is changed leading to an over-
loading of other structural elements which are thereby also damaged. This
process continues until the whole structure collapses or a greater part of it.
Ellingwood [Ellingwood, 2002] has formulated a probabilistic approach to the
chain of events leading to a progressive collapse (Equation 2.1). Because a pro-
gressive collapse consists of an initiating event, a local damage and structural
collapse (Figure 2.4). The probability of progressive collapse is represented by
a combination of the probability the initiating event or hazard occurs (P[H,)),
the probability of local damage given the initiating event (P[D|H;]) and the
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probability of collapse given that initiating event and and local damage occur
(P[F|DH]).

event local progressive
— | damage |_g, collapse
P[H] P[D|H] P[F|DH]

Figure 2.4: Elements of a progressive collapse and the probability of occurrence.

P(F) = Y PFIDH,] PD|H,) P[H,] (2.1)

To gain insight in how a progressive collapse ‘works’ a flow chart of the pro-
cess involved can be drawn. A flow chart provided by the U.S. public buildings
service administration is displayed in Figure 2.5. This flow chart presents the
sequence of events leading to a collapse and shows how it can be determined
whether or not a collapse is labeled progressive. According to this flow chart the
damage should be out of proportion to the initial failure and a chain reaction
of failure should have occurred in order to speak of a progressive collapse.

The collapse starts with a hazard or event which damages part of the struc-
ture. This event can be categorized in the following six categories: misuse, fire,
accidental impact, error in construction or design, foundation failure and blast
loading. The common feature of these events is that they result in abnormal
loading or deformation or both and have a small probability of occurrence. Due
to these loadings or deformations one or more members lose their load bear-
ing capacity. Since in this thesis focus is on the collapse itself rather than the
initiating event no further elaboration of these subjects will be made in this
document.

The main question within the scope of this project is what happens if one
or more members fail. A redistribution of loads is inevitable and this might lead
to failure of other members. If so, the first requirement for progressive collapse
is met because a chain reaction of failures is present. This chain reaction
continues until either a total collapse has occurred, or the structure finds a new
equilibrium.

The next question is if the ultimate damage is disproportionate to the cause.
If this question is answered with consent too one speaks of a progressive collapse.
In Chapter 3 further elaboration is made on what happens if one ore more
structural members fail. The subject of disproportionate damage is treated in
the next section.

2.2.2 Disproportionate Damage

Different views exist on if damage is disproportionate to the cause. The pre-
liminary Eurocode [CEN, 2005a] for example recommends an admissible local
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Member(s) ¢ Chain Reaction of Failures
Failure for Progressive Collapse

Loads
redistribute

Strength,
continuity? _

Loads
supported

Damage ou
of proportion to initial

y Collapse stops

Chain reaction

Figure 2.5: Events sequence of a progressive or non-progressive collapse.
(source: http://www.oca.gsa.gov/PCA /images/eventsSequencecomp.jpg)
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(a) Exterior Consideration (b) Interior Consideration
A
r
C Blau
| ] /
Elevaton f  f / ff || L | | | i) 4 B -
y [/
f }1‘ Elevation -
x| [ ]
V N = )
L N
Removed Maximum allowable collapse area shall Removed M llowable coll hatl b
i be limited to: Maximum allowable collapse area shall be
column cotnmn limited to:
1) the structural bays directly associated 1) the structural bays directly associated with
with the instantaneously removed column the instantaneously removed column
or or
2) 1,800 ft? at the floor level directly 2) 3,600 ft*at the floor level directly above the
above the instantaneously removed instantaneously removed column, whichever
column, whichever is the smaller area is the smaller area

Figure 2.6: Maximum allowable collapse area provided by GSA guidelines.
(source: [GSA, 2003])

failure upon removal of one load bearing element of 15% of the floor area with
a maximum of 100 m? in each of two adjacent stories, but also states that this
limit may be different for each type of building.

The UK building regulations [HMSO, 1991] have a similar approach only
the maximum admissible damage is limited to 70 m?.

In the American Unified Facilities Criteria issued by the Department of De-
fense [DoD, 2005] the British values are taken but a distinction is made between
external and internal columns; in the latter case damage should be limited to
twice the amount of damage of an external column; 30% of the floor area with
a maximum of 140 m? whilst in the U.S. General Services Administration guide-
lines [GSA, 2003] the limit is set at the structural bays directly associated with

floor area maximum
Eurocode 15% 100m?
UK Regulations 15% 70m?
U.S. D.o.D. 15 — 30% 70 — 140m?
U.S. GSA adjacent bays 170 — 330m?
Canadian Regulations | adjacent elements one bay

Table 2.1: Definition of disproportionate damage in various standards

11
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the instantaneously removed vertical member in the floor directly above the
removed vertical member with a maximum of 170 and 330 m? for a perimeter
vertical member respectively an internal vertical member, see Figure 2.6.

The Canadian building regulations in a Commentary recommends limitation
to the damaged element and one truss, beam or precast strip floor or roof panel
on either side. As far as a cast in situ floor is concerned the damage should
be limited to one bay of a full floor or roof slab. In Table 2.1 the definition of
disproportionate damage in various standards is summarized.

2.3 Design Approaches to Progressive Collapse

The three elements of progressive collapse: (1) initiating event, (2) local damage
and (3) structural collapse are the key to designing a structure resistant to
progressive collapse. Three corresponding design approaches exist: (1) event
control, (2) creating specific local resistance and (3) providing alternate load
paths. Figure 2.7 depicts the chain of events leading to a progressive collapse
and the corresponding design approaches.

It is important to distinguish collapse resistance from robustness. The col-
lapse resistance of the structure is defined as a combination of the level of
protection, the hardness and the robustness of the building. The collapse resis-
tance can be enhanced by each of the three design approaches or a combination
them. The level of protection of the building can be improved by event control
and the hardness by creating specific local resistance. The robustness of the
building is an indicator of the performance of a building in damaged state. By
providing alternate load paths the robustness is of the building is enhanced.

********* 7 7
/ /
i /
event progressive |
collapse Y.
/1 /
/0 /
/ /
/ — /
/(" specific /
event / local alternate //
control // resistance loadpath ,
/
/ hardness /

Figure 2.7: Design approaches to progressive collapse corresponding with the
three aspects of collapse resistance.

2.3.1 Event Control

Event control is aimed at eliminating or reducing the probability of a hazard.
In terms of Equation 2.1 the aim is to reduce the factor P[H;|. Although
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event control can also be carried out by non design actions like intelligence
gathering for example to prevent terrorist attacks or training and inspection to
prevent design and construction errors there are some aspects of design of a
building structure that can be considered. These aspects are usually related to
building lay-out and accessibility. For example usage of deck parking instead of
a parking garage under a building and positioning a building away from the main
street are design measures sometimes taken to prevent car-bomb attacks. Also
less rigorous measures like protecting exterior columns for vehicular collision by
concrete ridges can be assigned to this category of design measures.

Event control can be the most rigorous and most effective solution for many
hazards. In general event control is in addition very cost-efficient since small
regulatory measures can have great diminishing effects on the probability of an
event. However event control measures like restricted accessibility or collision
prevention can have large social and aesthetical consequences.

2.3.2 Specific Local Resistance

Creating specific local resistance is aimed at reducing damage to key structural
elements when an initiating event or abnormal loading occurs. In other words
the factor P[D|H;| of Equation 2.1 is diminished. This approach addresses
progressive collapse from the loading scenario point of view. Because this design
approach explicitly provides strength to withstand a specific abnormal load, this
approach is referred to as a direct design approach.

The advantage of this approach is that since it focuses on key parts of the
structure one at a time, designing is less complicated than designing for an
alternate load path and it is also relatively easily implemented in codes and
standards, simply by prescribing the abnormal load for which an element has to
be designed. The disadvantage of this approach is that it is hard to determine a
threshold value for the abnormal load and prescribing a certain load at the same
time provides information required to defeat the design. Furthermore it could be
hard to design against specific abnormal loads in an economical manner, because
requirements might be excessive. Although this can also apply for designing for
an alternate load path in other cases.

2.3.3 Alternate Load Path

Designing a structure to develop alternate load paths when locally damaged
addresses progressive collapse from the structural system point of view. The
behaviour of the structure in a damaged state is considered. Related to this
approach it is often noted that a structure should possess ‘general structural
integrity’ or a certain level of ‘robustness’. By creating alternate load paths
the robustness of a structure is enhanced. In practice two ways to achieve
development of alternate load paths are used.

13
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Bridging

A direct design method which explicitly designs for alternate load paths consists
of selecting an amount of damage and designing the structure to bridge over
this damage. This method is also referred to as the notional element removal
method. The idea behind this method is that since cases of damage are often
not related to material failure or overloading, but to human errors or aggressive
actions the safety of a construction is determined by factors outside the scope
of conventional standards. With use of the notional element removal method
consequences of local failure or damage can be investigated. This method is
not necessarily meant to satisfy a specific threat scenario, but is often used to
give an indication on a measurable level of robustness.

Tying

Another approach is providing general continuity and ductility throughout the
structure by specifying minimum connection and tie forces. This is referred to
as an indirect design method, since only minimum requirements with respect to
strength and continuity are specified which implicitly creates boundary condi-
tions for alternate load paths to develop when part of the structure is damaged.
Note that both methods for developing alternate load paths can be interlinked
because the minimum tie forces can be calculated using the notional element
removal method. In Figure 2.8 required ties to ensure structural integrity of a
precast concrete structure are depicted.

Often in literature the expression alternate path method is used with which
only the bridging approach is indicated because this approach explicitly considers
alternate load paths and the tying approach only provides minimum requirements
which implicitly ensure presence of alternate load paths.

It must be noted that the system of mechanical ties does not only apply to
concrete structures, but also to other structures. In steel structures for example
the steel members and connections should be designed to be able to transfer
the tensile forces, in this way these members act as mechanical ties. So in
general, tie forces are the tensile capacities provided by the structural elements
and connections and are intended to keep the columns vertical and to transfer
loads from damaged portions of the structure to undamaged sections.

Designing a structure on tie forces especially puts a great demand on the
design of connections. These connections should have a clearly defined beam-
to-beam continuity across a column to be capable of transferring tensile loads as
a column is damaged. Furthermore a connection should have a reliable inelastic
rotational capacity.

There are some practical problems related to the design methods for devel-
oping alternate load paths. First of all it is hard to determine what amount of
selected damage is appropriate and to what extent collapse should be tolerated
if it should be tolerated at all. Also analysis of a structure in a damaged state
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Figure 2.8: Ties (dashed lines) necessary to ensure structural integrity of a
precast concrete structure. (source: [CUR, 1988])

is difficult due to dynamic aspects, plastic behaviour and debris loading. Fur-
thermore it is difficult to implement requirements to general structural integrity
or robustness in standards and codes.

Nevertheless the alternate load path approach is attractive, because in con-
trast to the specific local resistance approach it focuses on system behaviour
instead of element behaviour and moreover the design method is threat inde-
pendent. It can also in some cases prove to be more cost-efficient than the local
resistance method.

2.4 Progressive Collapse Addressed in Standards and
Codes

The statements concerning progressive collapse in many of the current standards
evolved to the present state much influenced by the historical cases discussed
in Section 2.1. Soon after the Ronan Point disaster many standards imple-
mented some sort of statement to address the issue of progressive collapse.
These statements are mostly of a general and qualitative nature and aimed at
providing general structural integrity or robustness of buildings. According to
Dusenberry [Dusenberry, 2002] this qualitative nature is partly due to the diffi-
culty in defining progressive collapse and the numerous ways in which building
robustness can be enhanced and partly due to the difficulty in defining for which
conditions progressive collapse should be considered and how much damage a
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building may have under these conditions i.e. making a distinction between pro-
portionate and disproportionate collapse. The qualitative nature leaves much
room for interpretation and in practice leads to a lot of discussion.

Most building codes refer to the different design approaches as discussed
above, but don't prescribe one of them exclusively. Since the need for provi-
sions to prevent progressive collapse depends on the nature and dimensions of
buildings, nowadays codes also tend to divide building structures into classes
or categories or prescribe assessment of the level of threat of a building (eg.
US Government Buildings). In the preliminary European code four consequence
classes are distinguished with four corresponding recommended strategies to
provide a building with an acceptable level of robustness [CEN, 2005b]. In the
UK a building of five stories or more should be designed to prevent progressive
collapse, but there are proposals to also apply a system of classes similar to the
preliminary European code there.

Because codes generally fail to quantify the design goal for prevention of
progressive collapse a lot of room is left for the interpretation of an individual
engineer. In the Dutch practice for example application of the current codes
repeatedly leads to discussion between designing and checking structural engi-
neers [Stufib, 2005]. In this case the main point of the discussion is whether an
alternate load path should always be present or specific local resistance could
also be sufficient in some cases.

2.5 Conclusion: Reliability Based Approach

To avoid misunderstandings a distinction should be made between robustness
and collapse resistance. In accordance with Starossek [Starossek, 2006] ro-
bustness is defined as insensitivity to local failure and collapse resistance as
insensitivity to accidental circumstances. This means collapse resistance is a
broader term which includes numerous conditions including the robustness of a
structure. Robustness can also be seen as a measure of how a building structure
performs in damaged state.

To again refer to Equation 2.1 the level of collapse resistance can be ex-
pressed by:

> P[F|DH,] P[D|H;] P|H,)
whilst robustness is a property of the structure itself, regardless of the envi-
ronment and possible causes of initial failures and its level can be expressed
by:
PIFIDH,]

disregarding the hazard or event initiating the collapse and its probability of
occurrence P[H;] as well as the sensitivity of structural members to this event
expressed by P[D|H;].

The notional element removal method can for example give a measure of
robustness. The number and or size of elements that can be removed without a



Chapter 2. Dealing with progressive collapse

progressive collapse occurring could be an indicator on the level of robustness.
When the notional element removal method is used, generally removal of one
key element at a time is considered an indicator corresponding to an acceptable
level of robustness.

Focusing merely on robustness could however limit the range of design pos-
sibilities to a great extent, possibly unnecessary because if a lower level of
robustness is accepted still a high level of collapse resistance can be achieved
by means of other measures such as providing a defended standoff distance or
collision preventing obstacles or by providing local resistance.

Although it is obvious that the knowledge and skills of a structural engineer
is capitalized on most if robustness is regarded, the other aspects of collapse
resistance should not be ignored. Building codes should be aimed at creating
an acceptable and uniform level of collapse resistance and therefore it should be
possible for a designer to choose between the design approaches and combine
them to achieve the required level of collapse resistance. The problem is that
collapse resistance is hard to quantify and it seems harder to find consensus on
the required level of collapse resistance than on the level of robustness.

Approaches to collapse resistance can be a more or less refined risk analysis
using a fault tree, see for example [Siersma, 2006], but this leads to qualitative
results and rapidly increasing complex analysis with the design progress. In a
more performance based design approach focus can also be more on collapse
resistance than merely robustness, for example by specifying for which scenario’s
a structure should be designed.

Building Codes are already designed to obtain a uniform level of safety in
serviceability limit state and ultimate limit state. Generally the reliability is
determined without explicit calculation of the probability of failure, by using
partial safety factors. When collapse resistance is considered however, and a
combination of different design approaches is required or preferred to obtain a
sufficient level of safety, an explicit calculation of the global probability of failure
is inevitable to be able to compare different design measures on basis of collapse
resistance rather than just robustness.

On a more regional level there are already tools available which are able to
perform a probabilistic analysis to determine the performance of an structural
element taking uncertainties such as manufacturing tolerances, loads, mate-
rial properties and boundary conditions into account. See for example in lit-
erature: [Cesare & Sues, 1999]. In reliability based analysis, uncertainties in
numerical values are modeled as random variables with a certain probability
distribution. A by-product of this reliability analysis are sensitivity factors which
give an indication on which sources of uncertainty contribute most to the un-
certainty in the predicted performance.

A quick building assessment tool for progressive collapse was proposed by
Jeroen Coenders. For a more elaborate discussion of this tool [Coenders &
Wagemans, 2005] is referred to. This analytical tool uses a probabilistic ap-
proach to the initial failure of elements of a structure and is able to give a
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crude indication of the sensitivity of a building to progressive collapse. The tool
is basically an automated and probabilistic approach to the notional element
removal design method.

The basic computational method of the tool is schematically depicted in
Figure 2.9. The tool consists of two elements: a generator and a finite element
analysis application. The generator uses the initial geometry of the structure
and the chances of failure for each element of this structure to randomly create
a ‘damaged’ structural geometry in which certain elements are missing based
on their chances of failure. This randomly created geometry is analyzed by the
finite element application.

ANALYSIS BY  |p+1
—™|FINITE ELEMENT
SOFTWARE —
failure
] 7
‘damaged' non
structure failure F+1
geometry
GENERATOR [+

|

structure  chances of failure
geometry for elements

Figure 2.9: Schematical representation of the proposed tool for progressive
collapse assessment.

The difficulty in applying this kind of reliability based analysis on a such a
global level as in the collapse resistance of a building structure is that a large
number of computational operations have to be performed, since not only are
there a large number of uncertainties, but also the response of the structure itself
is often highly complex and non-linear. This means the deterministic analysis
which has to be performed many times to generate a probabilistic analysis is
already very time consuming let alone the probabilistic analysis.

Furthermore there is no consensus on how the deterministic analysis should
be performed and performing a thorough deterministic analysis is often com-
plicated, because conventional methods for deterministic analysis will lead to
extreme over dimensioning of structures if applied to structures in damaged
state. Therefore the behaviour of structures in damaged state and the applica-
tion of structural analysis on these structures is investigated in the next chapters.
Focus will be on reinforced concrete structures although much information can
be generalized to other structural configurations.



Chapter 3

Robustness and Ductility

Since in damaged state elements will be loaded differently than designed for
and large deformations are allowed structural behaviour will be quite different
than considered in original design. In this chapter structural behaviour of RC
structures in damaged state is dealt with.

3.1 Failure Modes of Damaged Structures

For structural analysis concerning progressive collapse it is important to realize
the analysis concerns the behaviour of a structure under abnormal loading con-
ditions. In conventional structural analysis two limit states are distinguished:
Ultimate Limit State and Serviceability Limit State. Focus is mainly on strength
(ULS) and elastic deformation (SLS) of individual members. In an analysis un-
der abnormal loading conditions and perhaps in damaged state larger plastic
deformations can be accepted and focus is shifted toward stability, structural
coherence and ductility. Furthermore if loads are redistributed structural ele-
ments will be loaded in different ways than they were designed for originally.

When adequate detailing is applied structural reserves can be mobilized.
Main structural mechanisms to relie on for reserve capacity and finding alternate
load paths are: walls acting as beams, vertical load bearing elements acting
as suspension, Vierendeel action of moment-resisting frames and catenary or
membrane action of floor systems.

3.1.1 Arch Action

Load bearing walls as well as non-structural slab elements can provide vertical
resistance by acting as beams. For a corner wall a diagonal compression strut
and a horizontal normal force at the top will develop as is depicted at the left
side of Figure 3.1 and for a more central wall a compression arch and horizontal
normal force at the base of this arch will develop as depicted at the right side of
Figure 3.1. Special attention in these cases should be given to the development
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of tensile forces. These forces have to be absorbed by horizontal ties.

Z 7 SIS 2

Figure 3.1: Walls acting as beams to bridge over failed elements.

When a wall acts as a beam it is important to know the span the wall has to
bridge. The wall has to be able to transfer the resulting shear forces and normal
forces as depicted in Figure 3.2. In guidelines see e.g. [ASCE, 2002] applying
short returns on walls is recommended. This has two benefits. It gives the wall
lateral support and because the wall is locally strengthened it is more likely that
damage will be limited to the area between the returns if the wall is subjected
to an extreme load. Tying the wall to the floor is also essential, because if this
connection can transfer enough shear force, the resulting normal force can be
absorbed by the ties in the floor edge.
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Figure 3.2: Internal forces occurring in a wall acting as cantilevering beam.
(Source: [CUR, 1988])
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3.1.2 Suspension Action

Suspension of vertical elements is primarily important if horizontal bracing is
present at top floors or intermediate floors. This will often require an adaptation
in the structural system with a possible effect on the usage programme. In
Figure 3.3 for example diagonal bracings are added in the facade of the top
floor. The needed reinforcement to withstand the tension forces will possibly
already be present in form of the reinforcement in columns to prevent buckling.
It is of utmost importance to provide adequate column-to-column and column-
to-floor connections for an alternate load path to develop in this manner.

s

Figure 3.3: Loads of a missing column are redistributed by suspension action.

3.1.3 Vierendeel Action

In Figure 3.4 deformation of a frame in which vierendeel action has developed
because of a missing column is illustrated. Vierendeel action can develop in
moment resisting frames. It relies on 'conventional' behaviour (flexural resis-
tance) of structures and does not have a major effect on the existing structural
philosophy. Because in damaged state the bending moment at the failed vertical
element is reversed it is essential to provide continuous bottom reinforcement in
RC beams to be able to activate Vierendeel action. Also columns should have
sufficient moment capacity, because columns normally only subjected to inci-
dental moment forces will due to Vierendeel action be subjected to significant
bending moments. It is important to make a non-linear structural assessment
in case of Vierendeel action, because in such an assessment the redistribution
of internal moment forces can be taken into account. Calculated internal forces
using linear procedures will typically exceed the design capacity and will not
give a reliable representation of actual occurring forces. The extend to which
internal forces can be redistributed depends on the ductility of the structure.
This is further elaborated on in Section 3.2.2.
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Figure 3.4: Vierendeel action in moment a resisting frame.

3.1.4 Catenary Action

When large deflections of the structure are made possible a transition from
flexural resistance tot tensile catenary resistance can take place (Figure 3.5).
Catenary action depends on geometrical non-linear behaviour of the structure.
Catenary action can only be developed by proper detailing of connections. The
connections should have a significant rotation capacity and also a relatively large
elongation capacity is required. In case of catenary action of the floor slab or
the supporting members the reserve axial capacity after large deformation is
normative.

Also the distribution of stiffness is important in case of catenary action. The
distribution of stiffness throughout the whole structure and especially between
the damaged and the undamaged part of the structure should be assessed. If
the structure as a whole is to ductile large deflections can be achieved without
development of the required tensile forces to resist the load.

Apart from the distribution of the stiffness, the internal axial forces depend
on the vertical deformation. In Figure 3.6 the relation between the deformation f
and the tension force N, is given for small deformation (cos¢ -l ~ 1) and if
moment capacity of the floor slab is neglected and rigid supports are assumed.

Especially in precast concrete structures catenary action can be an important
if not the only way to bridge a damaged part in case of a double span condition.
However as also illustrated in Section 3.2.1 it will require special detailing of tie
connections.

To illustrate the deformations involved in catenary action and the demand
it makes on detailing of the connections an example from Stufib study cell
2 [Stufib, 2005] is elaborated in Appendix B on page 81. Figure 3.7 illustrates
the case. In a floor with span s in one direction and span L in the other direction,
internal ties (marked with red) are present. When the interior column fails the
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Figure 3.5: Transition from flexural response to catenary response for a steel
frame. (source: [Hamburger & Whittaker, 2004])

Figure 3.6: Catenary action of the floor slab. (Source: [CUR, 1988])
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reaction force R from the floor load has to be absorbed by the internal ties.
In the preliminary Eurocode prEN 1991-1-7 [CEN, 2005a] the minimum tensile
force in internal ties is given as a fraction of the reaction force: T; = 0.8R.

When the deflection § is large enough equilibrium of forces can be found.
According to the calculation in Appendix B equilibrium can be found if Equa-
tion 3.1 is satisfied:

sL
0= m (3.1)

This means if a column lay-out is present with a span s of 6.0 m in one
direction and a span L of 7.2 m in the other direction equilibrium will be attained
at a deflection & of over 2.0 m. This means the internal tie has to lengthen
with 340 mm (see Appendix B). Since this elongation will concentrate at the
connections extremely ductile connections have to be applied.

As well as for connection details in precast structures as for continuous
structures the behaviour is highly dependent on the ductility. Therefore it is
appropriate to further study the ductility of RC structures.

\ ™\ tensile forces

Figure 3.7: Schematical representation of forces if support of the central column
is lost and the load is resisted in catenary mode. (source: [Stufib, 2005])
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3.2 Ductility of RC Structures

When assessing non-linear behaviour of structures the ductility of a structure is
very important. In order to attain a sufficient level of robustness it is important
to make sure the structure has a sufficient level of ductility. A comparison can
be made with earthquake resistant designing of structures. In literature con-
cerning earthquake design eg. [Booth & Key, 2006] or [FEMA, 2000b] ductility
is defined as the ability of a structure to withstand repeated cycles into the
post-elastic range without significant loss of strength and without the develop-
ment of instability and collapse. This can be quantified in terms of degree of
plastic deformation.

Mathematically the ductility can be expressed as the ratio between the ulti-
mate deformation and the deformation at yielding: p = w,/w,. As far as RC
structures are concerned designing for ductility means brittle failure should be
prevented. Hence proper detailing of joints has to be applied.

When investigating ductility of RC structures two essentially different joints
have to be distinguished because the behaviour of these joints under large de-
formations is considerably different. On the one hand there are tie connections
between precast elements which are designed to transfer tensile forces. In these
connections the tensile force capacity of the tie is lower than the capacity of the
members. These connections can be approached theoretically as a single crack
case.

On the other hand connections designed for continuity are used in which
the tensile capacity of the connection is in the same order as in the connected
elements. As a consequence multiple cracks occur and a hinge region develops.
In Figure 3.8 the behaviour of the different connections under a bending moment
is depicted.
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Figure 3.8: Tie connections (a) and continuous connections (b) in RC structures
acting under a bending moment. (source: [Engstrom, 1992])

Extensive research on tie connections has been carried out by Bjorn En-
gstrom [Engstrom, 1992] who has conducted experiments with tie connections
in hollow core floor elements and has presented a method for prediction of load-
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displacement characteristics of tie connections in the plastic stage. Agnieszka
Bigaj [Bigaj, 1999] has conducted research on continuous connections. Her
research focused on plastic hinging in RC members. Since ductile behaviour
is important in progressive collapse situations to provide alternate load bearing
systems, relevant information from both studies is presented in the next sections.

3.2.1 Ductility of Tie Connections — Engstrom

The experiments in the research of Engstrom focused mainly on tie connections
in hollow core floor elements, but it was concluded that the results are also
applicable for other tie connections. Two different configurations of connections
were studied; ties anchored in the hollow core and ties anchored in the grout
filled joint between floor elements. Also different types of tie bars where used;
smooth and ribbed tie bars and ties consisting of prestressing strands.

Of special interest is how the non-linear load-displacement relationship of
ductile tie connections can be predicted and which influence the detailing has
on this relationship. Additionally dynamic effects during the transition stage are
considered.

Load-Displacement Relations

From results from tests on idealized tie connections loaded in tension. consisting
of ribbed or smooth tie bars with firm of slipping anchorage it was concluded
that ductile behaviour with large plastic deformations can be achieved in two
ways: by sufficient plastic elongation of the tie bar itself, or by controlled slip
of the end anchors whilst the tie bar, in this case prestressing strand remains
elastic.

Non ductile behaviour occurs if ribbed tie bars with high capacity are used.
In this case critical stress concentrations are induced and ultimate failure is
caused by splitting of the element.

Connections of both ribbed and smooth tie bars of mild steel have the same
type of load-deformation characteristics as depicted in Figure 3.10. It can be
divided in a stiff elastic stage, a plastic stage with load increase and an extensive
failure stage with maximum and almost constant capacity. The elastic displace-
ment is normally negligible in comparison with the ultimate displacement.

Bending tests on tie connections between hollow core elements showed a
similar behaviour of tie connections as in the tensile tests where the tie bars
were anchored until rupture (Figure 3.9) except for if the tie is positioned at
the bottom of the element. In this case the bar tears out of the element. For
smooth tie bars the ultimate displacement is considerably reduced in bending
mode.

The ultimate displacement of the connection consists of the end slip of
the tie bar and its elongation. By means of comparing the load-displacement
relationships of the tie connections with the steel strain distribution of the
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Figure 3.9: Definition of displacement w of tie connection in bending and in
pure tension. (source: [Engstrom, 1992])

tie bar, the anchorage behaviour of the ties was studied. It proved that the
yield penetration; extension of the plastic zone in the tie bar is an important
parameter in the bond-slip relation. In the CEB-FIP Model Code 1990 the effect
of yielding is not taken into account. Therefore the crack width is considerably
underestimated if the bond-slip relation given in the CEB-FIP Model Code is
used. A modified bond-slip relation is proposed.

Ribbed Bars

For ribbed bars the deformation capacity mainly depends on the dimension
of the bar and the grout properties. In the case of ribbed bars the ultimate
displacement was in the range of tens of millimeters.

Because for tie connections with ribbed tie bars of ductile types in Normal
Strength Concrete (NSC) some parameters were almost the same for all the tests
a schematic load-displacement relationship was established. Both a three linear
as a more simplified bi-linear relationship was proposed. These are depicted in
Figure 3.11. The bi-linear relationship can be used where large displacements
are concerned. In this case the initial elastic deformations are neglected.

For ribbed bars the ultimate displacement mainly depends on the steel strain
within the plastic zone. Formulas are proposed to estimate the ultimate dis-
placement from the concrete compression strength and the steel characteristics
of the tie bar. These formulas are presented in Appendix C.1.

Smooth Bars

For smooth bars the deformation capacity depends on strain capacity of the steel
and the distance between the end hooks. This is because in the plastic stage
bond is almost completely lost for smooth bars. In experiments an elongation
capacity of over 200 mm was established by applying smooth bars.

Because smooth bars have the same type of load-displacement relationship
the same schematic relationships as for ribbed bars (Fig. 3.11) are used. However
the load transfer mechanism is very different. For smooth bars the maximum
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Figure 3.10: Typical load-displacement diagram for tie connections of mild steel
(source: [Engstrom, 1992])

N A N A
Fsu n Fsu B
= 016&0 T
w’ W ‘>
wy 0,5w Wy 04w, v,
(a) (b)

Figure 3.11: Schematic load-displacement relationship for tie connections with
ribbed tie bars of ductile steel in NSC (a) tri-linear relationship (b) more sim-
plified bi-linear relationship (source: [Engstrom, 1992])

28



Chapter 3. Robustness and Ductility

bond stress is normally reached before yielding of the steel, whilst for ribbed
tie bars the opposite is usually the case. Hence, in the plastic stage the tensile
force is mainly resisted by the end hooks, although the frictional resistance can
not be neglected. In Appendix C.2 a procedure for estimating the ultimate
displacement of tie connections provided with smooth tie bars is given.

From tests it was proved that these equations give a good estimation for
the ultimate displacement in tension, but for bending the deformability is con-
siderably overestimated especially for large angles. Therefore a reduction of the
ultimate displacement in bending with a factor 0.5 is is proposed, although it is
admitted the effect of bending needs further concern.

Prestressing Strands

When the tie is made by a prestressing strand a different behaviour than for
ribbed or smooth ties of mild steel is obtained. Because local bond strength
is limited considerable displacements are achieved in the elastic stage. This
behaviour is comparable to connections with intentionally slipping ties.

For ties from prestressing strands and wires only a qualitative description of
the behaviour is presented because there were not enough tests and the results
of the tests were not unambiguous. The main difference in behaviour from other
ties is that in the elastic stage large slips up to 50 mm appear if the steel slips
in a frictional mode. A bi-linear load-displacement relationship is proposed, in
which the first break point should be determined by the bond strength level and
the second break point by yielding of the steel. Further research is needed to
specify these levels.

Detailing of Ties

Based on the research conducted, some recommendations on detailing of struc-
tural ties can be made. The aim of these recommendations is to secure that
the full deformability of the ductile ties can be used.

Especially the anchorage should be subjected to certain concern to avoid
brittle failure. The consistence and quality of the grout fill, the width of the
joint, the placement of the tie bar in the fresh grout and the workmanship are
important factors for the anchorage capacity. Sufficient transverse reinforcement
or sufficient concrete cover should be applied to assure confinement. In addition
the anchorage length has to be sufficient (Figure 3.12) to prevent pull-out failure
due to the yield penetration in the plastic stage. For specific information on
detailing FIP recommendations [FIP, 1988] are referred to. Smooth tie bars
should always be provided with end anchorage and also for ribbed bars end hooks
are recommended if anchoraged in (narrow) grout filled longitudinal joints to
provide a reserve capacity in case of poor grout fill.

Also within a tie connections the elements providing the deformability should
be designed in balance with the more brittle elements. This means for example
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that welds should have a certain overcapacity.
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Figure 3.12: Example of additional requirements for anchorage of ribbed bars
in narrow grouted joints

Alternate Load Path in Precast Structures

A separate chapter in Engstroms thesis is dedicated to analysis of alternative
bridging systems in precast structures. A simplified approach based on energy
equilibrium is proposed. With this approach it is exemplified how behaviour
and design of different tie connections influence the loading path and collapse
mechanism of a structure.

The behaviour of the tie connections are expressed by two characteristics;
the maximum tensile capacity Ny, and the relative strain energy &(wpmaz)-
The relative strain energy represents the ductility capacity of a tie connection
and can be used to predict the dynamic behaviour. It is found that the dynamic
resistance for rotation systems with interacting tie connections and systems
with catenary action depend directly on the elongation capacities of the tie
connections.

Case Study on Catenary Action

To illustrate the results of the research of Engstroms thesis the proposed pro-
cedure to calculate the ultimate displacement of tie connections for ribbed and
smooth tie bars are applied to the catenary action example from Section 3.1.4
(Figure 3.6).

The elongation capacity of both ribbed and smooth tie bars with a diameter
of 16 mm and an anchorage length of 1200 mm are calculated. Because in



Chapter 3. Robustness and Ductility

Dutch practice precast elements often have a higher concrete quality the effect
of a higher strength concrete (C 53/65) is also calculated. To assess the effect
of more ductile steel, calculations have also been performed with characteristic
values for steel quality FeB220. For both FeB500 and FeB220 a strain hardening
of ca. 10% was assumed. Finally, because the characteristic steel values from
the Dutch standard might be too conservative the elongation capacity of the tie
connection is also calculated using steel characteristics derived from experimen-
tal research [Bigaj, 1999]. The material characteristics and results are given in
Appendix C.3 and are summarized in Table 3.1.

Ribbed Bars Smooth Bars
Tie Configuration Wy, [mm] wy, [mm]
C 28/35; FeB500 52-74 147 - 26.1
C 53/65; FeB500 46-6.2 10.7-21.3
C 28/35; FeB220 3.0-47 11.3-20.3
C 28/35; FeB500 Bigaj* | 10.6 - 18.7 55.1 - 81.5

*Experimentally obtained steel characteristics from [Bigaj, 1999]

Table 3.1: Calculated elongation capacity w,, of ties (¢ = 16, I, = 1200)

As can be seen from Table 3.1 the largest elongation is attained if using
smooth tie bars, moderate strength concrete and very ductile steel. In com-
mon dutch situation where ribbed bars are used for tie connections and precast
concrete elements of a higher concrete strength are used an elongation of ap-
proximately 5 mm can be attained according to these calculations. Additionally
mostly in Dutch practice no end hooks are used and considerably smaller an-
chorage lengths. This means in practice the elongation capacity will be even
lower and brittle behaviour can be expected.

It is also interesting to see what these results mean for the catenary action as
in the example in Section 3.1.4. When in the situation of this example concrete
quality C28/35 and ties consisting of ribbed bars ¢ 16 of steel quality FeB500
are used, the maximum deflection at the lost support is only 297 mm, which
means a tensile force of 5,5 times the resultant force from the floor load will
develop.

Even if the most ductile ties are used with an elongation capacity of 81,5
mm only a deflection of 993 mm will be possible, giving a tensile force of 1,7
times the resultant force from the floor load.

This means if the ties are designed according to the preliminary Eurocode,
which prescribes a maximum tensile capacity of the ties of 0,8 times the resultant
force from the floor load this structure will not reach a stable equilibrium due
to catenary action.

Furthermore it should be noted that in catenary action the ties will be subject
to combined horizontal and vertical loading. When only small concrete covering
is present, as in hollow core slabs the ties till tend to tear out through the
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concrete cover because of the transverse forces. This is depicted in Figure 3.13.
This could have a favorable effect on the tie elongation since elongation can
take place at a greater length along the tie, but it also adds an extra demand
on the anchorage length and strength of the ties.

Figure 3.13: Catenary action in a precast floor with torn out ties due to trans-
verse forces

Some experiments were conducted by Engstrom in which a floor element
was pulled of the support (Figure 3.14) to assess ties under combined loading.
From these experiments it was concluded that the ultimate elongation of the
tie in combined horizontal and vertical loading is less than in pure tension, but
due to local splitting as a consequence of the transverse forces overall ductile
behaviour can be obtained.

Figure 3.14: Tie subjected to combined vertical and horizontal loading. Splitting
causes a new state of deformation

3.2.2 Plastic Hinges in RC Slabs and Beams — Bigaj

In a sense it could be stated that Bigaj picked up where Engstrom stopped.
Bigaj took a more general approach to non linear behaviour of concrete. Where
Engstrom focused on the single crack case of tie connections in precast struc-
tures Bigaj aims at a more general analysis of multiple crack case of plastic
hinges in flexural RC beams and slabs.

Non-linear flexural behaviour of RC depends mainly on:

e The bond between the concrete and the reinforcement.

e The interaction of concrete between cracks.
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e Shear transfer behaviour between cracks.

e Non-linear characteristics of concrete and the reinforcing steel itself.

The rotation capacity of RC elements is defined as the ratio of the rotation
at ultimate load and the rotation at onset of reinforcement yielding. To be able
to calculate the rotation capacity of RC elements research has been conducted
with regard to cracking of concrete and the bond-slip relationship of reinforcing
steel.

Cracking behaviour of Concrete

Two types of plastic hinges in RC are distinguished: flexural crack (FC) hinges
and shear crack (SC) hinges. Which hinge develops depends on the magnitude
of the shear force. Provided that the member has sufficient shear force capacity
the SC-hinges exhibit significantly increased rotation capacity, because the hinge
region is longer. This research focuses on FC-hinges which will give lower limit
values for the ultimate rotation.

Another important distinction is that two essentially different crack patterns
can occur in a three point bending test, being a symmetrical crack pattern with a
large crack at mid-span providing a lower bound value of the rotation capacity
and a crack pattern with dispersed cracking, without crack at the mid-span
providing an upper bound value of the rotation capacity. The development of
these different crack patterns depends on the micro-mechanic properties of the
concrete. Since only a refined statistical analysis can model this behaviour both
crack patterns are studied.

Failure localisation is included in the analysis using a fracture mechanics
approach. The Fictitious Crack Model (FCM) is used to characterize the fracture
of concrete in tension and the Compressive Damage Zone Model (CDZ) is
adopted to describe the mechanical behaviour of concrete in compression. In
Figure 3.15 the resulting stress-strain diagrams which are used in the calculation
model are depicted. Strain localisation and concrete softening behaviour is thus
included in the model.

For the cracking behaviour a model is developed to relate the crack spacing
to the member geometry, the bond characteristics and the material strength.
In this model the transfer length; the distance required to develop the cracking
force in the concrete, is calculated using the bond-slip relationship from the
bond model and the tensile strength and effective concrete area. Comparison
with measured values show that this model is capable of accurately incorporating
the member size influence on the crack development, the effect of bar diameter
reduction and the effect of the concrete strength.
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Bond-Slip of Reinforcement

Since in previous research on bond behaviour the mechanism of the steel-
concrete interaction in the post yield regime remains not fully explained and
the effect of the bar diameter is not sufficiently studied either an additional
study has been performed to develop a general bond model for ribbed bars.
This model takes into account the concrete quality, the bar contraction, the
degree of confinement and the corresponding mode of bond failure.

From test results it is proved that the CEB-FIP Model Code 1990 formu-
lation of bond stress-slip relation underestimates the bond stiffness for both
Normal Strength Concrete (NSC) and High Strength Concrete (HSC) the mod-
ified relation proposed by Engstrom is much better (see Figure 3.16), but not
applicable for HSC. The concrete confinement behaviour needs to be described
better. A new bond model is proposed in which the confining capacity is analyt-
ically estimated taking into account the softening behaviour of concrete loaded
in tension. In order to describe the resistance of the concrete cover against
splitting a thick walled cylinder model is adopted. From comparison with exper-
iments it is shown that the new bond model is capable of accurately predicting
the stress-slip relationship for both NSC and HSC concrete and also to capture
the bar diameter effects.

It is noted that is is important to use accurate steel characteristics if simu-
lating phenomena where steel yielding may occur to conceive a reliable analysis.

Rotation Capacity of Plastic Hinges in RC

Based on the preceding components the rotation capacity of plastic hinges in RC
can be calculated using a numerical procedure. First the crack spacing is deter-
mined, then the RC member is discretized in flexural crack elements. Using the
stress-strain relationships for both concrete and reinforcing steel and the bond
stress-slip relationship sectional forces at each crack are determined. Accord-
ingly the distribution of strain within each flexural crack element is computed
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Figure 3.15: o — e diagrams used for concrete in tension (left) and concrete in
compression (right) (source:[Bigaj, 1999])
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and the rotations are obtained by an integration procedure.

After validation of the numerical procedure to calculate the rotation capacity,
an extensive parameter study is performed to assess the influence of geometrical
and material properties on the rotation capacity. This parameter study focuses
only on NSC, because not enough information was available to validate the
procedure for HSC.

Member size is proved to be influencing the deformation capacity. This is
the case if the failure is initiated by concrete crushing as well as if the failure is
initiated by steel rupture. Both the rotation at maximum load and the rotation
capacity decrease with increasing member size, while the rotation at onset of
reinforcement yielding is almost size independent. Especially for lower reinforce-
ment ratios the size dependence is very much influenced by the detailing of the
reinforcement and can even be superimposed in such a way that size dependence
is nearly eliminated.

As far as the available ductility of plastic hinges is concerned it is concluded
that steel properties are one of the key issues. The rotation capacity increases
with increasing overall steel ductility. It is stressed that not only one charac-
teristic steel property can be used, but a combination of steel properties should
be considered. In this light a steel ductility parameter is introduced which is a
slightly changed formulation of the equivalent steel concept introduced by other
researchers. This steel parameter is proportional to the plastic rotation in cases
where steel failure is prevailing. However it is considered premature to develop
a standard formula that would directly provide the allowable rotation capacity
from the steel parameter.

Since now the available rotation capacity of plastic hinges in RC beams can
be calculated, the allowable degree of moment redistribution in a statically inde-
terminate RC beam can be calculated by means of evaluating the required and
available rotation capacity. This is done for different steel types, reinforcement
ratios and concrete strengths. It is concluded that existing codes overestimate
the moment redistribution for some combinations of steel and concrete. A new
proposal is presented for the allowable degree of moment redistribution for high
ductile steel type S to low ductile steel B as a function of the design value of
the relative depth of the compression zone. In Figure 3.17 the proposed redis-
tribution is compared to the allowable redistribution according to VBC 1995.

3.3 Conclusion: Detailing for Ductility

From the behaviour examples in section 3.1 it is clear that in order to prevent
progressive collapse, the structural system should have sufficient continuity and
redundancy to provide alternate load paths.

To provide this a system of mechanical ties can be applied. The location of
six different ties to ensure structural integrity of a precast concrete structure was
given in Figure 2.8 (page 15), but it is noted that the tying approach can also
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be adopted in other structural configurations than a precast concrete structure.

When the structural behaviour is looked at, three out of the four failure
modes depend highly on the presence of adequate ties. In RC structures not
only the strength of the ties, but also the deformability of ties and the distri-
bution of stiffness throughout the structure should be considered if designing
a structure for robustness. A structure can be seen as a load transferring sys-
tem with transferring elements. the elements providing the deformability should
be designed in balance with the more brittle elements. If displacements are
preferred at certain locations the corresponding links should be designed for
ductility, while the other more brittle links are designed to balance the ultimate
capacity of the ductile ones.

Because the mobilisation of reserve capacity depends highly on the tying
system, tying systems must always be provided according to minimum require-
ments. However the possibility to concentrate ties to critical (alternate) load
paths should be evaluated by means of analysis of appropriate collapse mech-
anisms in which the ductility of these ties is explicitly regarded. Therefore
strength requirements for tying systems should always be accompanied by min-
imum deformation criteria. These deformation criteria can be met by adequate
detailing.

Also if continuous connections in RC are considered ductility is a boundary
condition for mobilisation of reserve capacity. Also in this case the ductility
is in de detailing. In order to reach the full plastic deformation capacity high
reinforcement ratio’s should be avoided. Moreover, to superimpose negative
member-size effects on the rotation capacity of RC elements the number of
applied reinforcement bars can be increased and the bar diameter increased.

Another issue in detailing for ductility which comes to the fore in both
the research of Engstrom as the research of Bigaj is the steel quality. The
overall ductility of RC members and systems is highly dependent on not only
the ultimate steel strength and elongation capacity, but also on the steel strain
and elongation at yielding of the steel and even the elongation at onset of strain
hardening. Therefore it would be advisable to use steel classes in which these
characteristics are determined so more ductile steel can be prescribed.
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Chapter 4

Numerical Analysis Concerning
Progressive Collapse

From the previous chapter it became clear that ductile detailing is needed in
order to mobilize reserve capacity of structures. In this chapter on the basis of
a case study, the reserve capacity of a structure which is designed according to
conventional linear elastic analysis is determined. In order to do this, first avail-
ability and capability of advanced analysis tools are discussed and procedures
to deal with non-linear effects in a calculation are treated. Finally the ultimate
load of a simple office building with damaged vertical members is calculated
using analysis software capable of non-linear calculations. In this first instance
dynamic behaviour is not taken into account.

4.1 Available Analysis Tools

Analysis tools can be divided into tools used for the alternate path direct design
approach and tools used for the local resistance design approach. For a first
approximation of sensitivity to progressive collapse linear elastic finite element
analyses can be used. However, these analyses are not very accurate and far
from realistic in case of an extreme loading, because redistribution of forces,
second order effects (P-Delta instability), non-linear material properties and
development of membrane modes of resistance are not taken into account. Also
dynamic effects are not taken into account, but these can be accounted for by
using a loading factor. Application of a linear elastic analysis usually leads to
more conservative designs, but is faster and less expensive than application of
more advanced analyses.

More advanced analyses use various inelastic finite element codes. These
codes can take into account large non-linear, time dependent effects. Some
tools using an inelastic finite element code also have libraries containing material
failure models so structural elements can be analyzed through failure. Even if
these advanced analyses are used there is large room for judgment on what level
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of analysis will give sufficient results. Very accurate predictions of structural
behaviour can be obtained, but this will take much time and is computationally
expensive. Also input for these models like strength properties of elements and
joints requires considerable experience and expertise. To actually model a case
of progressive collapse can take up to 100 hours using an advanced model.

Tools used for the local resistance design approach use the same type of
computational approaches found in the alternate path direct design approach.
However, the models are much smaller and efficient to run, since only key parts
are considered one at a time.

4.2 Non-Linear Modeling

Since models are simplified representations of reality models always contain
assumptions. For linear elastic models the assumptions are that Hooke's law
(o0 = Ek¢) is valid and there is a linear relation between stresses and strains of
the material. Furthermore P-A (second order) effects are generally neglected.
These assumptions are only valid for small deflections. Since in damaged state,
large deflections are allowed linear elastic theory does not apply anymore to
structural analysis of these structures. However it could be that although linear
elastic modeling does not give an accurate representation of reality results from
a linear elastic model can still be used to give a (conservative) approximation
of the robustness of a building. In the following sections modeling of non-linear
responses of the system and the elements will be discussed.

4.2.1 Geometric Nonlinearity

In conventional geometric linear calculation deflections are assumed to be so
small that the relation between deformations and displacements can be linearized
and equilibrium can be derived from the undeformed structure. As is clear from
the example in Section 3.3 the deflection of structures in damaged state is so
large that the resulting changes of the overall geometry must be taken into
account to accurately analyze the structure. The most common numerical
methods for the solution of geometrical non-linear response of structures as
discussed in literature [Lewis, 2003] are the transient stiffness method (also
referred to as the Newton Raphson method), the force density method and the
dynamic relaxation method.

Transient Stiffness Method

Conventional small displacement theory assumes a linear dependence of deflec-
tions upon forces in the structure:

{f} = [K] {u}
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Figure 4.1: Schematical representation of the transient stiffness method with
stepwise application of loads. (Source: [Hoogenboom, 2004])

in which {f} is the applied load vector, [K] is the global stiffness matrix and
{u} is the nodal displacement vector. However if displacements are large the
global stiffness matrix changes. In the transient stiffness method the final static
equilibrium is determined in an iterative process as depicted in Figure 4.1. First
the displacement vector is calculated using the original stiffness matrix:

{uhrer = K], ' {F}

From this displacement vector follows a new geometry with which a new stiffness
matrix [K], ., is calculated. When this new stiffness matrix is multiplied by the
displacement vector an internal load vector is generated which does not balance
the external load vector:

(K], g {ubisr = {Flepr # {£}

The difference between these load vectors, the residual force vector {R}441:
{(R}sr = [{£} = {Fhon]

is used to find an increment { Au} for the displacement vector:
{Au}er = K {R}bpa

This increment of the displacement vector is used to update the geometry of
the structure. Subsequently a new stiffness matrix is calculated and the steps
described above are repeated. This iterative process continues until the residual
force vector is zero which means the static equilibrium is reached.

This method uses a larger number of matrix manipulations which makes it
only suitable for computers. For larger systems roundoff errors might be mag-
nified due to the large number of arithmetic operations. This can be prevented
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by scaling of the matrices, but this is an extra operation which will add to the
computational effort. The weak point of this method is that the stiffness matrix
always lags one iteration behind. This means small iterative steps have to be
used to ensure small displacements because if displacements between steps are
to large, nodal forces and nodal displacements would be related to each other
incorrectly. This can lead to a lack of convergence or a wrong solution. Of
course using small iterative steps slows down the convergence of the solution.

A variant of the transient stiffness method is to calculate geometrical non-
linear behaviour by stepwise applying the load. For each loading step the above
mentioned iterative calculation is performed until residuals are very small, then
a new loading step is taken. See Figure 4.1. In the iterative calculations the
tangential stiffness can be used. The accuracy of this method is also highly
dependent on the number of iterative steps.

Force Density Method

A quite different method to tackle geometrical non-linear problems is the force
density method. This method is developed for pre-stressed cable nets. The
method relies on the mathematical assumption that the ratio of tension force
to length of each cable can be constant:

qm = — = constant
Ly,
in which ¢,, is the tension coefficient or force density, T}, is the pre-tension
force and L,, is the length of a member. When ¢, is assumed constant the
system of non-linear equations changes in a system of linear equations. This
method is commonly used to generate shapes of tension structures that are in
static equilibrium. The method can be used effectively to find the initial shapes
of membranes or cable nets under e certain pre-tension. However this method is
still under development and seems less suitable for static analysis of structures.

Dynamic Relaxation

Dynamic relaxation is a much different method, which does not have to rely on
matrix manipulations. It is used to analyze shell, skeletal and cable structures
and plates. The basis of the method is that the structure is represented as a
system of concentrated masses at given points. This system oscillates about
the equilibrium position under the influence of out-of-balance forces. It comes
to rest under influence of ‘damping’. The objective is not to follow the actual
motion of a real structure, but to determine the position of its static equilibrium
by simulating a pseudo-dynamic process in time. In an iterative process the
displacements are determined until the residual forces approach zero.

In literature [Lewis, 2003] a comparison is made between the transient stiff-
ness method and the dynamic relaxation method analyzing the non-linear static
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response of pre-stressed cable nets. The dynamic relaxation method uses more
iterative steps, but less arithmetic operations per step. Only for very simple
structures the transient stiffness method is computationally more efficient. For
more complex structures the dynamic relaxation method converges faster and
is more stable.

4.2.2 Material Nonlinearity

Material or physical non-linear behaviour is about non-linear relations between
stress and strain components. When structural members or components are
stressed beyond the elastic range material non-linear properties will become
important.

In Figure 4.2 a generalized force versus deformation curve can be seen. From
point A till B the linear response is given, point B represents the effective yield
point. The line from B to C represents the plastic response, this response is
only present in ductile material, brittle material will lose strength after point B.
Due to strain hardening the strength increases until point C, from this point
the material loses it's strength. The values of the points A till E for different
structural members or connections can be obtained from tests. When these
curves are implemented in analysis software non-linear behaviour of structures
can be modeled.
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Figure 4.2: A generalized force-deformation curve. (source: [FEMA, 2000a])

In advanced numerical models cross sections of members will be discretized
in strips and for each strip the stresses are calculated based upon the strains,
using the stress-strain curves. With these stresses the internal forces can be
determined by integrating over the strips. In this way higher order effects can be
approximated like the spread of plasticity. Also axial, flexural and shear modes
of failure can be characterized. This discretization can be done with various
levels of refinement. To really capture bond failure or failure of rebar splices in
reinforced concrete for example a very high level of discretization is needed. Of
course the higher the level of discretization the higher the computational effort
is.
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4.3 Numerical Determination of Limit Loads

A series of both material and geometrical non-linear calculations were performed
with the analysis software SCIA.ESA PT [SCIA Groep nv, 2006] to assess the
ultimate load of a structure in case of damage to a vertical load bearing member
(double span condition). As a case a five story office building was taken.

4.3.1 Review of Used Software Package

A choice was made to use the software package SCIA.ESA PT (which is the
successor of ESA Prima Win) because it was readily available at the office where
the graduating project took place and some experience with this package was
already gained. Moreover ESA is a widely used software package in engineering
praxis in The Netherlands which will make it easier for other structural engi-
neers to assess the findings of this case study or apply the procedure on other
structures.

Non-Linear Calculation Method

ESA makes use of the Newton Raphson method as discussed in Section 4.2.1
for non-linear calculations. The load acting on the structure can be divided in
several steps denoted as increments. Furthermore a convergence criterium and
a maximum number of iterations can be entered. If the maximum number of
iterations is reached without meeting the convergence criterium a warning is
issued. The accuracy of the method can be increased through refinement of the
finite element mesh, increase of the total number of increments or by adjusting
the convergence criterium.

Physical non-linear behaviour is modeled by using M-N-kappa diagrams.
The member is discretized in a number of sections and during the calculation
process the stiffness is modified for the sections where cracking takes place.
Thus the stiffness is adjusted along the beam and hinge regions are modeled.
Through the Newton Raphson method the equilibrium for internal forces and
adjusted stiffness is found.

After the calculation of the internal forces the strains and stresses in the
cross sections are calculated from the internal forces. The strains in the cross
sections have to be checked. If the deformations in equilibrium state are too
large the strains exceed the ultimate strain of the concrete or reinforcement
dependent on whether concrete crushing failure or reinforcement yielding failure
prevails.

Comparison With Bigaj Experiments

To assess the feasibility and accuracy of the results of the used software package
a comparison has been made with experimental results of non-linear behaviour
of concrete beams in a three point bending test. For a discussion on the results
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of this experimental research literature [Bigaj, 1999] and Section 3.2.2 is referred
to.

Results of bending tests on three different beams have been re-calculated
using ESA. The member geometry of the treated beams as well as the steel and
concrete characteristics are presented in Appendix G. Specimen B.0.2.4 and
B.0.3.4 both have a low reinforcement ratio of 0.28 %, specimen B.1.3.4 has a
higher reinforcement ratio. The yield load F), as well as the ultimate load F,
were determined.

In ESA the beams were modeled. The ultimate and yield load calculated
using ESA was compared to the experimentally obtained values. The yield load
according to ESA calculations was defined as the load at which yield stress of
the reinforcement was reached.

Furthermore, for the yield load and the ultimate load obtained by experi-
ments the calculated deformation and strains were compared to the experimental
results (Appendix G Figure G.2).

For specimen B.0.2.4 a load-deflection curve was presented in the report of
the experimental research. This curve is compared to the load-deflection curve
generated by ESA calculations (Figure 4.3). In the calculations the size of the
finite element mesh was varied from 0.01 to 0.4 m corresponding with curve 1 to
4 in Figure 4.3. Note that the ultimate load according to the calculation is 9.8
kN. When the ultimate load is exceeded the software still calculates a deflected
equilibrium state for the internal forces and stiffness, but the limit strains in the
cross

load [kN]
5 15 _Load [kN
L]
10 1 10
5 TEST B.0.2.4
specimen size: 100 x 210 x 2100 mm >
reinforcement ratio 0.279%
[ deflection at 160 mm from mid-span
0 : ! I——
0 10 20 30 40 30 0 10 20 30 40 50
deﬂection [mm] Deflection [mm]

‘—0—1 —8—2 —A—3 —%—14

Figure 4.3: Comparison of experimental values (left) and calculated values
(right) of deflections in a three point bending test.
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Specimen B.0.2.4 B.0.3.4 B.1.3.4
[kN]  [kN] [kN]  [kN] [kN]  [kN]

Experiment | 10.3 11.2 SR* | 50.2 649 SR |210.2 2148 CC
Calculation | 86 9.8 CC* |50.0 56.2 CC | 1985 209.0 CC
Ratio 0.83 0.88 1.00 0.87 094 0.97

*SR = Steel Rupture Failure; CC = Concrete Crushing Failure

Table 4.1: Yield and ultimate load of specimens obtained by experiments com-
pared to calculated values.

When Figure 4.3 is considered, the conclusion can be drawn that the software
is able to model the actual non-linear beam behaviour fairly good. It should be
noted that whereas the experimentally obtained deflections are taken 160 mm
from midspan, the displayed calculated deflections are deflections at midspan
which are larger than the deflections at an offset of midspan.

For meshes up to approximately beam height (2100 mm) the behaviour is
accurately modeled. When the finite element mesh is too large (curve 4) the
deflections are underestimated.

When the ultimate and yield loads are compared it is noted that the calcu-
lated values of the ultimate load are somewhat below the actual limit load. This
means the calculated ultimate loads are somewhat conservative. For specimen
B.0.2.4 and B.1.3.4 the calculated ultimate load is even below the experimen-
tally obtained yield load.

Failure is not well modeled, since in the calculations concrete crushing al-
ways prevails, whilst in the experiments steel rupture failure takes place if low
reinforcement ratio’s are used.

Comparison of the strains and rotations give a somewhat confusing image.
Note should be taken that measuring concrete and steel strains is difficult and
considerable scatter in results were found. Also if the experimental limit load is
applied on the calculation model the strains in the calculation model are already
well beyond limit strain, so the calculation results will be less accurate. When
the strains are below or around the limit strain, which is so for the model of
specimen B.0.3.4 and B.1.3.4 with a load of respectively 50.2 and 210.2 kN,
the deformations are overestimated by approximately 80%.

It is acknowledged that for more profound assessment of the used software
package more parameters should be varied and more experimental data should
be compared. However this is beyond the scope of this research. Although
some concern rises around the determination of limit load in the calculation
model, because the model seems unable to model the failure mode correctly
for now the conclusion is drawn that the calculation results are in the same
order of magnitude of the experimental results and moreover the values from
the calculation are conservative because the deformations are overestimated
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resulting in an underestimation of the limit loads.

It is remarked however, that in the experiments and corresponding calcula-
tion models no redistribution of internal moments is present. More experimental
and numerical data should be present in order to assess the capability of the
software to model this effect accurately. However, because redistribution is di-
rectly dependent on the deformation capacity and the deformations are modeled
fairly good, it is assumed that redistribution of internal moments will also be
adequately modeled.

4.3.2 Case: Five Story Office Building

As a case a five story office building is assessed for behaviour in damaged state.
The studied structure is taken from the report of Stufib study cell 2 on structural
integrity of building structures [Stufib, 2005].

The office building has a structural lay-out of columns and beams with
a stability core and a stability wall. In Appendix D a technical drawing of
the bearing structure is given (see also Figure 4.4 for a 3D impression). The
properties are summarized in Table 4.2.

First via a conventional linear elastic calculation the internal forces are cal-
culated and the required amount of reinforcement for the beams and columns
is calculated according to NEN 6720 [NNI, 1995]. The calculated design values
of the forces in ultimate limit state as well as the chosen reinforcement are
presented Appendix E. Also a graphical representation of the design moments
in the primary beams is given (Figures E.1 and E.2 on pages 90 and 91).

Three cases of column removal were investigated: a facade column at the
long side of the building, an interior column and a corner column. Since a full
scale non-linear calculation of the complete building model would be too time
consuming for each case only the primary load bearing beam(s) which should
bridge over the column were modeled. In Figure 4.5 the removed columns
and corresponding primary beams are indicated in the lay-out drawing. Also
in Appendix H the parts of the building structure which are modeled for non-
linear calculation are indicated. For each case the limit bearing capacity was
determined with and without a load bearing contribution by the floor elements.

4.3.3 Calculation Procedure

For each of the three situations of column removal, the load bearing beam, or in
the case of the corner column two beams are isolated. The corresponding models
that were subject to the geometrically and physically non-linear calculation are
depicted in Figure 4.6.

Input of Reinforcement

The required reinforcement as calculated from the original linear building model
and loadings where introduced in the model. The reinforcement lay-outs of
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Figure 4.4: 3D view of studied office building.

Materials Concrete B35
Reinforcing steel FeB 500
Dimensions | Columns 400 x 400 mm?2
Beams 400 x 600 mm?2
Stabilizing walls d =250 mm
Floor slabs d=200 mm (hollow core slab)
Roof slab d=150 mm (hollow core slab)
Loads Dead Load floors: 2.0 kN/m2
facade: 0.5 kN/m2
Live Load floors: 4.0 kN/m2 (¢ =0.5)
roof: 1.0 kN/m2 (¢ = 0.0)

Table 4.2: Input parameters of the building model.
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Figure 4.5: Three investigated cases of column removal. The modeled primary
beams are indicated.

Facade Beam missing
Suppert Lead P

b 4 78" lcrasd tesxid
, Y200 F2c0 TL90 4 12006 .,
2 7 7

Interior Beam

2 7200 . ¥200 o0 .,

Corner Beams

missing
Suppert

Load P

Figure 4.6: Calculation models used for non-linear calculation.
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the beams are depicted in Appendix E.3. For the models the floor beam rein-
forcement was taken. ESA has two options on how reinforcement is taken into
account in the calculation (Figure 4.7). A theoretical reinforcement area (strip)
can be introduced from which internal stresses and strains are calculated, but
also practical reinforcement can be inserted. In this case the stresses and strains
of steel are concentrated at the actual position of the reinforcement bars.

The latter option is chosen because more accurate results can be obtained
this way. Also in case of the corner beams it is the only option, because unsym-
metrical bending occurs in this case and this cannot be adequately modeled if
a theoretical strip of reinforcement is used in the model. The only difference
between the designed reinforcement lay-out as depicted in Figures E.4 to E.6
in Appendix E and the reinforcement in the model is that in the model the lap
splices are not taken into account.

— .
=
Strip of reinforcement — Balls of reinforcement —
idealised design real position of
(required) reinforcement individual

reinforcement bars

Figure 4.7: Two ways of taking reinforcement into account in the calculation.
The option on the right side was chosen.

Floor Contribution

In the original design of the office building hollow core slabs spanning 6.0 m are
applied. Since hollow core slabs span only in one direction and also only have
reinforcement in this direction membrane action is assumed to be negligible.
However when the supporting beam starts to deflect the hollow core slabs will
undergo a rotation in the longitudinal direction. This means a torsional moment
will develop which is directed opposite to the rotation of the supporting beam.

To determine the rotation capacity of a hollow core slab, the slab was mod-
eled as a hollow box girder with a wall thickness of 40 mm. In Appendix | the
torsional capacity is calculated.

Although no torsion experiments with hollow core slabs were known, torsion
tests on beams show a failure pattern in which a long helix-like crack develops.
Since this crack is very long a long yield traject is provided. It is assumed
that hollow core slabs will fail in a similar manner so relatively large plastic
deformation can be achieved and a long yield traject will occur.

In the model the floor contribution was taken into account by adding bi-
linear rotational supports tot the calculated beam every 1.2 m. In Figure 4.8
the non-linear characteristics of this support are depicted. For an interior beam



Chapter 4. Numerical Analysis Concerning Progressive Collapse

twice the ultimate moment capacity was used since these beams support two
hollow core slabs.

M [kNm]

1130

-0.0021

phi [rad]

0.0021

-11.30

Figure 4.8: Assumed torsion rotational characteristics of hollow core slab.

Material Properties

For concrete the characteristic bi-linear stress-strain diagram for C28/35 with
a tension-branch was used. This means the concrete has an elastic strain of
1.75 %y and a limit strain of 3.5 %f.

For the reinforcement steel, FeB500 the standard diagram was fitted with a
linear 10% strain-hardening branch. For both materials the material factor 7,,
was set to 1.0 per NEN6720 art. 6.1. Both diagrams are depicted in Figure 4.9.

Spanning[viPa] Spanning[MPa]

Rek[1e-4]

Rek]1e-4]

Figure 4.9: Applied o-¢ diagrams for concrete and reinforcing steel.

Calculation Parameters

Each of the models were calculated a number of times with different loading.
The finite element mesh for the stiffness calculation was set to 0.2 m which is one
third of the beam height. The number of load increments was increased from 5
up to 200 as the applied load approached the ultimate load. The convergence
criterium was set to 5% and the maximum number of iterations to 500, but
because the number of load increments were increased as the limit load was
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approached the number of iterations required to find equilibrium within one load
increment was generally below 5. The parameters are summarized in Table 4.3.

Finite Element Mesh 0.2 m
Load Increments 5-200
Convergence Criterium 5%
Maximum Number of lterations 500

Table 4.3: Most important calculation parameters used for determination of
limit loads of structural beams.

Cross-sectional Check

Each calculation was followed by a detailed cross-sectional check to determine
if the strains in the critical regions were not exceeded (Figure 4.11. Where
the critical region was at a support, where the bending moment peaks, the
normative cross-section was chosen at an offset of 200 mm from the support
node because in the model the supports are represented by nodes, whereas in
reality the supports (the columns) have a width of 400 mm. Therefore the
region above the support is in reality a discontinuous region and the peak of
the bending moment will be leveled off.

4.3.4 Discussion of Results

In Appendix J the calculation results are given. In Table 4.4 the results for
the models in which the floor action is taken into account is summarized. As
an example a graphical representation of the results of the limit load case for
the facade beam (P = 23.5 kN/m) is given in Figure 4.10. In Figure 4.11 a
representation of stresses and strains in the critical cross section of the facade
beam with floor is given, which is at an offset of 200 mm from the support
node.

Limit Load Maximum Moments in critical
Deformation cross-sections
P uz fy Mdsup Mdspan
[kN/m] [mm] [mrad] | [kNm] [kNm]
Facade Beam 23.5 259.9 439 | -320.8 195.9
Interior Beam 29.0 108.7 26.6 | -606.5 323.4
Corner Beams 21.5 132.8 25.7 | -298.8 -134.7

Table 4.4: Limit loads for three models taking the floor action into account.
Note that the presented design moments are the calculated values in the non-
linear calculation after moment-redistribution.
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Figure 4.10: Results for limit load case of the facade beam with floor.
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Critical cross-section
(200 mm from support node)

B ® 8 ® 5x FeB 500 (16)

~
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Figure 4.11: Detailed representation of stresses and strains in the critical cross
section of the facade beam.

As can be seen from Table 4.4 the ultimate deformations are relatively small.
This is because conservative 0 — € diagrams are used. The assumed ultimate
strains of the materials are therefore small. The maximum deformation found
was 43.9 mrad, which is less than half of the maximum deformation in non-linear
conditions allowed by U.S. guidelines on progressive collapse (see Appendix M).

In reality the deformation capacity will be probably larger than calculated,
because in the calculations the positive effect of confining shear reinforcement
on the deformation capacity and also the bond-slip behaviour is not taken into
account.

When the limit loading point in the load-displacement diagrams is considered
it is noted that for the facade beam and the corner beams the limit load is at
or just beyond the yield point in the diagrams whereas the limit loading point
of the interior beam is reached before the yield point.

Results Facade Beam

For the facade beam the deformation capacity is large enough to enable an
optimal redistribution of moment forces so the maximum capacity at the sup-
ports and at midspan is reached at the same time. The order of magnitude of
redistribution is 15%. According to the model steel rupture failure occurs, but
the concrete strain at failure is also very close to the limit strain.

It appears that the ultimate deformation for the model with floor action is
larger than the ultimate deformation for the model without floor action, but
this probably has to do with the accuracy of limit load determination. The
chosen limit load of the model with floor is somewhat too large and the chosen
limit load of the model without floor somewhat too small and since the load-
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displacement curve is very flat a small deviation in load gives a considerable
deviation in displacement.

Due to moment redistribution and strain hardening a load capacity increase
of almost 60% is obtained. An extra load capacity increase of 12% is generated
if the floor action is taken into account.

Results Interior Beam

The behaviour of the interior beam is different than the behaviour of the facade
beam. Because of a different geometry the reinforcement at the support will not
have reached full capacity by far when the beam starts to collapse in the span.
This is why the limit loading point in the load-displacement diagram is consid-
erably below the yielding point. The positive effect of moment redistribution
for the moment in the span stops at 8%.

The critical section of the interior beam is located at the place of the original
support. In the original situation the field moment in the middle span will be
relatively small, and so in original design not much bottom reinforcement will
be used. In the damaged situation the maximum moment in the span will occur
near the location of the removed support. See Figure 4.12. It is of utmost
important in this case that the bottom reinforcement is continuous over the
supports with sufficient lap splices.

For the interior beam the redistribution and strain hardening effects enable
a load capacity increase of about 40%. The effect of the floor action is larger
than in case of the facede beam because the interior beam supports a hollow
core slab at each side. This creates an extra load capacity increase of another
30%.

AR KA KA ﬂ A

critical section

e

A

|z

Figure 4.12: Moment distribution of interior beam in normal situation (top) and
in damaged situation (bottom).
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Results Corner Beams

For the results for the corner beams the different load-displacement behaviour
stands out (Figure J.10 on page 121). The load-displacement curve is much
flatter and a distinct yield point is hard to conceive. Also from this figure it
can be seen that for the model with floor action it was difficult to find the right
equilibrium state if the beams were loaded beyond the limit load case. The
difference in behaviour can be explained by the 3-dimensional bending effects.
Torsional and bi-axial bending occurs which results in a stiffer behaviour.

Also in this case steel rupture failure occurs, first in the weaker beam at
the short side of the building although due to the moment redistribution the
maximum capacity of the stronger beam at the long side of the building is also
almost reached. Moment redistribution is considerable with 30% redistribution
of internal forces.

Although the deformation pattern is different, in a relative sense the per-
formance is comparable to the performance of the facade beam since the load
capacity increase for non-linear behaviour is in the same order of magnitude. In
an absolute sense the performance is less good, because the limit load of the
corner beams is about 10% smaller than the limit load of the facade beam.

Extended Models

To investigate the effects of Vierendeel action and assess the extent of normal
forces in the structural members, a non-linear calculation was performed for
extended models. In these models all floor beams and the roof beam were
calculated. In Appendix K the models are depicted.

Only the limit load case as calculated from the previous models were consid-
ered. All floor beams were equally loaded and the load of the roof beam which
has a lower reinforcement ratio is reduced to take into account that in reality
the roof beam does not have to carry live load.

The behaviour of the facade model is stiffer than the behaviour of the model
of one facade beam. The maximum deflection is 108 mm which is half of the
maximum deflection in the small model. But as stated earlier the ultimate
deflection in the small model was overestimated. The load redistribution seems
somewhat smaller but in the same order of magnitude. The development of
tensile forces in the vertical member above the missing column is very limited.
A tensile force of only 8 kN is present if all floor beams are equally loaded. Due
to buckling of columns some normal forces develop in the horizontal beams, but
this is also limited.

The behaviour of the extended model for the interior beams is comparable
to the small model where one beam was modeled. The order of magnitude of
moment redistribution is the same and the ultimate deflection which is 100 mm
is also almost the same as for the one-beam model.

The vertical member above the missing column loaded in compression and
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Figure 4.13: Development of normal forces in interior beams.

the normal force is 29 kN. An interesting effect is that since the interior beams
are at one side attached to the stability core, the structure as a whole tends
to hang from this core. This is depicted in Figure 4.13. In the upper beams
a tensile force develops, whereas in the beam of the first floor a considerable
compression force occurs. According to the calculation the tensile force in the
roof beam does not initiate premature failure of this beam.

Figure 4.14: Development of normal forces in head facade on corner column
removal.

For the extended corner model a much stiffer behaviour is apparent. Also
the load capacity is increased, since in the extended model at ultimate load the
strains in the critical cross-sections are smaller. The ultimate deflection is only
14 mm. The capacity increase can be explained be the action of the entire head
facade frame. It acts as a Vierendeel beam over the full height of the building
with the roof beam acting as a tensile member and the beam of the first floor
as a compression member (see Figure 4.14).

All extended models demonstrate furthermore that the columns have suffi-
cient combined bending and normal force capacity.
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4.4 Conclusion: Demand Capacity Ratio

Based on the comparison with experiments (Section 4.3.1) and on the relatively
small calculated deformations compared to limit values brought forward in U.S.
guidelines (Appendix M) the calculated limit loads are assumed to be safe es-
timates of the actual limit loads of the investigated structural members of the
office building.

Moreover, from the extended models it can be concluded that some extra
safety is present in the Vierendeel action of the beam-column systems which is
not taken into account in the models from which the limit loads are determined.

Now that these limit loads are known it is interesting to compare the linearly
calculated internal forces associated with these limit loads to the member ca-
pacity. The member capacity is typically exceeded if linear analysis is performed.
When the member capacity in special loading conditions as calculated in Ap-
pendix F is used, the available Demand Capacity Ratio (DCR) of the beams can
be calculated as follows:

DCR — Md;lm
Mu;special
This is thus an expression of the available extra capacity of the structural mem-
ber if the non-linear effects of strain hardening, moment redistribution and the
floor action are taken into account. In Table 4.5 the DCR'’s obtained in this
way are given for the six calculated models.

Load Md;lin Mu;special DCR
[kN/m]  [kNm] [kNm] [-]

Facade Beam 21.0 238.5 153.1 1.56
Facade Beam w/f* | 235 266.9 ! 1.74
Interior Beam 22.5 384.3 266.5 1.44
Interior Beam w/f 20.0  496.7 ! 1.86
Corner Beams 185  -198.9  -123.1 1.56
Corner Beams w/f 215  -231.2 ! 1.82

*w/f means with floor contribution

Table 4.5: Available DCR for three simplified models with and without taking
the floor action into account. Note that the presented design moment is the
maximum moment at the critical cross-section according to the linear calcula-
tion.

When the three non-linear effects are considered separately the DCR value
can be divided in three parts. The calculation model with floor gives the total
DCR for combination of all three effects. The calculation model without floor
gives the DCR for the strain-hardening effect combined with the moment re-
distribution effect. To assess the contribution of the strain hardening in this
combined effect the ultimate moment capacity according to the calculation of
Appendix F was compared to the ultimate moment capacity in the non-linear
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calculation where the actual stresses and strains are considered:

Strain hardening effect = Muspne
Mu;lin

Because the strain hardening effect thus determined is different for the dif-
ferent critical cross-sections within one member, the total strain hardening effect
for the member was determined as the mean of the effect for the two cross-
sections of the member where the maximum moment forces occur.

In Figure 4.15 the thus obtained subdivision of the DCR value is depicted.
It must be noted that this subdivision of the DCR value is not entirely correct,
because the three effects act together. The floor effect as well as the strain
hardening effect influence the moment redistribution and vice versa. However
this approach does give some insight in the relative order of magnitude of the
three effects.

Components of DCR value

O Floor action effect

B Moment redistribution effect
@ Strain hardening effect
OLinear Capacity

Facade Beam Interior Beam Corner Beams

Figure 4.15: Contribution of three different non-linear effects to the DCR value.

It appears the strain hardening effect is smaller for the interior beam and
the corner beams than for the facade beam. For the interior beam this can
be explained by the limited moment redistribution as a result of which the
strain hardening effect of the not fully strained reinforcement at the support
is less pronounced. For the corner beams the limited strain hardening effect is
because of the bi-axial bending, as a result of which the maximum capacity of
the reinforcement bars is not reached at the same time.
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The larger moment redistribution effect of the corner beams compared to
the facade beam has to do with the difference in reinforcement ratio between
the two corner beams. For the facade beam the difference in reinforcement
ratio for the supports and the span is smaller, so full redistribution is reached
at a lower redistribution ratio. As already mentioned in the interior beam full
redistribution is not reached as a result of which the redistribution effect is
lowest for this beam.

As for the floor action, it is clear that the effect is largest for the interior
beam, because this beam supports a slab on each side. It is more difficult to
explain why the floor action effect for the corner beams is larger than for the
facade beam. At first thought it is expected that the floor effect for the corner
beams would be the same or smaller than for the facade beam. It probably
has to do with interaction between the floor contribution and the moment
redistribution.

From the calculation results the conclusion can be drawn that if the floor
action is taken into account the Demand Capacity Ratio for this building is
around 1.8. However it varies with the investigated cases of column removal.

Two cases of column removal which will give a significant different behaviour
are not investigated. These cases are the column removal of an interior column
at opposite side of the stability core of the investigated interior column, and the
column removal of a corner column at the opposite end of the building from the
investigated corner column. In both cases moment-redistribution is not possible
so the obtained DCR values can not be used in these two cases and the expected
DCR for these cases is much smaller.



Chapter 5

Alternate Path Analysis

This chapter aims at translating the findings of the research presented in the
previous chapter to practical measures. Therefore an alternate path analysis
for the office building studied in last chapter is performed. First on the basis
of two U.S. guidelines dealing with progressive collapse the performed notional
element removal alternate path analysis is elaborated.

5.1 Notional Element Removal

To date two guidelines explicitly dealing with progressive collapse in the U.S. ex-
ist. The U.S. General Services Administration (GSA) developed the Progressive
Collapse Analysis and Design Guidelines [GSA, 2003] which provides criteria for
Federal buildings. The UFC 4-023-03: Design of Buildings to Resist Progressive
Collapse [DoD, 2005] which is issued by the Department of Defense is the sec-
ond guideline which contains a lot of information directly taken from the former
guideline. This guideline provides technical criteria for military construction.

Besides minimum strength requirements and detailing guidance for the ty-
ing approach to structures of different materials, a procedure for the notional
element removal method is given in the guidelines.

5.1.1 Loading in Damaged State

The first issue which has to be cleared is what kind of loading should be assumed
to be present if the notional element removal method is used.

Load Combination

A progressive collapse is initiated by an extreme load or load situation with a
small probability of occurrence. The probability of occurrence of this extreme
load simultaneously with the occurrence of the maximum value for other live
loads is negligible. Therefore, for an progressive collapse analysis the design live
load may be reduced.
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In the two American guidelines on progressive collapse analysis, different
loading combinations are prescribed:

GSA : D+0.25L
UFC : (0.9o0r1.2D)+ (0.5L or 0.25)+ 0.2W
in which:
D Dead load
L = Live load
S = Snow load
W = Wind load

The difference between these guidelines is striking. The UFC requirement is
derived from the commentary on the ASCE Standard 7 [ASCE, 2002] in which
this combination is recommended for checking the ability of a damaged structure
to maintain its overall stability for a short time following an abnormal load event.

Ellingwood [Ellingwood, 2002] gives some background information on this
load combination. In contrast to the Dutch guidelines the dead load is factored
1.2 (or 0.9 if the dead load is stabilizing). This is maintained because engineers
tend to underestimate the dead load. The other factors are introduced to obtain
the sustained live load, daily snow load and hourly maximum wind load from
the nominal prescribed ASCE load. In this light the prescribed load combination
by the GSA seems on the lower bound.

The same principle of load combination is accounted for in many standards
though not specifically for progressive collapse, but for other incidental or special
load combinations. In the Dutch code NEN 6702 [NNI, 2001] for example, for
special loading combinations the loading factor + is set to 1.0 and for live
loads an instantaneous value is used which is obtained by multiplying with a
momentary factor ¢» which varies from 0.25 for passageways to 1.0 for storage
areas. For wind load this factor is 0.2 for some special combinations and else
0.0. For snow load a value of 0.0 is used.

Dynamic Action

Because of the energy released in a system as members fail dynamic effects will
play an important part in a progressive collapse. To account for these effects
in a static analysis both the GSA as the UFC guidelines require an increase in
loading by a factor two in a static analysis to obtain a static equivalent load.
In the UFC guidelines this amplified load only has to be applied to the area
directly influenced by the damaged element, see Figure 5.1. In the commen-
tary UFC states: ‘The factor 2.0 is used in GSA 2003 and has been validated
as conservative through a number of numerical simulations of progressive col-
lapse.” In these numerical simulations the assumed damaged vertical element
was removed instantaneously and a time history analysis was performed.
Dynamic action of a structure depends on the plastic behaviour. Engstrom
for example [Engstrom, 1992] proposed a method to assess the dynamic be-
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haviour of precast structures from the load-displacement characteristics of the
structural ties. According to literature [Marchand & Alfawakhiri, 2005] the fac-
tor of 2.0 is very conservative and a factor of 1.3 to 1.5 would be more realistic
if members can achieve significant plastic deformations.
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Figure 5.1: Areas of load amplification in static analysis prescribed by UFC
4-023-03. (Source: [DoD, 2005])

Debris Loading

A special loading case of particular importance in a progressive collapse analysis
is debris loading. Although debris loading is widely recognized in literature
as an important aspect of progressive collapse and well known historical cases
of progressive collapse are directly related to debris loading, no literature or
research specifically dealing with debris loading could be found.

In the U.S. guidelines this phenomenon is approached by instantaneously
applying the load of upper elements on the element below upon failure of the
upper element. The debris loads are amplified by a factor of 2.0 to account for
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dynamic impact. If these loads were already amplified by a factor 2.0 to take
dynamic action into account, no further amplification is required to account for
the the dynamic impact of debris.

This approach of factoring and instantaneous applying dead and live loads
associated with failed members to members below, can also be found in many
other proposals for progressive collapse analysis, but the amplification varies.
For example in literature [Gilmour & Virdi, 1998] the debris loads are factored
up by 1.25 in order to take into account the effects of impact from the falling
debris.

In the commentary on the UFC the choice of a factor of 2.0 for debris
loading is motivated. In section B-4.2.3 it is stated that this factor is based on
engineering judgment. Although peak loads in a perfect impact will be much
higher it is unlikely that elements will fail completely and fall intact upon the
lower level due to still embedded reinforcement or non-structural elements like
non-load-bearing walls according to this commentary.

In a rational approach however at least the floor to floor height should be
taken into account. This is for regular buildings very similar, but for buildings
containing an atrium or a conference room for example the distance from the
floor to the ceiling could significantly differ.

In most cases it is probably best to design a structure in such a way that
upon notional element removal non of the members fail, so debris loading does
not have to be taken into account.

5.1.2 Removal of Elements

When consensus is reached on the applied load, it has to be determined which
amount of damage the structure must be able to bridge. In the U.S. guidelines
and many other standards dealing with notional element removal one vertical
element at the same time has to be removed. This can be a column or load
bearing wall. Removal over one floor height is deemed appropriate. In case of a
load bearing wall the width to be removed varies. In the preliminary Eurocode a
width of 2.25 times the floor height is recommended. Other guidelines provide
similar requirements.

As a minimum the U.S. guidelines prescribe removal of a perimeter column
near the middle of the short side of a building, near the middle of the long side
of a building and a corner column. Removal of interior columns only has to be
checked if the building contains uncontrolled public areas for example a parking
garage.

As far as load bearing walls are concerned a similar approach is aimed at.
The length of the wall which has to be removed is twice the wall height, but
not less than the distance between expansion or control joints.
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5.1.3 Material Properties

Expected rather than the lower bound design strengths such as yield stress and
failure stress of materials can be used in the analysis of instanteneouss loss
of a vertical member. Factors are presented to obtain expected values from
by standards prescribed lower bound values of design strengths. In the UFC
for example an over strength factor of 1.25 is given for the ultimate and yield
strength of reinforcing steel and the compressive strength of concrete.

In NEN 6720 art. 6.1.1, 6.1.2 and 6.2.1 material factors ~,, are presented
from which the lower bound strength of concrete and reinforcing steel can be
calculated from the expected strength. It is allowed to reduce these factors in
abnormal loading conditions such as blast or impact loading.

5.1.4 Analysis Procedures

Both the UFC and the GSA allow three different analysis methods and corre-
sponding acceptance criteria:

e Linear Static Analysis
e Non-Linear Static Analysis

e Non-Linear Dynamic Analysis

In case of linear analysis the acceptance criteria are directed at the occurring
forces and in case of non-linear analysis the acceptance criteria are directed
at the occurring deformations. The proposed methods are derived from an
earthquake design guideline.

FEMA 356: Modification Factor

FEMA 356: Prestandard and Commentary for the Seismic Rehabilitation of
Buildings [FEMA & ASCE, 2000] is a specific reference document for making
buildings more resistant to earthquakes. It is now being balloted by the American
Society of Civil Engineers (ASCE) and if approved will become a nationally
recognized standard in the U.S.

Since the analysis procedures in the UFC and GSA guidelines and moreover
also the corresponding acceptance criteria are derived from this standard the
basics of the prescribed analysis procedures in FEMA 356 are briefly discussed.

The FEMA prestandard presents four procedures for seismic analysis of struc-
tures (the three mentioned above and a Linear Dynamic procedure) and corre-
sponding acceptance criteria.

The actual forces and behaviour can be estimated by non-linear analysis.
When this analysis is performed structural assessment is done by checking if
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deformation capacities are not exceeded. To this purpose tables of non lin-
ear deformation capacities of various structural members and connections are
presented.

Within the framework of the Federal Emergency Management Agency in
the U.S. numerous experiments were conducted to determine inelastic capaci-
ties of structural assemblies. This resulted in a prestandard [FEMA & ASCE,
2000] which supplies detailing guidelines and deformation capacities for different
structural members and connections.

However non-linear analyses take much effort and experience and with the
current computational means can be very time consuming. Therefore in earth-
quake engineering a simplified linear approach was developed.

Simplified Linear Analysis

The basis of the linear procedures in the earthquake guideline is that loads are
selected in such a way that if applied to the linearly elastic structure model
the deformations will approximate maximum expected displacements in case
of an earthquake (pushover method). It is recognized that since the expected
behaviour is inelastic rather than elastic the actual internal forces that would
develop in the building will be less than the calculated forces in the model.
Calculated forces will typically exceed the design limits. Therefore the calcu-
lated forces are evaluated through acceptance criteria which include modification
(m) factors to account for anticipated inelastic demands and capacities.

When a linear analysis is performed, a distinction is made between force-
controlled and deformation-controlled actions. For deformation-controlled ac-
tions the design actions may exceed the actual strength of the component or
element to resist the action. This is taken into account by the factor m which is
an indirect measure of the non-linear deformation capacity. For force-controlled
actions expected strength of the component may not be exceeded, because non-
linear deformations associated with force-controlled actions are not permitted.
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Figure 5.2: Experimental data (left) and an averaged multi linear representation
of the force-deformation curve (right) of a structural member or joint.
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In short the deformation criteria and m-factors are determined as follows:

- From experimental data an idealized force-deformation curve is developed
which gives an average multi-linear representation through a prescribed
procedure. This is depicted in Figure 5.2.

- The tested assembly is classified force or deformation controlled. When
force controlled a substitute curve (type 2 curve) is drawn and correspond-
ing value Q’y is used as a strength limit. When deformation controlled,
the actual curve (type 1 curve) is used to determine deformation limits
for Immediate Ocuppancy, Life Safety and Collapse Prevention (point 3
on the curve) performance levels.

- m-factors for the performance levels are calculated by determining the
ratio of the deformation limits corresponding to the performance level
and the deformation at yield and multiplying this by a safety factor of

0.75.

Ay
m="".0.75
Ay

In Appendix L an example of resulting m-factors and deformation capacities
from FEMA 356 are given. These are values for earthquake loadings involving
three fully reversed deformation cycles to the design deformation levels, in ad-
dition to similar cycles to lesser deformation levels. As can be seen from the
definition, the m-factor is an indirect measure of the non-linear deformation
capacity of a component or element of a structure.

It should be emphasized that these m-factors cannot be derived directly
from a calculated M — k diagram and also should not be applied to a static
load case unmodified. This is because the factors determined from experiments
are greatly dependent on the dynamic behaviour of the structural member or
connection. In a dynamic earthquake situation the overloading is temporary,
whilst this is not the case in an extreme loading due to local damage.

In the FEMA Standard m-factors are used to determine to what extent the
flexural design actions calculated by a linear method may exceed the actual
strength of the component or element to resist these actions. The following
equation should be satisfied:

Qup

DCR =
m-Qck

<1

where Qcg is the expected strength at the deformation level under
consideration for deformation-controlled actions
Qup s the deformation-controlled design action due to gravity
loads and earthquake loads
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GSA & UFC: Demand Capacity Ratio

In the UFC and PCADG guidelines the FEMA approach is adopted and adapted
to perform alternate path analyses. A redistribution of moments is allowed by
inserting plastic hinges at locations where moment capacity is exceeded. A
summary of the Linear Static Analysis procedure is presented below.

1. A vertical load bearing element is removed from the structure and loads
are applied, the structure is analyzed.

2. If the acceptance criteria on force-controlled (shear) actions is exceeded
the element concerning is removed from the model and loads are redis-
tributed. If the acceptance criteria on deformation-controlled actions are
exceeded the moments are redistributed by applying an hinge with maxi-
mum plastic moment capacity of the member concerned applied on both
sides.

3. The model is re-analyzed until either no acceptability criteria are violated
anymore or damage criteria (see Section 2.2.2) are violated.

If non-linear static analysis is applied the loads should be applied in a number
of discrete steps. If at a load step an acceptance criteria is violated the member
concerning is removed and the loads are redistributed. If the damage criteria
are not violated the analysis is re-started at this load step. This continues until
either the damage criteria value is exceeded or the total load is applied without
damage criteria exceeded.

In a dynamic analysis first the undamaged model is brought to a static
equilibrium under the applied loads. Then the load bearing member is instan-
taneously removed. If during the analysis an acceptability criterium is violated
the analysis is halted and the concerning member is removed. The analysis then
proceeds until either the damage criteria value is exceeded or the total load is
applied without damage criteria exceeded.

Because the acceptance criteria from both guidelines are derived from FEMA
356 caution should be taken. These criteria are based on earthquake tests.
Therefore although the values are conservative to a certain extend because of
the cyclic nature of these loading tests this conservatism might be not present
in the analysis because axial loading is not included in the tests. Alternate
paths however depend on the axial strength of members during deformation.
Moreover the dynamic behaviour in the tests is different than in analyzed cases
of local damage.

The acceptance criteria (deformation limits) from these guidelines for rein-
forced concrete are presented in Appendix M. As can be seen the values from
both guidelines are very similar. The acceptance criteria values are derived
from FEMA 356 and although these values are derived from earthquake tests
as stated in the previous paragraph these values were considered conservative
enough.
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The main difference between the guidelines is that in the GSA Guideline
inserting hinges for redistribution of moments in a a linear analysis is only nec-
essary if the calculated forces exceed the design value by a factor more than 1.5
for irregular structures and a factor over 2.0 for regular structures:

DCR = gUD <15 0r 2.0

CE

This is because the actual internal forces that would develop in the building
in an extreme loading situation will be less than the calculated forces in the
linear model of this situation. Forces calculated by means of a linear elastic
method will typically exceed the design limits in such a case.

Only if this factor is exceeded the element is assumed to be collapsed or
severely damaged. As an explanation of these factors the m-factors of FEMA
356 are directly referred to. When the FEMA values are compared to the GSA
values it can be seen that the GSA provides a lower bound value from the FEMA
table for beams controlled by flexure.

The UFC does not contain these factors and simply states that equivalent
plastic hinges should be inserted at locations where the expected design moment
capacity is exceeded:

Qup

CE

DCR = <1.0

Also it is states explicitly in the commentary that acceptance criteria utilized
in FEMA 356 for linear procedures are not applicable.

5.2 Analysis Using Simplified Method

In this section a hybrid approach to assess the robustness of a building via the
notional element removal method is presented and illustrated by means of the
case of the five story office building of Section 4.3. The method is denoted
as hybrid because a linear calculation method is used, for the notional element
removal method as described in the previous sections, but for acceptance cri-
teria the DCR's of Table 4.5 are used which were determined using non-linear
calculations.

5.2.1 Procedure

The most important starting points are listed below:
e One column is removed at a time and each column is removed once.
e Removal of a stability wall is for this research not considered.

e lLoading factors are set to 1.0 and for live load a momentary factor of 0.5
is applied.
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Debris loading and dynamic effects are not taken into account.
The building model used in linear calculation is presented in Appendix H.

The material factors for special loading are used per NEN 6720 articles
6.1 and 6.2.

For shear failure the DCR is set to 1.0.

For flexural failure the DCR's of Table 4.5 which include the floor action
effect are applied.

A first prototype of a tool was developed to perform this assessment in
combination met Finite Element software of SCIA.ESA PT. The model was
build in this software package and the geometry was adjusted by making use of
XML files. The tool uses these steps:

For each case of column removal an XML file is generated which defines
the adjusted geometry of the structure.

These XML files are processed one by one by ESA end for each geometry
the output is stored in separate text files.

The output files are processed automatically by an Excel based Visual
Basic procedure to collect the output of all cases of column removal in
one Excel sheet.

In Excel the output is processed and a list of failed members is generated
(In Figure 5.4. A screendump of the Excel sheet with the processed output
is given.)

In Figure 5.3 the checked values in Excel are depicted.

Check values

Reinforcement

Name Stirrups Top Bottom Vu Mu- Mu+ DCR
Head facades 8-300 4r12 4r12 2625 -123.1 1231 1.82
Floor beams long facade  8-300 5r16 5r12 2625 -266.5 153.1 1.74
Roof beams long facade  8-300 5r12 4r12 2625 -1531 123.1 1.74
Interior Floor beams 10-100 5r25 5r16 4645  -604.8 266.5 1.86
Interior Roofbeams 8-150 5r16 4r12 3182  -266.5 123.1 1.86
Reinf. Nu- (com) Nu+ (ten) Muy/Mux DCR Nu- without bending
Columns 8ri2 -1580 450 240.1 15 -4500

Figure 5.3: Used ultimate capacities and DCR to determine failure of elements.
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Figure 5.4: Screendump of developed tool.

5.2.2 Results

According to the output of this tool shear failure only occurs at the interior roof
beams, so these beams should be fitted with extra shear reinforcement.
Flexural failure occurs in a large number of the roof beams of the facade as
well as the interior roof beams. For the floor beams of the facade the capacity is
only significantly exceeded if corner columns are removed. The capacity of the
interior floor beams of the office building are only significantly exceeded upon
removal of the column on ground floor level at the left side of stability core.
As far as the columns are concerned the columns of the head facade are too
weak to carry the redistributed loads if the adjacent interior column is removed.
The collapse of head facade beams of the head facade with the stability
wall is not correctly assessed by this tool because it is only aimed at forces and
because the beams in this facade are provided with hinges at both sides it can
freely rotate and no internal forces will develop upon corner column removal.

5.3 Conclusion: Enhancing Robustness

An DCR value of 2.0 as suggested in GSA would probably be an unsafe estimate
for the current building and can probably only be applied on buildings with
smaller column to column distances. Instead the hybrid approach should be
used.

From the results of this approach the following set of design measures is
proposed to enhance the robustness of the studied office building:

e Provide continuous bottom reinforcement. This is indispensable if double
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span conditions are considered.

The roof beams should be designed with the same amount of reinforce-
ment as the floor beams. If the roof beams are designed according to nor-
mal loading these beams will first collapse upon column removal. Since
the floor beams are also already loaded to the limit collapse of the roof
beams will surely cause a progressive collapse.

Extra bottom reinforcement at the shorter interior beam at the left side
of the building must be provided (see Figure 5.5). Here only limited
redistribution of moments is possible so only the strain hardening and
floor effects can be taken into account in determining the required extra
reinforcement.

Provide extra reinforcement in the columns of the head facade without
stability wall. This is also depicted in Figure 5.5.

For the head facade with stability wall a different approach is needed, to
prevent progressive collapse in case of a corner column removal. Two
options are proposed which are depicted in Figure 5.6. The first option is
preferred if the usage programme and facade lay-out allows for it. In this
case the head facade beams can be suspended from the stability wall. If
this is not feasible the second option can be used: an infilled frame with
beams which are designed for cantilever action.

YL - |

Figure 5.5: Extra reinforcement (red) is required in the shorter beams at the
left side of the stability core and in the columns of the head facade at this side
of the building.
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Suspension

( N\
7

e A

Figure 5.6: Proposed solutions for head facade with stability wall. Suspension
of corner columns (left) or an infilled frame (right).
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Chapter 6

Concluding Remarks

The most important findings of the research conducted are summarized in this
chapter and recommendations for further research are made.

6.1 Findings

Collapse Resistance

Collapse resistance should be distinguished from robustness. Robustness can
be defined as the performance of a structure in damaged state, whereas col-
lapse resistance is a broader expression. Collapse resistance of a building can
be achieved not only by providing sufficient robustness, but also by other mea-
sures. Building Codes should be aimed at providing a sufficient level of collapse
resistance, because unilateral focus on robustness reduces the freedom of the
designer which is possibly unnecessary because a sufficient level of collapse re-
sistance can still be be attained with a lower level of robustness.

Secret is in Details

Building structures can be economically designed for robustness if boundary
conditions are created that enable the structure to mobilize reserve capacity.
This reserve capacity is typically present in non-linear effects like strain hardening
and redistribution of forces. Non-linear behaviour is highly dependent on ductile
detailing. With the right detailing significant reserve capacity can be mobilized.

Overcapacity due to Non-Linear Effects

In regular RC building structures physical non-linear effects can create an over-
capacity of almost twice the capacity calculated via conventional linear analysis
methods. Caution should be applied if using a factor to calculate the available
overcapacity. Overcapacity factors derived from earthquake tests such as FEMA
356 should not be directly applied on alternate path analyses, because this would
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be an unsafe estimate of the actual overcapacity. The available overcapacity
depends on the used structural lay out and the amount of reinforcement and its
lay-out. This overcapacity should be calculated using an advanced non-linear
analysis.

Designing Against Progressive Collapse

Progressive Collapse can be economically designed for. In regular RC structures
applying just marginal more reinforcement provides sufficient robustness. When
double span conditions are considered continuous bottom reinforcement should
be applied. Furthermore for low-rise buildings robustness is enhanced by provid-
ing the roof beams with the same amount of reinforcement as the floor beams.
Los of corner columns is more difficult to design for and should be considered
separately.

6.2 Recommendations

Probability of Failure

This research focused entirely on robustness of building structures. When col-
lapse resistance is considered progressive collapse should also be treated directed
from the initiating event or abnormal load point of view. Chances of occurrence
of initiating events and abnormal loads and chances of occurrence of failure
should be investigated because the combination of these chances and the ro-
bustness defines the collapse resistance.

Dynamic Action

Investigation of dynamic effects is also recommended. In this thesis focus was
on the static loading case, but it is acknowledged that dynamic behaviour can
have a significant effect on progression of local failure.

Non-Linear Calculations

In non-linear calculations of deformations and redistribution of forces two as-
pects are of primary importance. The first aspect is the calculation method
and (micro mechanical) model. From previous research [Bigaj, 1999] a more
refined calculation model is proposed than the one used in this research which
could be applied to refine the results and since the results from this research are
presumed conservative, a refinement of results will enable a more economical
redesign.

Second, the non-linear characteristics of the used material especially the
characteristics of the reinforcing steel, is very important. To obtain more accu-
rate results than obtained in this research more accurate o — € diagrams should
be established and implemented in the calculations.
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Catenary Action

Especially for precast concrete structures catenary action seems a promising
concept for providing alternate load paths or at least preventing debris loading.
However extreme ductile detailing of joints is needed in order to create a reliable
catenary effect. The relation between strength and ductility in catenary action
and also the influence of the distribution of stiffness throughout the structure
seems to be neglected in codes prescribing only minimum tensile strength for
structural ties. More research should be performed in order to make the catenary
approach reliable.
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Appendix A

Definitions of Progressive
Collapse

In this appendix several definitions of progressive collapse found in literature
are given. Many building codes give implicit descriptions of progressive collapse
when they state to which event a building should be resistant. Some of these
implicit descriptions are also given.

‘A progressive collapse of a building is a catastrophic partial or total
failure that ensues from an initiating event that causes local damage
that cannot be absorbed by the inherent continuity and ductility of
the building structural system. Following this local damage or fail-
ure, a chain reaction of failures propagates vertically or horizontally
and develops into an extensive partial or total collapse, where the
resulting damage is disproportionate to the local damage caused by
the initiating event.’

Prof. B. R. Ellingwood [Ellingwood, 2002]

‘Progressive collapse denotes an extensive structural failure initiated
by local structural damage, or a chain reaction of failures following
damage to a relatively small portion of a structure. This can be also
characterized by the loss of load-carrying capacity of a relatively
small portion of a structure due to an abnormal load which, in
turn, triggers a cascade of failures affecting a major portion of the
structure.’

Prof. T. Krauthammer et al [Krauthammer et al., 2002]
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‘Progressive collapse is the result of a localized failure of one or
two structural elements that lead to a steady progression of load
transfer that exceeds the capacity of other surrounding elements,
thus initiating the progression that leads to a total or partial collapse
of the structure.’

NIBS Multihazard Mitigation Council [MMC, 2002]

‘... failure of part of the structure [...] lead to disproportionate
damage.’

Dutch Building Code NEN6700:1991 article 5.3.3 [NNI, 1991]

‘...an initial local failure of a structural element, caused by an
abnormal event or severe overload, [...] spread to other structural
members and precipitate the collapse of a disproportionately large
portion of the structure.’

National Building Code of Canada, 1977 [NRCC, 1998|

‘...in the event of an accident [...] suffer collapse to an extent
disproportionate to the cause. ..’

UK Building Regulations 1991 [HMSO, 1991]

‘...being damaged to an extent disproportionate to the original
local damage. ..’

US Department of Defense, Interim Antiterrorism/Force Protection Construc-
tion Standards [DoD, 2001]
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Catenary Action
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Figure B.1: Force diagram of the catenary effect of two perpendicular ties.

Figure B.1 depicts a schematical representation of two perpendicular ties.
In double span condition these ties have a total length of length of respectively
2s and 2L. A load R is applied at the intersection of the ties. The load R is
the resultant of the surface load p so it is represented by:

R=sLp

Starting point of the calculation of the displacement § is that the supports
are rigid so the deflection has to be fully enabled by elongation of the ties.
Furthermore the tensile force in both ties should not exceed 80% of the applied
load R.

The tensile force has a vertical component Rv and a horizontal component
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Rh. From vertical equilibrium of forces it follows that:
R =2Rvi + 2Rvy (Bl)
Furthermore Rv; and Rvy can be defined as:

Rv; = sing¢; - 0.8R (B.2)
Rvy = singy-0.8R (B.3)

When Equations B.2 and B.3 are combined with Equation B.1 it follows that:
1.6sin ¢y + 1.6sin¢gg =1 (B.4)

From basic algebra it follows that:

0 = stan¢; = Ltan ¢o (B.5)
This can be rewritten as:
0
singy = —cos¢ (B.6)
s
1)
singg = 7 cos o2 (B.7)
When we combine these two equations with Equation B.4 we obtain:
0 )
1.6—cos ¢ +1.GZ cospy =1 (B.8)
s
Now we assume ¢ to be small so cos ¢ ~ 1 so Equation B.8 reduces to:
] ]
1.6-4+16—==1 B.9
, t167 (B.9)
This can also be written as:
sL
0= ——— B.10
1.6(s + L) ( )

As an example a building with a normal span s of 6.0 m in one direction and
a span L of 7.2 m in the other direction is considered. The tensile capacity of
the ties is indeed 80% of the resultant of the surface load. If one column is
removed and a double span condition is created we obtain a displacement § of:

. 6-72
© 1.6(6+7.2)

This means the elongation of the shorter tie of 6.0 m will be:
As = V6% +2.052 — 6 = 0.34m

Note that the assumption that ¢ is small is not valid with this kind of deflection,
so the solution is not exact. However, the case illustrates the order of magnitude
of the deformations in catenary action if the ties are designed according to
Eurocode recommendations.

= 2.0bm



Appendix C

Elongation Capacity of Tie
Connections

In this appendix the proposed formulas for estimation of tie displacements de-
rived from [Engstrom, 1992] are given. These formulas are then applied to
calculate tie elongations in four different cases.

C.1 Ribbed Bars

For ribbed bars the ultimate displacement mainly depends on the steel strain
within the plastic zone. It can be calculated from the mean bond stress in the
plastic zone 7, i

Tmpl ~ 0.27Tmas

with Tmex = 2.5v/fe. for 'good’ bond conditions
and  Tmer = 1.254/f. for 'poor’ bond conditions

where T4 Is the bond strength
fee is the compressive strength of concrete or grout (cylinder
strength according to Standard test)

The ultimate extension of the plastic zone I, ;; can be determined as:

l — fsu - fsy . ?
t7pl Tm’pl 4

where fg, is the tensile strength of the reinforcing steel
fsy s the yield strength of the reinforcing steel
¢ is the diameter of the reinforcing bar

Under assumption that the steel strain distribution in the plastic zone is approx-
imately linear, the mean value of the steel strain ¢, ;; is:

€m,pl ~ 0.5€5y
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where €4, is the total elongation of reinforcing steel at maximum
load (limit strain)

The ultimate displacement (elongation capacity) w,, can be calculated as:

Wy, = €sy, * lt,pl + wy

where w, is the maximum elastic displacement of the tie connection

C.2 Smooth Bars

For smooth bars the tensile force in the plastic stage is mainly resisted by the
end hooks, although the frictional resistance can not be neglected. The frictional
bond stress in the plastic zone 7, can be estimated as:

Trpl = 0.05y/fe, for 'good’ bond conditions
Trp = 0.025y/fe. for poor’ bond conditions

The length of the plastic zone I; ;; is again calculated as:

fsu - fsy (;5

lypg = ——= - = for l; ,; <1
t,pl Tl 4 O Ut pl = lag

where [, is the anchorage length between the joint face and the
end hook

The ultimate displacement w,, is estimated as:

Wy, = lt,pl *€su

When [; ;,; > [, the yield penetration has reached the end hooks and the steel
stress at the end anchor o4, is determined as:

41y Tpp
¢

The ultimate displacement w,, is estimated using the mean steel stress over the
anchorage length o,:

Osa = fsu -

Usa+fsu
Usm:?
o
Wy ~ - fsy su 2'la
fsu_fsy

In pure tension the calculated elongation with the proposed formulas showed
good agreement with experiments, but in bending mode the elongation was
considerably overestimated. Therefore a reduction factor 0.5 is recommended
for elongation in bending mode.
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C.3 Calculation Examples

For a tie connection with bar diameter ¢ of 16 mm and an anchorage length
ly of T5¢ = 1200 mm the estimated elongation has been calculated from the
formulas above. This is done for four cases with varying concrete and steel
characteristics as given in Figure C.1.

The calculated tie elongations were applied to the example treated in Ap-
pendix B. Considering the ties in this example the obtained deflection § can be
calculated from the elongation of the ties. The required tensile capacity of the
internal tie T; as related to the vertical reaction force R is then calculated. The
results are given in Figure C.2 for ribbed tie bars and in Figure C.3 for smooth
tie bars.

No. |Concrete fcc  |Steel quality fy fu ey eu f la
quality [N/mm2] [N/mm2] [N/mm2] [%] [%] |[mm] [mm]
1 C28/35 28 FeB500 HWL, HK 500 560 2,50 3,25| 16 1200
2 C53/65 53 FeB500 HWL, HK 500 560 2,50 3,25| 16 1200
3 C28/35 28 FeB220 HWL 220 250 1,10 5,00 16 1200

4 C28/35 28 FeB500 Bigaj* 580 661 2,00 9,00 16 1200
* Experimentally obtained values taken from [Bigaj, 1999]

Figure C.1: Applied numerical values for the calculation of the elongation of
structural ties.

Ribbed bars:
No. |bond tmax tmpl Itpl wy wu d TiR
[N/mm2] [N/mm2] [mm] [mm]  [mm] ]| [m] [-1
1 | good 13,23 3,57 67,19 3,00 5,18 0,25 6,56
poor 6,61 1,79 134,39 3,00 7,371 0,30 5,50
2 | good 18,20 4,91 48,84 3,00 4,59| 0,23 6,97
poor 9,10 2,46 97,68 3,00 6,171 0,27 6,01
3 | good 13,23 3,57 33,60 1,32 3,001 0,19 8,62
poor 6,61 1,79 67,19 1,32 4,68 0,24 6,90
4 | good 13,23 3,57 90,71 2,40 10,56] 0,36 4,59
poor 6,61 1,79 181,42 2,40 18,73] 0,47 3,45

Figure C.2: Calculated elongation and required tensile capacity of ties consisting
of ribbed tie bars.
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Smooth bars:

No. [bond  tfpl Itpl ssa ssm wu O0bSwul d TiR
[N/mm2] [mm] [N/mm2] [N/mm2] [mm] [mm]| [m] [-]

1 |good 0,26 907,11 29,48 14,741 042 3,89
poor 0,13 1814,23 520,31 540,16 52,20 26,10 0,56 2,92

2 |good 0,36 659,33 21,43 10,71 0,36 4,56
poor 0,18 1318,66 505,40 532,70 42,51 21,251 051 3,24

3 |good 0,26 453,56 22,68 11,341 0,37 4,43
poor 0,13 907,11 210,31 230,16 40,63 20,31 0,49 3,31

4 [good 0,26 1224,60 581,63 621,31 110,17 55,08 0,81 2,01
poor 0,13 244921 621,31 641,16 163,08 81,54] 0,99 1,65

Figure C.3: Calculated elongation and required tensile capacity of ties consisting
of smooth tie bars.
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Technical Drawing of Studied
Office Building
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Figure D.1: Technical drawing of the bearing structure of the studied office
building. (source:[Stufib, 2005])
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Appendix E

Design of Office Building

The required amount of reinforcement for the studied office building is calculated
using a linear calculation model.

E.1 Design of Beams

In Figure E.1 and Figure E.2 the calculated internal moments and shear forces
are depicted. Because these models were also used for calculation of the required
reinforcement for the columns, the live load of the first three floors was reduced
by the momentary factor. Therefore the beam of the fourth floor gives the
normative values for the internal forces. For the interior beams the bottom
reinforcement of the middle bay of the right beam is less because of the lower
internal moment force.

In Figure E.1 and Figure E.2 the design values in Ultimate Limit State are
indicated. In Table E.1 and E.2 the design values, the applied reinforcement and
the limit load of the applied reinforcement is given. For calculation of limit load
of the members Appendix F is referred to. For the beams in the head facades
minimum reinforcement was sufficient. The models and design values for the
internal forces are not depicted.

E.2 Design of Columns

For the columns a universal four-sided reinforcement lay-out was chosen. The
columns have a chosen minimum reinforcement of ¢12 bars. Because the normal
force in the columns at the top floor is small these columns give the normative
design reinforcement. The required reinforcement was calculated by means of
interaction diagrams. In Figure E.3 the interaction diagram for the critical cross-
section of the corner columns is depicted. In Table E.3 the design values and
chosen reinforcement is presented.
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Figure E.1: Internal moment forces (top) and shear forces (bottom) of the
facade beams in Ultimate Limit State.
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Facade Beams

Floor Beams Span Support Shear
Md/Vd +130.5 kNm -207.6 kNm  172.4 kN
reinforcement 5¢12 5¢16 @8 — 300*
Mu/Vu 133.0 kNm  231.2 kNm  172.5 kN
Roof Beams

Md/Vd +88.7 kNm  -132.9 kNm  114.6 kN
reinforcement 4¢12%* 5¢12 @8 — 300*
Mu/Vu 107.0 kNm  133.0 kNm  172.5 kN

* prescribed minimum reinforcement

Table E.1: Design and ultimate forces of the facade beams.
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Figure E.2: Internal moment forces (top) and shear forces (bottom) of the

interior beams in Ultimate Limit State.

Interior Beams

Floor Beams Span Midbay Support Shear
Md/Vd +344.1 kNm +198.3 kNm -441.9 kNm  347.3 kN
reinforcement 5¢20 5¢16 5¢25 ¢10 — 100
Mu/Vu 350.9 kNm 231.2 kNm  523.0 kNm  348.6 kN
Roof Beams

Md/Vd 4210.5 kNm +93.7 -254.8 kNm  214.0 kN
reinforcement 5416 4¢12%* 5¢20 ¢8 — 150
Mu/Vu 231.2 kNm 107.0 kNm  359.9 kNm  318.2 kN

* prescribed minimum reinforcement

Table E.2: Design and ultimate internal forces of the interior beams.
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92

Columns

Corner Columns Nd Mx My Reinf. Mu
Nmax -840.1 kN 176.3 kNm
Critical Section -140 kN 80 kNm 50 kNm  8¢12  91.0 kNm
Facade Columns

Nmax -1374.6 kN 203.9 kNm
Critical Section -220 kN 20 kNm 15 kNm  8¢12 103.4 kNm
Interior Columns

Nmax -2278.2 kN 174.4 kNm
Critical Section -350 kN 40 kNm O kNm 8¢12 122.7 kNm

Table E.3: Design values for internal forces of columns and the corresponding

chosen reinforcement.

VUmax (-140.0, -80.6, -50.4)

=My

Figure E.3: Check of critical cross section of the corner columns.
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E.3 Reinforcement Lay-out
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Figure E.4: Reinforcement lay-out of facade beams long side. Roof- and floor

beam depicted.
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Appendix F

Member Capacity

Flexural capacity beams

Dim: b: 400 mm h: 600 mm A: 240000 mm2
Concrete: C28/35 gm f'b gm fb Steel: FeB500 gm fs
Normal loading: 1,2 21 1,4 1,40 1,15 435
Special loading: 1,0 25,2 1,2 2,33 1,0 500
wmin 0,18 % Asmin 432 mm2
Details: c: 30 mm fstirrup: 8 mm
Applied reinforcement: Normal load: Special load:
n f d As wo M/bd2  Mu | M/bd2 Mu
(1 [mm] [mm] [mm2]  [%] 1 [kNm]| [] [KNm]
4 12 556 452 0,203 865 107,0 996 1231
5 12 556 565 0,254 1075 133,0 1238 1531
5 16 554 1005 0,452 1870 231,2 2155 266,5
5 20 552 1571 0,706 2838 350,9 3275 405,0
5 25 550 2454 1,104 4230 523,0 4891 604,8
Shear capacity beams
2 bars
tlnorm 0,56 N/mm2 V1 1241 kN tlispec 0,93 N/mm2
Applied stirrups: Normal load: Special load:
f S d Asv ts t Vu ts t Vu
[mm]  [mm] [mm] [mm2] |[[N/mm2][N/mm2] [kN] |[N/mm2][N/mm2] [kN]
8 300 554 335 0,22 0,78 172,5 0,25 1,18 2625
8 150 554 670 0,44 1,00 221,0 0,50 144 3182
10 100 550 1571 1,02 1,58 348,6 1,18 2,11 4645

Figure F.1: Calculation of the ultimate capacity of beams under normal and
special loading conditions.
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Ultimate Capacity of Columns

/
|

f \
'V Umax Vv VUmin

\Y N=-1400.0 kN My=0.0 kNm Mz=0.0 kNm
VUmin  N=-1400.0 kN My=204.5 kNm Mz=0.0 kNm
VUmax N=-1400.0 kN My=-204.5 kNm Mz=0.0 kNrr

Figure F.2: Interaction diagram of columns under normal loading conditions
generated according to NEN6720 [NNI, 1995]
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Vv N=-1580.0 kN My=0.0 kKNm Mz=0.0 kNm
VUmin N=-1580.0 kN My=240.1 kKNm Mz=0.0 kNm
VUmax N=-1580.0 kN My=-240.1 kKNm Mz=0.0 kNm

Figure F.3: Interaction diagram of columns under special loading conditions
(Ym = 0) generated according to NEN6720 [NNI, 1995].
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Appendix G

Test Specimens Bigaj

Specimen B.0.2 %J: | g 148 | 2| 4,100
=y
; Y < ‘J = ildrg
50 ] s R
_ 2100
Specimen B.0.3 250
| g 4 dz 10 ! -
T N . . =
5[ | L/ 1 %
150 |77 5200 150 ¥ A4 10
) 5500

Figure G.1: Geometry of test specimens. (source:[Bigaj, 1999])

Specimen Size Reinforcement Wo

B.0.2.4 100x210x2000 148 0.28 %
B.0.3.4 250x490x5200 4410 0.28 %
B.1.3.4 250x490x5200 4420 1.12 %

Table G.1: Characteristics of test specimens.
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Steel ds  fy o Iy e

[mm] [MPa] [MPa]  []  [%]
FeB500 HWL | 8 562 641 114 917
10 568 641 113 936
20 550 650 118 9.7

Concrete Specimen fee fets E.
[MPa] [MPa] [MPa]
C28/35 B.0.2.4 3440 237 31823

B.0.3.4 33.562 231 31407
B.1.34 3226 2.26 32440

Table G.2: Mechanical characteristics of reinforcing steel and concrete used in
the experiments.

B.0.2.4
Load 10,3 kN 11,2 kN
€c €s fu €ec es fu
[-1le-4] [-1le-4] [mrad] [-le-4] [-le-4] [mrad]
Experiment 7.0 455 13.0 16.3 991.8 76.0
ESA 35.0 478.5 9.7 35.0 483.0 67.8
Ratio 5.00 10.52 0.75 2.15 0.49 0.89
B.0.3.4
Load 50,2 kN 64,9 kN
ec es fu ec es fu
[-1le-4] [-1le-4] [mrad] [-le-4] [-le-4] [mrad]
Experiment 4.9 24.2 4.2 7.1 578.4 329
ESA 7.6 24.9 7.6 35.0 488.7 55.0
Ratio 1.55 1.03 1.81 4.93 0.84 1.67
B.1.3.4
Load 210,2 kN 214,8 kN
€c €s fu €c es fu
[[1le-4] [-1le-4] [mrad] [-le-4] [[1le-4] [mrad]
Experiment 23.2 39.8 7.0 324 199.8 16.1
ESA 35.0 99.2 12.7 35.0 99.2 13.0
Ratio 1.51 2.49 1.81 1.08 0.50 0.81

Figure G.2: Comparison of calculated and experimentally obtained values of
concrete strain €., steel strain €5 and ultimate rotation f, of three test speci-
mens.
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Original Model of Building
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Red: fagade column removed, part of beam modelled

Green: corner ¢
Blue: Interior co

Figure H.1: Object model of office building
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Appendix H. Original Model of Building
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Figure H.2: Calculation model of office building. The hollow core slabs are

modeled as members.
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Appendix |

Torsional Capacity of Hollow
Core Slabs

The hollow core slab was modeled as a hollow box girder with a wall thickness
t of 40 mm (Figure 1.1). The concrete has concrete quality C45/55.
The torsional moment capacity M., is reached if the ultimate shear strength
for torsion is exceeded. The ultimate shear strain is determined per NEN 6720
art. 8.4.1.3 as:
1 =03f,=0.3-3.17=0.95MPa

where 7; ultimate shear strength
fv is the tensile strength of concrete
(calculated with 7, is 1.2)

For thin walled cross sections the maximum shear strain can be calculated from
the torsional moment by the formula of Bredt:

M,
Tmar = 557,
2Ahtmin
where Ay, is the area of the hollow section

tmin IS the minimum wall thickness
With this formula the torsional moment at ultimate strain is calculated:
My, = 211 Aptmin = 2-0.95- 1120 - 120 - 40 - 107% = 10.21kNm

Because the wall thickness is relatively small a finite element calculation was
used to determine the ultimate torsional moment more precisely (See Figure 1.3).
From this calculation it followed that the ultimate shear strength is reached at
a torsional moment of 11.3kNm.

In the finite element calculation also the torsional moment of inertia I; is
calculated (Figure 1.2). When the moment of inertia is known the rotational

constant k£ can be calculated as follows:
M; GI; 15-10°-2.18-10°

k=g == =107 =5.45-10°kNm/rad
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where (G is the shear modulus
I; is the torsional moment of inertia
[ is the length of the member

from which follows that the rotation ¢, at ultimate rotation is:

by = My,  11.3-10°
Yk 5.45-10

=21-10"3%rad

The load-displacement diagram of Figure 1.4 can be drawn, since plastic be-
haviour is expected after torsional capacity is reached.
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Figure 1.1: Actual size of hollow core slab (top) and corresponding model (bot-

tom).
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Figure 1.2: Finite element calculation of cross-section properties. (FE mesh was

set at 1 mm)
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1. 1D-Member

Naam

Doorsnede

CS1-0{
200, 40)

2. Cross section

Naam

Type ‘ Mater

3. Internal Forces

Lineaire berekening, Extreem : Globaal, Systeem : Hoofd
Selectie - Alle
BeaslmgTvallen: BG1

BG dx N Vy Vz Mx My Mz
[kN] [kN] [kNm] [kNm] [kNm]

Staaf
[kN]

4, Strain

Lineaire berekening, Extreem : Staaf
Selectie : Alle
Belastinggevallen: BG1

Staaf BG dx Afschuiving
[m] [MPa]
= T

Figure 1.3: Calculation results for hollow core member in torsion.

M [kNrT]

11.30

-0.0021

phi [rad]

0.0021 |

-4-11.30

Figure 1.4: Assumed torsion rotational characteristics of hollow core slab.
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Appendix J

Results of Non-Linear
Calculations

J.1 Legend for Tables

Legend
Uz
Fi
Md supp

Md span
Md midsp

Md longs

Md shorts

Mu FNL

Mu Lin

Calculated maximum displacement on beam
Calculated maximum rotation on beam
Calculated maximum bending moment at support

(for the facade beam this value is taken at a 200 mm offset from the support node

Calculated maximum bending moment in the span

Calculated maximum bending moment at midspan

(this is the critical section for the interior beam)

Calculated maximum bending moment at support of facade beam
of long side of building

(taken at an offset of 200 mm from the support node)

Calculated maximum bending moment at support of facade beam
of short side of building

(taken at an offset of 200 mm from the support node)

Ultimate Moment capacity of cross section according to Fysical
Non-Linear cross-sectional calculation

Ultimate Moment capacity of cross section as calculated in Appendix F

The selected limit loadcases are outlined and marked yellow
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J.2 Results Facade Beam
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Figure J.1
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Appendix J. Results of Non-Linear Calculations

Load-displacement Facade Beam
30.0
25.0
[ ]
20.0 - NL Calc with floor
E -= Linear Calculation
§ 15.0 A NL Calc w/o floor
: ® Limit Load
10.0
5.0
0.0 -
0.0 200.0 400.0 600.0 800.0 1000.0
Uz [mm]

Figure J.2: Load-displacement diagram of facade beam for linear calculation,
non-linear calculation without floor action taken into account and non-linear
calculation with floor action taken into account.

Facade Beam without floor

Load dy Occ €cc Ort Ert
[kN/m]  [m] [MPa] [10-4] [MPa]  [10-%]

21.0 7.0 -35.0 -324 556.3 306.5
Facade Beam with floor

Load dy Occ €cc Ort €rt
kN/m] [m] [MPa] [10-4] [MPa]  [10-%]

23.0 7.0 -35.0 -33.6  559.1 320.3

d, is position on beam
€cc IS concrete compressive strain €, is reinforcement tensile strain
Occ 1S concrete compressive stress o, is reinforcement tensile stress

Table J.1: Stresses and strains in the critical cross-section at ultimate load.(See
also Figures J.13 and J.14)
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l\§ Geometry and load
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7200 mm ] 7200 mm ]

Linear calculation: Internal forces My

—305.80

238,52

Non linear calculation: Stifness (Ely) along beam

N FE mesh: 200 mm
165,09

plastic hinge region plastic hinge region plastic hinge region

N Non-linear calculation: Deformations uz and fiy

Non-linear calculation: Internal forces My (with redistribution)

—347,20

197,26

N Non-linear calculation: Concrete compressive stresses and strains

0,0/E 583

pLS PaN

0,0/E 583
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\ . . -
Limit strain exceeded (<400 mm)

eps c

Figure J.3: Graphical representation of results for the limit load case of the
facade beam without floor.

114



Appendix J. Results of Non-Linear Calculations

03 Geometry and load

missing support
o

| 7200 mm

7200 mm I 7200 mm I 7200 mm ]

Linear calculation: Internal forces My

266,92

Non linear calculation: Stifness (Ely) along beam

FE mesh: 200 mm

LR (A

i

plastic hinge region plastic hinge region plastic hinge region

N Non-linear calculation: Deformations uz and fiy
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Figure J.4: Graphical representation of results for limit load case of facade beam
with floor.
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J.3 Results Interior Beam
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Appendix J. Results of Non-Linear Calculations

Load displacement Interior Beam
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0.0 + T T T T T T
0 200 400 600 800 1000 1200 1400

Uz [mm]

Figure J.6: Load-displacement diagram of interior beam for linear calculation,
non-linear calculation without floor action taken into account and non-linear
calculation with floor action taken into account.

Interior Beam without floor
Load dy Occ €cc Ort Ert
[kN/m]  [m] [MPa] [[107%] [MPa] [[107%]
22.0 14.4 -35.0 -31.9 559.9 324.6
Interior Beam with floor
Load dy Occ €cc Ort €rt
[kN/m]  [m] [MPa] [107%] [MPa] [[1074]
29.0 14.4 -35.0 -31.7 3224 559.5

d, is position on beam
€cc IS concrete compressive strain €, is reinforcement tensile strain
Occ 1S concrete compressive stress o, is reinforcement tensile stress

Table J.2: Stresses and strains in the critical cross-section at ultimate load.(See
also Figures J.13 and J.14)

117



Progressive Collapse Assessment

Geometry and load
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Figure J.7: Graphical representation of results for the limit load case of the
interior beam without floor.
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Appendix J. Results of Non-Linear Calculations

Geometry and load
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Figure J.8: Graphical representation of results for the limit load case of the
interior beam with floor.
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J.4 Results Corner Beams
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Figure J.9: Numerical calculation results of corner beams for various loading.
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Appendix J. Results of Non-Linear Calculations

Load-displacement Corner Beams
30.0
25.0 7 ; j-—/’_,_—/
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0.0 50.0 100.0 150.0 200.0 250.0 300.0
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Figure J.10: Load-displacement diagram of corner beams for linear calculation,
non-linear calculation without floor action taken into account and non-linear
calculation with floor action taken into account.

Corner Beam without floor (short side)
Load dy Occ €cc Ort Ert
[kN/m]  [m] [MPa] [107%] [MPa] [[1074]
18.5 5.8 -28.5 -14.3 5215 132.4
Corner Beam with floor (short side)
Load dy Occ €cc Ort Ert
[kN/m]  [m] [MPa] [107%] [MPa] [1074]
215 538 -35.8 -18.8  538.8 218.8

d, is position on beam
€cc IS concrete compressive strain €, is reinforcement tensile strain
Occ 1S concrete compressive stress o, is reinforcement tensile stress

Table J.3: Stresses and strains in the critical cross-section at ultimate load.

(See also Figures J.13 and J.14)
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Non-linear calculation: Internal forces My at critical sections

]
297,49
97,00

400 mm

Non-linear calculation: Concrete compressive stresses and strains

Figure J.11: Graphical representation of results for the limit load case of the
corner beams without floor.



Appendix J. Results of Non-Linear Calculations

Figure J.12: Graphical representation of results for the limit load case of the
corner beams with floor.
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J.5 Stresses and Strains in Cross-Sections
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Figure J.13: Graphical representation of stresses and strains in the critical cross-
sections for ultimate limit load.
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Appendix J. Results of Non-Linear Calculations

Interior Beam with floor
Strain [MPa] Stress [*1°-4]
Q

z
A

g @ 2 ® 5x FeB 500 (25)

=Y
2 FeB 500 (10)

® 8 2 @ 5x FeB 500 (16)
Beton: B 35

Corner Be;\ms without floor

! 4
® >
@ @ ® @ — ,\bﬂ-- B =

4x FeB 500 (12) 67;\,6& & P = @?’f

=

|5

\v A

— \§4

=y \\ ‘
By by
4x FeB 500 (12) o
® ] ® e 2 D
Beton: B 35 2
Cornerbeams with floor
7 Strain [MPa] Stress [*1°-4]
A /«7\ z
@ ® B @ s T —
L = -
4x FeB H0D (12) ;;5%55 < ){/_//@
BY [ e S
+ay
4x FeB 50D (12)
-] -3 8 @
Beton: B 35

Figure J.14: Graphical representation of stresses and strains in the critical cross-
sections for ultimate limit load.
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Appendix K

Extended Models
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Figure K.1: Extended models for facade beams, interior beams and corner of

the building.

127



Progressive Collapse Assessment

128



Appendix L

Acceptance Criteria FEMA 356
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Tabie 6-7 Modeling Parameters and Numerical Acceptance Criteria for Nonlinear Procedures—
Reinforced Concrete Beams
Madeling Parameters® Acceptance Criteria®
Plastic Rotation Angle, radians
Performance Level
Residual Camponent Type
Plastic Rotation Strength
Angle, radians Ratic Primary Secondary
Conditians a b c 18] LS CR LS CP
i, Beams centralled by flexure?
- 4 Trans.
Reinf.2
Pra;
=00 cC 0.0z25 0.05 0.2 0.010 0.02 0.0z= 0.02 0.05
= 0.0 (o4 n.cz 0.04 0.z 0.0C5 0.01 C.o2 n.cz 0.04
=05 cC 0.c2 0.03 0.2 0,005 0.01 ooz n.cz 0.0
=05 (o4 0.015 0.0z 0.z 0.0C5 C.C05 oms 0.015 0.0z
= 0.0 NG n.cz 0.03 0.2 0.0C5 0.1 c.o2 n.cz 0.0
= 0.0 NG 0.c1 C.015 0.z 0.0015 | C.C0B C.01 0.c1 0.015
=05 MC 0.c1 C.C15 0.2 0.005 0.01 .1 0.c1 0.015
=05 NG 0.005 0.0 0.z 0.0015 | C.CDB 0.02% 0.0C5 0.01
ji, Beams contrelled by shear’
Sarrup spacing = d'2 C.003C 0.0z 0.2 0.0015 | 0.0020 | 2.0C30 0.01 0.0z
Sirrup spacing = 472 C.0030 0.0 n.z 0.0015 | 0.0020 | ©.0C30 | D.0CS 0.01
iii. Beams contralled by inadequate development of splicing aleng the span’
Sarrup spacing = d'2 C.003C 0.0z 0.0 0.0015 | 0.0020 | 2.0C30 0.01 0.0z
Sarrup spacing = 472 C.0030 0.01 0.0 0.0015 | 0.0220 | S.0C30 | 0.003 0.01

iv. Beams contralled by inadeguate embedment into beam-column ioint'
[ oms | opa [ 02 [ oot [ oot [ oms

0.0z | o3

Figure L.1: Deformation Limits for Reinforced Concrete Beams as presented in
FEMA 356 (p. 6-21). (source: [FEMA & ASCE, 2000])

Notes:

10 = Immediate Occupancy Performance

LS = Life Safety Performance

CP = Collapse Prevention Performance

1. When more than one of the conditions i, ii, iii, and iv occurs for a given component, use
the minimum appropriate numerical value from the table.

2. 'C" and 'NC’ are abbreviations for conforming and nonconforming transverse reinforcement.
A component is conforming if, within the flexural plastic hinge region, hoops are spaced at
< d/3, and if, for components of moderate and high ductility demand, the strength provided
by the hoops (Vs) is at least three-fourth of the design shear. Otherwise, the component is
considered nonconforming.

3.Linear interpolation between values listed in the table shall be permitted.
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Table 6-11 Numerical Acceptance Criteria for Linear Procedures—Reinforced Concrete Beams
m-factors®
Performance Level
Component Type
Primary Secondary
Conditions 10 LS cp LS cp
i. Beams controlled by flexure!
p—p* Trans. v
Reinf.= T
Pbai b4 [f,
=0.0 C <3 3 § 7 G 10
=0.0 c 26 2 3 4 3 5
=05 C =3 2 3 4 3 5
z05 C z6 2 2 3 2 4
=0.0 NC <3 2 3 4 3 5
=0.0 NC =6 1.25 2 3 2 4
z05 NC <3 2 3 3 3 4
=05 NC 26 1.25 2 2 2 3
ii. Beams controlled by shear?
Stirrup spacing < df2 1.25 158 175 3 4
Stirrup spacing = di2 1.25 15 1.75 2 3
iii. Beams controlled by inadequate development or splicing along the span’
Stirrup spacing = d/2 1.25 15
Stirrup spacing = d/2 125 15 1.75 2 3
iv. Beams controlled by inadequate embedment into beam-column joint”
2 [ 2 [ s | 3 [ 4

Figure L.2: Modification factors for Reinforced Concrete Beams as presented in
FEMA 356 (p. 6-26). (source: [FEMA & ASCE, 2000])

Notes:

I0 = Immediate Occupancy Performance

LS = Life Safety Performance

CP = Collapse Prevention Performance

1. When more than one of the conditions i, ii, iii, and iv occurs for a given component, use
the minimum appropriate numerical value from the table.

2. 'C" and 'NC’ are abbreviations for conforming and nonconforming transverse reinforcement.
A component is conforming if, within the flexural plastic hinge region, hoops are spaced at
< d/3, and if, for components of moderate and high ductility demand, the strength provided
by the hoops (Vs) is at least three-fourth of the design shear. Otherwise, the component is
considered nonconforming.

3.Linear interpolation between values listed in the table shall be permitted.
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Appendix M

Acceptance Criteria GSA /UFC

Table 2.1. Acceptance criteria for nonlinear analysis'.

ROTATION | EOTATION
COMPONENT ]}U{.‘I'{“];j[.l'l"f Degrees toRadians
(8t (&*
Peinforced Concrete (BUC) Beamr & 10.5
RC Cmg-weay Slabs wio tension membrang” 1] 10.5
FJC One-way Slabs w' tension membrane’ 12 21
BC Two-way slabs wi'o tension membrans” 1 10.5
BT Two-way Slabs w) tension membrane® 12 21
FC Columins (tension controls)” 1] 10.5
F/C Columns (comprassion conrols)
F/C Frames 2 is
Prazmessed Beams 2
Steel Beams 20 12 21
1. COTR approval must be obtained for the use of updated tables.
2. Ductility 1s defined as the ratio of ultimate deflection to elastic deflection (Xu/Xe).
3. Rotation for members or frames can be deternuned usmg Figures 2.2 and 2.3 provided

below.

4. Concrete having more than 2-degrees rotation mwst include shear stirrups per

requirements of DAHSCWE Manual (See Reference 3, Page 6-1).

5. Proprietary connections must have documented test results justifying the use of higher

rotational limits.

Figure M.1: Deformation limits for RC structures from GSA Guidelines (partial).

(source: [GSA, 2003])
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Table 44 Deformation Limits for Reinforced Concrete

AP for Medium and
AP for Low LOP High LOP
. Rotation, . Rotation,
Component Ductility Degrees Ductility Degrees
Slab and Beam Without Tension Membrane®
Single-Reinforced or Double- 3 -
Reinforced wio Shear Reinforcing® - - =
Double-Renforced wi 5 4
Shear Reinforcing® ) )
Slak and Beam With Tensicn Membrane®
Mormal Proportions (Lh 2 5) - 20 - 12
Desp Proportions {(L'h = 5) - 12 - g
Compraasion Members
Walls and Seismic Columns™® 3 - 2 -
Mon-Seismic Columns® 1 - 0.9 -

A Requirements for developing tension membrane response are provided in
Park and Gamble 1999 and UFC 3-340-01; the tension membrane effect is
an extension of the yield line theory of slabs and it increases the ulimate
resistance. It cannot be developed when the slab has a free edge.

B Single-reinforced members have flexural bars in one face or mid-depth only.
Double-reinforced members have flexural reinforcing in both faces.

= Stirmups or ties meeting ACI 318-02 minimums must enclose the flexural bars
in haoth faces, otherwise use the response limits for Double-Reinforced wio
shear reinforcing.

P Seismic columns have fies or spirals in accordance with AC1 218-02 Chapter
21 seismic design provisions for special moment frames.

E Ductility of compression members is the ratio of total axial shortening to axial
shortening at the elastic limit.

Figure M.2: Deformation limits for RC structures from UFC Guidelines.
(source: [DoD, 2001])
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