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ABSTRACT

Induced seismicity has been an issue in the area of Groningen in the north of the Netherlands. Due to gas
extraction from the Groningen gas field, these induced earthquakes have occurred more frequently, espe-
cially since large-scale extraction began in the 1960s. Following the reduction of gas extraction since 2018,
a slight decrease in the number of induced earthquakes has been observed. Nevertheless, severe damage to
buildings in the Groningen area remains a significant risk. The building stock is largely composed of unre-
inforced masonry (URM) buildings, which were not designed according to a seismic code. These buildings
were originally designed for wind resistance, providing limited lateral capacity, and making them vulnerable
to earthquake forces.

The assessment of the seismic behaviour of unreinforced masonry has been extensively studied at Delft
University of Technology. Within the framework of a large-scale testing campaign, a quasi-static cyclic pushover
test on a masonry assemblage was performed at the Stevin II laboratory of Delft University of Technology, as
discussed by Ravenshorst et al. [1, 2016]. This experimental campaign was designed to serve as a benchmark
for both numerical and analytical models. The masonry assemblage, chosen to represent a typical terraced
house built between 1960 and 1980 in the Groningen area, consists of calcium silicate masonry walls and
concrete floors. Thereafter, finite element models were created to reproduce the experimental results Xu [2].
However, relying on a single configuration limits the study, and additional cases will be studied numerically
in this work to explore a wider range of geometric variations.

The aforementioned research demonstrated the accuracy and applicability of the pushover method in
assessing the seismic behaviour of the calcium silicate brick masonry assemblage. This research focuses on
variations in geometry, specifically the introduction of spandrels with increasing height, and determining
their influence on seismic behaviour. The influence is analysed based on capacity, crack propagation, and
failure mechanisms. The model variations are symmetric and are analysed using the monotonic pushover
method.

The following summarizes the objectives of this thesis:

• Create finite element models based on previously performed research, introducing spandrels of varying
heights.

• Investigate the seismic response of different realistic masonry geometries through nonlinear pushover
analyses.

• Compare and discuss the findings of the various models based on capacity, crack propagation, and
failure mechanisms.

The research in this thesis is based on experiments conducted on a CS brick masonry assemblage at TU
Delft [1], along with the calibrated numerical model by Xu [2, 2018]. The numerical model was created us-
ing DIANA FEA 10.8 commercial software. To account for anisotropic properties, the Engineering masonry
model was used to model the CS brick masonry. A comparison of seismic behaviour across different varia-
tions of the masonry house is made, based on capacity curves, crack patterns, and failure mechanisms.

The finite element models were set up similarly to the calibrated numerical model by Xu [2, 2018] to ex-
plore the influence of geometric variations on seismic behaviour. Curved shell elements were used to model
the masonry walls and concrete floors. A displacement-controlled approach, applied through a rigid frame
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connected to the model, was used to induce equal forces on both floors, which is consistent with the exper-
imental loading protocol. Nonlinear pushover analyses performed on the base model (without spandrels)
and on a model with spandrels measuring 81 mm (half the floor thickness) showed no significant change in
seismic behaviour due to the introduction of spandrels to the finite element model.

The introduction of larger spandrels into the finite element model increases the maximum base shear
force. There is a positive relationship between spandrel size and the maximum base shear force: increasing
spandrel height results in larger capacity. A similar positive relationship was found for the initial and secant
stiffness of the finite element models. Stiffness increases with spandrel height, as does the ratio between se-
cant and initial stiffness. The increasing ratio suggests less ductile behaviour with increasing spandrel height.

Deformation behaviour changes as spandrel height increases. Models with small spandrels display rela-
tively uniform deformation over the height of the building, whereas models with higher spandrels show more
concentrated deformation at the ground-floor level.

Damage to the piers primarily occurs in the bottom storey, regardless of spandrel height. However, for
smaller piers, damage is more significant in the left pier, while damage is more evenly distributed between
piers in models with greater spandrel height.

Smaller spandrels are associated with a rocking failure mechanism and the formation of shear cracks after
significant damage. In contrast, shear cracks occur earlier in models with larger spandrels and become the
dominant failure mechanism in models with the largest spandrel heights.

The out-of-plane failure mechanism in the transverse walls is influenced by spandrel height. With smaller
spandrels, the out-of-plane mechanism is associated with a one-way spanning wall. Models with larger span-
drels show an out-of-plane mechanism associated with a two-way spanning wall, due to cracks along the run-
ning bond connections with the piers. However, diagonal cracks commonly associated with this mechanism
were not observed.

To further advance research in this area, it is recommended to investigate the overestimation of defor-
mation capacity in the pushover method, particularly in models with spandrels of 300 mm or greater, where
post-peak softening was not observed. Future studies should introduce additional geometric variations and
explore their influence on seismic behaviour, such as the addition of outer leaves, common roof structures,
and changes in bond types between walls and connections between piers and floors. This approach could
also be applied to study the seismic behaviour of other common building types in the Groningen area.
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CHAPTER 1

INTRODUCTION

The Netherlands is not exposed to tectonic seismicity, except for low seismicity experienced in the south of
the country. However, over the course of many years the area of Groningen has been subject to an increasing
number of earthquakes. This area of the Netherlands is known for the presence of natural gas fields. The
first natural gas was discovered near Slochteren in 1959, in 1960 gas with the same properties was found near
Delfzijl. Concluded was the two were part of the same gas field, it turned out to be the largest field of Eu-
rope. In the years that followed the production was started. Continuous extraction of gas causes depletion of
these gas fields, of which "induced" earthquakes are a result. The first tremor was recorded December 26th
1986, hereafter about one thousand more were recorded by The Royal Netherlands Meteorological Institute
(KNMI). Most of these tremors had a magnitude smaller than 2.0 on the Richter scale, only three of them had
a magnitude larger than 3.0 with a maximum magnitude of 3,6 in Huizinge [24].

Not only the frequency, but also the magnitude of the earthquakes has increased. Since The Netherlands is
not a seismic country, buildings are not designed according to earthquake design guidelines. Typical houses
in The Netherlands are made of unreinforced masonry (URM). This building material is strong in transferring
vertical loads but has a low resistance for lateral loads and has brittle behaviour. Both of these properties
contribute to the impact of earthquakes on URM houses. Many houses in the area of Groningen are subject
to cracking and some buildings even collapsed. All of this contributed to the growing research interest for
earthquakes and the consequences on structures.

Residents of the area are concerned for their property and their safety; this makes it also a political prob-
lem. This led Henk Kamp, Minister of Economic Affairs, to reduce the gas production. This measure, taken
by the Minister, could be one of the reasons that according to calculations, performed by the KNMI in 2016,
based on new data, the seismic threat above the Groningen gas field has decreased. These findings resulted
in a new seismic hazard map for the area. In Loppersum, located in the centre of the gas field and one of the
most affected towns, this means a reduction of the expected ground acceleration from 0.36g to 0.22g, with a
probability of exceedance of one in 475 years [25]. Needless to say, this does not mean research of the topic
should be discontinued. There is a strong need to get a better understanding of the structural response of
URM buildings subject to earthquakes. Without this understanding, it is next to impossible to take adequate
measures for existing structures as well as new structures. This is a necessity to let people live in this area
without concern.

1.1 OBJECTIVES

At Delft University of Technology, several studies have been conducted with the goal to better predict and
understand the behaviour of materials under earthquake conditions. In 2015, a large-scale quasi-static cyclic
pushover test was performed on a calcium silicate (CS) masonry assemblage. The two-storey structure, com-
posed of masonry walls and concrete floors, is a simplified representation of a typical Dutch terraced house
built in the period between 1960 and 1980 in the Groningen area [1].
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2 1. INTRODUCTION

Since the accuracy and applicability of the pushover method have been validated [2], the research in this
thesis will focus on varying geometry of the masonry assemblage. The CS brick masonry assemblage as tested
at TU Delft was not a complete house; rather, it represented the essential structural elements that constitute
the load-bearing structure in a building. It provides valuable insight into the expected capacity, crack pat-
terns and failure mechanisms. However, the geometry could be more realistic. Additional information can
be obtained by means of numerical simulations conducted with models adequately calibrated against the
experimental test. By varying the geometry of the numerical model, more insight could be obtained of crack
propagation and failure mechanisms in more realistic house configurations. The focus will be on the addi-
tion of spandrels and varying spandrel geometry in the numerical model. A point of interest is how crack
propagation would change and if failure mechanisms would change due to the change in geometry. The new
geometries are used to obtain a more realistic representation of a house found in the Groningen area.

The main question to answer is:

How do variations in facade geometry affect the structural response of unreinforced masonry (URM) ter-
raced houses to lateral loading?

The following sub-questions are formulated to explore this question comprehensively:

• How does facade geometry impact the lateral load-bearing capacity of URM terraced houses?

• How does facade geometry affect the patterns and progression of crack propagation under lateral load-
ing conditions?

• What are the primary failure mechanisms associated with various facade geometries under lateral load-
ing conditions?

The research in this thesis is based on experiments on the CS brick masonry assemblage conducted at
TU Delft [1]. The development of a numerical model calibrated to the experimental results was subject of a
previous project by Xu [2] and serves as a starting point for the numerical models used in this research. The
numerical models are created in commercial software DIANA FEA 10.8. To include the anisotropic properties,
the Engineering masonry model is used to model the CS brick masonry. The discussion of and comparison
between the seismic behaviour of the masonry house variations is mainly based on capacity curves, crack
patterns, and failure mechanisms.

1.2 OUTLINE

The thesis consists of two parts. In the first part, a review of existing literature on masonry and earthquake
analysis is carried out. The characteristics of masonry as a material and the ways it can be modelled are
looked into (chapter 2). Then, seismicity in general, seismicity specifically in Groningen, and the ways seis-
mic loads can be modelled are investigated, with a focus on the pushover method (chapter 3). Hereafter, a
general setup of the finite element model of the masonry assemblage is described (chapter 4).

In the second part, the finite element modelling of the masonry structures is described per geometry vari-
ation. Then, the pushover analyses (described in subsection 3.2.2) on these models are performed, showing
results per finite element model. Subsequently, the results are discussed, and a comparison is made between
the outcomes of the different geometries (chapter 5). Finally, conclusions will be drawn, along with recom-
mendations for further research. (chapter 6).



I
LITERATURE REVIEW

The goal of this part is to give an overview of existing literature on the seismic behaviour of unreinforced
masonry structures. First, the material itself and its properties are highlighted. It is important to have an
extensive understanding of the characteristics of the material itself prior to the main objectives of this thesis.
To extend this understanding, the material response at a structural level is elaborated. Apart from the material
characteristics itself, also the way it can be modelled will be elaborated, as well as the modelling of seismic
loading. To gain a better understanding of the way seismic loads can be modelled, the seismicity in the
Groningen area is elaborated and compared to other seismic regions. Hereafter, the finite element modelling
of the calibrated base structure is elaborated. The base structure serves as a starting point of the geometry
variations that will be applied in the second part of this thesis.





CHAPTER 2

MASONRY

In masonry, individual units are used to build a structure. Often, but not necessarily, these units are bound
together by a kind of mortar. Different materials can be used for the masonry units, common materials in
the Netherlands are clay- of calcium silicate bricks, but also various types of stone can be used. Masonry
is one of the oldest building types around, e.g. the great pyramids in Egypt, and it is still used frequently.
One of the reasons it is still used today, it is a highly durable form of construction. However, there are various
conditions that can affect the durability of a masonry structure, e.g., the materials used, workmanship, quality
of the mortar and the stacking pattern of the units. Apart from the durability, masonry is a cheap way of
construction and structures can be built very quickly.

2.1 GENERAL

As mentioned, there are several factors that influence the performance of masonry. One of them is the stack-
ing pattern. Masonry is an organised arrangement of bricks, whether or not bonded by mortar. The places
where mortar can be applied are called the joints between the units, the horizontal joints are also called bed
joints, and the vertical joints are often referred to as head joints. The arrangement of the bricks may be of
influence on the structural behaviour of a masonry structure. Figure 2.1 gives an overview of common bond
types in masonry. There are some variations on these six bond types, in particular on the vertical joints,
which are not necessarily filled with mortar. The running bond is most frequently used in the Netherlands
and also applied in the tests on the TU Delft house. Apart from the bond type also a distinction can be made
in construction method. In Figure 2.2 different construction methods are depicted. Depending on region in
the world and building culture of a country different construction methods are applied. In regions with low
seismicity, it is common to use unreinforced masonry, while in more seismic active regions the application of
reinforced- or confined masonry is more usual.

2.1.1 UNREINFORCED MASONRY

Unreinforced masonry ( 2.2a) is the typical construction method in areas with low seismicity, e.g., the Nether-
lands. It is, however, known to be traditionally used in almost every part of the world for the construction
of low-rise houses. Structures with a load-bearing system of unreinforced masonry are vulnerable to seismic
events. In many construction codes, this type of masonry is categorised as not earthquake resistant.

In the construction of URM, general-purpose mortar or thin layer mortar can be used. In case of general-
purpose mortar, the joint thickness should be about 1,0 to 1,5cm to avoid structural problems. In a thin layer
mortar, e.g., for solid block masonry, the thickness of the joints is usually 1,0 or 2,0mm thick.

2.1.2 REINFORCED MASONRY

In reinforced masonry ( 2.2b) there are steel bars embedded in the mortar. The bars may be placed in the
bed joints and, if present, in the brick holes, which are then filled with grout. Both horizontal and vertical
reinforcement serve another purpose. The horizontal reinforcement increases the resistance to horizontal
loads; hence, it increases the resistance to shear failure. This is an important property in earthquake design,
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6 2. MASONRY

(a) Running (b) Running 1/3 (c) Common American

(d) Flemish (e) English (f) Stack

Figure 2.1: Bond types in masonry [3]

since, as mentioned in chapter 1, earthquake loads can be seen as horizontal loads. Vertical reinforcement,
on the other hand, helps to improve the flexural resistance of a masonry structure.

In seismic areas, this type of masonry is often used and, in some cases, even obligatory. However, not
everywhere in the world reinforced masonry is used at a sufficiently high level. Especially in underdeveloped
countries, this is a serious problem, in particular the grout filling of vertical reinforcement bars is not done
in a proper manner. In these countries, the damage caused by earthquakes has a more significant impact, as
resources for reconstruction are limited. In other countries, the design of reinforced masonry structures is
done in a regulated way, e.g., in Chile there is a specific design code for the design of these structures.

2.1.3 CONFINED MASONRY

Confined masonry, like reinforced masonry, is widely used in seismic areas and also sometimes obligatory.
This type of masonry, as depicted in 2.2c, is confined within a reinforced concrete frame. This frame consists
of vertical tie columns and a horizontal bond beam. The distribution of steel reinforcement in the intersection
between the horizontal bond beams and columns is important and may influence the structural behaviour
of a confined masonry structure. To obtain a good structural behaviour, design codes usually define require-
ments for the maximum area to be confined.

A distinction can be made in this type of masonry based on the construction order. If the masonry is built
and then confined by the reinforced concrete, the structural system is called confined masonry. If, on the
other hand, the reinforced concrete frame is built and then the masonry is built within, the structural system
is called an infilled frame. The structural behaviour may differ based on the construction order, due to the
application of the toothed wall edge in a confined masonry structure [26].
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(a) Unreinforced masonry (b) Reinforced masonry (c) Confined masonry

Figure 2.2: Construction methods of masonry [3]

2.2 MATERIAL PROPERTIES

Unreinforced masonry is known for its good resistance to compressive loads and bearing of gravity loads.
However, the resistance to lateral loads (e.g., wind and seismic loads) is significantly lower. This could be
primarily attributed to the low tensile strength and quasi-brittle behaviour of masonry. To improve the be-
haviour of masonry, in case of lateral loading, the before mentioned reinforcement and confinement of ma-
sonry is often applied. However, in this thesis these two types of masonry are not considered, since the aim
is to contribute to the research of masonry houses in the Groningen area, which are predominantly unrein-
forced masonry houses. From here on unreinforced masonry is referred to as "Masonry".

Masonry is a complex material, it is inhomogeneous, composed of bricks and mortar. As depicted in
Figure 2.1, there are a lot of different ways to combine these elements, resulting in different compositions,
which implies a variety of mechanical behaviour and structural performance. Not only composition, but also
the properties of the constituents of masonry are of importance for the overall mechanical behaviour. The
constituent elements have a strong nonlinear response to high demand loads. Masonry usually has different
material properties for the vertical and horizontal direction respectively, hence, it’ is an anisotropic material.

Traditionally, the compressive strength in the direction normal to the bed joint is regarded as the most
relevant material property of masonry. The masonry community has accepted the difference in elastic prop-
erties between units and mortar as the precursor of failure [27]. The properties of bricks and mortar are
often independently defined through experimental tests. These tests are widely described in literature and
building codes. When tested separately, interaction between constituents is neglected. This could be a bad
approximation, in particular for mortar, since the properties of mortar are affected by their interaction with
units during hardening. Nowadays, there are also tests to determine the properties of masonry as a whole,
considering a special geometric configuration and quality of the materials. These tests are also included in
literature and building codes.

2.2.1 UNIT BEHAVIOUR

The properties of masonry units are subject to a great variability, depending on quality of commodities and
manufacturing. As also applies to masonry as a whole, units are not homogeneous and isotropic. Material
properties are not equal in different directions and also compressive and tensile behaviour are not the same
[3]. Masonry units are classified as a quasi-brittle material with a disordered internal structure. In a quasi-
brittle material, the transferred force does not immediately drop back to zero, it gradually decreases. This
behaviour is often referred to as softening. The softening causes localization of deformations that causes
quick growth of microcracks into macrocracks and finally to fully open cracks [4].

COMPRESSIVE BEHAVIOUR OF UNITS

Masonry bricks, as other stone like materials, have a better performance in compression than in tension, i.e.
a higher compressive strength than tensile strength. Usually, a compressive test is performed to determine
the mechanical behaviour of units. Generally, compressive strength tests provide a good indication of the
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material quality. To obtain a complete characterization of the bricks, tests are performed in three orthogonal
directions. The test results in a stress-strain curve of the bricks. From this curve, the characteristic compres-
sive strength can be derived. A typical stress-strain diagram of a quasi-brittle material is shown in Figure 2.3.

The compressive behaviour of a quasi-brittle material can be classified in five distinctive components. In
Figure 2.3 the transition of one stage to another is indicated by the letters "A" to "F". In the first stage, "A" to
"B", existing pores and micro-cracks are closed, resulting in an increase of stiffness. The second stage, "B" to
"C", is characterized as the linear elastic phase. At 30-40% of the conventional strength cracks are initiated
and stable crack growth progresses, "C" to "D". This stage starts at a stress level of fci , mainly tensile cracks
occur. The formation and growing of these microcracks result in a nonlinear increase of lateral- and volu-
metric strain. The following stage, "D" to "E", is characterized by crack damage and unstable crack growth.
This stage of unstable microcracking starts at a stress level of fcd , the crack damage stress. It is associated to
the point where volume increase due to the cracking process exceeds the standard volumetric decrease as a
result of the axial load, resulting in a volume increase. A rapid and significant increase of the lateral strain
can be observed caused by the volume increase. Fracture surfaces parallel to the maximum principal stresses
arise from bridging microcracks, until reaching the maximum compressive strength, fc . The final stage of
softening and growth of macrocracks, "E" to "F", is marked by the weakening of material as strain localiza-
tion occurs. The rate of change in the stress strain diagram gives an indication of the materials brittleness,
i.e., a sudden decrease of stress occurs in a brittle material, where a more gradual decrease is observed in a
more ductile material. Macrocracks become unstable and crushing of the material occur at constant stress
levels at the end of this stage.

Figure 2.3: Typical compressive behaviour of a quasi-brittle material [4]

The previously mentioned uniaxial compressive test provides a good estimate of the material strength and
damage behaviour. However, it is not sufficient when the general failure model of the material is important.
For geo-materials, e.g. masonry constituents, it can be useful to perform a triaxial laboratory test to get more
insight in the real material behaviour. A triaxial test is performed on a cylindrical specimen loaded with an
axial- and a lateral stress,σ1 andσ3 respectively. In a triaxial state of stress the effective stress equals the stress
difference: σ1−σ3. As a result of the triaxial test a failure curve is obtained that describes the relation between
the Von Mises stress (effective stress) and the hydrostatic pressure, 2.4a. This is one of the most important
characteristics to describe the failure behaviour of many geo-materials. When the axial- and lateral stress are
equal, the specimen is in hydrostatic compress with a pressure: p = σ1+2σ3

3 = σ. From this state the axial-
and lateral strain can be measures resulting in a relation between pressure and volume strain, describing the
compaction behaviour of the material. The compaction can generally be divided in 4 stages, 2.4b:

1. The initial elastic response, p0 < p < p1. The elastic bulk modulus, K , is the slope of this part.

2. Compression of pores in the material, p1 < p < p2.

3. Full compaction of the material by removal of the voids, p > p2.

4. Unloading from the fully compacted state. The bulk unloading modulus, Kun , is the slope of this part.



2.2. MATERIAL PROPERTIES 9

(a) Result from a triaxial test: relation between Von Mises
stress and hydrostatic pressure

(b) Behaviour of geo-materials under
hydrostatic compression

Figure 2.4: Triaxial test results [4, 5]

Figure 2.5: Typical uniaxial tensile behaviour of a quasi-brittle material [4]

TENSILE BEHAVIOUR OF UNITS

The tensile behaviour of masonry, a quasi-brittle material, is characterized by localization and propagation
of microcracks. The tensile behaviour can be accurately described by the cohesive crack model proposed
by Hillerborg et al. [28]. The tension softening process zone is included by means of a fictitious crack ahead
of the visible crack. The Hillerborg model consists of two parts, a real crack, where stresses are no longer
transferred and a damaged zone where stresses are still transferred. The model differentiates between two
stages of the tensile behaviour:

1. Pre-peak stage, "A" to "C": This stage is characterized by an elasto-plastic stress-strain relationship.
The relation holds until the peak stress is reached. After a small linear part, the behaviour starts to be
nonlinear due to the formation of microcracks. The microcrack formation occurs in a stable manner,
cracks only grow at increasing loads.

2. Post-peak stage, "C" to "F": The stage is characterized by softening behaviour around the fracture zone.
A gradual stress decrease from the uniaxial tensile strength, ft , to zero occurs, while strain increases.
The behaviour is caused by the bridging of microcracks, forming macrocracks, around the peak load.
The load has to be decreased to prevent the unstable macrocracks from uncontrolled growth. As a
result of the stress transfer mechanism, caused by the bridging effect, the softening stage of the diagram
(softening diagram) has a long tail. The softening diagram is characterized by the tensile strength ( ft )
and fracture energy (G I

f ), defined as the area under the softening diagram.

STIFFNESS OF UNITS

According to Vasconcelos, a significant nonlinear relation between the tensile strength and initial stiffness in
granites exists [6], Figure 2.6. The initial stiffness is calculated as the slope of the stress-strain relation up to
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around 20% of the peak stress. In general, higher values of tensile strength are associated with stiffer granites.
This relation is thought to be applicable to quasi-brittle materials in general.

However, the stiffness of masonry units is often obtained from the compressive part of the stress-strain
relation. Since the development of microcracks starts at a relatively small load, obtaining the E-modulus from
the linear-elastic part of the diagram is not a trivial task. There are various ways to determine the E-modulus
from the compressive strength, these methods are based on values around 35% of the peak load in the σ−ϵ-
diagram. Effects of nonlinear behaviour due to microcracking is small in the first part of the diagram and
becomes more significant further in the loading process. According to Barraza [3], the stiffness of clay bricks
is in a range 150 fb ≤ Eb ≤ 500 fb . For calcium silicate units, which are used in the TU Delft house, an estimate
of the E-modulus is: Eb = 355 fb .

Figure 2.6: Correlation stiffness and tensile strength [6]

2.2.2 MORTAR BEHAVIOUR

The material behaviour of mortar is largely depending on the proportion of its components (sand, cement,
gypsum and lime). To obtain a good performing masonry structure, in many cases, it is more important
to have a good bond between mortar and unit than a high resistance mortar. Depending on the type of
brick different types of mortar can be used, i.e. general-purpose mortar, thin layer mortar or lightweight
mortar. General-purpose mortar is traditionally used in joints with a thickness larger than 3.0 or 4.0mm, in
which only dense aggregate is used. Thin layer mortar is used in joints of 1.0−3.0mm, or in case of specific
requirements. Lightweight mortar is made with special lightweight components, this mortar is also used
when specific requirements must be fulfilled.

COMPRESSIVE BEHAVIOUR OF MORTAR

The typical stress-strain relations for different types of mortar are shown in Figure 2.7, as found in experi-
mental test performed in 2007 [7]. Three different grades of mortar were tested, i.e. weak-, intermediate-
and strong mortar. The applied volume ratio of cement:lime:sand for the three grades of mortar were 1:0:6,
1:0.5:4.5 and 1:0:6 respectively. The compressive strength of mortar strongly depends on the water-cement ra-
tio and cement content of mortar, it is therefore necessary to perform experimental test to determine strength
properties of mortar. Two main methods can be distinguished, one method uses a bulk mortar prism or cylin-
der, the other method uses a disk from a masonry joint. The latter takes into account water adsorption caused
by adjacent units, which influences strength properties.

TENSILE BEHAVIOUR OF MORTAR

Various tests can be performed to determine the tensile behaviour of mortar, e.g. the “uniaxial tensile strength
test”, “splitting tensile test”, and the “flexural tensile strength”. These tests are well known from literature,
Figure 2.8 shows an example of a flexural tensile test performed by Bergami [8].
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Figure 2.7: Compressive stress-strain relation in mortar [7]

(a) Mortar before loading (b) Mortar after flexural crack formation

Figure 2.8: Flexural tensile test [8]

STIFFNESS OF MORTAR

An estimate of the modulus of elasticity of a mortar cube can be made by means of the compressive strength,
according to Kaushik, Raj & Jain [7]. Tests on twenty-seven mortar cubes of different grades, show the stiffness
to be in a range 100 f j ≤ E j ≤ 400 f j . The average value of the stiffness can be estimated by the relation E j =
200 f j , this estimate provides a good coëfficient of correlation (Cr = 0.90) with the observed experimental
results, Figure 2.9.

Figure 2.9: Relation between stiffness and compressive strength in mortar [7]

2.2.3 UNIT MORTAR INTERFACE BEHAVIOUR

The bond between unit and mortar has a significant influence on the overall behaviour of masonry struc-
tures. The unit-mortar interface is often the weakest link, and therefore one of the main reasons for masonry
failure, especially in historic masonry. Strength of the unit-mortar interface is highly dependent on various
properties, i.e. porosity of the mortar, water retention capacity of the mortar, absorption capacity of the units,
curing conditions and binders in the mixture [4]. The nonlinear response of joint, caused by the unit-mortar
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interface, is one of the most relevant features of masonry behaviour. Two main failure mechanisms can be
distinguished for the unit-mortar interface, i.e. tensile failure (mode I) and shear failure (mode II), according
to Lourenço [9].

MODE I FAILURE

Tensile strength of a brick-mortar interfaces can be determined by means of various experimental tests, some
tests are described by Almeida et al. [29]. Solid clay and calcium-silicate units were tested in a deformation-
controlled manner by van der Pluijm [30], these tests resulted in an exponential tension softening curve. The
mode I fracture energy G I

f associated with this softening curve ranges between 0.005 and 0.02N mm/mm2

for tensile bonding stresses in a range 0.3−−0.9N /mm2. The amount of energy required to form a unitary
area of a crack along the unit-mortar interface is defined as the fracture energy. Further investigation of the
cracked specimen revealed a reduced bond area, the so-called net bond surface, see Figure 2.11. The average
surface of this area is about 35% of the total cross-sectional area, for walls this surface is estimated to be about
59% of the total cross-sectional area [9].

(a) Test specimen (b) Typical experimental results of stress-crack
displacement for solid clay brick masonry

Figure 2.10: Tensile bond behaviour of masonry [9]

(a) Typical net bond surface for tensile specimen of
solid clay units

(b) Extrapolation of average net bond
surface from specimen to wall

Figure 2.11: Tensile bond surface [9]

MODE II FAILURE

To determine the shear response of masonry joints, it is required to generate a uniform stress state in the
joints, a suitable test set-up is necessary. As a result of the equilibrium constraints non-uniform normal
stresses develop in the joints, therefore it is difficult to satisfy the condition of a uniform stress state. The
usability of different test configurations is widely described in literature, the reader is referred to Van der
Pluijm and Atkinson [10, 31]. The most complete characterization of the masonry shear behaviour, for solid
clay and calcium-silicate units, is presented by Van der Pluijm [10]. The applied test set-up permits to keep
a constant normal confining (compressive) pressure upon shearing. Three different levels of compressive
stress were applied: 0.1, 0.5 and 1.0[N /mm2]. A constant normal confining pressure upon shearing can be
achieved by making use of the test setup as described in Figure 2.12. Tensile confining stresses were not
possible in this test setup and low confining stresses were also problematic, since they resulted in extremely
brittle results and potential instability of the setup. Several test specimens with higher confining stresses
resulted in shearing of the unit-mortar interface accompanied by diagonal cracking of the units.
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Figure 2.12: Test setup, used by Van der Pluijm [10], to obtain shear bond behaviour [9]

Experimental tests on the illustrated setup resulted in an exponential shear softening diagram with a
residual dry friction level. These results are depicted in 2.13a, the mode II fracture energy G I I

f is defined by

the area between the stress-displacement diagram and the residual dry friction. For initial cohesion [c] val-
ues ranging from 0.1 to 1.8[N /mm2], the mode II fracture energy varies between 0.01 and 0.25[N mm/mm2].
From 2.13a can be concluded the fracture energy is also dependent on the applied confining stress, this
relation is also depicted in 2.13b.
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Figure 2.13: Solid clay unit shear bond behaviour in joints as found by Van der Pluijm [9, 10]

Determining tensile bond strength values by means of evaluating the net bond surface is no longer pos-
sible, but the measured values are assumed to hold. Additional material properties can be obtained from
experiments. The shear strength can be analysed as a function of the normal stress, based on the Coulomb
friction model. The initial friction angle φ0, associated with this model, is measured by tanφ0, which ranges
from 0.7 to 1.2 for different unit mortar combinations. In a similar manner, the residual friction angle φr is
measured by tanφr , which is approximately constant with a value of 0.75. The uplift of one unit over another
unit upon shearing is defined as the dilatancy angle ψ, 2.14b. This angle is not independent on the level of
confining stress, a relation between the tangent of the dilatancy angle and the confining stress is presented
in 2.15a. Depending on the roughness of the unit surface, for low confining stress, the value of tanψ ranges
from 0.2 to 0.7. Higher confining stress results in a decrease of tanψ to zero. Smoothing of the sheared surface
with increasing slip also influence the dilatancy angle and causes a decrease to zero.

2.2.4 MASONRY AS A COMPOSITE

In many cases it is not sufficient to determine the behaviour of all the masonry constituents, masonry should
be considered as a whole in these cases. In this manner, interaction between units and mortar and the ge-
ometrical arrangement of the units can be included in the results. A variety of tests can be performed to
determine composite behaviour. One of these tests is a compression test for Rilem specimen ( 2.17b), result-
ing in a stress-strain curve. Another test to determine several material properties of masonry is the diagonal
compression test on walls. By varying the direction of the load with respect to the bed joint the influence
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Figure 2.14: Friction and dilatancy angles as presented by Lourenço [9]
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Figure 2.15: Typical shear bond behaviour of the joints for solid clay units as found by van der Pluijm [10], [9]

of this parameter can be determined, this is an interesting alternative in the diagonal compression test [3].
More extensive research on these tests is carried out by Anthoine [32], Bergami [8], Charry [33], Grabowski
[34], Page [12]. In Figure 2.16, the failure modes for varying loading cases and varying angles compared to the
bed joints θ as described by Dhanasekar et al. [11] are shown.
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Figure 2.16: Failure mechanisms of masonry subject to different loads as presented by Dhanasekar et al. [11]
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STIFFNESS

The stiffness of masonry as a composite is not as widely researched as other material properties. Accord-
ing to Eurocode 6, in the absence of a value determined by experiments, the short-term secant modulus of
elasticity, used for structural analysis, can be estimated as KE f k. KE . Where KE is a factor (700 in the Dutch
National Annex) and fk the characteristic compressive strength [35, §3.7.2]. Kaushik et al. [7] found a similar
approximation of the modulus of elasticity, i.e. Em = 550 f ′

m . Where f ′
m is the compressive prism strength of

masonry (MPa). The used data resulted in a relatively good coëfficient of correlation (Cr = 0.63) between the
experimentally observed and estimated values of Em .

UNIAXIAL COMPRESSIVE BEHAVIOUR

Until the introduction of numerical methods for masonry structures, the compressive strength of masonry
in the direction normal to the bed joints was regarded as the sole relevant material property. An often-used
test to determine this uniaxial compressive strength is the stacked bond prism ( 2.17a). However, it is not
clear how the use of this kind of specimens affects the masonry strength. The before mentioned test on Rilem
specimen, often referred to as a compression test on a masonry wallet, is commonly accepted to yield the
real uniaxial compressive strength, see 2.17b. However, this test is costly to execute, and the specimen is
relatively large compared to a standard cube or cylinder test for concrete. In the masonry community it is
widely accepted that the difference in elastic properties of the unit and mortar is the precursor of failure [9].

σ

σ

(a)
Stacked

bond
prism

h ≥ b
h ≥ 5 hb
h ≥ 3 tb
h ≤ 5 tb
b ≥2 lb

b

lb

h

hb

tb

(b) Rilem test specimen

Figure 2.17: Masonry specimens used to determine uniaxial compressive behaviour [9]

UNIAXIAL TENSILE BEHAVIOUR

In case of loading perpendicular to the bed joint, a rough estimate of the masonry tensile strength is given by
the tensile bond strength between the joint and the unit. Tensile failure is generally caused by the relatively
low bond strength between the bed joint and unit, therefore this is often a good approximation, see Fig-
ure 2.16 bottom left. In other types of masonry, where unit strength is low and bond strength is higher, failure
may occur as a result of stresses exceeding the unit tensile strength. In these cases, e.g. high strength mortar
and units with many perforations, which cause a dowel effect, the masonry strength can by approximated by
the unit tensile strength.

Two different types of failure can be distinguished, depending on relative strength of units and joints, in
case of loading parallel to the bed joint, i.e. a zigzag crack through bed- and head joints and an almost vertical
crack through head joints and units. The first type of failure is characterized by a residual plateau upon in-
creasing deformation in the stress-displacement diagram. The post-peak behaviour is generally determined
by the fracture energy of the head joints and the post-peak mode II behaviour of bed joints, see Figure 2.16
top left. The second type of failure is typically represented by a stress-displacement diagram which shows a
progressive softening until zero. The post-peak behaviour is generally determined by the fracture energy of
the units and head joints, see Figure 2.16 top middle [9].

BIAXIAL BEHAVIOUR

Uniaxial tests can provide a good indication of masonry material behaviour; however, it cannot completely
describe the constitutive behaviour of masonry subject to biaxial stress states. To obtain a biaxial strength
envelope, the influence of biaxial stress state has to be investigated up to peak stress. Since masonry is an
anisotropic material, the strength envelope cannot fully be described in terms of principal stresses. It can be
described in terms of the principal stresses, however, rotation angle θ between principal stresses and material



16 2. MASONRY

θ= 0°
θ= 22.5°
θ= 45°
θ= 67.5°
θ= 90°

0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 1.6

1.4

1.2

1.0

0.8

0.6

0.4

0.2

1.6

σ1/F’m

σ 2
/F

’ m

σ1

σ2

θ

Figure 2.18: Failure surface for masonry projected onto the σ1 −σ2 plane as presented by Page [12]

axes should be included. Another way of describing the biaxial stress envelope is in terms of the full stress
vector in a fixed set of material axes.

The most complete set of experimental data of masonry subjected to proportional biaxial loading was
assembled by Page [12, 36]. The tests were carried out with half scale solid clay units. Both the orientation of
the principal stresses with regard to the material axes and the principal stress ratio considerably influence the
failure mode and strength [9]. The different modes of failure are illustrated in Figure 2.16, see also Figure 2.18
for the failure surface of masonry projected onto the σ1 −σ2 plane.
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2.3 MASONRY FAILURE MECHANISMS

As a material of structural components several failure mechanisms of masonry can be distinguished. In de
following subsections (subsection 2.3.1 and subsection 2.3.2) the most common in-plane and out-of-plane
failure mechanisms for unreinforced masonry walls subject to earthquake loading are described.

2.3.1 IN-PLANE FAILURE

Three types of masonry failure mechanisms can be distinguished for masonry subject to in-plane loads. Two
failure mechanisms are caused by shear, i.e. sliding and diagonal cracking, while the third one, rocking failure,
is a flexural mechanism.

SLIDING SHEAR FAILURE

Sliding-shear failure, as observed in masonry structures, is distinguished by the displacement of the masonry
element within its own plane. This movement results in a progressive loss of bearing capacity, a phenomenon
that can have negative consequences for structural stability. Introduction of horizontal cracks, usually at one
of the extremities of a pier, in the bed-joints indicate the initial stage of sliding-shear failure, as shown in
2.19a. Sliding-shear failure tends to occur only in very squat piers Calderini et al. [37].

The likelihood of sliding-shear failure is notably heightened when masonry structures are subjected to
low levels of vertical loads. These reduced vertical loads result in a diminished ability to resist lateral forces,
making the structure more susceptible to sliding along its own plane.

Another critical factor contributing to sliding-shear failure is the friction coefficient at the interface be-
tween masonry components. When the friction coefficient is low, it amplifies the potential for sliding-shear
failure, as the resistance to lateral displacement decreases.

DIAGONAL SHEAR FAILURE

Diagonal-shear failure is typically introduced by the formation of a diagonal crack, usually starting at the cen-
tre of a masonry pier, and propagating to the corners under increasing lateral load [37]. The crack can either,
predominantly pass through mortar joints, or also through the bricks. The first one can be distinguished by
the formation of a ’stair-stepped’ crack. In 2.19b the damage pattern associated with diagonal shear failure is
shown. Diagonal shear failure tends to occur more often than sliding shear and flexural failure in moderately
slender piers for increasing levels of vertical compression [37].

Increasing levels of vertical compression may also cause diagonal cracking through bricks to occur rather
than through mortar. Increasing ratios between mortar- and brick strength tend to have the same effect.

A transition from diagonal cracking through the mortar to sliding shear, diagonal cracking through bricks
or rocking may be introduced by increasing interlocking of bricks. The interlocking is determined by the
aspect ratio of the bricks and masonry pattern.

FLEXURAL FAILURE

Flexural failure may include two failure mechanisms, commonly occurring in slender piers. When the vertical
load applied to the pier is relatively low compared to its compressive strength, a horizontal load induces
tensile flexural cracking primarily at the corners of the structure, as shown in 2.19c. Under such conditions,
the pier’s behaviour begins to mimic that of a nearly rigid body, exhibiting rotational movement about its toe,
a phenomenon commonly known as "rocking".

Conversely, when a high vertical load is applied, preventing significant flexural cracking, the pier under-
goes a distinct pattern of damage. In this scenario, a widespread damage pattern emerges, characterized by
sub-vertical cracks oriented toward the corners experiencing higher compressive forces, often termed "crush-
ing".

In both cases, the ultimate limit state of failure is achieved when structural integrity is compromised at
the corners subjected to the highest compressive forces, as depicted in 2.19c.

2.3.2 OUT-OF-PLANE FAILURE

When an unreinforced masonry structure is exposed to lateral shaking caused by seismic activity, as a con-
sequence the majority of its walls undergo a combination of in-plane and out-of-plane responses. Previous
studies concerning the seismic response of unreinforced masonry structures have predominantly centred on
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(a) Shear-sliding (b) Shear-diagonal (c) Flexural-rocking

Figure 2.19: Masonry in-plane failure mechanisms

the in-plane shear behaviour of walls. This emphasis is due to its essential role as the primary load-bearing
path for transmitting the lateral seismic forces from the building to its foundation, as shown in Figure 2.20.
Although out-of-plane behaviour is typically not regarded as an integral component of the building’s seismic
load path, it is essential for walls to possess adequate capacity to prevent out-of-plane collapse. This is crucial
because even localized failure can present significant risks to life safety. Moreover, the failure of load-bearing
walls has the potential to initiate a partial or total structural collapse by undermining the structure’s ability to
resist gravity or lateral in-plane loads.

Figure 2.20: Seismic load path as presented by Doherty [13]

Therefore, it is important to have a good understanding of the mechanisms occurring when an unrein-
forced masonry wall is loaded out of plane, e.g. due to wind or earthquake loading. As a result of out-of-plane
loading a wall it experiences flexural deformation (bending). The orientation of internal stresses within the
wall and the resulting pattern of cracks that develop are determined by the positioning of its supporting edges,
as illustrated in Figure 2.21. One-way spanning walls (as shown in 2.21a) undergo uniaxial bending, which
can be categorized as either vertical or horizontal depending on the orientation of the span. Consequently,
cracks tend to form parallel to the supports of the wall and the axis of internal bending.

The conventional terminology used to describe vertical and horizontal bending originates from the align-
ment of the principal flexural stresses induced by the applied bending moment. Vertical bending generates
flexural stresses that act perpendicular to the bed joints, as depicted in 2.22a. In contrast, horizontal bending
results in flexural stresses that are oriented perpendicular to the head joints, as shown in 2.22b. It is impor-
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tant to clarify that the direction of crack formation is counterintuitive to the names given. Vertical bending
corresponds to the development of horizontal cracks, while horizontal bending leads to the formation of ver-
tical cracks[14].

(a) One-way spanning walls, vertically (V1 and V2) and horizontally (H)

(b) Two-way spanning walls

Figure 2.21: Various wall support configurations and their corresponding patterns of out-of-plane flexural cracking, as illustrated by
Vaculik [14]

On the other hand, the behaviour of two-way spanning walls, which is the case for any wall configuration
supported on at least one vertical edge and one horizontal edge, result is a more complex response. This
complexity arises from the anisotropic nature of masonry materials and the structural indeterminacy of such
wall configurations. These walls undergo biaxial bending, by which the resulting internal flexural stresses
act in vertical as well as horizontal direction. Consequently, two-way spanning walls typically exhibit crack
patterns comprising a combination of horizontal, vertical, and diagonal crack lines.

Furthermore, the internal moments along the various types of crack lines may include a combination of
flexural (normal stress) and torsional (shear stress) components, as illustrated in 2.22c [14].

(a) Vertical bending (b) Horizontal bending (c) Diagonal bending

Figure 2.22: Mechanics of internal moment resistance for various types of bending, as illustrated by Vaculik [14]
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2.4 MODELLING OF MASONRY

Masonry is a heterogeneous material and its mechanical behaviour is mainly determined by the properties
of its constituents, as explained in section 2.2. Therefore, it is not a trivial task to model the behaviour, let
alone a general method to apply when modelling a masonry structure. There has been extensive research on
the topic of masonry modelling, resulting in various proposals to model masonry adequately. Every method
has its benefits and its shortcomings, the most suitable method is mainly determined by the structure which
is modelled. In general, the methods can be classified in two separate categories, i.e. micromodelling and
macromodelling.

The level of detail included in the model is the main difference between micro- and macromodelling,
hence, the ability to yield accurate results can be different. In a micromodel the individual components,
i.e. units and mortar, are modelled separately, in contrast to a macromodel, where masonry is modelled
as a composite [9]. Between micromodelling and macromodelling is an intermediate level of detail called
simplified micromodelling, shown in 2.23c, this type of modelling is also referred to as mesomodelling.

Perpend or head joint

Bed
joint

Unit (brick, block, etc)

(a) Masonry sample

Unit/mortar
Interface

Unit Mortar

(b) Detailed micromodel

“Unit” “Joint”

(c) Simplified micromodel

Composite

(d) Macromodel

Figure 2.23: Various strategies for masonry modelling as described by Lourenço [9]

2.4.1 MICROMODELLING

Micro-models have been used to describe the behaviour of masonry since the beginning of masonry mod-
elling. It is the most intuitive, and logical, way to model masonry. As all the individual components in a mi-
cromodel are modelled separately, it is a time-consuming task to build a model following this approach. Both
bricks and mortar are modelled as continuum elements with defined failure criteria. The interfaces between
the two are modelled separately by special elements, which can represent a potential crack/slip plane. These
elements are given an initial dummy stiffness to avoid interpenetration of the continuum. All the properties
of the constituents should be known to obtain a useful model, furthermore, there is a great number of degrees
of freedom [38]. Due to this detailed level of modelling, most failure mechanisms of masonry are represented
in this type of modelling [3]. Hence, micromodels are particularly useful when studying the behaviour of
single structural elements, e.g. a wall or a floor [38].

In a simplified micromodel the units are defined similar to the detailed micromodel, however, the mortar
joints and interface elements are lumped in an "average" interface. Each interface consists of mortar and
two unit-mortar interfaces. In order to keep the geometry unchanged, the units are expanded. Using this
approach implies considering masonry as a set of elastic blocks bounded by potential crack/slip planes at the
joints. Poisson’s ratio of the mortar cannot be included; therefore, accuracy is lost and less failure mechanisms
are represented by these models [9].

The most important aspect of a detailed micromodel is the ability to describe most failure mechanisms
accurately, Andreaus [39] defined ten mechanisms. The most basic failure mechanisms that characterize ma-
sonry, namely cracking of the joints, sliding along the bed or head joints at low values of normal stress, crack-
ing of the units in direct tension, diagonal tensile cracking of the units at values of normal stress sufficient to
develop friction in the joints and masonry crushing, commonly identified with splitting of units in tension
as a result of mortar dilatancy at high values of normal stress, should in any case be identified by the model
[9]. In Figure 2.24 these failure mechanisms are shown, they can be divided in joint mechanisms ( 2.24a,
2.24b), unit mechanisms ( 2.24c) and combined mechanisms ( 2.24d, 2.24e). To consider these phenomena

into a simplified micromodel all damage is concentrated into the relatively weak joints and, if necessary, in
potential pure tensile cracks in the units placed vertically in the middle of each unit. Lourenço [9] showed
that failure envelopes resulting from this approach are in accordance with those found in experiments and
therefore it can be considered a good alternative to a micromodelling approach.

In a finite element model the mechanical behaviour is described by a material model. A well described
example of a simplified micromodel is the composite interface model, which includes three failure criteria.
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(a) Joint
tensile crack

(b) Joint slip (c) Unit direct tensile crack (d) Unit
diagonal

tensile crack

(e) Masonry
crushing

Figure 2.24: Basic failure mechanisms of masonry as depicted by Lourenço [9]

Namely, a tension cut-off criterion to include mode I failure, a Coulomb friction envelope for mode II failure
and a compressive cap criterion for compressive failure. Assuming all inelastic phenomena occur in the
interface elements, this type of modelling a structure is capable of following the complete load path until
complete degradation of the stiffness in a robust and stable manner [9].
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Figure 2.25: Interface cap model proposed by Lourenço [9]

2.4.2 MACROMODELLING

There is not a distinction between units, mortar, and unit-mortar interfaces in a macromodel, their properties
are smeared out over a homogeneous anisotropic continuum. A macromodel is also referred to as a single-
phase material model. These models treat masonry as an ideal homogeneous material which constitutive
equations differ from those of its constituents [4]. The geometrical arrangement of units and mortar cause
anisotropy in the effective constitutive behaviour, even if the properties of the constituents are isotropic [15].

In general, a macromodel requires fewer input data than a micromodel and usually it is easier to construct
a model following this approach. The reduced time and memory requirements as well as the user-friendly
mesh generation in macromodelling makes it more practise oriented, it is valuable when a compromise be-
tween accuracy and efficiency is required. As a result of the way a macromodel is made, they are particularly
useful in situations where the general structural behaviour of masonry walls with sufficient large dimensions
is of importance, in contrast to micromodelling where local behaviour is of importance. This assumption can
be justified when stresses along or across a macrolength are approximately uniform [9]. The type of model
may be able to represent the general structural behaviour, however not all types of failure mechanisms can
be reproduced.

The macroscopic failure behaviour is directly related to the mesoscopic structure, damage localizes in
narrow zones with an order of magnitude equal to that of the thickness of mortar joints. To obtain an accurate
description of both the failure modes and the associated energy dissipation, this localization phenomenon
should be considered properly in terms of its size and orientation [40]. The shift from a micromodel to a
macromodel, i.e. from local structural behaviour to more global structural behaviour, is called homogenisa-
tion.

HOMOGENISATION TECHNIQUES

Some assumptions are required in the homogenisation process of a composite material since it is not possible
to include all material behaviour in the model. A deliberate choice over what behaviour should be included
and what behaviour can be excluded is of paramount importance for a useful model. The main objective is to
make as few assumptions as possible in order to most fully describe the actual behaviour. Many researchers
have developed homogenisation techniques for masonry, such as Dhanasekar et al. [11], Gambarotta and
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Lagomarsino [41], Van Zijl [42], Berto et al. [43]. Each of these techniques have their shortcomings, often
omitted phenomenon are post-peak behaviour and localized damage. The assumption that a material model
based on proportional loading is also valid for non-proportional loading conditions is often made, however
this validity can be doubted due to the effect of damage induced anisotropy. Damage induced anisotropy
together with bond induced anisotropy, periodic geometry and nonlinearity are important aspects of ho-
mogenisation techniques [38].

One of the more straightforward methods to obtain an accurate constitutive model is by means of exper-
imental tests. Tests have to be performed to determine material parameters and the composite behaviour
of masonry as described in section 2.2 on page 13. These results are then used to fit a material model, with
a multi-yield or single-yield surface. The main disadvantage of this approach is the number of required ex-
perimental tests and their associated cost. Another limitation of this approach is the validity of the model,
since the material model is only valid in the range of the material parameters obtained from the experiment.
Therefore, such material models are not immediately applicable to other situations. An example of a, widely
discussed and well documented, material model based on experimental results is the Rankine-Hill model.
This phenomenological model is based on an approach that extends conventional formulations for isotropic
quasi-brittle materials to describe orthotropic behaviour. In this case a Hill type yield criterion for compres-
sion and a Rankine type yield criterion for tension are applied, see Figure 2.26.
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Figure 2.26: Rankine-Hill composite yield surface with iso-shear stress lines with different strength values for tension and compression
along each material axis proposed by Lourenço et al. [15]

Another approach researched by different authors is a two-step homogenisation procedure. In this ap-
proach a masonry basic cell, i.e. a periodic pattern associated to some frame of reference, is used (Fig-
ure 2.27). However, the structure of a masonry basic cell is clearly not layered, these authors suggested an
approximate approach based in a two-step homogenisation procedure, under the assumption of layered ma-
terials.

y

x

z

Unit Head joint

Bed joint

Figure 2.27: The definition of the masonry basic cell depicted by Lourenço [9]

Pande et al. [44] used a process where in the first step a horizontal homogenisation is performed, includ-
ing both vertical joints and units. In step two the vertical homogenisation is performed of the previously
homogenised material and the horizontal joints, see Figure 2.28b. Papa [45] used the opposite approach, i.e.
first a vertical homogenisation is performed subsequently a horizontal homogenisation is performed. The
vertical homogenisation includes the units and vertical joints as well as the units and the horizontal joints. In
the second step the previously obtained materials are used and horizontally homogenised, see Figure 2.28c.
Bear in mind, both methods will produce different results, hence, the procedures are not objective. This is
the case even in a linear elastic analysis, let alone when nonlinear behaviour is present, the differences are
expected to grow [9].

In addition to this two-step approach there is another approach which can be regarded as a one-step
technique, both bed joints and head joints are introduced simultaneously. The basis of this approach lies
in the identification of a certain repetitive shape within the masonry bond, to take the bond pattern into
account [38]. This repetitive shape is also known as a Representative Volume Element (RVE) and is an inter-
mediate step in the homogenisation process. This approach is widely applied in homogenisation research,
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Figure 2.28: Two-step homogenisation procedure usually adopted for masonry structures as depicted by Lourenço [9]: (a) objective of
homogenization; (b) homogenisation x − y ; (c) homogenisation y −x

e.g. Anthoine [46], Luciano and Sacco [47], Cecchi and Di Marco [48], Cecchi and Di Marco [49], Zucchini and
Lourenço [50] and Massart et al. [51].

Multi-scale homogenisation is a technique which seems rather paradoxical, since homogenisation is al-
most completely avoided. Luciano and Sacco [47] have tried to nest the mesoscopic scale into the macro-
scopic scale, in contrast to the above-mentioned methods where the main property is scale bridging. How-
ever, it is very difficult to implement this multi-scale homogenisation technique into a numerical model [38].

2.4.3 CONSTITUTIVE MODELS FOR SMEARED CRACK MACROMODELLING OF MASONRY

There are a lot of similarities between the material behaviour of masonry and concrete, e.g. their relative high
resistance in compression and low tensile strength. Therefore, one could question the necessity of a special
way to model masonry. A lot of literature is available on concrete smeared-crack models. These models
should be applicable to masonry as well, given appropriate material properties of masonry are used. A few
smeared crack model types can be distinguished, which can be separated into two categories, i.e. total strain-
based crack models and a multidirectional crack model [23]. A short overview of these models is given below:

MULTIDIRECTIONAL FIXED CRACK MODEL

In the multidirectional fixed crack model, cracking is defined as a combination of tension softening, tension
cut-off and shear retention. Crack initiation inside an element is governed by the tension cut-off criterion
and a threshold angle between two consecutive cracks. To initiate successive cracks two criteria must be met
simultaneously, i.e. the principal tensile stress violates the maximum stress condition and the angle between
the existing crack and the principal tensile stress exceeds the value of a threshold angle. However, it is possible
that the tensile stress temporarily becomes greater than three times the tensile strength while the threshold
angle is still not violated, especially for high values of the threshold angle [23, 52]. The direction of all cracks
is fixed upon initiation, and therefore does not change in a modified stress state.

TOTAL STRAIN-BASED CRACK MODELS

The total strain-based crack models follow a smeared approach for the fracture energy, like the multidirec-
tional fixed crack model. In a total strain-based constitutive model the stresses are describes as a function of
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the strains. A commonly used approach is the coaxial stress–strain, also known as the rotating crack model.
Stress-strain relations are evaluated in the principal directions of the strain vector, implying, after the ex-
ceedance of a tension cut-off criterion, an element is considered to be cracked and continuously updated
with the direction of the principal strain of the element.

A method where the physical nature of cracks is more preserved, is the fixed stress–strain concept. Essen-
tially, it is very similar to the other strain-based crack model, however, the stress–strain relations are evaluated
in a fixed coordinate system which is fixed upon cracking.

As stated above the main difference between the three variants lies in the orientation of the crack, which
is either kept constant (fixed single), updated in a stepwise manner following a threshold angle (fixed multidi-
rectional), or updated continuously (rotating). The damage orientation is permanently preserved in the fixed
crack concept, which is not the case for the rotating crack concept. Consequently, inactive defects cannot
be re-activated during a subsequent stage of the loading process in the rotating crack concept, which could
influence the outcome when a nonproportional loading process is followed [52].

However, using these models for masonry applications can result in incorrect outcomes. It neglects ma-
sonry’s anisotropic characteristics and significantly underestimates energy dissipation during cyclic loading.
Additionally, these models do not differentiate between tensile and shear cracks, making it unable to accu-
rately simulate the various failure modes observed in masonry.

ENGINEERING MASONRY MODEL

To overcome these shortcomings the engineering masonry model was developed. It is designed for modelling
the failure of masonry walls using plane stress (membrane) and curved shell elements. Unlike the Total Strain
crack models, which underestimate energy absorption during cyclic loading in masonry, the Engineering
Masonry model provides a more realistic representation of unloading behaviour with strong stress decay
and includes a shear failure mechanism based on the Coulomb friction failure criterion. Other distinctive
features that make it a valuable tool for analysing the behaviour of masonry structures are the consideration
of the anisotropic nature of masonry, acknowledging differences in stiffness along the bed and head joints.
Furthermore, several failure mechanism are considered, i.e. tensile cracking of the bed joint, compressive
crushing in the direction normal to the bed joint, tensile cracking of the head joint, compressive crushing in
the direction normal to the head joint, cracking in the direction normal to diagonal stair step cracks, frictional
shear sliding, out-of-plane shear failure. The engineering masonry model is applied in Diana to model the
calcium-silicate masonry assemblage. In subsection 4.3.1 the finite element modelling of the structure is
described and a more in depth description of the engineering masonry model is given.



CHAPTER 3

SEISMICITY

The majority of earthquakes worldwide are caused either by local fault lines or originate from edges of tec-
tonic plate boundaries. Earthquakes of the former category are called crustal or shallow earthquakes. Dif-
ferent types of earthquakes can occur depending on the type of tectonic plate, i.e. oceanic or continental,
and the direction of the movement of the plate. These plates can move in three distinct directions, diver-
gent, convergent or of the transform fault type where plates move past each other. An example of convergent
movement of tectonic plates is near Panama, where oceanic and continental plates move towards each other.
A phenomenon called subduction occurs here, the denser oceanic plate moves underneath the less dense
continental plate. The so-called subduction earthquakes, which are caused by a rupture in the boundary
between oceanic and continental plates, have a low rate of occurrence but have high magnitudes. Crustal
earthquakes usually have a much lower magnitude but occur random and are therefore rather unpredictable.
They occur away from tectonic plate boundaries in fault lines, they are caused by sudden stress relief, hence
the unpredictability. Fault lines are planar fractures in rock where both sides move in different directions, see
Figure 3.1. A reverse fault, 3.1c, with small dip angle is also referred to as a thrust fault [53]

(a) Normal fault (b) Strike-slip fault (c) Reverse fault

Figure 3.1: The three principal fault types [16]

3.1 GENERAL OVERVIEW OF SEISMIC WAVES AND SEISMICITY IN GRONIN-
GEN

There are two types of seismic waves caused by earthquakes; both propagate in a different manner through
the earth. A distinction between body waves and surface waves can be made, both can propagate either by
means of compression or shear. Body waves are called P-waves or S-waves, surface waves are called Rayleigh
or Love waves. A seismograph can register these seismic waves when it is located close enough to the source
of the earthquake. The registration provides information on the location of the hypocentre and epicentre of
the earthquake, since body waves have a higher wave speed compared to surface waves and therefore will be
recorded first. In Figure 3.2 the epicentre is indicated with "A", the hypocentre with "B" and the fault plane
with "C". The hypocentre is the point within the earth where an earthquake rupture starts, also called the
focus [54]. Directly above this point on the surface of earth is the epicentre located [55].
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A

B

C

Figure 3.2: Hypocentre and epicentre of an earthquake [17]

Body waves travel through the earth’s interior depending on the material properties of the medium, den-
sity and stiffness are determining factors for the path of a body wave. Surface waves, on the other hand, travel
along the earth’s surface and they diminish when they get further from the surface. In an ideal homogeneous
flat elastic surface, waves are non-dispersive. In a more realistic situation, e.g. in an inhomogeneous solid
where density varies with depth, wave velocity depends on the wavelength.

Wavepropagation

Particlemotion

(a) Primary wave

Wavepropagation

Particle
motion

(b) Secondary wave

Wave
propagation

Particle
motion

(c) Love wave

Wavepropagation

Particle
motion

(d) Rayleigh wave

Figure 3.3: Four types of seismic waves, body- and surface waves [18]

In Figure 3.3 the behaviour of the four seismic waves is shown. Primary waves are compressional waves
and are longitudinal in nature, which means, the displacement of the medium is in the same direction as, or
the opposite direction to, the direction of propagation of the wave. They are the fastest propagating seismic
waves, hence the name primary waves, it is the first signal recorded by a seismograph.

A secondary wave, or shear wave, propagates as a transverse wave, the displacement of the medium is
perpendicular to the direction of wave propagation. The name secondary wave originates from the moment
when these waves are registered by a seismograph, an S-wave propagates at approximately 60% of the speed
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of a P-wave.

Love waves are categorized as seismic surface waves, they cause horizontal shifting of the earth during
an earthquake. Love waves are transverse waves, the particles move in a horizontal line perpendicular to the
direction of wave propagation. They are formed by the interaction of S-waves with Earth’s surface and propa-
gate at a speed of around 90% of an S-wave which is slightly faster than Rayleigh waves. Generally, Love waves
are what people feel directly during an earthquake.

Rayleigh waves are surface waves and travel as ripples on the earth’s surface. When a Rayleigh wave passes
by soil particles follow an elliptical path, closer to the surface this motion is greater. Although the speed of a
Rayleigh wave varies with the medium it travels in, typically its speed is about 90% of an S-wave. However,
generally slightly slower than Love waves.

In Figure 3.4 an example of what a seismogram is gives with the arrival of the different seismic waves, as
stated above the arrival of a wave is determined by the medium and the distance, this figure is just an indica-
tion.

Vertical ground motion

Surface wavesP+SP

Horizontal ground motion

Surface wavesP+SP

Time (Every interval corresponds to one minute)

Figure 3.4: An example of seismogram with the arrival seismic waves

The heaviest earthquakes registered in the Netherlands was caused by a local fault line and occurred in
the south of the country. In 1992 an earthquake with a magnitude of 5.8 on the Richter scale was measured
near Roermond, which was the strongest earthquake measured in the Netherlands and one of the strongest
ever in North-west Europe.

The earthquakes in the Groningen area are of another type, they follow from human activity. These so-
called induced earthquakes are typically minor earthquakes that alter the stresses and strains in the earth’s
crust. There are several mechanisms that could cause induces seismicity. The mechanism causing earth-
quakes in Groningen is the extraction of fluids. It causes a decrease of pore pressure in the reservoir, with a
resulting stress change that is transferred to the surrounding levels.

In Groningen gas is captured at a depth of 3000 m in sandstone rocks. Induced seismicity caused by the
gas extraction has become a growing problem for more than 20 years. The first induced earthquake associ-
ated to gas production was registered in 1986. After this event, the earthquake detection network in the north
of the Netherlands was refined and further extended by the KNMI.

The growing seismic activity is shown in Figure 3.5, where a cumulative number of events per year with
magnitude greater than 1.5 is depicted [19]. The relatively small magnitudes of these seismic events, their
occurrence near producing gas fields in an originally aseismic region, as well as their shallow hypocentres,
indicate that most of these earthquakes are in fact induced [56]. Typically, the hypocentre of these induced
earthquakes is at a depth of -800 m to -3500 m, which is shallow compared to hypocentres of tectonic seis-
micity.
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Figure 3.5: Activity rate of observed induced earthquakes in Groningen over the years. Only events with a magnitude greater than 1.5
are included, as depicted by Spetzler and Dost [19]

Apart from the magnitude of an earthquake to indicate the size of an earthquake it is not the only factor
to indicate the effect of an earthquake on a building. The peak ground acceleration (PGA) is an important
property to determine the forces acting on a structure due to an earthquake.

Usually, there are empirical relations used for ground motion prediction equations or attenuation rela-
tions. Due to several factors, e.g. focal mechanism, site response, rupture process and uncertainties in the
3D crustal structure, these relations show large variability. None of these attenuation relations are calibrated
for small, shallow earthquakes, which are present in the Groningen area. These small-magnitude, shallow-
source, induced earthquakes are able to cause large PGAs, mainly due to their shallow hypocentre. The energy
released by the earthquake is close to earth’s surface, which implies there is a smaller distance it has to travel,
hence, less energy dispersion [57]. As a response to the nonexistence of an adequate ground motion predic-
tion equation (GMPE), the KNMI proposed one based on a model for Europe and the Middle East [58] and
modified according to the available Groningen data [59].

Using this GMPE a contour plot of the expected PGA can be constructed, which was done by Dost et al.
[59]. The maximum value for the PGA in 2013 was found to be 0.42 g. This value has dropped to 0.36 g in
2015 and 0.24 g in 2017, see Figure 3.6. The physical upper limit to the magnitude of earthquakes that can
be induced by gas production from the Groningen Field is estimated at M = 6.5. This limit is caused by the
finite elastic energy or strain associated with reservoir compaction or the finite size of pre-existing faults. This
could theoretically occur if all strain accumulated over the life cycle of the field were released in a single event
at the very end of field life. The probability of such an event is essentially zero, but physically not impossible,
therefore this is an absolute upper limit [60].

3.2 MODELLING OF SEISMIC LOADS

Earthquake loads act on a building in a single way, unlike other hazards, e.g. floods which produce static
pressure and wave action. An earthquake produces only a dynamic acceleration of the building’s base, the
structure has a response to this action. Various methods are available to determine the response of a structure
to a dynamic load, like an earthquake load. These methods will be addressed shortly, except the static push-
over (PO) analysis, which will be discussed more in-depth, since it will be applied in this thesis. The main
methods used for determining structural behaviour, as included in [61, NEN-EN 1998-1] are:

• A lateral force analysis is a static analysis where the seismic action is applied as a concentrated force at
the centre of mass for each floor.

• A response spectrum analysis is a linear dynamic analysis where the seismic load is applied as a spec-
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(a) Contour plot in 2015 (b) Contour plot in 2017

Figure 3.6: Contour plot peak ground acceleration with a return period of 475 years

trum, but the structures response is linear elastic.

• A pushover analysis is a nonlinear static analysis where the seismic action is applied statically, but non-
linearity of the structure’s material is taken into account.

• A nonlinear time history analysis is a nonlinear dynamic analysis where the load is applied as an ac-
celerogram, and nonlinearity of the structure’s material is taken into account.

3.2.1 OVERVIEW MODELLING METHODS

In many cases it is convenient to perform a linear elastic analysis to get a first insight on the behaviour of a
structure. The initial response of the structure, before any damage occurs, can be reasonably well modelled
by such an analysis. This can yield locations in the structure where peak stresses will occur under a given
load, which are places of interest for further analysis.

The lateral force analysis is a linear elastic analysis where the seismic load is applied as a concentrated
force. The forces are applied at the centre of mass of each floor and are determined by the displacement
of the mass in the fundamental mode shape. The most import condition to be able to use this method, ac-
cording to [61, NEN-EN 1998-1], is a response governed by the first mode. Other requirements are bounds
to the fundamental period of vibration. When these conditions are met a seismic base shear force Fb can
be determined. This base shear force is distributed in horizontal seismic forces acting on the storeys of the
structure. The fundamental mode shapes in the horizontal direction can either be determined using methods
of structural dynamics or approximated by assuming a linear increase of the horizontal displacement along
the height of the structure.

The response spectrum analysis can be applied when the criteria for a lateral force analysis are not met.
With this method the peak responses of a linear elastic structure can be determined by response spectra
representing the ground motions. In earthquake engineering it is particularly interesting to determine peak
response quantities rather than the whole time history of the response for design purposes. To perform a
response spectrum analysis a response spectrum is used as seismic input, generally an acceleration response
spectrum is used. The response spectrum defines the maximum response quantity of a single degree of free-
dom (SDoF) system to a given ground motion. The response spectrum can be presented as a graph, where
every point represents the maximum response of a SDOF system to a given input motion. The response spec-
tra can either be taken from a source, e.g. Eurocode, or can be derived following structural dynamic principles
[62].

Linear analyses can be very useful to get an insight in a structure’s general behaviour. However, when
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a more specific response of the structure is required a more advanced method of analysis should be used.
Especially in the Groningen area, where damage to houses as a result of induced seismicity is the case, it is
interesting to perform nonlinear analyses to incorporate the damage of the structures in the analysis and how
this affects the response.

The most detailed of the named analysis methods is the Nonlinear Time History (NLTH) analysis. It al-
lows an engineer to obtain the complete response history of a structure subject to earthquake loading. The
obtainable time-dependent behaviour is very valuable, since it gives an extended insight in the structural be-
haviour, which makes it a suitable analysis method to study nonlinear effects.

The earthquakes acceleration signal is used in the NLTH analysis as an external force of the system. The
signal is discretised into small time intervals, in each interval the new state of the system is calculated. Nu-
merical integration is performed to satisfy the equations of motion. The state can be determined either by an
explicit or implicit method, i.e. by information from the previous step only or information from the previous
step and the current step combined. Additionally, the computation incorporates dynamic forces, hence, the
results include dynamic amplification effects, e.g. resonance, damping effects as hysteresis and elastic mate-
rial behaviour [63]. In many finite element software, an option is available to perform these kinds of analyses,
e.g. in Diana the transient dynamic analysis is available for these problems.

3.2.2 ELABORATION ON PUSHOVER ANALYSIS

A pushover (PO) analysis is essentially very similar to the lateral force method. An eigenvalue analysis of
the equivalent linear system is performed to determine eigenfrequencies ωi and eigenmodes Φi . An eigen-
mode Φ̂i is chosen which is expected to contribute most to the structural response, in earthquake engineer-
ing usually the fundamental vibration mode is taken. With the chosen mode of vibration Φ̂i , the structure is
subjected to a monotonically increasing lateral force pattern compatible with this mode, as shown in Equa-
tion 3.1.

F̂i = MΦ̂i (3.1)

Equation 3.1 provides the force vector F̂i with the forces applied at each DoF "i ", Φ̂i is the chosen eigen-
mode representing the dynamic behaviour of the system and M is the mass matrix associated with the struc-
tural system.

Assumptions and implications A linear system subject to uniform ground excitation can be described by
the system of equations given in Equation 3.2. To be able to solve the system of equations an eigenvalue
problem should be formulated. The eigenvalue problem yields the characteristic equation, which provides
the eigenfrequencies and eigenmodes of the physical system.

Mẍ(t )+Cẋ(t )+Kx(t ) =−Mrüg (t ) (3.2)

Using the solution of the eigenvalue problem, an eigenmatrix can be compiled from the eigenmodes.
Together with the orthogonality property of the modes. the eigenmatrix can be used to obtain a system of
uncoupled ordinary differential equations (ODEs), given in Equation 3.3.

üi (t )+2ζiωi u̇i (t )+ω2
i ui (t ) =−Γi üi (3.3)

The solution of this uncoupled system of equations provides modal displacements, which can be con-
verted to a displacement response in the real coordinate system by means of Equation 3.4.

x(t ) =
N∑

i=1
Φ̂i ui (t ) =Φu(t ) (3.4)

In a system where nonlinearity is included Equation 3.2 should be slightly adjusted. Since nonlinearity is
rate-independent and concentrates in the stiffness term, the equation of motion (EoM) can be expressed as
Equation 3.5.

Mẍ(t )+Cẋ(t )+ fs (x, sign(ẋ), t ) =−Mrüg (t ) (3.5)
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The response of the nonlinear system can be expressed as small oscillations around the original equilib-
rium position, which implies it is based on the vibration modes of the equivalent linear system. Interpreting
the modes this way results in a final response where each mode of vibration is subject to contributions of all
other modes. The coupling of the modes can be expressed by means of Equation 3.6.

xi (t ) =
N∑

r=1
Φ̂r ur (t ) (3.6)

In a linear system this coupling of modes does not occur, since the response the response due to mode i
is determined by consideration of mode i alone. In the nonlinear system the coupling of the modes is caused
by the nonlinear stiffness matrix (fs (x, sign(ẋ), t )), since the chosen modes are based on the initial stiffness of
the system. Furthermore, the dependence of the stiffness on position x(t ), the sign of the velocity signẋ(t )
and time t , makes the modes essentially time-dependent. Hence, it is questionable if a converged solution
can be found using the modes of the original state of the system [62].

To simplify the problem an approximation of the nonlinear system can be made, which is only exact for
linear systems. This approximation is based on the assumption that ur (t ) equals zero for all modes r ̸= i , as
in the case of a linear system. With this assumption Equation 3.6 simplifies to:

xi (t ) =
N∑

r=1
Φ̂r ur (t ) ≈ Φ̂i ui (t ) (3.7)

This approximation is only valid if the total response of the nonlinear system can be represented by the
superposition of the response of each mode separately. The principle of superposition is generally not appli-
cable to nonlinear systems. Therefore, this assumption is far from conservative and does not always reflect
reality well. However, this weak coupling of the modes occasionally occurs in reality and assuming a con-
verged solution of the nonlinear system is guaranteed for the chosen modes, an uncoupled set of EoMs can
be formulated. The obtained set of EoMs is given in Equation 3.8.

üi (t )+2ζiωi u̇i (t )+ Fsi

m∗
i i

=−Γi üg (t ) (3.8)

Where:
Γi = The modal participation factor given by Li /m∗

i i ; Li = Φ̂⊺
i Mr

m∗
i i = The modal mass given by Φ̂⊺

i MΦ̂i

Fsi = The modal stiffness per mode given by Φ̂⊺
i fs (ui , sign(u̇i ), t )

This implicitly assumes a transformation of the nonlinear force-displacement relation to the modal do-
main which is known per vibration mode. The force-displacement can be found per vibration mode by means
of a nonlinear static analysis. However, this method is not beneficial, since in the exact solution in the real
coordinates the nonlinear stiffness term would couple all vibration modes. To overcome this shortcoming,
another transformation of coordinates can be introduced, as given in Equation 3.9.

ui = Γi Di (t ) (3.9)

This transformation can be substituted in the EoM, given in Equation 3.8 to obtain Di (t ) (Equation 3.10),
and therefore the response of the nonlinear system.

D̈i (t )+2ζiωi Ḋi (t )+ Fsi (D, sign(Ḋ), t )

Li
=−üg (t ) (3.10)

With Equation 3.7 and Equation 3.9 the total response can be found, given in Equation 3.12.

xi (t ) = Φ̂iΓi Di (t ) (3.11)

x(t ) =
N∑

i=1
xi (t ) =

N∑
i=1
Φ̂iΓi Di (t ) (3.12)

The approximation in Equation 3.11, as discussed above, assumes no involvement of other modes on
the response of a given mode. Secondly, Equation 3.12 uses the principle of superposition, where vibration
modes are superimposed, which is only applicable to linear systems. Furthermore, the dynamic response
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cannot be scaled linearly when the nonlinear behaviour of the load acting on the system is considered, which
is done by the participation factor Γi in Equation 3.11.

Apart from the clear shortcomings of the method, there are cases where it can be a useful method which
gives a good estimate of seismic performance to a given seismic load. Especially in systems characterised by
a predominant vibration pattern, i.e. simple systems vibrating at a single vibration mode, this can beneficial.

The modal pushover analysis is based on Equation 3.10 and obtaining a suitable plot of the Fsi /Li term.
The seismic capacity of the system can be approximated once this is found. However, it is only applicable
when the mode of vibration does not change in time and the spatial and time components of the nonlin-
ear system can be separated, as in Equation 3.4. Thus, the method cannot be applied if a certain mode of
vibration cannot be fixed and the mode of vibrationΦ is time dependent, i.e. Φ−→Φ(t ).

Additionally, when the response of the linear system is described by a large number of modes and the
eigenfrequencies related to the system are close to each other, the modal pushover analysis is not expected
to yield accurate predictions. There are three main reasons for the inaccuracy in this case [62]:

• The response cannot be found for each mode of vibration separately; therefore, predictions based on
decoupling of the modes are inaccurate.

• The superposition of modes in a system where various modes contribute to the response of the system,
is less accurate than in a system where two dominant vibration modes contribute.

• The assumption that modes do not change in time is not accurate. Modes do change in time; therefore,
the separation of variables does not hold, and the modal set is a function of time and needs to be
updated at every time moment.

Analysis procedure To obtain a solution of Equation 3.10, the nonlinear description of the term Fsi (D,
sign(Ḋ), t ) must be known. Once this is known, the equation can be solved and Di and then the total response
can be found. There are two possibilities to obtain the nonlinear force-displacement pattern Fsi , either a
numerical computation of a pushover analysis or performing experiments. The execution of experiments is
the most favourable method since it is more accurate than numerical computations.

The linear system is first considered to obtain the Fsi /Li –Di plot per vibration mode. This is used as
input of Equation 3.10, to determine the dynamic response Di (t ). By means of Equation 3.11, this result can
be transformed to the real coordinate xi (t ). However, only the peak response xi ,max is usually kept from the
solution, since the PO curve is for one point only [62].

In an experimental setup of numerical computation of a PO analysis the lateral forces are distributed to
the height with the load increased to push the structure until an ultimate displacement is reached. Informa-
tion about the peak response in terms of floor displacement, storey drift or other deformation quantities can
be obtained this way. A capacity curve should be obtained from the PO analysis, in this curve the displace-
ment is plotted against the developed base shear. An example of a capacity curve, as depicted by Facconi
et al. [20], is shown in Figure 3.7, including the difference between experimental- and numerical results [64].

Figure 3.7: Experimental versus numerical capacity curve [20]
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The loads can be applied in various ways, which leads to different results of the PO analysis. In a mono-
tonic pushover analysis, the lateral load is increased monotonically until the lateral capacity of the structure
is reached. The capacity of the structure also depends on the loading pattern, which can take various shapes,
e.g. uniform, linear, or parabolic (Figure 3.8).

Figure 3.8: Various load patterns in pushover analysis

Another type of monotonic PO analysis is an adaptive analysis, the loading pattern reflects the deforma-
tion pattern of the structure at the end of each load step. In this case, the initial loading does not influence
the capacity of the structure.

Thirdly, a cyclic pushover analysis, as performed on the TU Delft house, can be seen as a series of pushover
analyses. The load changes to the opposite direction in every step of the analysis, the stiffness also changes
for each load step to the stiffness at the end of the previous step. The result is a plot of various pushover
analyses in the same figure, an equivalent viscous damping can be defined from the characteristic hysteretic
loop, see Figure 3.9.

Figure 3.9: Cyclic load and stiffness degradation as depicted by Tsouvalas [21]

Regulations are mainly focused on monotonic pushover curves, e.g. in the Eurocode the PO analysis is
performed by application of a constant gravity load and monotonically increasing horizontal loads [61, NEN-
EN 1998-1]. Capacity is defined in terms of roof displacement in masonry buildings, where the ultimate
displacement capacity is given by a total lateral resistance which drops below 80% of peak resistance. The
decrease of lateral resistance (base shear) is caused by the accumulation of damage and subsequently failure
of lateral load resisting elements.

These methods were initially developed considering rigid diaphragms, the application to unreinforced
masonry buildings with flexible diaphragms is therefore questionable. Some studies show less reliability of
the method when flexibility is considered [65]. The decrease of in plane stiffness of the diaphragms can cause
the structural response to include more modes, which, as mentioned previously, causes less accurate results
due to the assumptions associated with this method.

With all this in mind, the steps to perform a PO analysis can be summarised as follows [62]:

• Solving the eigenvalue problem of the equivalent linear system and obtain eigenfrequencies ωi and
eigenmodesΦi .

• Develop the (Vb,i – xr,i ) curve for vibration mode i , either numerically or experimentally, where the
force is distributed following the mode shape, i.e. ŝi = MΦ̂i . The force can either be applied monoton-
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ically or cyclic until collapse. Any other loads, e.g. live loads and gravity loads, can be applied prior to
the lateral load.

• Obtain a (Fsi /Li – Di ) curve from the (Vb,i – xr,i ) curve using Fsi /Li = Vb,i /M∗
i and Di = ur,i /(Γi Φ̂r i ).

The modes are normalised so Φ̂r i = 1.00. The r in the previous expressions denotes the target point of
the structure, while i denotes the considered vibration mode.

• Approximate the (Fsi /Li – Di ) curve by bilinear relation using the approach of equal energies.

• Solving Equation 3.10 and obtain the peak deformation Di ,max .

• Use Di ,max and transform to the real coordinates by applying ur,i ,max = Γi Φ̂r i Di ,max = Γi Di ,max .

• Obtain the exact values of the response quantity of interest (ri+g ) from the original (Vb,i – xr,i ) curve,
caused by the combined dynamic peak response ur,i ,max and the static load ur,g .

• Compute the dynamic response of mode i , using ri = ri+g − rg . In this expression rg is the ground load
above.

• Perform these steps for all modes significantly contributing to the total response, determined in the
first step.

• Combine the dynamic response of the significant modes by statistical combination rules, e.g. the ab-

solute sum rule rd =∑N
i=1 |ri | or the square root of sum of squares rule

(∑N
i=1 (ri )2

)1/2
.

• Determine the total seismic demand, with r ≈ max
(
rd ± rg

)
The previously describes procedure to determine the nonlinear response of a system is time consuming

and in many practical cases not applicable. However, a modified version of this complex approach can be
used in the seismic design of structures. To simplify the procedure, the peak response of a given mode is
usually obtained from an earthquake design spectrum instead of being the solution to Equation 3.10. The
use of this equation is often not possible, since üg is not provided in many practical cases and a solution
to Equation 3.10 cannot be found. Furthermore, higher vibration modes are often neglected, implying a
limitation of application to relatively simple structures. However, as mentioned previously, incorporating
many modes is questionable, due to the validity of the principle of superposition in nonlinear systems [62].



CHAPTER 4

REFERENCE FINITE ELEMENT
MODEL FOR THE BENCHMARK

TEST

In this chapter a general description of the finite element model, adopted to reproduce numerically the
benchmark pushover test conducted on a URM structure at TU Delft [1], is provided. In following chapters
this model is used as a basis, any modifications are noted if applicable. A finite element model is only a tool
to get a better understanding of what is happening in a structure, however, to be useful great consideration
should be put in the way the model is set up. Ultimately, a finite element model is as good as the assumptions
made to produce the model. The assumptions made are mainly based on the work done by Xu [2], to be able
to make adequate comparisons.

The following model is based on the calcium silicate (CS) brick masonry assemblage with concrete floors
as tested at Delft University of Technology [1], which is representative of a typical terraced house built be-
tween 1960 and 1980 in the Groningen area. The performed laboratory tests were designed to investigate the
influence of the following building characteristics:

• Presence of slender piers, due to the presence of large openings in the facades.

• Presence of long transversal walls connected by a running bond to the facade.

• Limited connection between concrete and masonry.

The influence of other characteristics, such as soil structure interaction, cooperation between inner and
outer leaf of cavity walls and the presence of spandrels were not addressed in the test, to reduce complexity
of the performed quasi-static pushover test and computational burden in numerical analyses. The influence
of the presence of spandrels, however, will be investigated in chapter 5.

This chapter will consist of three sections that cover respectively the overall geometry, the finite element
discretisation and model properties, e.g. material models and material characteristics.

4.1 OVERALL GEOMETRY

The assembled structure as tested in the laboratory was designed to represent the load-bearing parts of a
typical Dutch terraced house. A 3D view and front view of this laboratory setup is shown in Figure 4.1.

The geometry of the house, without the steel frame, consists of two continuous masonry walls, four ma-
sonry piers and two concrete floors. The two continuous load-bearing transverse walls have a length of 5.2
meters in global y−direction, they represent the walls separating two terraced houses. The walls respectively
on the east and west of the assemblage are identical, see Figure 4.2. The same figure shows the south side of
the assembled structure, which is identical to the north side, which consists of two masonry piers. The piers,
which run in global x−direction, connect to the transverse walls by means of a running bond. The piers con-
necting to the transverse wall on the west side have a length of 1.1m, the piers on the east side have a length

35
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(a) 3D view (b) Front view

Figure 4.1: Overview of assembled structure as depicted by Ravenshorst et al. [1]

of 0.6m. The first floor is at a height of 2.7m, the second-floor level is at a height of 5.3m, which is the total
height of the structure.

Figure 4.2: 3D view of the test setup recreated in DIANA

From Figure 4.2 it is clear that there are some key differences between the setup of the DIANA model and
the test setup. The blue steel structure from 4.1a is not present in Figure 4.2. Since the first layer of masonry
was glued to the steel frame to prevent it from being the governing connection, the bottom can be modelled
as a fixed boundary condition. Note that a steel frame will be added in chapter 5 to provide an equal load at
both floor levels during the PO analyses. A less visible difference can be found in some of the dimensions of
the structure, they have been rounded up or down to decrease complexity.

4.1.1 CONNECTIONS

The model had to take the behaviour of the real structure into account as realistically as possible. Two contrib-
utors to this behaviour are the wall-to-wall connections and the floor-to-wall connections, and particularly
the extent to which they are connected.

WALL CONNECTIONS

The transverse walls and piers were connected by a running bond in the laboratory setup. In this type of
bond there is not a single mortar joint between the two masonry walls, the bricks of both walls alternate, see
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Figure 4.3. The alternating way to stack the bricks causes interlocking between the two walls, the connection
therefore can be seen as a solid connection. In the finite element model this means it is not necessary to use
a type of interface elements between the two walls, the use of shared nodes is applicable in this case.

Figure 4.3: Isometric view of connection with running bond

FLOOR CONNECTIONS

The connection of the first floor and second floor should be viewed separately since both concrete floors
make use of a different connection detail. The connection details as used in the laboratory test [1] will be
described as well as how these connections are implemented in the finite element model.

First floor The concrete floor is connected to both the continuous transverse walls as to the piers. In 4.4a
the connection detail between the first floor and the transverse walls is shown. The floor is placed on top of
the load-bearing walls and connected by means of a mortar joint. The wall continues above the floor, again
connected with a mortar joint. The floor could be considered as a part of the wall, the connection is relatively
stiff. In the finite element model this behaviour is included by modelling it fully connected, again shared
nodes are applicable.

(a) Floor connection to transverse wall (b) Floor connection to masonry pier

Figure 4.4: Construction detail of first floor connections as depicted by Ravenshorst et al. [1]

The connection of the first floor to the piers is different, see 4.4b. Anchors are used to connect the floor
to the walls, the wide piers are connected by five anchors, the narrow piers are connected by three anchors.
The anchors have a diameter of 6mm and are cast in the concrete and masoned in the piers. It is clear these
anchors do not provide a full connection between the floor and piers. Their main purpose is to act as a shear
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connector in the global x−direction. They cannot transfer loads in the direction perpendicular to the piers
nor the vertical direction, in these directions the stiffness is negligible. In this case shared nodes are not
applicable, and interface elements are applied to realistically include the properties of the anchors.

Second floor At the second-floor level, the concrete floor is first connected to the masonry transverse wall
by means of a mortar joint, see 4.5a. The floor is directly placed on top of the load-bearing wall, which results
in a relatively stiff connection, therefore shared nodes are used for this connection.

(a) Floor connection to transverse wall (b) Floor connection to masonry pier

Figure 4.5: Construction detail of second-floor connections as depicted by Ravenshorst et al. [1]

The connection between the second floor and the piers is similar to that between the second floor and the
transverse walls. However, the mortar joint between the floor and piers is filled after the mortar joint of the
transverse wall has dried. As a result, the piers do not initially function as load-bearing walls. When lateral
loads are applied, the connection begins to work in compression. To simulate this behaviour, shared nodes
are used between the floor and piers in the model, allowing the piers to act as load-bearing walls. While this
is a simplification of real conditions, it eliminates the need for a phased analysis.

4.1.2 SYMMETRY

Symmetry is of great importance when configuring a finite element model to reduce computational cost of
the simulations. Especially in case of NLTH analyses which are very computationally heavy, it is preferred to
make use of symmetry. The use of symmetry reduces the complexity of the finite element model by essentially
halving the number of elements and nodes, and therefore the number of required calculations.

In Figure 4.2 an isometric view of the test setup recreated in DIANA is show, Figure 4.6 shows the same
mode where symmetry is used. Since the global x−direction is less stiff than the global y−direction due to the
large openings in the facade, this is the governing direction. All tests are performed with a loading in global
x−direction, therefore symmetry in global y−direction can be applied.

In Figure 4.6 the red cones across the plane of symmetry, indicate a boundary condition. These boundary
conditions restrict the displacement in y−direction along this plane. Since there is only loading in x−direction
and the model is symmetrical, no displacements in y−direction should occur at this plane of symmetry.

The following chapters will slightly alter the geometry of this model but are all based on the reduced
model to improve calculation time.

4.2 FINITE ELEMENT DISCRETISATION

The finite element model can be further simplified to reduce computational complexity. Since the dimen-
sions of the walls, i.e. length and height, are relatively large compared to the thickness the need to use full
3D elements is not necessary. The same applies to the floors, which length and width are relatively large
compared to their height. This allows to make use of 2D elements, which reduces the number of nodes per
element and therefore the computational burden.
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Figure 4.6: Finite element model with symmetry applied

4.2.1 TYPE OF ELEMENTS

Both the masonry walls and concrete floors are modelled with two-dimensional elements, i.e. curved shell
elements, see Figure 4.7. These elements are applicable to describe both in-plane and out-of-plane defor-
mations. Furthermore, curved shells are usable in combination with the engineering masonry model, which
will be discussed in section 4.3. Two shell hypotheses are introduced to base the curved shell elements on
isoparametric degenerated-solid approach in DIANA [22], more specifically:

• Straight-normals – the normals remain straight, but not necessarily normal to the reference surface.
The Mindlin-Reissner theory is applied to account for transverse shear deformation.

• Zero-normal-stress – the normal stress component in the normal direction of a lamina basis is forced
to zero: σzzl (ξ,η,z) = 0. The element tangent plane is spanned by a lamina basis which corresponds to a
local Cartesian coordinate system (x1, yl ) defined at each point of the shell with x1 and yl tangent to
the ξ,η plane and z1 perpendicular to it.
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t

Figure 4.7: Characteristics of a curved shell as depicted by Manie and Kikstra [22]

The in-plane lamina strains (ϵxx ,ϵy y andγx y ) vary linearly over the thickness of the element, in contrast
to the transverse shear strains (γxz andγy z ), which are forced to be constant. In reality, the transverse shear
strains and stresses vary parabolically over the thickness of the element. To account for this, a shear correc-
tion factor is applied, to ensure a constant transverse shear stress yields approximately the same shear strain
energy as the actual shear stress.

The type of curved shell element used in the DIANA model is an eight-node quadrilateral isoparametric
curved shell element (CQ40S), see Figure 4.8. The element uses quadratic shape functions for interpolation
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and Gauss integration over the ξη element area. A reduced 2×2 integration scheme is used to prevent mem-
brane and shear locking. Integration over the thickness of the element (ζ) may be Gauss or Simpson, by
default a three-point Simpson integration scheme is used, however, a seven-point integration scheme is used
over the thickness to better show out of plane deformations and cracks in the transverse walls.
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η
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Figure 4.8: CQ40S element as depicted by Manie and Kikstra [22]

The polynomials to describe the translations and rotations can be expressed as shown in Equation 4.1.
In a rectangular element, these equations typically yield the following stress and strain distribution along the
element area in a ζ lamina. The strain, curvature, moment, membrane force and shear force, respectively ϵxx ,
κxx , mxx , nxx and qxz vary linearly in x−direction and quadratically in y−direction. Similarly, ϵy y , κy y , my y ,
ny y and qy z vary linearly in y−direction and quadratically in x−direction.

ui (ξ,η) = a0 +a1ξ+a2η+a3ξη+a4ξ
2 +a5η

2 +a6ξ
2η+a7ξη

2

øi (ξ,η) = b0 +b1ξ+b2η+b3ξη+b4ξ
2 +b5η

2 +b6ξ
2η+b7ξη

2
(4.1)

The mesh of the half house model is shown in Figure 4.9, a mesh size of 100mm is used in this figure. The
mesh size used for the PO analyses in chapter 5, will be coarser to reduce computational time.

The first-floor connection to the piers is indicated by the red line, since this is the only connection that
uses interface elements to properly model the connection. Since the masonry model includes the anisotropic
behaviour of masonry, special attention is required during the setup of the model. The material properties
are not equal in all directions, therefore the local coordinate system of the two transverse walls differ from the
local coordinate system of the piers, see Figure 4.9. In both cases the local x−axis coincides with the bed joint
of the masonry, the local y−axis is the in-plane direction perpendicular to the bed joint and the local z−axis
is the out-of-plane direction. The local coordinate systems of both concrete floors coincide with the global
coordinate system. The same integration scheme is used for the floors as for the walls. The main difference
between the elements used in the walls and the floors is their thickness, i.e. 102mm for the walls and 165mm
for the floors.

4.2.2 CONNECTION INTERFACES

As previously described, there are four individual connection details present in the test setup. These can be
divided in two groups:

• Rigid connections - where the two elements of the structure are modelled with shared nodes, present at
all connections on the second-floor level as well as the connection from the first floor to the transverse
wall.

• Shear connection - no vertical load or out-of-plane load is transferred, present on the first-floor level in
the connection to the piers (red lines in Figure 4.9).

The first connection is automatically generated in DIANA by merging nodes at the same position after
meshing. The latter is modelled by the addition of interface elements between floor and piers. These interface
elements are 3D line interface elements (CL24I), the elements consist of six nodes and are used between two
lines in a curved shell configuration.

Like the shell elements it connects, the interface element is based on quadratic interpolation, see Fig-
ure 4.10. The same order of interpolation polynomial is necessary to prevent incompatibility, e.g. gaps could
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Figure 4.9: Mesh of the half house model
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Figure 4.10: CL24I element as depicted by Manie and Kikstra [22]

form between elements if the elements are not of the same order. By default, a 3-point Newton-Cotes integra-
tion scheme in the longitudinal (ξ) direction and a 3-point Simpson integration scheme in the thickness (ζ)
direction is applied by DIANA. The thickness of these elements corresponds to the thickness of the elements
in the concrete floor, i.e. 165mm.

Figure 4.11: Visual representation of interface elements as depicted by Xu [2]

In Figure 4.11 a schematic representation of the interface elements is shown. One row of nodes is con-
nected to the nodes of the floor, the other row of nodes is connected to the nodes of the piers. In the real
model, however, there is no gap present between the nodes of the floor and the nodes of the pier, they share
their coordinates, but the same principle still applies.

As previously mentioned, the anchors will act as shear connectors, in the global x−direction, between the
floor and the piers. No force transfer in y− and z−direction will occur. To enforce this behaviour the 3D line
interface elements will only have a stiffness in x−direction, both other directions are given a stiffness of zero.
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4.3 CONSTITUTIVE MODELS AND MATERIAL PROPERTIES

The model consists of two materials, i.e. masonry for the walls and concrete for the floors. However, three
material properties are used, since the interface between the first floor the piers cannot be modelled with
shared nodes separate interface elements are introduced to properly model this connection. These three
models are discussed in this section.

4.3.1 ENGINEERING MASONRY MODEL

To accurately model the masonry behaviour, the Engineering Masonry model is adopted. The model can
be applied combined with regular plane stress or curved shell elements to model failure of masonry walls
and is a smeared failure model. The energy absorption of masonry models subject to cyclic loading is un-
derestimated in the Total Strain crack models, since they are based on secant unloading and reloading. The
unloading behaviour is more realistic described by the Engineering Masonry model by strong stress decay
with the original linear stiffness. Additionally, the model includes a shear failure mechanism based on the
Coulomb friction criterion. According to the DIANA material library, the Engineering Masonry model is es-
pecially recommended for static nonlinear cyclic or transient dynamic nonlinear analyses of components
and full structure [23].

Figure 4.12: Engineering Masonry model characteristics as depicted by Manie and Kikstra [23]

The Engineering masonry model, see Figure 4.12, is defined by the following characteristics:

• To consider the anisotropy of the masonry a different stiffness in the direction of the bed joint and head
joint is applied. As shown in Figure 4.9, the element x−direction coincides with the bed joint and is
normal to the head joint, which aligns with the element y−direction.

• In the plane of the element four predefined cracks are present, in the local x−direction, in the local
y−direction and two in the direction of predefined angle.

• The model assumes no coupling between the stiffness of the normal components in the x− and y−direction
and that of the in-plane shear component when the diagonal cracks are not active or not checked. The
Engineering Masonry model (EMM), therefore, behaves like an orthotropic material with a Poisson ra-
tion set to zero.

• Seven individual failure mechanism are considered:

– Tensile cracking of either the head or the bed joint

– Compressive crushing either in the direction of the bed joint or the head joint

– Cracking in the direction normal to diagonal stair step cracks

– Frictional shear sliding
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– Out-of-plane shear failure

• Secant nonlinear unloading and reloading behaviour is assumed for tensile cracking (similar to the
Total Strain Crack model), which is assessed in either the direction normal to the head joint or the bed
joint.

• In contrast, nonlinear non-secant unloading and reloading is considered for compressive crushing, the
directions coincide with those of tensile cracking.

• Diagonal cracks are assessed in the directions normal to the diagonal stair step cracks, at a predefined
angle. The tensile stress normal to the diagonal crack and the shear stress in the diagonal plane are
reduced when one of the diagonal cracks is active and the crack is opening. A linear stiffness equal to
the initial elastic stiffness is applied when the crack is closing.

• Based on the stress in the direction normal to the bed joint, shear stresses are limited by a standard
Coulomb friction failure criterion.

• Out-of-plane shear stiffness components are assumed to be linear elastic in shell elements, when the
out-of-plane shear failure option is not chosen. If that option is selected, the out-of-plane shear stress
in the bedding plane is checked with the Coulomb friction criterion.

CRACKING

The stresses in the element x− and y−direction are defined by the respective strain components εx and εy

and the maximum stress that has ever been reached, see Figure 4.13.

Figure 4.13: Cracking behaviour of Engineering masonry model as depicted by Manie and Kikstra [23]

In this figure αtensi le represents the maximum tensile strain ever reached, the corresponding stress is
given by σr f . The tensile stress-strain curve for both x− and y−direction are defined by the Young’s modulus
E , the tensile crack energy G f t and the tensile strength Ft . The softening is assumed to be linear, and the
ultimate strain εul t is defined as the strain where the crack is fully open and cannot transfer any stresses.

εul t =
2G f t

h ft
(4.2)

Where h is the crack bandwidth of the element, which can be calculated from the area over which the crack
is smeared (h = p

A, where A is the area of the element). Secant unloading and reloading is applied, i.e. a
straight line to the origin is followed. In Figure 4.13 the stress-strain diagram of the EMM is only shown in
the tensile regime (ε> 0). If a new strain extreme is reached (ε> αtensi le ) the new αtensi le is equal to ε. The
corresponding stress σ is:
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σ=


εE for 0 ≤ ε< ft

E

E(εul t−ε)
Eεul t− ft

ft for ft
E ≤ ε< εul t

0 for εul t ≤ ε

(4.3)

At the maximum tensile strain ever reached αtensi l e , the corresponding stress σr f is:

σr f =σ (4.4)

However, at a strain lower than the maximum strain ever reached (ε<αtensi le ), i.e. tensile unloading or
reloading. Stress is calculated by:

σ= ε

αtensi le
σr f (4.5)

The tensile strength ft a , when checking in diagonally stair step cracks is activated is calculated by:

ft a = ft x ft y

f 2
t x sin2(π2 −α)+ f 2

t y cos2(π2 −α (4.6)

Where the user defined bed joint tensile strength is represented by ft y and the user defined head joint tensile
strength is represented by ft x , which is defined as:

ft x = τmax

tan(α)
(4.7)

Where α represents the user defined angle between the bed joint and the direction of the diagonal stair step
cracks. The expected orientation of the cracks, based on size and pattern of the bricks, should lead to how α

is defined. In Equation 4.7, τmax represents the maximum frictional shear stress, defined by:

τmax = max

{
0

c −σy y tan(φ)
(4.8)

where c is the cohesion and φ the friction angle.

CRUSHING

The compressive fracture energy G f c , compressive strength fc , Young’s modulus E and a factor n mainly
describe the masonry compressive behaviour in the Engineering Masonry model. The latter considers the
deformation capacity of the masonry beyond the elastic limit, and is defined by:

n = Eεpeak

fc
(4.9)

where εpeak corresponds to the masonry strain at the compressive strength fc .
The compressive stress-strain relation applied along the local x− and y−axis is the same. The compressive

curve consists of a third and second order polynomial up to the compressive strength, then up to a residual
stress of 10% of the compressive strength a linear softening is assumed, see Figure 4.14.The strain where the
extended linear softening curve would reach a stress of zero is defined as the ultimate compressive strain εul t .
The value of the ultimate compressive strain can be derived from the compressive fracture energy G f c and
the crack bandwidth h [66].

A bilinear unloading relation is adopted in the engineering masonry model. Unloading with the initial
stiffness E is used up to the point where secant unloading is adopted. This point is determined by an un-
loading factor λ (0 ≤λ≤), where λ= 0 corresponds to unloading with the initial stiffness and λ= 1 to secant
unloading to the origin with stiffness σr f /αcomp . The initial stiffness for unloading is applied until a com-
pressive stress of λσr f is reached, then a secant stiffness to the origin is followed:

Esecant =
λσr f

αcomp −λσr f

E

(4.10)
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Figure 4.14: Crushing behaviour of Engineering masonry model as depicted by Manie and Kikstra [23]

The stiffness at reloading is determined by the last loading extreme points
(
αcomp ,σr f

)
. A straight line to

this last loading extreme is followed. The energy dissipation of masonry under cyclic loading can be modelled
properly using these assumptions.

SHEARING

The in-plane shear stress τ is defined by the stress normal to the bed joint σy y and the in-plane shear strain
γ. The shear stress is limited by the maximum friction stress τmax , defined in Equation 4.8. This is a standard
Coulomb friction criterion, where c is the cohesion, φ the friction angle and G is the initial shear stiffness.

Figure 4.15: Shearing behaviour of Engineering masonry model as depicted by Manie and Kikstra [23]

4.3.2 MASONRY MODEL PROPERTIES

As the model is based on the calibrated model described by Xu [2], the material properties are chosen ac-
cordingly. The values of the material properties as entered in the finite element model are summarized in
Table 4.1. Some parameters are obtained from material tests conducted on components, i.e. Young’s modu-
lus in both x− and y− direction Ex ,Ey , compressive strength fc and shear properties φ, fv0. Other values are
derived from equation found in literature.
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4.3.3 CONCRETE MODEL PROPERTIES

To focus on the behaviour of the masonry walls when subject to seismic loading, the concrete floors are
assumed to behave linear elastically. The reinforced concrete slabs used in the experiments ware of strength
class C53/65. A wet concrete joint was used to connect the slabs in-situ. The values of the material properties
as entered in the finite element model are summarized in Table 4.1.

4.3.4 INTERFACE MODEL PROPERTIES

The connection between the concrete first floor and masonry piers was previously discussed in section 4.2.
To simulate the shear connection 3D line interface elements are applied. These elements solely incorporate
linear material properties, i.e. normal stiffness in y−direction and shear stiffness in both x− and z−direction.

Since there is only force transfer in global y−direction, due to the used shear connectors between the
masonry piers and concrete floor, only a stiffness in this direction should be applied. Therefore, stiffness
in both x− and z−direction are equal to zero. To estimate the shear stiffness of the interface elements the
following equation is used:

En,y = 100E

lad j
(4.11)

where the interface element normal stiffness is represented by En,y , E and lad j are respectively the stiffness
and the length of the elements adjacent to the interface.

The stiffness of masonry is significantly lower that the stiffness of concrete, therefore the masonry stiff-
ness is used to estimate the interface stiffness. In Table 4.1 the stiffness of masonry is given (Ey = 3264 MPa),
the length of adjacent elements is 200mm, which results in a stiffness of En,y = 1632 MPa according to Equa-
tion 4.11. The stiffness is shown in Table 4.1, together with the other material properties.
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Material Property Parameter Unit Value

Masonry

Elasticity
Young’s modulus

Perpendicular
to head joints

Ex MPa 2212

Perpendicular
to bed joints

Ey MPa 3264

Shear modulus Gx y MPa 1306

Mass density ρ kg/m3 1805

Cracking
Tensile strength Normal to bed joint ft y MPa 0.19

Tensile
fracture energy

G f t N/mm 0.0127

Angle between
stepped diagonal
crack and bed joint

θ rad 0.792

Crushing

Compressive
strength

fc MPa 5.84

Compressive
fracture energy

G f c N/mm 17.39

Factor to strain
at compressive
strength

n 5

Unloading factor λ 0

Shearing
Friction angle φ rad 0.406

Cohesion fv0 MPa 0.14

Concrete Elasticity
Young’s modulus Es MPa 35500

Poisson’s ratio ν 0.2

Mass density ρ kg/m3 2400

Interface Elasticity
Normal stiffness En,y MPa 1632

Shear stiffness
Et ,x MPa 0

Et ,z MPa 0

Table 4.1: Material properties used in the Finite element model



II
GEOMETRY VARIATION IN MASONRY

BUILDING

This part focusses on the finite element modelling of the full-scale CS brick masonry assemblage of the
house tested at the TU Delft, which is representative for a terraced house built in the period between 1960
and 1980 in the Groningen area. Some modifications to the geometry are applied to obtain a more realistic
view of crack propagation and failure mechanisms. A general setup of the finite element model was described
in chapter 4, in chapter 5 variations on this calibrated model are made. The focus here is on nonlinear push
over analyses conducted on the models with a variation in geometry, i.e. varying spandrel height. Results are
shown per model and finally discussed and compared to each other.



CHAPTER 5

NONLINEAR PUSHOVER
ANALYSES ON MASONRY

BUILDINGS WITH VARIATION
IN GEOMETRY

Multiple nonlinear pushover analyses were performed to investigate the influence of varying spandrel di-
mensions on the seismic response of the building. Three aspects are considered to determine the influence,
i.e. capacity curves, crack evolution and interstorey drifts. The basics of the model are based on the calcium
silicate (CS) brick masonry assemblage with concrete floors as tested at Delft University of Technology [1] and
the model described by Xu [2] and were presented in chapter 4. Variations in geometry were applied and will
be discussed in section 5.1. Then, in section 5.2 the settings used to perform the NLPO analyses are shown,
as is the application of the pushover loads. In section 5.3 the resulting capacity curves, crack evolution and
interstorey drifts of the various geometries are presented.

5.1 GEOMETRY VARIATIONS

To investigate the influence of spandrels to the seismic response of the building, some variations were made
to the geometry. The first variation on the geometry compared to the model described in chapter 4 is the
dimension of the small pier at the east side of the building. The width of that pier was made equal to the pier
on the west side of the building, i.e. 1100 mm. This variation in geometry was applied to obtain a symmet-
rical model. The response to an earthquake load in a symmetrical model will be similar in both directions.
A monotonic pushover analysis in only one direction (positive x−direction) will provide insight in the struc-
tural behaviour, without the computational burden of performing the analysis in both directions. This is
favourable when multiple geometry variations will be compared to each other.

Multiple variations in the spandrel geometry are analysed. The first model uses a spandrel height of 81
mm, which is about half the floor thickness. It is used as a reference to the original finite element model. As
illustrated in Figure 5.1, the height of the spandrel at second-floor level is defined as hspandr el , the height of
the spandrel at first floor level is defined as 2∗hspandr el .

Subsequent models were defined with a spandrel height of 200 mm, 300 mm, 400 mm, 500 mm, and 800
mm. These variations of the model are depicted in Figure 5.2. By increasing the spandrel height, the height
of the openings is decreasing at the same time. The height of the opening in its turn is related to the effective
height of the piers. If the piers are relatively slender (ratio l /h is small) the pier is expected to fail in a flexural
or rocking fashion. In case the slenderness of the piers decreases (ratio l /h increases) the type of failure is ex-
pected to change to a shear failure of the piers. To investigate when and if this behaviour will occur, the model
with a spandrel height of 800 mm was included. This model is arguably no longer a good representation of a

49



50 5. NONLINEAR PUSHOVER ANALYSES ON MASONRY BUILDINGS WITH VARIATION IN GEOMETRY

Figure 5.1: Definition of spandrel height at first- and second-floor level

typical Groningen terraced house, however the possible insight in a change of failure mechanism makes it a
valuable addition to the analysed models.

The increase of spandrel height is expected to have some additional effects on the structure. It is expected
to see an increase in the capacity of the structure as well as an increase of the stiffness of the structure.

5.2 SETUP NONLINEAR PUSHOVER ANALYSES

The general setup of the pushover analyses was chosen to be in line with the quasi-static pushover analysis
on the calcium-silicate brick masonry assemblage described in Ravenshorst et al. [1] and the following finite
element analyses performed by Xu [2]. In the laboratory tests on the full-scale assemblage, a steel frame (Fig-
ure 4.1) was used to apply the lateral load on the structure. In the finite element analyses a similar approach
was applied to impose a prescribed displacement on the structure. The loading method is further explained
in subsection 5.2.1.

5.2.1 PUSHOVER LOAD

The goal of the setup of the PO analysis is to obtain results that can be compared to the laboratory tests
and previously performed finite element analyses. Therefore, displacement-controlled loading is applied to
the structure, which also performs better with regard to convergence in the post-peak phase of the analyses.
Taking into account the symmetrical building, only half of it is modelled, a single rigid vertical steel beam is
added to the model which is connected at first- and second floor by a rigid steel truss element. The position
of the steel beam is based on the location of the actuators in the experiment and the steel beam in the model
derived from it.

By applying the load this way, the same force is applied on both floors, as was done in the experiment. The
vertical steel beam is positioned 1100 mm inward from the façade. The load, a deformation load, is applied
at midheight of the two floors. To apply this load a support is required in the direction of the prescribed
deformation. Therefore, a support in x-direction is added, so a deformation in global x-direction can be
applied. To make sure two equal forces are applied at both floors the support at the middle of the steel beam
allows for rotation of the beam in the xz-plane. Displacement in z-direction is restricted in the point, as is
rotation around its longitudinal axis to prevent torsion in the beam. Furthermore, displacement in y-direction
at both ends of the beam is restricted to prevent rotation in the yz-plane, see Figure 5.3.
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(a) hspandr el = 81mm (b) hspandr el = 200mm

(c) hspandr el = 300mm (d) hspandr el = 400mm

(e) hspandr el = 500mm (f) hspandr el = 800mm

Figure 5.2: Spandrel geometry variations

5.2.2 ANALYSIS PROCEDURE

The analysis is performed using DIANA. In the first ten load steps the self-weight of the structure is applied.
After this initial phase, the monotonic pushover is applied in positive x−direction. In Table 5.1 the analysis
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Figure 5.3: Steel frame to apply imposed displacement

Load Steps
Self-weight 10
Monotonic Loading 300 steps (0.35 mm per step)

Iteration method

Max. number of iterations 100
Iteration method Regular Newton – Raphson
First tangent Tangential
Line search Yes

Convergence norm
Satisfy either displacement norm (tolerance 0.01)
or force norm (tolerance 0.01)

Table 5.1: Analysis procedure of the monotonic pushover analysis

procedure of both phases is summarized. In this numerical analysis both physical and geometrical nonlin-
earities are considered. The monotonic pushover load is applied in 300 steps of 0.35 mm. The maximum
prescribed deformation in the last load step is 105 mm, which is 150% of the maximum displacement found
in the original laboratory tests.

The regular Newton-Raphson iteration method is used with a maximum number of iterations limited to
100 per load step. The line search option is enabled for the iteration method. The convergence criteria are set
to either satisfy the force norm of or the displacement norm.

5.3 RESULTS

The results of the monotonic pushover analyses in positive global x-direction on the various geometries are
discussed in this section. The following subsections contain the results per geometry variation, starting with
the base model, followed by models with increasing spandrel height. For all variations, the results are dis-
cussed by presenting the capacity curves obtained from the NLPO analyses. Initial- and secant stiffness as
well as stiffness degradation are presented in relation to the capacity curves. Furthermore, the crack evolu-
tion is presented in relation to the capacity curves, as well as the interstorey drift and displacement profile.
Finally, the results of the geometry variations are discussed and compared in relation to each other.
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5.3.1 BASE MODEL

The base model is a slight variation on the building tested in the laboratory [1] and original model analysed by
Xu [2]. The analysis on the original model was later repeated for a monotonic pushover analysis by Bhattarai
et al. [67]. The change of the base model compared to the original model is the use of symmetry. Both piers
have the same width, so the response in both direction is equal, therefore only one direction is considered.
The results of the base model are presented and used to be able to make a clear comparison between these
results and the results obtained from the models with a variation in geometry.

CAPACITY CURVE BASE MODEL

The capacity curve of the monotonic pushover analyses performed on the base model is shown in Figure 5.4.
The figure presents the base shear force obtained from the boundary condition at the bottom left of the left
pier in Figure 5.3. Since only half the model was analysed, due to symmetry, the obtained base shear force
is doubled to represent the value for the full model. The second-floor displacement, shown in the graph, is
derived from the node at the top left of the left pier.

The original model showed a similar initial stiffness of the numerical model compared to the experimen-
tal results. However, the finite element model exhibits an overestimation of the maximum shear force of the
structure compared to the experimental findings. Additionally, it is evident that the shear force in the numer-
ical model diminishes at a slower rate than in the experimental results, suggesting a higher ductility within
the numerical representation. The peak force obtained from the numerical model is 52.3 kN, marking a 12%
increase compared to the peak force obtained from the experimental results. It is expected that the numerical
models for the geometry variations also show overestimation of maximum base shear force and slower shear
force reduction compared to experimental results on these geometries.

Compared to the original model, the capacity of the base model is higher. The maximum base shear force
obtained from the base model is 70.2 kN, which is 35% higher than the original model. This increase could be
explained by the increase in width of the pier in the right side from 600 mm to 1100 mm. The piers, providing
in-plane resistance, increase in total width by approximately 30%. Additionally, a monotonic PO analysis is
applied, excluding the degradation related to cyclic loading in the original model. To illustrate the difference
the capacity curve of the base model, the calibrated model by Xu [2] and the experimental results are shown
in Figure 5.4.
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Figure 5.4: Capacity curve of base case model
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In Figure 5.4 not only the capacity curves are shown, also the initial stiffness and secant stiffness of the
base model are presented. The initial stiffness is defined as the stiffness obtained from the first load step of
the pushover analysis. The secant stiffness is defined as the secant line through the origin and the point on
the capacity curve where 60% of the maximum base shear force is reached. This value is given in NPR9998
[68] as a reliable equivalent stiffness that can be used to bi-linearise the force-displacement curve. The initial
stiffness obtained from the model is 19.0 kN/mm, while the secant stiffness is 11.1 kN/mm. The ratio between
the two values is 0.58, low values of this ratio are related to progressive damage, while when the ratio is close
to 1.0 cracking occurs close to the peak load and the max capacity is reached more suddenly.

In the capacity curve five points are indicated. The pseudo linear point is defined in the stage of the anal-
ysis where the behaviour of the structure is still linear. In this stage no significant damage has occurred. The
pre-peak point is defined before the maximum base shear force is reached, in the stage of the analysis where
damage has occurred. The behaviour is clearly no longer linear, and some stiffness degradation has occurred.
The post-peak point is defined after the maximum base shear force is reached, significant damage and stiff-
ness degradation has occurred.

Note that the models with a spandrel height of 300 mm and more do not show a clear peak. These models
reach a plateau. For these models, the same names are used for the three points; however, the pre-peak and
post-peak points are defined differently. The pre-peak point is defined in the stage of the analysis following
the pseudo linear stage. Similar to the definition in the other models some damage has occurred in this stage.
The post-peak point is defined after a clear drop of capacity in the plateau stage. Similar to the definition in
the other models, significant damage has occurred in this stage.

Apart from these three stages global drift limit (GDL) and interstorey drift limit (IDL) are indicated. These
are the points where global drift reaches 0.8% and interstorey drift reaches 1.5%. Global drift and interstorey
drift denote the ratio of the second-floor’s displacement to the building’s total height and the ratio of relative
floor displacement to the height of the corresponding floor, respectively.

CRACK EVOLUTION BASE MODEL

The crack pattern observed during the positive monotonic pushover analysis is discussed, since this load
case is considered for the following geometry variations. For comparison, the crack pattern obtained from
the experimental results are included in Figure 5.5. The crack plots obtained from the model are presented in
terms of the crack widths of the masonry walls. The crack width corresponding to a fully open crack can be
reasonably estimated by multiplying the crack strain (Equation 4.2) by the element size, i.e. 200 mm. Based
on the material properties a crack strain of 0.0007 is considered fully open. Consequently, a crack width of
0.13 mm is considered fully open and therefore used in the considered crack plots.

Figure 5.5: Crack pattern obtained from experimental results [1]

The initial cracks in the base model appear first at the top and bottom of the piers, mainly in the pier
on the right side. These cracks gradually widen, implying a rocking mechanism in both piers when the base
shear force reaches 50.4 kN and a corresponding second-floor displacement of 5.01 mm. In Figure 5.6 this
stage’s crack pattern is displayed, revealing cracks not only in the piers but also in the transverse walls at the
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location of rigid connections between wall and floor.

Figure 5.6: Crack pattern in the pseudo linear stage of base model

While the primary cracks persist in their positions at the top and bottom of the pier, they progressively
extend into other areas of both the piers and the transverse walls. Notably, crack openings emerge at the edge
of the left pier and into the transverse wall on the ground floor when the base shear force reaches 61.8 kN,
and the lateral displacement of the second floor hits 14.7 mm. In Figure 5.7 the crack width at this stage is
shown. With increasing displacement diagonal cracks emerge in the centre of the left pier at the ground floor.
These shear cracks within the left pier further develop and, start to form at the first floor of the right pier, with
increasing lateral displacement, a trend demonstrated in Figure 5.8, depicting the crack width when the base
shear force and second-floor displacement attain 64.2 kN and 60.5 mm, respectively. It is crucial to highlight
that the latter stage is in the post-peak region of the pushover capacity curve.

Figure 5.7: Crack pattern in the pre-peak stage of base model



56 5. NONLINEAR PUSHOVER ANALYSES ON MASONRY BUILDINGS WITH VARIATION IN GEOMETRY

Figure 5.8: Crack pattern in the post-peak stage of base model
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Apart from the three discussed stages, it is crucial for interpreting damage evolution to monitor specific
points where the global drift limit (GDL) reaches 0.8% and the interstorey drift limit (IDL) hits 1.5%. Global
drift and interstorey drift denote the ratio of the second-floor’s displacement to the building’s total height and
the ratio of relative floor displacement to the height of the corresponding floor, respectively. Figure 5.9 illus-
trates the crack widths observed at the GDL. Similarly, Figure 5.10 depicts the crack widths observed when
the IDL, specifically at the first-floor level, is reached. At the latter stage cracks are extending into the piers on
the first floor and the transverse wall on the left.

Figure 5.9: Crack width when global drift reaches 0.8% in the base model

Figure 5.10: Crack width when interstorey drift reaches 1.5% in the base model

INTERSTOREY DRIFT

The interstorey drift, as explained above, is determined by dividing the relative floor displacement by the
interstorey height, i.e. 2700 mm at ground floor level and 2600 mm at first floor level. In Figure 5.11 the
interstorey drift for both floors is shown. The interstorey drift of the ground floor increases more than the
interstorey drift of the first floor. Therefore, the limit of 1.5% is reached in the ground floor first. This is in line
with the cracks observed, which are more prevalent in the ground floor.
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Figure 5.11: Interstorey drift of ground- and first floor and displacement profile of the base model

The interstorey drift is relevant for further comparison with the results of the models with geometry vari-
ations. Therefore, these results are summarised here. In the initial stage the interstorey drifts of both floors
are identical, but they gradually diverge after reaching the peak. As shear cracks develop in the middle of the
pier at ground floor level, further damage tends to concentrate in that specific area. This might explain the
higher drift observed in the ground floor compared to the first floor. However, it should be noted that the
interstorey drifts observed in both floors is very comparable in this geometry. The displacement profile of the
house at the five levels marked in Figure 5.4, including the points where GDL and IDL are reached, is depicted
in Figure 5.11.

5.3.2 MODEL WITH SPANDREL HEIGHT 81 MM

The model with a spandrel height of 81 mm, as presented in 5.2a, is discussed in this section. This model is
only a slight variation on the base model. As described in section 5.1, in the model spandrels are introduced
with a height related to the floor thickness. It provides insight in how the model is affected by the introduction
of spandrels.

CAPACITY CURVE SPANDREL HEIGHT 81 MM

The capacity curve of the monotonic pushover analyses performed on the model with spandrel height of 81
mm is shown in Figure 5.12. Similar to the base model, the figure presents the base shear force obtained from
the boundary condition at the bottom left of the left pier and the second-floor displacement from the top left
of the left pier.

The peak force obtained from the numerical model is 73.6 kN, marking a 5% increase compared to the
peak force obtained from the base model results. The slight change in maximum base shear force could be
expected, since there is only a slight change in geometry compared to the base model.

The initial stiffness and secant stiffness are plotted in the same graph. The initial stiffness obtained from
the model is 19.2 kN/mm, while the secant stiffness is 11.3 kN/mm. The ratio between the two values is 0.59,
low values of this ratio are related to progressive damage, while when the ratio is close to 1 the cracking occurs
close to the peak load and the max capacity is reached more suddenly.

CRACK EVOLUTION SPANDREL HEIGHT 81 MM

The initial cracks in the model with a spandrel height of 81 mm appear first at the top and bottom of the
piers, mainly in the pier on the right side. These cracks gradually widen, implying a rocking mechanism in
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Figure 5.12: Capacity curve, initial stiffness, and secant stiffness of model with spandrel height 81 mm

both piers when the base shear force reaches 42.4 kN and a corresponding second-floor displacement of 3.74
mm. In Figure 5.13 this stage’s crack pattern is displayed, revealing cracks not only in the piers but also in the
transverse walls at the location of rigid connections between wall and floor.

Figure 5.13: Crack pattern in the pseudo linear stage of model 81 mm

While the primary cracks persist in their positions at the top and bottom of the pier, they progressively
extend into other areas of both the piers and the transverse walls. Notably, crack openings emerge at the edge
of the left pier and into the transverse wall on the ground floor when the base shear force reaches 60.2 kN, and
the lateral displacement of the second floor hits 14.6 mm. In Figure 5.14 the crack width at this stage is shown.
With increasing displacement diagonal cracks emerge in the centre of the left pier at the ground floor. These
shear cracks within the left pier further develop with increasing lateral displacement, a trend demonstrated
in Figure 5.15, depicting the crack width when the base shear force and second-floor displacement attain 69.5
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kN and 60.2 mm, respectively. This behaviour occurs in the post-peak region of the pushover capacity curve.

Figure 5.14: Crack pattern in the pre-peak stage of model 81 mm

Figure 5.15: Crack pattern in the post-peak stage of model 81 mm

The global drift limit and interstorey drift limit for the model are also determined. A global drift of 0.8%
is reached in load step 103, corresponding to a base shear force of 73.5 kN and a second-floor displacement
of 42.5 mm. The crack widths occurring at this stage are show in Figure 5.16. An interstorey drift of 1.5% is
reached in load step 177, the limit is reached in the ground floor level. At this stage the base shear force equals
56.7 kN, with a second-floor displacement of 76.0 mm. The cracks in this stage, shown in Figure 5.17, extend
into the left pier on the first floor as well as the transverse wall on the left.

INTERSTOREY DRIFT SPANDREL HEIGHT 81 MM

In Figure 5.18 the interstorey drift for both floors is shown. The interstorey drift of the ground floor increases
more than the interstorey drift of the first floor. Therefore, the limit of 1.5% is reached in the ground floor
first. This is in line with the cracks observed, which are more prevalent in the ground floor.
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Figure 5.16: Crack width when global drift reaches 0.8% in model 81 mm

Figure 5.17: Crack width when interstorey drift reaches 1.5% in model 81 mm

In the initial stage the interstorey drifts of both floors are identical, but they gradually diverge after reach-
ing the peak. As shear cracks develop in the middle of the pier at ground floor level, further damage tends to
concentrate in that specific area. This might explain the higher drift observed in the ground floor compared
to the first floor. The displacement profile of the house at the five levels marked in Figure 5.12, including the
points where GDL and IDL are reached, is depicted in Figure 5.18.

5.3.3 MODEL WITH SPANDREL HEIGHT 200 MM

The model with a spandrel height of 200 mm, as presented in 5.2b, is discussed in this section. The spandrels
in this model have a height of 200 mm, which is equal to a single element in the finite element model.

CAPACITY CURVE SPANDREL HEIGHT 200 MM

The capacity curve of the monotonic pushover analyses performed on the model with spandrel height of 200
mm is shown in Figure 5.19. This figure illustrates the base shear force, which is determined by the boundary
conditions at the lower left corner of the left pier, and the displacement of the second floor at the upper left
corner of the same pier, similar to the results observed in previous models.
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Figure 5.18: Interstorey drift of ground- and first floor and displacement profile of model 81 mm

The peak force obtained from the numerical model is 89.9 kN, marking a 22% increase compared to the
peak force obtained from the model with an 81 mm spandrel height. The increase in spandrel height in-
creases the area of the in-plane loaded wall and decreases the height of the piers between the spandrels. The
reduces height might explain a higher resistance against a rocking type of failure.

The initial stiffness and secant stiffness are plotted in the same graph. The initial stiffness obtained from
the model is 20.7 kN/mm, while the secant stiffness is 12.0 kN/mm. The ratio between the two values is 0.58,
which is similar to the ratio found in the previous model and is associated to progressive damage.
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Figure 5.19: Capacity curve, initial stiffness, and secant stiffness of model with spandrel height 200 mm
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CRACK EVOLUTION SPANDREL HEIGHT 200 MM

The initial signs of damage in the model, which features a spandrel height of 200 mm, manifest as cracks at
the upper and lower regions of the piers, predominantly on the right-side pier. These cracks progressively
expand, suggesting a rocking mechanism within both piers. This phenomenon becomes apparent when the
base shear force reaches 51.5 kN, coinciding with a second-floor displacement of 4.15 mm. Figure 5.20 illus-
trates the crack pattern at this phase, highlighting not only the piers but also the transverse walls, particularly
the formation of cracks where rigid connections exist between the walls and the floor.

Figure 5.20: Crack pattern in the pseudo linear stage of model 200 mm

The primary cracks remain fixed at the top and bottom of the pier, yet they gradually spread to other sec-
tions of both the piers and the transverse walls. Notably, cracks begin to appear at the edge of the left pier and
extend into the transverse wall on the ground floor when the base shear force hits 77.8 kN, coinciding with a
lateral displacement of 14.5 mm on the second floor. The crack width in this stage is illustrated in Figure 5.21.
As the displacement increases, diagonal cracks start to form in the centre of the left pier at the ground level.
These shear cracks in the left pier continue to evolve as the lateral displacement grows, a pattern that is evi-
dent in Figure 5.22, which shows the crack width at the point where the base shear force reaches 83.8 kN and
the second-floor displacement is 59.6 mm. At this point diagonal shear cracks also start to for in the right
pier. This pattern of cracking is observed in the post-peak phase of the pushover capacity curve. Diagonal
shear cracks in the right pier were not observed in the previous models.

The global drift limit and interstorey drift limit for the model are also determined. A global drift of 0.8%
is reached in load step 104, corresponding to a base shear force of 89.8 kN and a second-floor displacement
of 42.5 mm. The crack widths occurring at this stage are show in Figure 5.23. An interstorey drift of 1.5% is
reached in load step 168, the limit is reached in the ground floor level. At this stage the base shear force equals
76.0 kN, with a second-floor displacement of 70.3 mm. The cracks in this stage, shown in Figure 5.24, propa-
gate into the left pier on the first floor and the adjacent transverse wall. The rigid connection between floors
and transverse walls are all fully cracked at this stage. The diagonal shear cracks in the right pier continue to
grow at this stage.

INTERSTOREY DRIFT SPANDREL HEIGHT 200 MM

Figure 5.25 illustrates the interstorey drift for both the ground and first floors. It is evident that the drift ex-
perienced by the ground floor is significantly greater, than at the first floor. Consequently, the ground floor
reaches the threshold limit of 1.5% interstorey drift before the first floor does. This observation correlates
with the distribution of cracks, which are predominantly found on the ground floor. The sudden increase in
interstorey drift at the ground floor around the 1.5% mark coincides with a sudden change in the capacity
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Figure 5.21: Crack pattern in the pre-peak stage of model 200 mm

Figure 5.22: Crack pattern in the post-peak stage of model 200 mm

curve, which could be caused by the sudden formation of new cracks.

In the initial stage the interstorey drifts of both floors are identical, but they gradually diverge after reach-
ing the peak. As shear cracks develop in the middle of the piers at ground floor level, further damage tends to
concentrate in those areas. This might explain the higher drift observed in the ground floor compared to the
first floor. The displacement profile of the house at the five levels marked in Figure 5.19, including the points
where GDL and IDL are reached, is depicted in Figure 5.25.

5.3.4 MODEL WITH SPANDREL HEIGHT 300 MM

The model with a spandrel height of 300 mm, as presented in 5.2c, is discussed in this section. The spandrels
in this model have a height of 300 mm, which is not a multiple of 200. This causes the mesh to be less regular,
however not in such a way that it would influence the results.

CAPACITY CURVE SPANDREL HEIGHT 300 MM

The capacity curve of the monotonic pushover analyses performed on the model with spandrel height of 300
mm is shown in Figure 5.26. This figure illustrates the base shear force, which is determined by the boundary
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Figure 5.23: Crack width when global drift reaches 0.8% in model 200 mm

Figure 5.24: Crack width when interstorey drift reaches 1.5% in model 200 mm

conditions at the lower left corner of the left pier, and the displacement of the second floor at the upper left
corner of the same pier, similar to the results observed in previous models.

The peak force obtained from the numerical model is 98.1 kN, marking a 9% increase compared to the
peak force obtained from the model with a 200 mm spandrel height results. The increase in spandrel height
increases the area of the in-plane loaded wall and decreases the height of the piers between the spandrels.
The reduces height might explain a higher resistance against a rocking type of failure. The increase in span-
drel height from 200 mm to 300 mm is relatively small compared to the increase from 81 mm to 200 mm,
which might explain the smaller increase in maximum base shear force.

The initial stiffness and secant stiffness are plotted in the same graph. The initial stiffness obtained from
the model is 23.5 kN/mm, while the secant stiffness is 14.6 kN/mm. The ratio between the two values is 0.62,
which is slightly higher than the ratio found in the previous model and is associated to progressive damage.

A clear difference between the capacity curve and the curves of the models with less spandrel height is
observed. Instead of a clear peak a sort of plateau with spikes occurs.
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Figure 5.25: Interstorey drift of ground- and first floor and displacement profile of model 200 mm
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Figure 5.26: Capacity curve, initial stiffness, and secant stiffness of model with spandrel height 300 mm

CRACK EVOLUTION SPANDREL HEIGHT 300 MM

The initial signs of damage in the model, which features a spandrel height of 300 mm, manifest as cracks at
the upper and lower regions of the piers, predominantly on the right-side pier. These cracks progressively ex-
pand, suggesting a rocking mechanism within both piers. However, in contrast to the previous models at this
stage, cracks begin to appear at the edge of the left pier. Cracks also start to form at the bottom of the top-right
pier, at the connection with the spandrel. This phenomenon becomes apparent when the base shear force
reaches 59.6 kN, coinciding with a second-floor displacement of 4.09 mm. Figure 5.27 illustrates the crack
pattern at this phase, highlighting not only the piers but also the transverse walls, particularly the formation
of cracks where rigid connections exist between the walls and the floor.

The primary cracks remain fixed at the top and bottom of the pier, yet they gradually spread to other
sections of both the piers and the transverse walls. It is notable the cracks forming at the top of the left pier
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Figure 5.27: Crack pattern in the pseudo linear stage of model 300 mm

appear at the bottom of the spandrel. Diagonal shear cracks begin to appear at the bottom-left pier, with ad-
ditional cracks developing at the pier’s edge and extending into the transverse wall on the ground floor, when
the base shear force reaches 92.1 kN, corresponding to a lateral displacement of 14.2 mm on the second floor.
The crack width in this stage is illustrated in Figure 5.28. As the displacement increases, diagonal cracks ex-
tend in the centre of the left pier and start to form at the right pier at the ground level. These shear cracks
continue to evolve as the lateral displacement grows, a pattern that is evident in Figure 5.29, which shows
the crack width at the point where the base shear force reaches 87.8 kN and the second-floor displacement
is 35.2 mm. This pattern of cracking is observed in the post-peak phase of the pushover capacity curve. It
is also worth noting that there is crack development in the bottom spandrel, which was less apparent in the
previous model. At this stage, the rigid connection between floors and transverse walls are all fully cracked.

Figure 5.28: Crack pattern in the pre-peak stage of model 300 mm

The global drift limit and interstorey drift limit for the model are also determined. A global drift of 0.8%
is reached in load step 106, corresponding to a base shear force of 92.4 kN and a second-floor displacement
of 42.2 mm. The crack widths occurring at this stage are show in Figure 5.30. An interstorey drift of 1.5%
is reached in load step 162, the limit is reached in the ground floor level. At this stage the base shear force
equals 84.4 kN, with a second-floor displacement of 65.8 mm. The cracks in this stage, shown in Figure 5.31,
propagate into the left pier on the first floor and the adjacent transverse wall. The piers at the height of the
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Figure 5.29: Crack pattern in the post-peak stage of model 300 mm

top spandrel are fully cracked. The diagonal shear cracks in both bottom piers continue to grow at this stage.

Figure 5.30: Crack width when global drift reaches 0.8% in model 300 mm

INTERSTOREY DRIFT SPANDREL HEIGHT 300 MM

Figure 5.32 illustrates the interstorey drift for both the ground and first floors. It is evident that the drift ex-
perienced by the ground floor is significantly greater, than at the first floor. Consequently, the ground floor
reaches the threshold limit of 1.5% interstorey drift before the first floor does. This observation correlates
with the distribution of cracks, which are predominantly found on the ground floor. In this model the first
floor barely reaches the interstorey drift of 1.5%.

The interstorey drifts of both floors start to diverge early in the analysis. As shear cracks develop in the
middle of the piers at ground floor level, further damage tends to concentrate in those areas and the lower
spandrel. This might explain the higher drift observed in the ground floor compared to the first floor. The
displacement profile of the house at the five levels marked in Figure 5.26, including the points where GDL
and IDL are reached, is depicted in Figure 5.32. It is notable that the displacement profile becomes less linear
compared to the previous geometries.
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Figure 5.31: Crack width when interstorey drift reaches 1.5% in model 300 mm
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Figure 5.32: Interstorey drift of ground- and first floor and displacement profile of model 300 mm

5.3.5 MODEL WITH SPANDREL HEIGHT 400 MM

The model with a spandrel height of 400 mm, as presented in 5.2d, is discussed in this section. The spandrels
in this model have a height of 400 mm, which is equal to two finite elements in the model.

CAPACITY CURVE SPANDREL HEIGHT 400 MM

The capacity curve of the monotonic pushover analyses performed on the model with spandrel height of 400
mm is shown in Figure 5.33. This figure illustrates the base shear force, which is determined by the boundary
conditions at the lower left corner of the left pier, and the displacement of the second floor at the upper left
corner of the same pier, similar to the results observed in previous models.

The peak force obtained from the numerical model is 104,2 kN, marking a 6% increase compared to the
peak force obtained from the model with a 300 mm spandrel height results. The increase in spandrel height
increases the area of the in-plane loaded wall and decreases the height of the piers between the spandrels.
The reduces height might explain a higher resistance against a rocking type of failure. The increase in span-
drel height from 300 mm to 400 mm is relatively small compared to the increase from 200 mm to 300 mm,
which might explain the smaller increase in maximum base shear force.
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The initial stiffness and secant stiffness are plotted in the same graph. The initial stiffness obtained from
the model is 27.7 kN/mm, while the secant stiffness is 18.3 kN/mm. The ratio between the two values is 0.66,
which is slightly higher than the ratio found in the previous model and is associated to progressive damage.
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Figure 5.33: Capacity curve, initial stiffness, and secant stiffness of model with spandrel height 400 mm

CRACK EVOLUTION SPANDREL HEIGHT 400 MM

The initial signs of damage in the model, which features a spandrel height of 400 mm, manifest as cracks at
the upper and lower regions of the piers, predominantly on the right-side pier. These cracks progressively ex-
pand, suggesting a rocking mechanism within both piers. Similar to the previous model at this stage, cracks
begin to appear at the edge of the left pier. Cracks also start to form at the bottom of the top-right pier and the
top of the bottom-left pier, at the connection with the spandrel. This phenomenon becomes apparent when
the base shear force reaches 69.3 kN, coinciding with a second-floor displacement of 4.00 mm. Figure 5.34
illustrates the crack pattern at this phase, highlighting not only the piers but also the transverse walls, partic-
ularly the formation of cracks where rigid connections exist between the walls and the floor.

The primary cracks remain fixed at the top and bottom of the pier, yet they gradually spread to other
sections of both the piers and the transverse walls. It is notable the cracks forming at the top of the left pier
appear at the bottom of the spandrel. Diagonal shear cracks begin to appear in the lower piers, the cracks
along the edge of the left pier, extend into the transverse wall on the ground floor. Cracks also start to form in
the bottom spandrel predominantly on the right side of the building. These occur when the base shear force
reaches 90.6 kN, coinciding with a lateral displacement of 13.9 mm on the second floor. The crack width in
this stage is illustrated in Figure 5.35. As the displacement increases, diagonal cracks extend in the centre
of both piers at the ground level. These shear cracks continue to evolve as the lateral displacement grows, a
pattern that is evident in Figure 5.36, which shows the crack width at the point where the base shear force
reaches 90.2 kN and the second-floor displacement is 34.1 mm. This pattern of cracking is observed in the
post-peak phase of the pushover capacity curve. The cracks in the bottom spandrel further develop to the left
and are evenly distributed. At this stage, the rigid connection between floors and transverse walls are fully
cracked, except at the connection between the left transverse wall and the second floor. The cracks in the
transverse wall develop at the height of the bottom of the top spandrel, similar to the adjacent pier. At the
top of the bottom-left pier a horizontal crack starts to develop starting from the connection with the spandrel.
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Figure 5.34: Crack pattern in the pseudo linear stage of model 400 mm

Figure 5.35: Crack pattern in the pre-peak stage of model 400 mm

The global drift limit and interstorey drift limit for the model are also determined. A global drift of 0.8%
is reached in load step 110, corresponding to a base shear force of 94.5 kN and a second-floor displacement
of 42.4 mm. The crack widths occurring at this stage are show in Figure 5.37. An interstorey drift of 1.5%
is reached in load step 152, the limit is reached in the ground floor level. At this stage, the base shear force
equals 91.0 kN, with a second-floor displacement of 58.9 mm. The cracks in this stage, shown in Figure 5.38,
propagate into the left pier on the first floor and the adjacent transverse wall. Diagonal shear cracks are form-
ing in the first-floor left pier, starting from the top. The piers at the height of the top spandrel are fully cracked.
The diagonal shear cracks in both bottom piers and the cracks in the transverse wall at top spandrel height
continue to grow at this stage.

INTERSTOREY DRIFT SPANDREL HEIGHT 400 MM

Figure 5.39 illustrates the interstorey drift for both the ground and first floors. It is evident that the drift ex-
perienced by the ground floor is significantly greater, than at the first floor. Consequently, the ground floor
reaches the threshold limit of 1.5% interstorey drift before the first floor does. Moreover, the limit of 1.5% in-
terstorey drift is not reached in the first floor in this analysis. This observation correlates with the distribution
of cracks, which are predominantly found on the ground floor.



72 5. NONLINEAR PUSHOVER ANALYSES ON MASONRY BUILDINGS WITH VARIATION IN GEOMETRY

Figure 5.36: Crack pattern in the post-peak stage of model 400 mm

Figure 5.37: Crack width when global drift reaches 0.8% in model 400 mm

The interstorey drifts of both floors start to diverge early in the analysis, even earlier than the model with
spandrel height 300 mm. As shear cracks develop in the middle of the piers at ground floor level, further
damage tends to concentrate in those areas and the lower spandrel. This might explain the higher drift ob-
served in the ground floor compared to the first floor. At a second-floor displacement around 80 mm here is
a sudden change in interstorey drift, this corresponds to a point in the capacity curve where a sudden drop in
capacity is present. The displacement profile of the house at the five levels marked in Figure 5.33, including
the points where GDL and IDL are reached, is depicted in Figure 5.39. It is notable that the displacement
profile becomes less linear compared to the previous geometries.

5.3.6 MODEL WITH SPANDREL HEIGHT 500 MM

The model with a spandrel height of 500 mm, as presented in 5.2e, is discussed in this section. The spandrels
in this model have a height of 500 mm, which are represented by three finite elements. Since it is not a
multiple of 200 the mesh is less regular, however not in such a way that it would influence the results.
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Figure 5.38: Crack width when interstorey drift reaches 1.5% in model 400 mm
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Figure 5.39: Interstorey drift of ground- and first floor and displacement profile of model 400 mm

CAPACITY CURVE SPANDREL HEIGHT 500 MM

The capacity curve of the monotonic pushover analyses performed on the model with spandrel height of 500
mm is shown in Figure 5.40. This figure illustrates the base shear force, which is determined by the boundary
conditions at the lower left corner of the left pier, and the displacement of the second floor at the upper left
corner of the same pier, similar to the results observed in previous models.

The peak force obtained from the numerical model is 111.5 kN, marking a 7% increase compared to the
peak force obtained from the model with a 400 mm spandrel height results. The increase in spandrel height
increases the area of the in-plane loaded wall and decreases the height of the piers between the spandrels.
The reduces height might explain a higher resistance against a rocking type of failure. The increase in span-
drel height from 400 mm to 500 mm is relatively small compared to the increase from 300 mm to 400 mm,
however the increase in maximum base shear force is larger.

The initial stiffness and secant stiffness are plotted in the same graph. The initial stiffness obtained from
the model is 33.0 kN/mm, while the secant stiffness is 25.6 kN/mm. The ratio between the two values is
0.78, which is significantly higher than the ratio found in the previous model and is associated with suddenly
reaching the maximum capacity and less ductile behaviour.
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Figure 5.40: Capacity curve, initial stiffness, and secant stiffness of model with spandrel height 500 mm

CRACK EVOLUTION SPANDREL HEIGHT 500 MM

The initial signs of damage in the model, which features a spandrel height of 500 mm, manifest as cracks at
the upper and lower regions of the piers, predominantly on the right-side pier. These cracks progressively ex-
pand, suggesting a rocking mechanism within both piers. Similar to the previous model at this stage, cracks
begin to appear at the edge of the left pier. Cracks also start to form at the bottom of the top-right pier and the
top of the bottom-left pier, at the connection with the spandrel. This phenomenon becomes apparent when
the base shear force reaches 79.5 kN, coinciding with a second-floor displacement of 3.89 mm. Figure 5.41
illustrates the crack pattern at this phase, highlighting not only the piers but also the transverse walls, partic-
ularly the formation of cracks where rigid connections exist between the walls and the floor.

The primary cracks remain fixed at the top and bottom of the pier, yet they gradually spread to other
sections of both the piers and the transverse walls. It is notable the cracks forming at the top of the left pier
appear at the bottom of the spandrel. Diagonal shear cracks begin to appear in the lower piers, the cracks
along the edge of the left pier, extend into the transverse wall on the ground floor. Cracks also start to form in
the bottom spandrel predominantly on the right side of the building. Most rigid connections between trans-
verse wall and floors or support are cracked in this stage. These occur when the base shear force reaches 97.7
kN, coinciding with a lateral displacement of 13.1 mm on the second floor. The crack width in this stage is
illustrated in Figure 5.42. As the displacement increases, diagonal cracks extend in the centre of both piers at
the ground level. These shear cracks continue to evolve as the lateral displacement grows, a pattern that is
evident in Figure 5.43, which shows the crack width at the point where the base shear force reaches 100.0 kN
and the second-floor displacement is 32.8 mm. This pattern of cracking is observed in the post-peak phase
of the pushover capacity curve. The cracks in the bottom spandrel further develop to the left but are more
significant on the right side. At this stage, the rigid connection between floors and transverse walls are fully
cracked, except at the connection between the left transverse wall and the second floor. The cracks in the
transverse wall develop at the height of the bottom of the top spandrel, similar to the adjacent pier. This be-
haviour is similar to that of the previous model. At the top of the bottom-left pier a horizontal crack develops
and is almost fully cracked at this point.
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Figure 5.41: Crack pattern in the pseudo linear stage of model 500 mm

Figure 5.42: Crack pattern in the pre-peak stage of model 500 mm

The global drift limit and interstorey drift limit for the model are also determined. A global drift of 0.8%
is reached in load step 110, corresponding to a base shear force of 96.4 kN and a second-floor displacement
of 40.8 mm. The crack widths occurring at this stage are show in Figure 5.44. It is notable that cracks form at
this stage in both transverse walls at the height of the bottom of both spandrels, starting from the piers. An
interstorey drift of 1.5% is reached in load step 147, the limit is reached in the ground floor level. At this stage,
the base shear force equals 101.4 kN, with a second-floor displacement of 55.4 mm. The cracks in this stage,
shown in Figure 5.45, propagate into the left pier on the first floor and the adjacent transverse wall. Diagonal
shear cracks are forming in the first-floor left pier, starting from the top. The piers at the height of the top
spandrel are fully cracked. The diagonal shear cracks in both bottom piers and the cracks in the transverse
walls at spandrel height continue to grow at this stage.

INTERSTOREY DRIFT SPANDREL HEIGHT 500 MM

Figure 5.46 illustrates the interstorey drift for both the ground and first floors. It is evident that the drift ex-
perienced by the ground floor is significantly greater, than at the first floor. Consequently, the ground floor
reaches the threshold limit of 1.5% interstorey drift before the first floor does. Moreover, the limit of 1.5% in-
terstorey drift is not reached in the first floor in this analysis. This observation correlates with the distribution



76 5. NONLINEAR PUSHOVER ANALYSES ON MASONRY BUILDINGS WITH VARIATION IN GEOMETRY

Figure 5.43: Crack pattern in the post-peak stage of model 500 mm

Figure 5.44: Crack width when global drift reaches 0.8% in model 500 mm

of cracks, which are predominantly found on the ground floor.

The interstorey drifts of both floors start to diverge early in the analysis, even earlier than the model with
spandrel height 400 mm. As shear cracks develop in the middle of the piers at ground floor level, further
damage tends to concentrate in those areas and the lower spandrel. This might explain the higher drift ob-
served in the ground floor compared to the first floor. At a second-floor displacement around 70 mm here is
a sudden change in interstorey drift, this corresponds to a point in the capacity curve where a sudden drop in
capacity is present. The displacement profile of the house at the five levels marked in Figure 5.40, including
the points where GDL and IDL are reached, is depicted in Figure 5.46. It is notable that the displacement
profile becomes less linear compared to the previous geometries.

5.3.7 MODEL WITH SPANDREL HEIGHT 800 MM

The model with a spandrel height of 800 mm, as presented in 5.2f, is discussed in this section. The spandrels
in this model have a height of 800 mm, which are represented by four finite elements. The model is used to
get an insight in the behaviour in a more extreme case.



5.3. RESULTS 77

Figure 5.45: Crack width when interstorey drift reaches 1.5% in model 500 mm
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Figure 5.46: Interstorey drift of ground- and first floor and displacement profile of model 500 mm

CAPACITY CURVE SPANDREL HEIGHT 800 MM

The capacity curve of the monotonic pushover analyses performed on the model with spandrel height of 800
mm is shown in Figure 5.47. This figure illustrates the base shear force, which is determined by the boundary
conditions at the lower left corner of the left pier, and the displacement of the second floor at the upper left
corner of the same pier, similar to the results observed in previous models.

The peak force obtained from the numerical model is 129.8 kN, marking a 16% increase compared to the
peak force obtained from the model with a 500 mm spandrel height results. The increase in spandrel height
increases the area of the in-plane loaded wall and decreases the height of the piers between the spandrels.
The reduces height might explain a higher resistance against a rocking type of failure. The increase in span-
drel height from 500 mm to 800 mm is relatively large compared to the increase from 400 mm to 500 mm,
which might explain the increase in maximum base shear force. It is notable there is an increase in base
shear force after the first peak, which did not occur in the other models. The possible cause of this increase
of capacity is discussed in Figure 5.4.1

The initial stiffness and secant stiffness are plotted in the same graph. The initial stiffness obtained from
the model is 53.5 kN/mm, while the secant stiffness is 41.5 kN/mm. The ratio between the two values is 0.78,
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which is similar to the ratio found in the previous model and is associated with suddenly reaching the maxi-
mum capacity and less ductile behaviour.
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Figure 5.47: Capacity curve, initial stiffness, and secant stiffness of model with spandrel height 800 mm

CRACK EVOLUTION SPANDREL HEIGHT 800 MM

The initial signs of damage in the model, which features a spandrel height of 800 mm, manifest as cracks
at the lower regions of the piers, predominantly on the right-side pier. These cracks expand into diagonal
cracks, suggesting a shear mechanism within both piers. Similar to the previous model at this stage, cracks
begin to appear at the edge of the left pier. Cracks also start to form at the top of the bottom-left pier, at the
connection with the spandrel. This phenomenon becomes apparent when the base shear force exceeds 71.6
kN, coinciding with a second-floor displacement of 1.62 mm. Figure 5.48 illustrates the crack pattern at this
phase. Up to this point, there are barely any cracks, and the behaviour remains fairly linear. However, as
diagonal cracks begin to form, the behaviour becomes nonlinear.

The primary cracks remain fixed in the centre of the piers at the ground floor level, yet they gradually
spread to other sections of both the piers and the transverse walls. It is notable the diagonal cracks from the
right pier are extending into the right side of the bottom spandrel. Cracks are also forming at the edges be-
tween the piers and the transverse walls on the ground floor. Most rigid connections between transverse wall
and floors or support are cracked in this stage. These occur when the base shear force reaches 112.0 kN, coin-
ciding with a lateral displacement of 12.0 mm on the second floor. The crack width in this stage is illustrated
in Figure 5.49. As the displacement increases, diagonal cracks extend in the centre of both piers at the ground
level. These shear cracks continue to evolve as the lateral displacement grows, a pattern that is evident in
Figure 5.50, which shows the crack width at the point where the base shear force reaches 101.4 kN and the
second-floor displacement is 36.7 mm. At this stage, the piers and transverse walls at the level of the bottom
of the lower spandrel are severely cracked. This pattern of cracking is observed in the post-peak phase of the
pushover capacity curve, however, before the further increase in capacity. The cracks in the bottom spandrel
further develop to the left but are more significant on the right side. At this stage, the rigid connection be-
tween floors and right transverse wall are fully cracked. The cracks in the left transverse wall develop at the
height of the bottom of the lower spandrel, similar to the adjacent pier. There is a large cracked area in the
right transverse wall forming at this stage.
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Figure 5.48: Crack pattern in the pseudo linear stage of model 800 mm

Figure 5.49: Crack pattern in the pre-peak stage of model 800 mm

The global drift limit and interstorey drift limit for the model are also determined. A global drift of 0.8%
is reached in load step 126, corresponding to a base shear force of 108.3 kN and a second-floor displacement
of 42.4 mm. The crack widths occurring at this stage are show in Figure 5.51. It is notable that cracks not
many new cracks form at this stage, the large cracked area in the transverse wall is extending. An interstorey
drift of 1.5% is reached in load step 132, the limit is reached in the ground floor level. At this stage, the base
shear force equals 110.5 kN, with a second-floor displacement of 44.7 mm. The cracks in this stage, shown in
Figure 5.52, are stable. Not many new cracks are formed, some new cracks occur in the lower spandrel and
the large cracked area in the transverse wall is extending somewhat.

INTERSTOREY DRIFT SPANDREL HEIGHT 800 MM

Figure 5.53 illustrates the interstorey drift for both the ground and first floors. It is evident that the drift ex-
perienced by the ground floor is significantly greater, than at the first floor. Consequently, the ground floor
reaches the threshold limit of 1.5% interstorey drift before the first floor does. Moreover, the limit of 1.5%
interstorey drift is not reached in the first floor in this analysis. This observation correlates with the distribu-
tion of cracks, which are predominantly found on the ground floor. Almost all deformation is present in the
ground floor, while the first floor is rigidly moving with it.
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Figure 5.50: Crack pattern in the post-peak stage of model 800 mm

Figure 5.51: Crack width when global drift reaches 0.8% in model 800 mm

The interstorey drifts of both floors are diverging from the start of the analysis. As shear cracks develop in
the middle of the piers at ground floor level, further damage tends to concentrate in those areas and the lower
spandrel. After the first peak in the capacity curve the walls are all, almost fully, cracked at the height of the
bottom of the lower spandrel. The displacement profile of the house at the five levels marked in Figure 5.47,
including the points where GDL and IDL are reached, is depicted in Figure 5.53. It is notable that almost all
deformation is in the bottom storey.

5.4 DISCUSSION AND COMPARISON

In section 5.3 the results of the NLPO analyses on the masonry house models with different geometries are
shown. In this section the results are further discussed, the main goal is to compare the results of the models
obtain insight in the effect of the geometry variations on the structural behaviour. The geometries are mainly
compared on structural capacity, stiffness degradation and failure mechanism.
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Figure 5.52: Crack width when interstorey drift reaches 1.5% in model 800 mm
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Figure 5.53: Interstorey drift of ground- and first floor and displacement profile of model 800 mm

5.4.1 STRUCTURAL CAPACITY

In Figure 5.54 the capacity curves of the models are shown. Some remarkable points in the capacity curves
are indicated with arrows. The significance of these points is discussed in the following sections. There are
some general trends observed in the capacity curves of the models. The observed maximum base shear force
increases with spandrel height. A similar relation is observed for stiffness, both initial- and secant stiffness
increase with spandrel height.

A notable change in the capacity curves is observed in the models with spandrel heights of 300 mm and
more. Models with smaller spandrels show a clear peak in their capacity, while these models with higher
spandrels reach a plateau where spikes in capacity are observed. Why these spikes occur is not clear. They
might be caused numerically, some cracks closing, others opening, which leads to approximately the same
base shear force, but not exactly. Furthermore, why the plateau occurs and no clear peak force is found in
these models is not clear either. It might be related to the change in deformation profile over the height
where more of the deformation concentrates in the ground floor storey without a significant reduction in the
base shear force. However, there might be other reasons why this behaviour occurs in these models.
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Figure 5.54: Capacity curves of geometry variations

MODEL WITH SPANDREL HEIGHT 81 MM

The model shown in Figure 5.55 is the variation with a spandrel width of 81 mm. The crack pattern is shown
in two consecutive load steps indicated by the black arrow in Figure 5.54, i.e. load step 149 and load step
150. In the capacity curve a sudden drop is visible at these load steps, which could have either a physical or a
numerical cause. Here it is clearly caused by a physical phenomenon, namely the sudden formation of new
cracks. The cracks form mainly in the left transverse wall and the connection to the adjacent pier.

The sudden formation of cracks and the corresponding change in stiffness also results in numerical issues
in this case. Due to the change in stiffness, it becomes harder to find a converged solution. Both load step
150 and 151 of the analysis did not converge, which are the only non-converged steps of the analysis. After
a sudden stiffness change it could take some load steps to find a converged solution again. Load step 151
was already closer to meeting the convergence criteria again. As long as there are not many consecutive
non-converged load steps, the impact on the result of the analysis is small.

MODEL WITH SPANDREL HEIGHT 500 MM

The model shown in Figure 5.56 is the variation with a spandrel height of 500 mm. The crack pattern is shown
in two consecutive load steps, i.e. load step 64 and load step 65. This corresponds to the point in the capacity
curve first significantly drops, around a second-floor displacement of 20 mm. It is clear from the image that
a sudden increase in cracks causes this drop in capacity. From load step 64 to 65 a full crack develops at the
connection between the transverse wall and the first floor. It is notable that despite the sudden change in
stiffness the following load steps all find a converged solution.

Another sudden change in the capacity curve is indicated by the orange arrow in Figure 5.54, i.e. load
step 178 and load step 179. This drop again is caused by the formation of new cracks, especially in the trans-
verse walls. It is clear from Figure 5.57 that the cracks at the right transverse wall mainly develop at the
same height as the spandrel. Load step 179 is the only non-converged step of the analysis. In this case the
non-convergence again could be explained by the sudden change in stiffness. Since there is only one non-
converged step and the out of balance force and displacement variation were not far off the convergence
criteria, the impact on the result is small.
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Figure 5.55: Crack pattern before and after drop in capacity model with spandrel height 81 mm

Figure 5.56: Crack pattern before and after first drop in capacity model with spandrel height 500 mm

MODEL WITH SPANDREL HEIGHT 800 MM

The model shown in Figure 5.58 is the variation with a spandrel height of 800 mm. The crack pattern is shown
in two load steps indicating the start and end of the decrease in capacity marked by de red arrow in Fig-
ure 5.54, i.e. load step 80 and load step 110. The decrease in capacity is gradual in this case and corresponds
to the formation of cracks in the right transverse wall. The cracks form over the height between the bottom
of the lower spandrel and first floor level. Since the stiffness reduction in this phase of the analysis is more
gradual due to the gradual formation of cracks, there are no numerical issues, and all load steps converged.

A more sudden change in the capacity curve of the model with spandrel height 800 is indicated by the
blue arrow in Figure 5.54. It occurs at a second-floor displacement of 60 mm, corresponding to load step 170
and 171. The crack pattern in these two load steps is shown in Figure 5.59. There is not a clear cause for this
sudden drop in capacity. There is some progressive crack development, however it is not extensive. Further-
more, there are no numerical issues in the analysis. All load steps in the analysis are converged.

The cracks starting to form over the height between the bottom of the lower spandrel and first floor level,
as shown in Figure 5.58, further develop during the analysis. The location of these cracks was already visible
in the model with spandrel height 500. By increasing the height of the spandrel, the part of the structure be-
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Figure 5.57: Crack pattern before and after drop in capacity model with spandrel height 500 mm

Figure 5.58: Crack pattern before and after gradual drop in capacity model with spandrel height 800 mm

comes relatively stiff, causing to transfer more load. The transverse wall on the right side of the building is
loaded out of plane by the spandrel. It is the reason these cracks start to develop at the side of the spandrels
and not uniform over the length of the transverse wall.

In the models with higher spandrel heights, specifically the model with spandrel height 800 mm, cracking
in piers of multiple adjacent elements is observed. A result of these adjacent cracked elements is a reduced
effective cross section of the pier. It requires a redistribution to transfer forces to the foundation. Additionally,
when multiple adjacent integration points are cracks the crack width can no longer be accurately estimated.
One single large crack might be distributed over multiple elements in the model.

After the gradual drop in capacity there is a phase of hardening. In Figure 5.60 the compressive stress
distribution is shown before and after the drop in capacity. A clear change in compressive strut is observed
in both piers. Especially the strut in the right pier changes. This might be the cause of the increasing capacity
after the drop. A re-orientation of the strut could cause an increase in capacity due to the amount of com-
pressive forces that can be transferred in the strut.
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Figure 5.59: Crack pattern before and after sudden drop in capacity model with spandrel height 800 mm

Figure 5.60: Compressive stress distribution

5.4.2 STIFFNESS DEGRADATION

During the analyses, the prescribes deformation increases and cracks in the masonry start to form. The ini-
tial pseudo linear behaviour becomes nonlinear. The initial stiffness of the models is relatively high, while the
stiffness reduces quickly when the first cracks occur. In Figure 5.61 two plots are shown. The first plot shows
the secant stiffness for all geometry variation in the first load steps up to a second-floor displacement of 10
mm. The second plot is similar but shows the normalized secant stiffness, based on the initial stiffness.

As shown in section 5.3 the initial stiffness of the models increases with spandrel height. Over the first
load steps the secant stiffness follows the same trend, i.e. a higher spandrel results in a higher stiffness. How-
ever, it is not clear how much the stiffness degrades over the first load steps. The normalized plot provides a
clearer view on the degradation. In the most extreme case, a spandrel height of 800 mm, the stiffness reduced
by 80% compared to the initial stiffness. The reduction also starts at a smaller second-floor displacement.
This reduction is only 60% in the model with a spandrel height of 300 mm and starts at a larger second-floor
displacement.

Considering the crack plots shown in section 5.3 it is expected to see the largest relative decrease in stiff-
ness in the models with spandrel height 500 mm and 800 mm. At the stage of the analysis where they reach a
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second-floor displacement of 10 mm there is considerable cracking. In Figure 5.42 and Figure 5.49 the crack
formation in these models is shown. There is already a full shear crack present in both piers in these models.
This is not the case for the model with spandrel height 300 mm for example, which has a lower stiffness re-
duction in this stage of the analysis. In Figure 5.28 the crack formation in this stage of the analysis is shown.
There are some cracks related to a rocking mechanism and the start of a shear crack in the left pier starts to
from.
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Figure 5.61: Reduction in stiffness in the first load steps of the analyses

The secant stiffness at 60% of the maximum base shear force of the capacity curve is used as a reliable
equivalent stiffness to bi-linearise the force-displacement curve [68]. Comparing this secant stiffness to the
initial stiffness provides insight in the stiffness degradation in the structure. If the secant stiffness and initial
stiffness are close together, it suggests a sudden reach of the maximum base shear force, with many cracks
occurring simultaneously, rapid stiffness degradation, and thus more brittle behaviour. Conversely, if the se-
cant and initial stiffness are further apart, cracks occur more gradually, stiffness degrades more slowly, and
the maximum base shear force is reached after considerable deformation, suggesting more ductile behaviour.

To show this the ratio between the secant stiffness and the initial stiffness for the geometry variations is
plotted in Figure 5.62. The models with a spandrel height of 81 mm and 200 mm have a very similar ratio
between the secant stiffness at 60% of the maximum base shear force and the initial stiffness. These two
models have a very similar shape of capacity curve, with a maximum base shear force at approximately the
same second-floor displacement. The subsequent models show an increasing ratio with increasing spandrel
height, until the last models. These models show a maximum base shear force at decreasing second-floor
displacement. The models with a spandrel height of 500 mm and 800 mm show a similar ratio. This means
that for both of these models 60% of the maximum base shear force is reached at an early phase in the anal-
ysis. However, the model with a spandrel height of 500 mm reaches its maximum base shear force at a lower
second-floor displacement than the model with a spandrel height of 800 mm. This does not mean the stiff-
ness does not degrade in the latter model, there is only a phase in the analysis where the degradation occurs
more slowly. However, this occurs at a stage in the analysis where the interstorey drift limit of 1.5% is reached
and the structure could be considered in "Near Collapse" damage state.

5.4.3 FAILURE MECHANISMS

The observed failure mechanisms in the geometry variations are discussed in this section. It is based on the
failure mechanism described in section 2.3 and the crack patterns observed in the models.

The formation of cracks along the bottom of the transverse wall, the connection with the first floor and
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Figure 5.62: Ratio between secant stiffness at 60% of maximum base shear force and initial stiffness

the connection between the transverse wall and piers indicate a two-way out-of-plane mechanism in the
transverse wall. The two-way mechanism is observed due to the use of a running bond, therefore modelling
a fixed connection, between the piers and the transverse walls. The typical diagonal cracks of the two-way
mechanism, as shown in 2.21b, are not present in the models. The mechanism is observed in all of the mod-
els, predominantly in the left transverse wall. The right transverse wall shows mainly cracks along the bottom
of the transverse wall, the connection with the first floor. The models with a spandrel height of 300 mm and
higher also show cracks along the connection between the right transverse wall and pier for large second-
floor displacement. Indicating that in a late stage of the analysis, the two-way out-of-plane mechanism is
also present in the right transverse wall. In that phase there is also clear crushing occurring in the right trans-
verse wall, especially at the support and connection with the first floor, shown for the model with a spandrel
height of 81 mm and 800 mm in Figure 5.63. While on one side of the cross-section cracks form the other side
is subject to crushing, indicating bending stresses in the wall.

The in-plane loaded walls show a clear transition in observed failure mechanisms. However, all models
show toe crushing in the right bottom corner of the left pier. This is observed in an early stage of the analysis.
It is one of the reasons for the reduction in capacity of the models. The occurrence of fully crushed elements
in the bottom right corner of the left pier causes the effective cross section at the bottom to reduce, since a
crushed elements can no longer transfer compressive stresses.

Later in the analysis crushing occurs in the right pier at the connection with the spandrel. This is ob-
served in all models, but a larger part of the piers is affected for the models with higher spandrels. The only
exception to this is the model with spandrel height of 800 mm, which has a slightly less affected area com-
pared to the model with a spandrel height of 500 m. It is also notable that crushing occurs in al layers of
the elements, which corresponds to a compressive stress over the entire thickness of the elements. This is
explained by the way the stresses are transmitted axially through the spandrel into the pier. The model with
a spandrel height of 800 mm is the only model the shows a diagonal in the lower right pier in the crushing plot.

The transition in failure mechanism is best observed in the crack plots presented in section 5.3. The mod-
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Figure 5.63: Crushing in the post-peak phase spandrel height 81 and 800 mm

els with smaller spandrel height show a rocking mechanism, which is associated to the observed toe crushing
as well. With increasing spandrel height, the behaviour starts to change. The first diagonal shear cracks occur
earlier in the analysis, while in the models with smallest spandrels these cracks develop well in the post-peak
phase. In the model with a spandrel height of 300 mm these cracks are already developing in the stage around
the peak of the capacity curve, while cracks corresponding to a rocking mechanism are still observed. This
same behaviour is seen in the model with a spandrel height of 400 mm, except the diagonal shear cracks are
even further developed in this stage. The only model that clearly shows diagonal shear failure in the bottom
piers prior to any other cracks is the model with a spandrel height of 800 mm. With increasing deformation
this model also shows development of crack patterns associated to a rocking mechanism. However, as shown
in the displacement profile of this model, presented in Figure 5.53, the deformation is concentrated in the
bottom storey, which is where diagonal shear cracks are prevailing.

Figure 5.64: Cracking in the pre-peak phase spandrel height 81 and 800 mm

In Figure 5.64 the pre-peak crack distributions for the models with a spandrel height of 81 mm and 800
mm are shown. A clear difference in damage localization is observed. The model with spandrel height 800
mm is subject to significant cracking in the bottom piers, while the model with spandrel height 81 mm is
subject to a more even distribution of cracks. In this stage of the analysis the second-floor displacement of
both models is approximately equal, however the distribution of displacement over the height is different.
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While the model with spandrel height 81 mm shows an almost linear distribution, i.e. interstorey drift in
ground floor and first floor are similar. The distribution of deformation in the model with spandrel height 800
mm is not linear in this stage. There is a clear difference in interstorey drift between the ground floor and first
floor. The ground floor shows a larger interstorey drift, in line with the concentration of damage in the piers
at ground floor level.





CHAPTER 6

CONCLUSIONS AND
RECOMMENDATIONS

6.1 CONCLUSIONS

The current research aimed to investigate the influence of geometry variations on structural behaviour of an
unreinforced masonry building. Prior to this research, a full-scale calcium silicate brick masonry assemblage
was tested in a quasi-static pushover experiment at Delft University of Technology. Based on those exper-
imental results numerical analyses were performed to model the seismic response of the building, which
served as a base for this research.

In this research the use of a monotonic nonlinear pushover analysis on a symmetrical version of the same
CS masonry assemblage was performed to have a base to investigate the influence on the seismic response of
masonry buildings with varying spandrel heights. Finite element models for six buildings were created with
spandrel heights ranging from 81 mm to 800 mm. The seismic response of these buildings compared to the
base model was discussed extensively in terms of capacity, stiffness, crack propagation and failure mecha-
nisms.

From this research the following conclusions are drawn:

• By comparing the seismic response of the base model to the model with a spandrel height of 81 mm,
equal to the floor thickness, it is shown that the introduction of spandrels of limited height does not
influence the seismic response in the finite element model of the building. Both models show similar
peak base shear force, initial- and secant stiffness, crack patterns and displacement distribution over
the height of the building at a global drift of 0.8% and an interstorey drift of 1.5%.

• Introduction of larger spandrels to the finite element model increases the maximum base shear force,
up to 85% for the model with spandrel height 800 mm compared to the base model. There is a positive
relationship between the spandrel size and the maximum base shear force, i.e. increasing spandrel
height results in a larger capacity.

• A similar positive relation is found for the initial- and secant stiffness of the finite element models.
Stiffness increases with spandrel height, as well as the ratio between the secant- and initial stiffness.
Initial- and secant stiffness increase respectively with a factor 2.82 and 3.74 for the model with spandrel
height 800 mm compared to the base model. The increasing ratio between secant- and initial stiffness
shows less gradual stiffness degradation with increasing spandrel height.

• Deformation behaviour is shown to be changing with increasing spandrel height. The models with
a small spandrel height show a relative linear deformation over the height of the building, while the
higher the spandrel height the more deformation is concentrated at the ground floor level.

91
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• Damage in the piers occurs mainly in the bottom storey, independent of spandrel height. However, for
smaller piers the damage is more significant in the left pier, while damage is more evenly distributed
between piers in models with higher spandrel height. High spandrels can effectively redistribute the ax-
ial loads evenly over both piers, creating a frame effect and resulting in more evenly distributed damage
over both piers.

• Smaller spandrels are associated with a rocking failure mechanism and formation of shear cracks after
significant damage has already occurred. Shear cracks occur earlier in models with a larger spandrel
height and become the governing failure mechanism in the model with the largest spandrel height.
Toe crushing is observed in the bottom right corner of the left pier in all models and associated with a
decrease in capacity.

• The out-of-plane failure mechanism in the transverse walls is influenced by spandrel height. With
smaller spandrels, the out-of-plane mechanism is associated with a one-way spanning wall. Models
with larger spandrels show an out-of-plane mechanism associated with a two-way spanning wall, due
to cracks along the running bond connections with the piers. However, diagonal cracks commonly
associated with this mechanism were not observed.

• The post-peak softening behaviour observed in the base model and the models with a spandrel height
of 81 mm and 200 mm changes for the models with larger spandrels. Those models show a more or less
horizontal development of the capacity curve.

• The used finite element models performed well. Drops in capacity are shown to correlate to the forma-
tion of cracks in the models. There are no significant parts of the analyses where convergence issues
occurred that could influence the analysis results.

• The model with a spandrel height of 800 mm is the only model where peak base shear force is not
reached before the interstorey drift limit is reached.

6.2 RECOMMENDATIONS

Based on the findings of this thesis, the drawn conclusions, the assumptions made and the shortcomings of
the applied methods, the following recommendations are made to further advance the research on the topic.

• Previous research has shown that the pushover analysis method is well suited for determining an upper
bound for the maximum base shear force in the structure; however, post-peak softening may be under-
estimated. Alternative constitutive models, such as a total strain-based crack model, could be adopted
to provide a more accurate representation of post-peak material degradation. In particular, spandrel
heights of 300 mm and above should be considered, as post-peak softening was less clearly observed in
those buildings.

• Apart from other constitutive models, less computational demanding methods might be considered
to be investigated. Based on the findings in this research a Simplified Lateral Mechanisms Analysis
method could be applied to investigate how well the seismic behaviour could be determined by such a
method and verify its validity for practical application.

• The analyses performed in this research are based on a macro-modelling approach, which gives insight
in the global behaviour of the structure, however some detail is smeared out over the finite elements. To
investigate the influence of the chosen constitutive model, other constitutive models for the smeared
crack approach could be adopted. Additionally, to more extensively investigate the seismic behaviour,
and more specifically the behaviour in the spandrels, a micro-modelling approach could be adopted.
Both 2D- and 3D-elements could be considered, including explicit modelling of the bricks, mortar, and
interface between them.

• The monotonic pushover method used in the analyses of the considered geometries in this research is
based on an equal distribution of force over the first and second floor, however the models with higher
spandrels show a concentration of deformation in the ground floor. For further research, the influence
of the type of applied pushover method might be changed to determine the influence on structural
behaviour.
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• This research is based on the experimental results found during the quasi-static pushover analysis per-
formed on the full-scale house model at Delft University of technology. In the setup of that experiment
certain assumptions were made to build a typical Dutch terraced house. However, there is a large vari-
ability in houses. It is recommended to further investigate geometry variations, used materials and
types of floors.

– Additional geometry variations could include the addition of outer leaves and investigate their
influence on the seismic behaviour of the structure. The cooperation between inner- and outer
leaf could be determined based on the number of effective cavity wall ties per m2.

– Further geometry variations might investigate the influence of various common roof structures
on the transfer of seismic load and the overall seismic response of the building.

– The influence of a running bond between piers and transverse walls could be further investigated
along with variations in the interface between these elements to determine the influence of con-
nection type on the seismic behaviour.

– The connection applied between the first floor and the piers and spandrel only transferred out-
of-plane loads, it is recommended to investigate the influence of the type of connection on the
seismic behaviour.

– The calcium silicate brick masonry used in the models could be changed. The application of the
method related to older or newer buildings could be investigated that way. Material properties for
brick masonry could be applied for older buildings, while material properties of calcium silicate
blocks could be applied for newer buildings.

– The application of the push-over method on buildings with flexible diaphragms could be further
explored, since there is a lot of buildings in the Groningen area where timber floors are present.

– An addition to the current model could be the inclusion of lintels over the openings to support
the spandrels and investigating how this influences the load transfer and seismic response of the
building.

• Apart from variations on the current model, based on a typical terraced house it would be valuable to
further extend the findings to different common building types in the Groningen area. For example,
detached houses with large adjacent barns and how the interaction between the two parts influences
its seismic behaviour. Another common type for further research is ’krimpenhuizen,’ which are char-
acterized by their wider rear section and narrow front.
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