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Abstract
Due to gas extraction, seismic activity has become a major problem in the province of Groningen. Existing
buildings are not designed to withstand seismic loads and are likely to be structurally unsafe. Two storey
terraced houses with concrete floors and large openings in the ground floor façade walls are considered vul-
nerable, since the in-plane behaviour of these walls is weak. This research aims to investigate the possibilities
of enhancing the seismic in-plane performance of this building type with the application of timber elements.

Non-linear static pushover analyses are performed to assess the in-plane behaviour according to the Dutch
guidelines for the Near Collapse limit state using a macro-element modelling approach in ETABS, a 3D non-
linear analysis software. Variants of the typology are studied to investigate the sensitivity to certain geomet-
rical and structural parameters, such as the height, width and depth of a building and the applied masonry
type. Based on the results, a timber strengthening design is proposed and the effect on the behaviour is stud-
ied.

The majority of the un-strengthened buildings presents rocking behaviour caused by the slenderness of ma-
sonry piers due to the large openings in the façade walls. This ductile behaviour ensures relatively large lateral
displacement capacities, often resulting in the satisfaction of the safety standards. Moreover, results show
that structures with wide masonry piers, calcium silicate element masonry and extremely large openings at
ground floor level (up until 70% of opening) are likely to be unsafe. Therefore, strengthening is required.
Global capacity of the numerical models depends heavily on prescribed drift limits. Therefore, establishing
the appropriate limits for each model is essential. The analysis indicates that assessment according to other
guidelines, can lead to different outcomes.

The proposed retrofit design consists of a timber framework connected to the inner masonry piers, with an
OSB panel nailed on top of it to increase the stiffness. The retrofit is attached to the foundation by tension
anchors. Gravity loading of the structure is mainly carried by the masonry elements. Implementation results
in stable rocking behaviour of the piers, which ensures higher displacement capacities. Analysis demon-
strates that the application of the timber retrofit leads to the satisfaction of the Near Collapse limit state,
when higher drift limits can be prescribed. Furthermore, applying the reinforcement results in a change from
unfavourable shear behaviour to rocking behaviour. However, increase of strength is limited, since the resis-
tance of the anchors to the lateral forces is largely depending on the design of the foundation and structural
elements to which they are attached. Therefore, the retrofit is not suitable for significantly increasing lateral
resistance, which is required for structures with extremely large openings in the façade walls. Experimental
testing is recommended to quantify the increase of drift limits. An overall consistent definition of capacity
values and corresponding drift limits for each possible failure mechanism is essential for reliable evaluation
of the in-plane response, especially when buildings are assessed using non-linear analyses.
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1. Introduction

1.1 Context

In 1959, during a quest for oil, natural gas was discovered near Kolham in Groningen. Since the sixties nat-
ural gas has been extracted from the bottom in the Northern part of Holland by the NAM (Dutch Petroleum
Company). The Groningen gasfield is among the largest in the world and its discovery has therefore been of
great importance to the Dutch economy.

The extraction takes place at a depth of 3 kilometers, where a layer of sandstone is present. The downside
of the activity is the clinging of this sandstone layer, which causes fractures. Along these fractures a tension
difference is created, which leads at certain moments to a sudden shift, also known as induced earthquake.
Such an earthquake is the result of human activities. The first of this type took place in 1986 near Assen. Since
then a lot more followed. The amount of earthquakes with a magnitude higher than 1.5 on the Richter Scale
differs every year, ranging from 30 in 2013 to 15 in 2018 [1], see Figure 1.1. The heaviest induced earthquake
observed took place in 2012 in Huizen and had a magnitude of 3.6 on the Richter Scale.

Figure 1.1: Number of earthquakes per year with a magnitude higher than 1.5 on the Richter Scale (Source:[1])

In contrast to a tectonic earthquakes, which occur at depth of 15 to 700 km below surface, induced earth-
quakes occur at a shallow depth, around 3 km below the surface. The hypocentral and epicentral distance of
induced earthquakes to the ground surface is shorter and therefore a smaller area on the surface is affected,
causing relatively less damage. Next to that, the spectrum of induced earthquakes is based on a single source
with a relatively small magnitude, thus resulting in reduced energy and reduced amplification in the longer
response period range.
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1. Introduction

Seismicity is a relatively new problem in the Netherlands. Up until 2012 there was not a seismic guideline in
the Netherlands. Even though induced earthquakes usually cause less damage compared to tectonic earth-
quakes, the existing buildings in immediate vicinity of the gas fields in Groningen are not able to withstand
these seismic loads. The structural safety of a large part of the building stock in this area cannot be guar-
anteed. Some of the existing houses are now strengthened with temporary measures, such as timber strut
constructions, see Figure 1.2. A more permanent solution needs to be found. Although it can be argued that
in the long term demolition and rebuilding is a more effective option, the replacement of all unsafe unrein-
forced masonry buildings is not desirable. Retrofitting existing structures in Groningen is and is going to be
a big challenge. More research within this field is needed to find an adequate, sustainable and economical
solution for the Groningen region.

Figure 1.2: Temporarily strengthened house in Groningen (Source: Kees van de Veen)
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1. Introduction

1.2 Problem statement

Based on previous assumptions about the future level of gas extraction and on the NPR 9998:2015, around
20.000 houses were thought to be structurally unsafe. However, in March 2018, the government decided that
the extraction in Groningen will gradually be reduced and eventually be stopped in 2030 at the latest. This
leads to a reduction of seismicity of the area. In a consultancy report about the safety risks and reinforcement
task in Groningen from the Mijnraad [2], it was concluded that therefore less houses have to be reinforced.
Instead of the aforementioned 20.000 houses approximately 1.500 houses (7.200 with margin of uncertainty)
need to be strengthened.

The Meijdam Committee has recommended the safety standard 10−5 per year, which prescribes the maxi-
mum acceptable chance that someone dies due to the consequences of an earthquake per year. When this
safety standard is not reached, strengthening is needed. The amount of houses that needs to reinforced con-
tinues to decrease as a function of time. Eventually, all buildings meet the safety standard without any in-
tervention (see the yellow line in Figure 1.3). The best strengthening strategy of the houses in Groningen
is debatable. Either extensive retrofit measures are implemented, by which the safety standard is reached
immediately (see blue line in Figure 1.3). Or more simple strengthening measures are implemented, which
reduce the risk, so the safety standard is reached earlier in time compared to doing nothing (see green line in
Figure 1.3).

Extensive retrofit plans demand more preparation time and ensure higher investments, however, the struc-
ture directly meets the safety standards. Furthermore, this kind of intervention requires extensive structural
changes, which have more impact on the owners, due to higher costs and possibility of complete change of
interior. At the time of implementing the risk is already further reduced, therefore the efficiency is question-
able. More simple strengthening measures require less engineering time and can therefore be implemented
earlier. Although they do not provide the required safety level at once, the risk is significantly reduced. The
challenge is to make a trade off between the severity of strengthening and the preparation and implementa-
tion time needed to strengthen unsafe buildings in Groningen.

Figure 1.3: Risk vs time (Source: Adaptation of Appendix B4_1 of [2])
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1. Introduction

1.3 Objectives and research questions

The challenge for the Groningen region is to strengthen the most vulnerable existing buildings in an ade-
quate, sustainable and economical way. Furthermore, a trade off between the level of strengthening and the
preparation and implementation time has to be made, since the seismic hazard decreases in time.

The objectives of this research are the following:

• Investigate the characteristics of the most vulnerable building typology in Groningen

• Investigate the governing failure mechanisms of the most vulnerable building typology with the help of
a numerical model

• Investigate and evaluate the options for strengthening measures by using timber elements

• Study the effect of the retrofit measures on the seismic performance of the chosen building typology
with a numerical model

The objectives mentioned before lead to the following main research question:

“In what way could timber elements be used as an effective measure to improve the in-plane strength and
therefore enhance the seismic performance of typical low-rise URM buildings in the Groningen area to sat-
isfy the Near Collapse limit state?”

This question is approached with the help of the following sub questions:

• Which building typologies are typical for the Groningen area?

• What are the characteristics of the most vulnerable building typology?

• What are the governing failure mechanisms for geometric variants of the vulnerable building typology?

• Which seismic retrofit techniques regarding timber elements are accessible and integrable to strengthen
URM buildings in-plane?

• What is the effect of the chosen retrofit measures on the seismic in-plane performance of the structure?

• Which strengthening measures are the most beneficial based on the effectiveness and provided struc-
tural safety?
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1.4 Scope of thesis

A lot of research is done to find adequate, sustainable and economical solutions to strengthen the structurally
unsafe existing buildings in Groningen. It is a complex problem with a lot of possible solutions. Narrowing
down the scope helps to clarify the problem and study it at greater depth. The focus on this research is on the
following subjects:

• One of the most vulnerable building typologies of the Groningen area; consisting of a two storey ter-
raced house with concrete floors and large openings in the ground floor façade walls.

• Global in-plane failure mechanisms of the structure

• Use of non-linear pushover analysis for the structural analysis

• The use of timber as strengthening material

1.5 Reader’s guide

In order to answer the research question and to be able to reach the stated objectives, the research is divided
in several parts. The parts are described below.

Introduction
The introduction provides context and the problem statement. Furthermore, the objectives, outline, scope
and limitations of the research are presented.

Part I: Literature study
The literature study provides background information on several topics to create a clear image of the prob-
lem. It addresses the following topics to obtain theoretical knowledge:

• Building typologies

• Seismic behaviour of URM structures

• Analysis strategy

Part II: Structural sensitivity analysis
In this part, a numerical model of the most vulnerable building typology is set up. A sensitivity analysis is
performed to assess the seismic in-plane behaviour and determine which failure mechanisms are governing.
This is done by a variant study, which gives a better insight in the overall behaviour of the analysed typology.
The model is validated before starting the numerical analyses. Finite element program ETABS is used, which
is applicable for modelling unreinforced masonry structures and the timber strengthening and able to per-
form non-linear pushover analyses. The most notable outcomes of the sensitivity analysis are discussed in
detail.

Part III: Design and assessment of strengthening measures
In this part, the seismic performance of timber construction is studied. After, strengthening measures are de-
signed to account for the established failure mechanisms in the sensitivity analysis. The effect of the proposed
retrofit design on the behaviour of the buildings is analysed by implementing the measures in the numerical
model. The most effective retrofit measures are discussed in more detail.

Part IV: Conclusions and Recommendations
In this part overall conclusions are discussed, followed by recommendations based on the findings and for
further research.
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2. Description of houses in Groningen
To get more insight in the characteristics of buildings in the Groningen region, the building stock is described
and analysed based on structural system, materials and height. The building type most vulnerable to the
seismic loads is described in more detail, since this is used as a basis for the numerical model. The study area
is shown in Figure 2.1. It represents a 5 km band beyond the extent of the Slochteren gas field. In this area of
approx. 1475 km2, around 275.000 buildings exist, with all different shapes and sizes.

Figure 2.1: Hazardmap with investigated building locations (Source:[3])

2.1 Building typologies

The building stock is divided in several typologies. In this way not all structures have to be analysed indi-
vidually and time is saved. A typology is representative for a significant proportion of the building stock, so
strengthening measures can be designed for a larger amount of structures at once. This is both convenient
for the engineers and the residents.

The Groningen building stock is categorized in four main typologies, based on research of Arup [3]:

• Typical buildings – These represent the largest proportion of buildings and can be divided into a num-
ber of sub-typologies representative of the majority of the total building stock in the region:

– Terraced house

– Semi-detached house

– Detached house

9



2. Description of houses in Groningen

– Labourer’s cottage

– Mansion

– Villa

• Damaged buildings – This are buildings where damage has been reported in the past and where a
damage survey has been conducted. These buildings are in a ‘critical condition’.

• Historic heritage buildings – They often comprise large masonry elements attracting high seismic
loads and use different structural systems than domestic-scale buildings.

• Other buildings – are a mixed group with different materials or combinations of materials structural
typologies. Schools, hospitals and utility buildings fall into this category.

The most common buildings in the area are resembled by terraced, semi-detached and detached houses,
primarily consisting of two storey high unreinforced masonry, see examples in Figure 2.2, based on the Arup
report [3].

(a) Terraced house (b) Semi-detached house (c) Detached house

Figure 2.2: Examples of most common buildings in the area (Source: funda.nl)

Exposure database
An exposure database (EDB) is developed by Arup commissioned by the NAM, to get an overview of the
structural systems of the building typologies in Groningen. For more information on how this database is
developed see the database documentation of Arup [35]. In this database several existing public and propri-
etary datasets are used, containing information related to the buildings and population of the studied area.
The datasets include:

• Basisregistratie Adressen en Gebouwen (BAG) (Kadaster – Dutch Land Register)

• AHN Actueel Hoogtebestand Nederland (Heights of buildings)

• DataLand address usage data

• CBS StatLine - Inhabitants per hectare 2014/ Education per municipality 2014 - 2015/ Time use data

• LISA – Landelijk Administratiesysteem Arbeidsplaatsen/ Number of jobs per category per postcode

The data is merged into a Geographical Information System (GIS). The buildings are grouped into categories
as a function of their expected seismic performance. The most important characteristic for that is the “lateral
load resisting system”, made up by the construction material of the walls, frames and floors. The construction
materials are divided in unreinforced masonry (URM), steel (S), reinforced concrete (RC) and wood (W).

Since there is no information on the construction material and the system for each individual property, in-
spections of the buildings have been carried out to establish the main characteristics of the buildings without
entering.
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2. Description of houses in Groningen

To classify the different structural systems for the buildings the GEM building taxonomy is used. This is a
global classification scheme for buildings, able to capture all different types that exist around the globe and
describe and classify them in an uniform manner. The classification is based on a combination of:

• Lateral load resisting system (LLRS)

• Material of the lateral load resisting system

• External wall presence

• Floor material

• Height (<3 and >= 3 storeys)

For the Groningen area, 54 different structural systems are used to categorize the existing buildings, see for
a short description of each of the systems Figure A.1 in Appendix A. Of these 54, 15 are constructed with
unreinforced masonry. There are around 150.000 regularly populated buildings in the database, and over 85%
of the buildings is constructed with unreinforced masonry [4]. Figure 2.3 presents which structural system is
most used in the area on the left hand. The structural system with the code URM3L is most common in the
Groningen area. It is a unreinforced masonry low-rise building with cavity walls and concrete floors. The right
hand of Figure 2.3 shows which structural system has the most occupants. A large portion of the population
lives in concrete high rise buildings, such as the typology with code RC4M.

Figure 2.3: The frequency distribution of buildings and average day/night inside occupants within each structural system taxonomy
class (Source:[4])
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Furthermore, the most common URM structure is more evenly distributed across the area, see Figure 2.4 on
the left. The high rise buildings are mainly concentrated in the city of Groningen, see Figure 2.4 on the right.

Figure 2.4: Left: the distribution of the structural system URM3L within the exposure model. Right: the distribution of the structural
system RC4M (Source:[4])
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2. Description of houses in Groningen

2.2 Description of most vulnerable building typology

Due to the announced stop of the gas extraction in the Groningen region in 2030, less buildings need strength-
ening, see Chapter 1. Before, 46% of the houses that needed strengthening consisted of one typology, namely
the URM4L, see Figure 2.5. This building type is a low-rise terraced house that consists of unreinforced ma-
sonry with cavity walls and large openings on both ground floor walls. In the case of the reduced seismic risk,
this typology covers an even larger proportion (in the future up to 80 %) of the total number of houses that
does not meet the safety standard, according to [2]. The second most vulnerable typology in Groningen, with
code URM8L, is a low-rise terraced house consisting of unreinforced masonry with cavity walls and timber
floors.

Figure 2.5: Fraction of each of the typologies that need strengthening based on the
Seismic Hazard and Risk Assessments (SHRA’s) from November 2017 drawn up by
the NAM (Source:Appendix B3 of [2])

From building to building several differences are present within the typology. However, it is characterised by
certain aspects. Typically it is a two storey structure, with a narrow floor plan being approximately 5,5 to 7
m in width and 6 to 9 m in depth [17]. The inter-storey height varies typically between 2.6 and 2.8 m [17].
Because it is a terraced house, it is usually composed of 5 to 10 adjoining housing units, sharing the party
walls. Furthermore, the construction is characterised by a weaker longitudinal direction due to the presence
of large daylight openings in both façades. The transversal direction with large gable walls is much stiffer.
Figure 2.6 presents an example of such a structure.
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2. Description of houses in Groningen

Figure 2.6: Drawing of a typical terraced house with large openings on ground floor walls (URM4L)

Building elements
The structural differences within the typology can have a significant impact on the seismic behaviour of the
structure. This section gives a brief overview of the similarities and variations within those aspects. The
connection details are based on similar tested building specimens, which represent the end-unit of a URM
cavity-wall terraced house [36, 17].

Foundation
Generally, the houses in Groningen are founded on shallow foundations. Depending on the construction
period, several different methods could have been used. The spread footing, consisting of strips or pads
of concrete, is commonly applied. The spread footing can consist of masonry, see Figure 2.7. The footings
are placed underneath the walls and are often embedded into the soil, improving the bearing capacity. The
shallow subsurface mainly consists of sand and clay, which for most buildings has reached the end of the
consolidation period. Pile foundation is less used in this area.

Figure 2.7: Schematisation of spread footings used in the area. (Source: adaptation from [5] and [6]).

Walls
The walls of this typology are composed of façade walls with large perforations and long transversal walls
without openings. The walls are primarily cavity walls, with two leaves of around 100 mm thick and one
cavity of around 100 mm. To a lesser extent the transversal party walls can consist of solid walls of about 200
mm thick. Cavity walls are either coupled or uncoupled depending on the presence of steel anchors within
the cavity wall. The inner leaf is usually load bearing. The longitudinal façade walls contain large openings,
especially on ground floor level, resulting in the presence of slender masonry pier elements, see Figure 2.9a.
The façade walls consist usually of three piers per wall.
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Figure 2.8: Plan view of a unit

(a) Schematisation of a typical front façade of a masonry terraced
house unit (Section D of Figure 2.8)

(b) Schematisation of the side view of a typical terraced masonry
house.

Figure 2.9: Front and side view of a typical terraced masonry house.

The floors are either supported by the transversal walls only or by both walls, depending on the material and
structural detail of the floor slabs. The slender piers in the façades carry a percentage of the load, but the
majority of the load is carried by the long transversal walls.

Differences in the construction of the walls are found within materials and the detailing. During different
periods, other masonry materials are used. Usually solid clay or calcium silicate brick masonry is used for the
inner leaf and solid or perforated clay for the outer leaf. It consists of either larger elements or bricks, joint
together by certain mortar. The properties of various masonry types are discussed in Chapter 3.

Floors
Generally, the first floor consists of a reinforced concrete slab, either cast in place or prefab. They span either
one single housing unit or multiple units. The second floor is either a reinforced concrete slab or a timber
diaphragm. For this research both first and second floor are considered to have a reinforced concrete slab,
acting as a rigid diaphragm, similar to the building specimen tested in Italy, representing an end-unit of a
URM cavity-wall terraced house [36]. The roof usually is a gable roof, consisting of a timber framework of
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a ridge beam, rafters and purlins built into the gable wall to provide added support, covered with roof tiles.
Depending on the construction details, the floor slabs are either one-way or two-way spanning.

Building connections

The connections between wall-floor and wall-wall can differ within the building typology. Figures 2.10a and
2.10b show the main connections of floors and walls within this building typology.

(a) (Section B of Figure 2.8) (b) Floors carried by transversal walls (Section C of Figure 2.8)

Figure 2.10: Sections of a typical terraced masonry house of Figure 2.8)

The floors lay upon the inner leaf of the transversal walls, since they are the main load bearing walls. Figures
2.11a and 2.11b show the connection between floor and transversal wall on both storey levels. Floor slabs
are either one-way or a two-way spanning, depending on the kind of connection between the floor and the
longitudinal wall.

(a) Detail of wall-floor connection at first floor. Detail C of Figure 2.10b
(b) Detail of wall-floor connection at second floor. Detail D of Figure
2.10b

Figure 2.11: Connection details of a typical terraced masonry house of Figure 2.10b.

The longitudinal façade walls usually do not carry the weight of the first floor and only part of the weight of
the second floor. Figure 2.12a shows the connection at first floor when the façade wall does not carry the floor.
The connection of the first floor slab with the inner leaf is ensured by means of anchors. These anchors are
commonly used for horizontal buckling or wind load support of the pier, not designed to withstand any verti-
cal load [17]. When the longitudinal wall is load bearing, the floor lays upon the inner wall of the longitudinal
wall, similar to the connection of the floor to the transversal wall, see Figure 2.12.
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(a) Detail of longitudinal wall-floor connection at first floor. Detail B of Figure
2.10a

(b) Detail of longitudinal wall-floor connection at sec-
ond floor. Detail A of Figure 2.10a

Figure 2.12: Details of longitudinal wall-floor connections of a typical terraced house from Figure 2.10a
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3. Unreinforced masonry
This chapter addresses the properties, the seismic behaviour and the modelling of masonry, with the focus
on Dutch unreinforced masonry which is typical for the Groningen region.

3.1 Classification

Masonry is one of the oldest building materials known to mankind. It is a heterogeneous composite building
material that consists of masonry units held together with mortar. The units are made from clay, compressed
earth, stone, concrete and even glass and come in different shapes, mostly rectangular. Mortar is composed
of binders, aggregates and water in various proportions. It is often based on cement and/or lime, sand and
water with or without additives.

Construction methods
Construction of masonry is done by bricklayers or masons, depending on the skill level. Even though the
construction is relatively simple and cheap, it is labour-intensive work. In certain cases bricklaying requires
highly skilled labour. There are several ways to construct with masonry and it can be classified in categories
depending on the construction method followed.

• Unreinforced masonry – Solely built with masonry units held together with mortar, as traditional.

• Reinforced masonry – Masonry construction in which reinforcement is embedded in such a manner
that the two materials act together in resisting forces. The reinforcement can take various forms, such
as internal steel or wooden rods or bars grouted into masonry units or laid in horizontal mortar courses.

• Confined masonry – Masonry construction where masonry walls are first laid and then horizontal and
vertical reinforced concrete confining elements are cast.

• Infilled frame – In this case masonry is used as infill for a framework of beams and columns. Due to
the strength and stiffness in plane, infill masonry walls do not allow beams and columns to bend under
horizontal loading.

In the Groningen region the majority of the structures is built with unreinforced masonry.

Dutch masonry
The mechanical properties of masonry depend on the properties of the mortar and the masonry units. Prop-
erties vary a lot, therefore, it is hard to predict masonry behaviour by solely knowing the characteristics of the
individual elements. Experiments are essential to correlate the strength characteristics of individual compo-
nents with the overall characteristics of masonry.

A first categorization is based on the material of brick units. The two main materials in the region are clay
and calcium silicate (CaSi). A second categorization is based on the construction period. For clay units in-
cluding solid, perforated and frogged units, two different time periods are considered: pre-war period (until
1945) and post-war period (after 1945). Regarding the CaSi units two other time periods are considered: be-
fore 1985, when smaller bricks and mortar was used, and after 1985, when larger glued elements were mostly
used. Almost 25% of the building stock consists of pre-war clay bricks and 12% consists of post-war clay
bricks, according to Arup’s Exposure Database [35]. Regarding the calcium silicate bricks, almost 20% of the
buildings are made with pre 1985 units, while 13% consists of newer CaSi bricks from after 1985.

To accurately assess the behaviour of the buildings in the Groningen area, a characterization of the masonry
properties is required. A campaign on the material characterization of existing buildings was performed in
2015, as part of the larger project concerning the seismic hazard in Groningen. This campaign included lab-
oratory and in-situ testing of masonry walls typical for the region. Properties for the characterization of the
masonry in compression, bending and shear were investigated [37, 38]. The characteristic mean values for
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the masonry properties for the different types of masonry are given in the Dutch guideline NPR 9998:2018
Table F.2.

The mean values for the masonry properties are used in this thesis for the assessment of the terraced houses,
since the focus is on the typology as a whole.

3.2 Seismic behaviour

Seismic response of masonry buildings can be characterized based on two different classes of mechanisms:
out-of-plane and in-plane mechanisms [39]. When a building is subjected to seismic forces, the structure in-
evitably experience a combination of in-plane and out-of-plane response. Since the identification of a com-
bined in-plane and out-of-plane failure mode is very complicated, the failure modes are generally attributed
to either in-plane or out-of-plane failure. Adequate seismic performance can be attained if out-of-plane col-
lapse is prevented and in-plane strength and deformation capacity of the shear walls are fully used. Both are
discussed in more detail.

Out-of-plane behaviour
Out-of-plane failure is a common phenomenon. Often it is a result of insufficient connections between walls
to walls and walls to floors. Observations after several strong earthquakes show that out-of-plane failure
probably causes the most serious life-safety hazard. The unstable out-of-plane failure endangers the gravity-
load-carrying capacity of a wall, whereas for in-plane failure this is less likely to happen, unless for extremely
severe shaking. D’Ayala and Speranza [8] have defined some typical out-of-plane collapse mechanisms for
masonry buildings based on post earthquake damage inspections, see Figure 3.1.

Figure 3.1: Examples of out-of-plane failure mechanisms of unreinforced masonry(Source: [7] adjusted from [8])

The collapse modes and resulting analytical models account for connections, loading and restraint effects
of horizontal structures and presence of strengthening devices, such as ties and ring beams. The equivalent
shear capacity for each façade wall and for each collapse mechanism is calculated and the governing mech-
anism, with the lowest capacity, is identified.
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In-plane behaviour
The main in-plane failure mechanisms of unreinforced masonry walls can be summarized as follows [9]:

• Shear failure

• Sliding failure

• Rocking and toe crushing failure

The shear failure mode is typically found in walls with high axial loads and a low height to length ratio, lead-
ing to diagonal or X-cracking in the direction of the wall lengths, as depicted in Figure 3.2a. These cracks
pass either through the mortar joints or through the masonry units, depending on the relative strength of the
components. Perforations in a structure facilitate in-plane cracking, since a greater concentration of stress is
present at the edges of the openings.

In case of a low friction coefficient or low vertical loads, the horizontal cracks in the bed joint can cause a
sliding plane extending along the wall. In that way the upper part of the wall can slide on the lower part,
causing shear sliding failure, as demonstrated in Figure 3.2b. This sliding plane is typically formed at the base
of a wall.

Rocking or toe crushing failure occurs in case of high moment to shear ratio or enhanced shear resistance,
depending on the level of the applied normal force, see Figure 3.2c and 3.2d. Generally, failure initiates with
large flexural cracks developing at the bottom and the top of the element. A rotation mechanism can be
activated if the displacement increases.

(a) Shear failure (b) Sliding failure (c) Rocking failure (d) Toe crushing failure

Figure 3.2: Main in-plane failure modes (Source: [9])
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3.3 Modelling of unreinforced masonry

Masonry is a composite material with different properties depending on the properties of its constituents
(masonry units and mortar) and the cohesion between them. Therefore, modelling of masonry can be com-
plicated. There are several different ways to model masonry. Each method has its advantages and disadvan-
tages.

The main differences are based on the scale of analysis and on how connectivity of the masonry is described.
Depending on the desired level of accuracy, simplicity and required time of the modelling, there are generally
two principal strategies: micro-modelling and macro-modelling. It is also possible to model on a scale in be-
tween these two, namely simplified micro-modelling or meso-modelling [40]. In Figure 3.3 a schematisation
of the different modelling approaches is presented.

(a) Masonry sample (b) Detailed micro-model (c) Simplified micro-model (d) Macro-model

Figure 3.3: Masonry modelling strategies (Source: Adapted from [10])

Micro-modelling
Since the beginning of the modelling of masonry, micro-models are used. It basically consists of modelling
brick by brick. The masonry units, the mortar and their interface are modelled separately.There are two ways
to use a micro-modelling approach [10]:

• Detailed micro-modelling – The masonry constituents are represented by continuum elements. The
interface of the mortar and the masonry units is described by discontinuous elements, representing
possible planes of failure. The characteristic non-linear behaviour of masonry is predominantly mod-
elled in the interfaces. This model should be able to describe all failure mechanisms.

• Simplified micro-modelling or meso-modelling – The units are represented by continuum elements.
However, the mortar is scaled down to zero-volume interface elements. The masonry units are ex-
panded so the geometry of the masonry is ensured. The units are separated by discontinuous elements
that simulate the behaviour of the mortar and the interface of units and mortar.

A disadvantage of micro-modelling is that it is time consuming. Furthermore, all the properties of the con-
stituents have to be known, which can be difficult to obtain, especially for existing structures. Therefore a
micro-model is mostly used for studying the behaviour of a single structural element rather than a complete
structure.

Macro-modelling
Knowledge of the interaction between units and mortar is, in practice and for extensive analyses. Gener-
ally, it is negligible for the global structural behaviour. In these cases a macro-modelling approach can be
adopted [41]. In a macro-model the masonry units and the mortar are not described separately, but they are
considered as homogeneous and anisotropic continuum material. Therefore, all aspects of the behaviour are
smeared out over the material. Masonry stress-strain relationships are derived by performing tests on ma-
sonry, where combined brick and mortar behaviour is analysed.

The modelling process of macro-models is less complex and the calculation time is significantly lower than
micro-modelling. On the other hand, this method only reproduces a more general structural behaviour.
Macro-models can be seen as a compromise between accuracy and computational speed. The models are
mostly used to study the behaviour of a whole structure rather than a single component.

To connect the macro-model to the actual masonry behaviour, assumptions are made. The step from micro
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to macro-models is called homogenisation. Important aspects of homogenisation include periodic geome-
try, non-linearity, bond and/or damage-induced anisotropy.

Furthermore, there are structural element models. The most essential structural elements are defined and
the constitutive laws are provided in terms of internal forces such as shear force or bending moment, rather
than in terms of stresses and strains. An example of such a model is given by the equivalent frame method,
which is described below.

Equivalent frame modelling
The equivalent frame model is one of the most widely used structural element modelling strategies. The
strategy is based on the identification of macroscopic structural elements, usually two main structural com-
ponents are identified: piers and spandrels. The deformation and the non-linear response are concentrated
within these elements[11]. Generally, cracks and failure modes are concentrated there. The panels are con-
nected by rigid portions that are usually not subjected to damage, referred to as rigid nodes. Figure 3.4 sows
an example of this equivalent frame idealization process.

Piers are the main resistant elements, carrying both vertical and lateral loads. The spandrels, which are the
parts between two piers, couple the response of those piers in the case of lateral loads.

The approach requires a limited number of degrees of freedom in order to allow the analysis of complex
three dimensional models of URM structures, obtained by assembling its walls and floors. This modelling
approach is applied in the program TreMuri, which is a frequently used program in earthquake modelling of
masonry, usually to perform non-linear pushover analyses.

Figure 3.4: Example of an equivalent frame idealization (Source: [11])

Simple Lateral Mechanism Analysis (SLaMA)
Another macro modelling approach, is the Simple Lateral Mechanism Analysis or SLaMA method. This is a
simplified non-linear calculation method, which determines the global capacity of the structure by the sum-
mation of the capacities of identified individual mechanisms for elements or members. It is considered to
be a relatively easy way of obtaining an estimate of the non-linear pushover relationship of fairly complex
structures.

According to New Zealand guidelines [42], the key steps for performing a SLaMA are:

• Assess the structural configuration and the load paths in order to identify the essential structural ele-
ments and the potential structural weaknesses.

• After these elements are identified, the probable in-plane capacities for various failure mechanisms of
the individual elements have to be determined.

• Compare the element capacities and determine the governing failure mechanisms and therefore the
hierarchy of strength.

• Assess the sub-system inelastic mechanisms by extending local to global behaviour.

• Combine the various individual mechanisms and the capacities and calculate the base shear and global
displacement capacity.

• After that the equivalent SDOF system has to be determined together with the seismic demand in order
to plot an ADRS curve.
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• Next to that, the the diaphragm connection to the walls has to be assessed and the put-of-plane re-
sponse has to be assessed as well.

The SLaMA method provides a good insight in the seismic behaviour especially for low-rise structures, since
their first mode response is dominant and therefore higher mode amplification can be neglected. Due to
the clarity of the simplistic representation of the structure, the SLaMA method often provides a useful un-
derstanding of the structure’s behaviour. A disadvantage is the potential to overestimate the capacity of an
element by missing the mechanism that has the lowest strength and displacement capacity and therefore
overestimating the overall strength and displacement capacity.
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4.1 Analysis methods

The aim of a structural seismic analysis is to compute the forces and displacements of the structural elements
and the entire system. The main analysis methods appropriate for evaluating the seismic behaviour are: the
lateral force analysis, the modal response spectrum analysis, non-linear static pushover analysis and the non-
linear time history analysis. These methods can be divided into linear or non-linear and static or dynamic, as
presented in Table 4.1.

Method Procedure

Lateral Force Analysis Linear Static

Modal Response Spectrum Analysis Linear Dynamic

Non-linear Pushover Analysis Non-linear Static

Non-linear Time History Analysis Non-linear Dynamic

Table 4.1: Analysis methodologies

Moving from linear to non-linear analysis and from static to dynamic analysis, the procedure provides a more
accurate model of the actual seismic performance of a building, but the processing time and the computa-
tional effort increases. Generally, national standards and guidelines use more simplified analysis methods
to be on the conservative side concerning safety. When modelling becomes more detailed,the mathematical
representation of the actual structural behaviour increases and therefore the accuracy of the analysis, result-
ing in less-conservative outcomes.

In this section, the calculation methods and the differences between them are described briefly. After, the
main method used during this research is determined and described in more detail.

Lateral force analysis
The lateral force analysis (LFA) is a linear static calculation method. It is a simplified method that substitutes
the effect of dynamic loading by distributing static forces laterally on a structure. The main assumptions are
the response in its fundamental lateral mode and the simple approximation of the shape of the mode. The
structure must be able to resist the lateral forces in either direction, not simultaneously in both. The lateral
force method is relatively easy and fast and little amount of input is required. A number of assumptions has
to be made, which reduce the accuracy of the method. Dynamic effects, non-linear material behaviour and
ductility is not taken into consideration and the contribution of higher mode shapes is ignored. Further-
more, rigid diaphragms are assumed. The method is useful for an easy and fast estimation of the structural
behaviour of regular low-rise buildings which are dominated by their first mode shape.

Modal analysis
This analysis method is a linear dynamic analysis of a structure subjected to earthquake excitation. It is
the most used method to accommodate the stochastic nature of seismic events. It is performed to identify
the eigenvalues, the frequencies, the mode shapes and the periods of the structural system. The seismic
input is given in terms of a response spectrum, usually an acceleration response spectrum. Unlike the lateral
force method, contribution of higher mode shapes is taken into account. Therefore, it is applicable for more
complex geometries and shapes. Additionally, the modal analysis includes dynamic effects. Similar to the
lateral force method, it is a linear method, thus non-linear material behaviour and ductility is not directly
taken into account
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Non-linear pushover analysis
The non-linear pushover (NLPO) analysis is a commonly used non-linear analysis method for seismic as-
sessment of existing structures. A structure is subjected to gravity loading and a monotonic displacement-
controlled lateral load pattern which is continuously increased through elastic and inelastic behaviour until
the ultimate capacity is reached [43]. The lateral load is usually applied in a load vector that approximates the
relative acceleration associated with the fundamental and dominant mode of vibration. Basically, the build-
ing is pushed until its maximum capacity to deform is reached. It gives an idea of the maximum base shear
that the structure is capable of resisting. The output of the analysis is a static-pushover curve which plots a
strength-based parameter against deflection, giving the expected lateral force capacity and therefore regis-
tering the structural response. Results provide insight into the ductile capacity and indicate the mechanism,
load level, and deflection at which failure occurs.

The pushover analysis is an attractive method for seismic analysis since it allows the explicit consideration
of the non-linear structural behaviour without the need to define the often complex characteristics of the
structural elements and therefore maintaining the simplicity of a static analysis. Furthermore, it gives good
insight into the propagation of damage and accounts for second order effects. Disadvantages of the pushover
method are the use of only a first mode shape (SDOF system), the lack of dynamic effects and the use for
solely in-plane analysis. Next to that, it is hard to obtain useful results for structures with flexible diaphragms,
since the method is initially developed considering rigid diaphragms, according to [44].

Non-linear time history analysis
The time history analysis is a dynamic non-linear method. From the aforementioned analysis methods, this
is the most complete form of analysis. It accounts for non-linear behaviour and ductility, second order effects,
a combination of in-plane and out-of-plane loading and it accounts for dynamic effects. The downside is the
necessity of large amounts of input information which is essential for the accuracy of the method. Results
are very sensitive to the input and therefore it is hard to interpret the accuracy. During an earthquake, the
ground acceleration changes and therefore the applied forces on the structure change over time. By solving
the equation of motion for every time step, the internal forces and displacements are calculated for every ele-
ment in the structure. For a typical building, this requires solving many equations simultaneously. Therefore,
it is very time consuming. On the other hand it provides more detailed information regarding the seismic
behaviour.

Conclusion
In this research the focus is mainly on buildings with relatively simple geometries with rigid diaphragms, of
which the structural behaviour is predominantly governed by their first mode shape. A good insight in the
propagation of the failure mechanisms is important, just as the application of second order effects. Since
relatively simple buildings are analysed, there is no need for the extensive and time consuming non-linear
dynamic time history analysis. Therefore, the focus in this research is on the non-linear static pushover anal-
ysis.

4.2 Non-linear pushover analysis

There are generally two main approaches to the pushover analysis: The capacity spectrum method and the
displacement coefficient method. In this research the capacity spectrum method, also prescribed in the
Dutch guidelines NPR 9998:2018, is used. This guideline, gives a basis for new construction as well as for
strengthening existing building constructions with insufficient safety. It is based on Eurocode 8 and it gives
several methods to determine the structural safety and the seismic action.

In this method, a capacity (or pushover) curve of the structure is generated by subjecting the detailed non-
linear structural model to the fundamental mode inertia load vector. The curve is given in terms of base
shear force versus displacement of the target point chosen, in this case the roof displacement. The capacity
curve approximates how structures behave after they exceed their elastic limit. After generation of the ca-
pacity curve, it is converted the multi degree of freedom (MDOF) system into an equivalent Single Degree
Of Freedom (SDOF) system, as presented by Figure 4.1. By doing so, values for the roof displacement and
the base shear on the pushover curve are converted to the corresponding spectral displacement and spectral
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acceleration.

Figure 4.1: Conversion of a more detailed structural model into an equivalent SDOF system (Source: [12])

The seismic demand is converted to an Acceleration-Displacement Response Spectrum (ADRS), also referred
to as a demand spectrum. The capacity spectrum and ADRS are compared. The intersection point of these
curves is called the performance point, which is an estimate of the expected maximum displacement. With
this so called target displacement the structural performance is checked by comparing the displacement to
the displacement capacity of the structure. In Figure4.2 the process is illustrated.

Figure 4.2: Process of capacity spectrum method (Source: [12])

The application of the NLPO procedure generally involves four main phases:

1. Define the structural model with the non-linear force-deformation relationships for the various com-
ponents/elements

2. Define a suitable lateral load pattern and use the same pattern to define the capacity of the structure

3. Define the seismic demand

4. Evaluate the performance of the building

Phase 1
For this research, the definition of the structural model with the non-linear force-deformation relationships
for the various structural elements is explained and described in Chapter 5 according to the NPR 9998:2018.

Phase 2
To perform a pushover analysis a lateral load pattern, equivalent to the earthquake load is required. Regula-
tions are mostly focused on a monotonic lateral load pattern which pushes the structure till the capacity is
reached. The loads are in proportion to the distribution of inertia forces in the plane of each floor diaphragm.
According to the NPR 9998:2018 at least two vertical distributions of lateral load patterns should be applied.
In this case, the following load pattern are used for the pushover analyses:

• a so-called uniform load pattern, which is proportional to the story masses.
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• a triangular load pattern based on a first mode dominant response, which is proportional to the story
masses

The choice of the load pattern plays a significant role, because certain deformation modes are triggered by a
particular load pattern while other modes are therefore missed. Since the loads are increased for each step of
the pushover curve, the initial magnitude of the lateral forces is less important. The ratio between the lateral
forces is more relevant. Figure 4.3 shows the ratio for both applied load patterns.

Figure 4.3: Ratio of pushover forces for the first and second floor for uniform and triangular lateral load pattern.

The lateral load on the first floor is related to the load of the second floor, which is set at a value of 1 kN.
For a uniform load pattern φ1 = φ2 = 1. For a triangular load pattern, φ is calculated according to 4.3.3.2 of
NEN-EN 1998-1:

φ= hi ·mi∑
h j ·m j

(4.1)

Where:
hi ,h j : are the heights of the masses mi ,m j above the level of application of the seismic action

Phase 3
The seismic demand is represented by an elastic design spectrum. For the Groningen situation, the NPR
9998:2018 uses response spectra based on predictive values from theoretical models. Models are based on a
single earthquake source with a relatively low magnitude and therefore an amplification for longer response
periods. This is typical for induced earthquakes. A tool is used, to gain insight into the predicted ground
movements with a self-chosen return period at a self-chosen specific location. The tool presents an elastic
response spectrum at the chosen location. Figure 4.4 shows a typical shape of a response spectrum taken
from the NPR web-tool.

Figure 4.4: Shape of elastic response spectrum taken from the webtool (Source: [13])

For each location in Groningen the values for TB , TC , TD , p and ag S are given. The value for ag ;d follows
from multiplying ag S with an importance factor. For existing structures the value for the importance factor

28



4. Analysis strategy

is 1.0, according to Table 2.4 of the NPR 9998:2018. With these parameters an elastic response spectrum is
constructed, see Appendix C.

In Groningen the degree of damage to a structure is distinguished by three limit states:

1. Near Collapse - the load bearing structure is about to collapse and would probably not survive another
earthquake. This level is achieved corresponding to a seismic action with probability of exceedance of
2% in 50 years, which is a return period of 2475 years.

2. Significant Damage - the load bearing structure is significantly damaged with some residual lateral
strength and stiffness, vertical elements are still capable of sustaining vertical loads. Seismic action
corresponding to a 10% probability of exceedance or a return period of 475 years.

3. Damage Limitation - the load bearing structure is only slightly damaged retaining its strength and
stiffness properties. This limit state corresponds to a seismic action with probability of exceedance of
20% in 50 years or a return period of 225 years.

In practice, buildings are assessed according to the Near Collapse (NC) limit state in Groningen, as is done for
this research. Most seismic standards in the world use the Significant Damage limit state, which accounts for
a lower return period.

To account for energy dissipation of the system, the seismic demand spectra are adjusted by a spectral re-
duction factor, based on the equivalent viscous damping of the system, see Appendix C. For unreinforced
masonry walls that show ductile behaviour, a hysteretic damping of ξhy s = 0,15(15%) can be applied as a
conservative assumption when loaded in-plane, according to Table G.3 of NPR 9998:2018 [34]. For walls
showing brittle behaviour, a hysteretic damping of ξhy s = 0(0%) should be applied. However, in practice it is
depending on the masonry properties and overall structural condition.

Phase 4
In this phase the performance of the structure is evaluated. In order to compare the capacity curve with the
seismic demand, the MDOF system is converted into an equivalent SDOF system. This transformation is de-
scribed in Appendix D according to the NPR 9998:2018 [34].

After, the capacity curve is presented into to the same format as the seismic demand, an acceleration-displacement
curve. To do so, the base shear is divided by the the effective mass of the system, as explained in Appendix
D. The capacity spectrum and ADRS are compared. The intersection of these two curves is called the perfor-
mance point, which is an estimate of the expected maximum displacement. If the curves do not cross, the
structure needs seismic strengthening.
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The purpose of this research is to design certain timber seismic strengthening measures for one of the most
vulnerable building typologies in the Groningen area. To simulate and test the proposed strengthening mea-
sures, first a numerical model of the building typology has to be created. This model is based on certain
assumptions on the behaviour of the existing masonry structures. Chapter 4 presents the analysis strategy
used, namely the non-linear pushover analysis. Phase 1, the definition of the structural model with the non-
linear force-deformation relationships for the various elements, is described in this Chapter.

5.1 Modelling assumptions

There are several ways to model masonry, as addressed in Chapter 3. In this research, it is chosen to model
the building typology according to a macro-modelling approach. It is modelled using ETABS17, a 3D non-
linear analysis software developed by Computers and Structures Inc. (CSi) California. The approach used is a
mechanism based analysis, similar to the SLaMA method described in section 3.3. However, ETABS takes 3D
and second order effects into account. It provides a good insight in the seismic behaviour especially for low-
rise structures, since their first mode response is dominant and therefore higher mode amplification can be
neglected. The modelling process of macro-models is less complex and the calculation time is significantly
lower than micro-modelling. This is preferable, because in this research a range of geometric variants of the
same building typology are tested, instead of a single component of the structure. Therefore, it is a compro-
mise between accuracy and computational speed. Furthermore, this approach is used in combination with
the non-linear pushover analysis.

For URM buildings, the main structure is composed of piers, spandrels and elements that connect them,
as can be seen in Figure 5.3. The computation of the capacities of the individual structural components is
done according to the recommendations of the Dutch guideline NPR 9998:2018, §G.10 (Appendices E and F).
The governing failure mechanism for each element is determined separately. The capacities are based on the
mean properties of the masonry used, the geometry and the structural elements and the loads within and on
the structure.

The mechanisms that are considered for the pier elements are the following:

• Rocking or flexural mechanism, which accounts for both rocking and toe crushing (respectively a) and
b) in Figure 5.1)

• Shear sliding mechanism (see d) in Figure 5.1)

• Shear limit or cracking of bricks (shear tension)

In contrast to the NPR 9998:2017, the diagonal tension failure does not have to be checked for. Instead, the
cracking of bricks is taken into account by applying a drift limit for the shear failure.
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Figure 5.1: In-plane failure mechanisms of masonry piers: a) cracks due to rocking; b) toe crushing cracks; c) shear- diagonal cracks
along the mortar bed joints; d) shear-sliding cracks (Source:[14]).

For spandrel elements, two different failure mechanisms are accounted for, namely:

• Flexural failure

• Shear failure

Next to these assumptions, the following assumptions to the overall model of the studied structure have been
made:

• The roof diaphragm, gable walls and the clay brick veneer have not been modelled. Instead, mass and
weight have been added to the model to account for these elements.

• The foundation is assumed to be fixed.

• Second order effects are checked for.

• The out-of-plane performance of the walls is not modelled in ETABS.

• Only one unit is modelled, therefore pounding effect is not taken into account. Since the structural
system of the adjacent units of terraced houses have the same structural system, the effect is likely to
govern.

Second order effects
The P-delta effect is a destabilizing moment equal to the force of gravity multiplied by the horizontal dis-
placement a structure undergoes when loaded laterally. To examine if these second order effects should be
incorporated in the model, a check according to the NPR 9998:2018 is performed. These effects do not have
to be taken into account when for each storey the following applies:

θ = Ptot ×dr

Vtot ×h
≤ 0,10 (5.1)

Where:
θ is the coefficient for the sensitivity to the relative displacement of floors;

Ptot is the mass on and above the considered floor ;
dr is the relative displacement between floors;

Vtot is the total seismic base shear at the considered floor;
h is the height between floors considered.

When 0,1 < θ ≤ 0,2, second-order effects can be approximated by multiplying the relevant seismic demand
by a factor of 1/(1−θ). The θ value can not exceed 0,3. In that case, either the model needs strengthening or a
more complex assessment has to be performed with for example a time history analysis to assess the model
in a more accurate way.
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5.2 Model of URM building

A typical unreinforced masonry terraced house, as shown in Figure 5.2, is divided in the most essential struc-
tural elements. The main structure is composed of piers, spandrels and elements that connect them. Figure
5.3 shows the identification of piers and spandrels of a typical terraced house with large openings on ground
level. Together with the connections between them, these elements make up the numerical macro model.
In order to speed up the creation of the model and the computational time, the model is simplified, by the
of the piers and spandrel element, as demonstrated in 5.3d. A 3D representation of the model in ETABS, is
presented in Figure 5.4. It is chosen to model only an end unit of a terraced house.

Figure 5.2: Typical terraced house in Uithuizen, Groningen (Source:[15]).
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(a) Definition of pier elements (b) Definition of spandrel elements

(c) Definition of structural elements with the connecting ele-
ments (d) Simplification of structural element definition

Figure 5.3: Definition of the most essential structural elements of a typical terraced house

Figure 5.4: 3D representation of a terraced house in ETABS
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Walls
The parts in between the pier and spandrel elements function as nodes. The longitudinal façade walls are
modelled as shown in Figure 5.3d. The transversal walls of the building are considered closed walls without
openings.

All elements are modelled as elastic shell elements. The non-linear behaviour of the building is modelled
in the connection between the elements, which are discussed further on. The stiffness of the load bearing el-
ements should be evaluated taking into account the effect of cracking, according to the NPR9998:2018. Since
an accurate analysis of cracked elements has not been performed. The elastic flexural and shear stiffness
properties of the masonry wall elements are taken to be equal to half of the stiffness of the uncracked ele-
ments, see Appendix G Figure G.2. Since the material wall properties do not change over time, it is chosen to
implement the most unfavourable situation, which means that in the elastic phase the properties are reduced
by fifty percent.

The focus is on the in-plane behaviour of the building. Therefore, the amount of load carried by the elements
in the out-of-plane direction is reduced by applying a stiffness multiplier to the relevant wall elements, see
Appendix G Figure G.2.

Floors
In this research, both floors are assumed to be concrete slabs. A concrete floor is modelled following a rigid
diaphragm approach. For timber floors, this approach is inappropriate, since they are more flexible and
therefore follow a flexible diaphragm approach. Figure 5.5 shows the diaphragm extent as modelled in ETABS
for both first and second floor.

The floors are either one-way or two-way spanning, as explained in section 2.2. In this research, the first
floor is spanning in one direction, from one transversal wall to the other, and the second floor is being carried
by both the transversal walls and the longitudinal façade walls. However, the transversal walls take the ma-
jority of the vertical loads. The distribution of the loads is done by ETABS and depending on the dimensions
of the building, around 75% of the loads are taken by the transversal walls and 25% by the longitudinal walls.
Furthermore, wider façade piers bear a larger part of the loads.

The floor-to-wall connection details are based on building specimens representing typical URM cavity-wall
terraced houses, used for shake table tests in [36, 17]. In ETABS, the floors are modelled as membrane slab
elements, which transfer 100% of the loads that are applied directly to the supporting structural elements.
Whereas shell elements have bending stiffness and consequently resist part of the load through flexural de-
formation. When performing a pushover analysis it is preferred that the floors do not take a portion of the
vertical load, so the loads only transfer in the in-plane direction of the slab.

Figure 5.5: Diaphragm extent of the first and second floor

37



5. Numerical model

The thickness of a concrete floor in the analysis is assumed to be according to Table 7.4N of Eurocode 2. It
proposes a basic span/effective depth ratios for different structural systems of reinforced concrete members.
One-way or two-way slabs have a basic span/effective depth ratio of 26 for slightly stressed concrete see
Figure 5.6. This value is generally on the conservative side but its a good estimate.

Figure 5.6: Table 7.4N from Eurocode 2

Connections between elements
The non-linear behaviour of the piers and the spandrel elements is modelled by links between the elements
described above. The analysis is mechanism based and considers the most prominent failure mechanisms
for either piers and spandrels based on the NPR 9998:2018.

Figure 5.7: Connections between the elements in the façade wall in the ETABS model to account for the failure mechanisms

Piers
The seismic behaviour considered for the masonry piers are shear sliding behaviour, shear tension behaviour
and rocking or flexural behaviour. The rotation of a pier that collapses by reaching the moment resistance
is limited by the crushing of masonry in the most compressed area, caused by toe crushing. This limit is
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included in the rocking drift limit, which is based on the compressive strength of the masonry, according to
the NPR 9998:2018, see equation E.5. This equation is the result of calibration of relevant test results of ma-
sonry piers applied in Groningen [45, 46]. When the numerical model passes this limit, the capacity curve is
stopped. The pier has failed due to either toe crushing or rocking or a combination of the two.

Rocking of the piers is explicitly included in the ETABS model by compression only ’gap’ links. In the model
these links provide the connection between the piers and foundation (shown in Figure 5.8a) and between the
piers and rigid elements (Figure 5.8b). The compression only ’gap’ link does not take any tension forces. The
links allow uplift to occur when the uplift force exceeds the gravity force, causing the pier to rock. When this
happens before the pier exhibits shear behaviour, the pier starts rocking.

(a) Gap link at the base of the structure, connecting the foundation
with pier elements

(b) Links used to model the connection between pier and rigid ele-
ments

Figure 5.8: Gap links used to incorporate rocking mechanism.

The shear behaviour is concentrated at non-linear links, MultiLinear Plastic links in ETABS, located at mid
height of the piers for convenience. Backbone curves are used to represent the force-displacement relation-
ship of each pier. Both shear sliding and shear tension failure have been considered for the derivation of the
backbone curve, which are determined according to the formulas in the NPR9998:2018, Annex G. Appendix
E gives an overview of the used formulas according to the NPR9998:2018.

The multi linear force displacement relationship is a function of the wall geometry, material properties and
tributary gravity loads, which differs for each wall in the model. Piers connected to the transversal walls, ex-
perience active flange effect when pushed. Due to this effect, the compressive stress is considered higher,
leading to a higher shear resistance in one direction, as presented in Figure 5.9b (A pier on the other side
presents opposite behaviou)r. The passive flange effect is not taken into account. The magnitude of the
flange effect is discussed further on. For the central piers, the flange effect is not present. Therefore, the shear
capacity is equal in both direction as indicated in Figure 5.9a.
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(a) Backbone curve for a central pier (b) Backbone curve for a side pier with flange effect load taken into account

Figure 5.9: Force-displacement relationships for various pier elements

Figure 5.10 presents that, next to the MultiLinear Plastic link, two different link types are used to model the
shear failure mechanism of the pier in ETABS. The linear ’shear free’ links provided at the wall ends transfer
the overturning forces. The linear ’connector’ links modelled along the length of the pier above and below
the split ensure an even distribution of shear forces to the MultiLinear Plastic links.

Figure 5.10: Links used to model non-linear shear deformation of the pier walls

Spandrels

The unreinforced masonry spandrels are modelled in a similar way as the masonry piers described above.
Shear deformation is modelled with MultiLinear Plastic links at the bottom of the spandrels to transfer shear
and chord forces. The input parameters for the force-displacement relationship are determined following the
NPR9998:2018 Annex G. The failure mechanisms considered for the spandrels are flexural and shear failure,
depending on which one is governing. Formulas used to calculate the capacity can be found in Appendix F.
Figure 5.11 shows an example of a backbone curve of the shear links for spandrels.

40



5. Numerical model

Figure 5.11: Example of the non-linear input of shear links for spandrels

Figure 5.12 shows the various links used to model the spandrel behaviour. The linear ’shear free’ link transfers
chord forces similar to the ’shear free’ links used for the pier behaviour. Linear ’connector’ links ensure an
even distribution of shear forces to the non linear links. Since the model is constructed per storey, some
spandrels are modelled with two separate elements as shown in Figure 5.12 on the right. In that case, three
links are modelled as ’shear free’ links and only one, at the bottom of the spandrel, is modelled as a non-linear
link representing the shear deformation.

Figure 5.12: Links used to model the connection between spandrel and rigid elements

Floor connections
The connections between the floors and the walls depend on the way the details are designed within the
researched typology. In Section 2.2 the most common details of this building typology are described. The
first floor is carried by the transversal walls only. The second floor is carried by both the transversal walls as
the longitudinal walls. The connection between the floors and the walls is realised by linear rigid links, see
Figure 5.13, which assume a perfect rigid connection at each stage of the pushover analysis. When piers at
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second floor start rocking, the vertical load distribution of the gravity analysis is maintained, assuming that
the transversal loads keep contact with the floors. In reality this not the case. During a seismic event the con-
nection between floor and wall could detach, either completely or partly. This can have significant influence
on the load path and therefore the capacity of certain elements. Although this can have an influence, it is not
taken into account into the model. Figure G.18 shows the link properties within ETABS.

Figure 5.13: Links used to model the connection between floors and transversal side walls and longitudinal front walls

Flange effect
Since the transversal walls and the longitudinal façade walls are connected, they can be considered as flanged
walls. For the piers to be able to move during a seismic event, they have to overcome part of the weight of
the transversal walls and part of the load that is carried by the transversal walls from the floors. This effect is
called the flange effect. This can have beneficial effect on the performance of the piers and the overall perfor-
mance of the structure, since this creates an extra axial force, which has to be overcome. Flanged walls can
have considerably higher strength and stiffness than those without flanges [47].

Instead of connecting both wall elements, it is chosen to model the flange effect as links between the side
walls and the front walls, resembling the connection between the two, see Figure 5.14. The is done to get a
get better insight in the amount of force that is taken by the piers due to the flange effect. When side and
front wall would have been directly connected, it would have not been possible to get insight in the force
distribution related to this flange effect, since it is determined by the program (ETABS). The links provide an
extra axial force to the connected pier elements, pushing the piers back, which results in more resistance to
rocking behaviour.
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Figure 5.14: Schematisation of the flange links in the ETABS model

The load transfer from adjacent flanges is pre-estimated. The magnitude of force that the link can transfer is
limited to this estimation. The contribution of the flanges is only considered when the in-plane mechanism
determines the rotation of the pier and the following uplift of the transversal wall, which happens for flexural
and shear splitting failure modes.

Five different strategies can be used to estimate the flange effect, according background articles of the NPR
9998:2018 [16, 46]:

• No flange contribution

• Recommendations according to Eurocode 6 (EN 1996-1 5.5.3

• Recommendations according to NPR 9096-1-1 - Masonry structures - Simple design rules, based on
NEN-EN 1996-1-1+C1

• Procedure described in Moon et al [47], excluding the possible contribution from uplifted floors;

• Procedure described in Moon et al [47], including the possible contribution from uplifted floors;

The study compares numerical predictions to experimentally recorded values for the peak base shear for
seven experimental tests performed on large scale structures, from lab tests carried out by several institu-
tions such as EUCENTRE, TU Delft, Arup and NAM. The predictions are carried out by four different analysis
methods, namely a mechanism based analysis, equivalent frame based analysis by 3Muri software, equiva-
lent frame based analysis by DIANA software and a full finite element based analysis.

The results for the sensitivity of the flange contribution assumptions, are presented in Figure 5.15. It shows
for every case study that the flange contribution is most accurately modelled when the procedure described
in Moon et al. [47] is used, including the possible contribution from uplifted floors. The results are on average
closer to the experimental results and therefore this procedure is used in this research.
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Figure 5.15: Ratio between experimental and predicted peak base shear forces for seven experimental tests performed on large scale
URM structures at the laboratories of TU Delft, EUCENTRE and LNEC (Source:[16])

The procedure proposed by Moon et al.[47] is based on likely crack patterns relating to uplift in flange walls.
The crack pattern of the transversal walls, which act as flanges to the adjacent piers of the front façade, is
assumed to be at an angle of 45 degrees with respect to the base. The tensile crack initiates from the corner
of the pier and propagates diagonally upward, as shown in Figure 5.16. It is assumed that the trapezoid area
or triangular area above the 45 degrees crack moves together with the in-plane wall [47], act as a flange.
Therefore, this area is considered as the effective flange area. The corresponding width is not larger than half
of the length of the transversal wall, as shown in Figure 5.16, thus depending on the length of the transversal
wall. The possible contribution to the flange effect of the floors that lay on top of the side walls is considered.
The slab on the first floor is considered to be spanning in one-way. Therefore the loads are taken by the side
walls. The load from the floor that is taken into account is half of the load that is carried by one side wall, see
Figure 5.16. Since the concrete slab on the second floor is considered to be a two-way spanning slab, the loads
that are taken into account are different. The magnitude of the considered load from the floor is based on the
load distribution of a two-way spanning slab, as this is likely carried by the side wall that acts as a flange, see
Figure 5.16. The floor loads consists of its self weight and the superimposed dead load. The live load is not
taken into account.
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Figure 5.16: Loads taken into account for the flange effect; left: partial flange effect and right: full flange effect.

5.3 Loads

The loads that are taken into account by the model, are a combination of vertical loads (self weight, super
dead load and live loads) and lateral loads, representing the seismic action. The magnitude and the imple-
mentation into ETABS is discussed in this section.

Vertical Loads

For a seismic design situation, first the vertical actions have to be taken into account. These vertical loads
consist of the permanent loads ”G” and the variable live loads ”Q”. The permanent loads include the self
weight of all structural elements and additional permanent loads from non-structural elements.

The self weight of the structural elements, the walls and floors, are based on the unit weight of concrete
and masonry units and on the geometry of the structure. The self weight of the structural elements, such as
the floor slabs and the walls is automatically generated in ETABS. The concrete floor slabs are considered to
have a weight of 25 kN /m3, whereas the walls are considered to have a weight of 20 kN /m3.

The additional permanent loads (or super imposed dead load) on the floors account for loads from inner
walls, ceilings, installations and floor finish. This load is assumed to be 1,65 kN /m2, see Table B.1 of Ap-
pendix B for the calculation.

The variable live load considered is according to Table NB.1-6.2 of NEN-EN 1991-1-1 for floors of houses
and has a value of 1,75 kN /m2. Table 5.1 shows an overview of the loads considered on the first floor slab.
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Type of load Unit Value Reference
Self weight concrete floor kN/m³ 25
Additional permanent load kN/m² 1,65 See Table B.1 Appendix B
Variable live load kN/m² 1,75 NEN-EN 1991-1-1 / Table NB.1 - 6.2

Table 5.1: Loads on the first floor slab

The roof structure has not been modelled. Its weight and mass have been added to the weight and mass of
the second floor of the model, by increasing the weight and mass modification factor of the second floor slab
in ETABS. The gable roof structure is assumed to consist of a ride beam, rafters and purlins, covered with roof
tiles. According to the geometry of the building, weight and mass of the roof can be determined. Table B.2 of
Appendix B shows an example of the calculation of the weight of the roof structure.

The outer leaf of the cavity wall is not modelled. To account for the mass of the clay brick veneer, the mass of
inner leaf (thick shell elements in ETABS) is modified by a factor of 2.

Lateral loads
For the pushover analysis lateral forces are distributed over the height of the structure. These loads are in-
creased in order to push the building until the ultimate capacity of the structure is reached. The load patterns
used are described in section 4.2. The lateral loads are applied at the location of the masses in the model,
which in ETABS is at diaphragm level, where the masses of the model are lumped. The model is pushed in
both directions with both load patterns. So, four pushover analyses are performed.

Load cases
The design value Ed of the effects of actions in the seismic design situation are determined in accordance
with 6.4.3.4 of NEN-EN 1990. The inertial effects of the design seismic action is evaluated by taking into
account the presence of the masses associated with all gravity loads appearing in the following combination
of actions: ∑

Gk; j
′+′∑ψE ;i ×Qk;i (5.2)

Where:
Gk; j : is the characteristic value of the permanent action;
ψE ;i : is the combination factor for variable action, for use in combination with seismic action;
Qk;i : is the variable action.

The combination coefficients ψE ;i for the calculation of the effects of the seismic actions are computed with
the following formula:

ψE ;i =φ×ψ2;i (5.3)

Where:
φ: is a coefficient that takes into account that not all mass of the structure moves along;

ψ2;i : is the combination coefficient for the quasi-permanent value of the variable action qi ;

According to the NPR 9998:2018, for classes of surface loads A to C, the value of φ for the roof is 1,0 and
for the other storeys the value of φ is 0,6. The combination coefficient for the quasi-permanent value of the
variable action, ψ2;i , has a value of 0,3 (EN 1990/Table A.1.1). The combination factor, ψE ;i , for the roof is
therefore 0,3. For the other storeys the value of ψE ;i = 0,18.

Analysis
After all loads and masses are assigned correctly, a gravity analysis is performed within ETABS. This provides
the force distribution within the structure. With these forces the backbone curves for piers and spandrels are
determined according to the NPR 9998:2018. After determining the correct non-linear properties, all links in
ETABS are updated. Furthermore, the masses per diaphragm are determined to establish the magnitude of
the lateral load patterns. Then for each load pattern, in both negative and positive direction of the model,
the load cases are set up, as shown in Appendix G Figure G.22. After that, the non-linear load cases are run
with ETABS and the output consists of four capacity curves (for uniform and triangular load patterns in both
directions).
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In addition to strength and deformation capacities of local members, as described the previous sections,
global limit state criteria, such as inter storey and effective height drift limits are applied to determine the
global capacity of the building. If one of these capacities is exceeded, the capacity curve is stopped, since the
global capacity is reached.

5.4 Validation of numerical model

To check the accuracy of the representation of the actual structural behaviour, the model is validated. The
outcome is compared to tests done on similar kind of structures in the Stevin Lab at the TU Delft on behalf of
the NAM [28, 29].

Description of the tests
Due to induced seismicity in Groningen, an extensive experimental campaign was carried out at TU Delft
from 2015 onwards, to provide benchmarks for the validation procedures. As case study, a terraced house
typology was part of the campaign. This typology of housing especially, is not designed to withstand seismic
loading, due to their very slender walls, limited cooperation between building elements and the use of cav-
ity walls. Cyclic pushover tests have been performed on full-scale assembled structures resembling a typical
Dutch terraced house.

Two specimens have been tested: a CaSi brick and a CaSi element masonry assemblage. The dimensions
of both specimens are basically the same and can be found in respectively Figure H.1 and H.2 of Appendix H.
In both tests the inner leaf of a single housing unit was constructed by calcium silicate masonry, representing
only the load bearing part of the structure. The south and north façades are represented by the slender piers
connected to the transversal walls. The transversal walls are not perforated. The piers have two sizes, one
larger than the other. Each floor consists of concrete slabs spanning between the load bearing transversal
walls. The second floor was laid on both the load bearing transversal walls and the piers [29].

The CS brick masonry assemblage is representative of terraced houses built around 1960-1980. The ma-
sonry units have dimensions of 210x71x100-mm. The CS element masonry assemblage on the other hand is
representative of terraced houses built around 1980-2000. Figure H.3 shows the mean material properties for
the used calcium silicate brick and elements.

On both structures a quasi-static cyclic pushover test is performed. The specimen was loaded by four ac-
tuators, two per each floor, as can be seen in Figure 5.17. A displacement was imposed at the second floor.
A load with the same magnitude was imposed on first floor level, therefore resulting in F1 + F3 = F2 + F4.
The load was applied by means of reversed cycles composed by 3 identical runs. A run is defined as the time
needed to apply the maximum positive and negative target displacement starting and ending at zero [29].
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Figure 5.17: Test set up of the masonry structures tested at the TU Delft (Source: [17]).

ETABS model
Both ETABS models, representing the test specimens, were created according to the given dimensions. The
loads acting on the model are only the self weight of the structural elements. The weight of a roof structure
is not taken into account. Live load and additional permanent loads are neglected, as in the tests. The non-
linear properties for the shear links of the piers are computed according to the NPR 9998:2018 using the given
material properties of the test specimens. The rest of of the connections is modelled, as explained in the
previous section. The flange effect is considered in both representative models, according to the procedure
described by Moon et al. [47], including the possible contribution from uplifted floors. Figure 5.18 shows a
3D view of the model of one of the tests in ETABS.

A static non-linear pushover analysis is performed with a uniform load pattern, as is done in the tests at
the TU Delft, pushing the first and second floor with the same magnitude. In contrast to the experiment, the
pushover is not cyclic. Therefore not taking into account the strength reduction that can occur due to moving
in both directions for various times.

Figure 5.18: A 3D view of the ETABS model of one of the pushover tests

Results
The experimental results of both tests show that the seismic behaviour was mainly governed by the in-plane
failure of the piers at the ground floor. The primary failure mechanism being the rocking of the piers. First,
cracks occurred at the joint between the concrete floor and the masonry walls. Subsequently, diagonal and
vertical cracks appeared in the wide piers at ground floor level, while the rest of the structure was only slightly
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damaged. The structural response was mainly governed by cracking of the wide piers. The deformation of
the piers in both cases was accommodated by the transversal walls acting as flanges. Both experimental tests
and the outcome of the numerical models is described in more detail.

CS brick masonry
The capacity curve of experimental test of the CaSi brick masonry assemblage is shown in Figure5.19a. The
loading history can be divided in three phases, according to [17]:

1. Initial phase: the structures shows a linear elastic behaviour with an initial stiffness of the structure
equal to 15,6 kN/mm. In this phase small horizontal cracks occur, due to which a reduction of stiffness
is observed.

2. Pre peak phase: all piers show visible horizontal cracks at both the bottom and top side. Also in the
transversal walls, extensive horizontal cracks developed also in the transversal walls. Furthermore, the
first diagonal cracks occurred on the transversal walls, mainly located at ground floor.

3. Post peak phase: in this phase a maximum displacement of 82 mm is reached. The specimen showed
asymmetrical behaviour for loading in both positive and negative direction. A maximum base shear
force of 47.3 kN was reached for positive displacement. The previously observed horizontal and diago-
nal crack on the transversal walls further extended. After reaching the peak, the capacity and stiffness
substantially decreased. Mainly caused by diagonal and vertical cracks in the larger piers. Next to that,
the out-of-plane cracks on the transversal walls further developed, by forming the typical yield line
envelope.

(a) Capacity curve of the experimental test of the CS brick masonry
structure (Source:[17])

(b) Capacity curve derived by the ETABS model of the CS brick ma-
sonry structure

Figure 5.19b shows the outcome of the ETABS model for the CS brick masonry assemblage. It presents the
capacity of the structure in both negative and positive direction. Appendix I shows the forces within the
structural elements of the model for the different phases. The behaviour can be roughly divided in three
phases:

1. Initial phase: for the positive direction (from 0 to 1) the structure shows linear elastic behaviour with an
initial stiffness of 4 kN/mm. For the negative direction (from 0 to 4) linear elastic behaviour is observed
as well, although with lower initial stiffness of 2 kN/mm.

2. Pre peak phase: In both positive (from 1 to 2) and negative (from 4 to 6) direction the piers on ground
floor start rocking. In the positive direction first the smaller piers start rocking, while in the negative
direction the larger piers start rocking. At point 5 in the negative direction the smaller piers start rocking
as well. The maximum base shear force is reached at 48 kN for the positive direction. For the negative
direction the maximum base shear has not yet reached its maximum.

3. Post peak phase: the peak is reached when the rocking mechanism of the piers of both storeys is active.
After the peak is reached the capacity and stiffness decreases. In this case, in both directions the drift
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limit at effective height is reached before the drift limit of the piers. Resulting in a maximum displace-
ment of 41 mm (depicted in red in Figure 5.19b). Beyond this limit, the model keeps rocking and the
capacity is decreased further. The behaviour after this limit is considered less reliable.

As can be seen in the Figures, there are some differences between the capacity curves. The initial stiffness
of the structure in the ETABS model is lower than the stiffness found in the tests. The stiffness in positive
direction is higher than in negative direction, which is in contrast with the experimental test. However, after
the initial phase the test model shows lower stiffness in the negative direction, as is indicated in the ETABS
model. Furthermore, the maximum base shear force is similar to the test. The seismic behaviour in the ETABS
model is governed by rocking (as shown in Figure 5.20), which is similar to the test. The observed cracks in
the test in the transversal walls, are not observed in the ETABS model, since the model is only used to study
the in-plane behaviour of the façade walls. The ETABS model can be pushed as far the test, however, for this
modelling approach the displacement capacity depends on prescribed limits of local members and global
limit state criteria. Results beyond these limits are therefore considered unreliable. In this case, the drift limit
at effective height is reached at 41 mm, as presented with the red crosses in Figure 5.19b).

Figure 5.20: A 3D view, showing the failure mechanism presented by the ETABS model

CS element masonry
The capacity curve of the cyclic pushover test of the CS element masonry assemblage is shown in Figure 5.21a.
For the test the loading history can be divided in four phases, according to [28]:

1. Elastic phase: linear elastic behaviour of the specimen with initial stiffness of the structure equal to 27
kN/mm. It ends when first cracks appear at the floor-to-wall connections.

2. Pre peak phase: the cracks start being visible. The piers of both storeys start rocking and a gradual
reduction of stiffness is observed.

3. Peak phase: the peak resistance of the building is achieved. With a base shear of 68.5 kN at a displace-
ment of the top floor equal to 8.6 mm in the negative direction. The peak is reached when the rocking
mechanism of the piers of both storeys is fully active. Also in the transversal walls some cracks appear.

4. Post peak phase: the rocking of the piers localises at ground floor level. Extensive cracks are visible on
the transversal walls. The test is continued until failure of the larger piers at ground floor in both façade
walls.
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(a) Capacity curve of the experimental test of the CS elements masonry
structure (Source:[28]

(b) Capacity curve derived by the ETABS model of the CS elements
masonry structure

Figure 5.21b shows the outcome of the ETABS model for the CS element masonry assemblage. It presents
the capacity of the structure in both negative and positive direction. The behaviour of the structure can be
roughly divided in three phases:

1. Initial phase: for the positive direction (from 0 to 1) the structure shows linear elastic behaviour with
an initial stiffness of 9 kN/mm. For the negative direction (from 0 to 4) also linear elastic behaviour is
observed, although with lower initial stiffness of 4.5 kN/mm.

2. Pre peak phase: In both the positive (from 1 to 2) and negative (from 4 to 5) direction the piers on ground
floor start rocking. In the negative direction the larger piers start rocking, followed by the rocking of the
smaller piers. The maximum base shear force is reached at 53 kN for the positive direction. For the
negative direction the maximum base shear force is reached at 41 kN.

3. Post peak phase: the peak is reached when the rocking mechanism of the piers of both storeys is active.
After the peak is reached the capacity and stiffness decreases. The global capacity of the ETABS model
is reached when the drift limit at effective for the NC limit state according to the NPR 9998:2018 is
exceeded. In this case in both directions a maximum displacement is reached at 21 mm, due to the fact
that CS elements with glue mortar are considered to have brittle failure and therefore a lower drift limit.

The initial stiffness of the ETABS model differs from test results, 9 kN/mm instead of 27 kN/mm. The peak
capacity is underestimated especially in the negative direction. However, the seismic behaviour is similar.
The rocking mechanism of the piers is present, especially the piers on ground floor level. The ETABS model
can be pushed as far as the test speciemen, however, the global state criteria are governing.

Conclusion
There are several differences between the ETABS models and the tests. The initial stiffness both tests is un-
derestimated. This difference can be explained by the assumption of cracked elements from the start of the
ETABS analysis, underestimating the material properties in the elastic phase. Furthermore, the displacement
capacity is underestimated. This modelling approach depends on prescribed capacity values, corresponding
drift limits for structural elements and global drift limits. Beyond these prescribed values the outcome is less
reliable. This results in a rather conservative outcome when it comes to the displacement capacity of the
model with respect to the experimental tests.

The strength capacity form the ETABS models is similar to the tests. However, in some cases it is underes-
timated, which is preferred to an overestimation of strength. In this way the final outcome of the analysis is
on the safe side. The ETABS models do not capture the behaviour of the transversal walls, whereas these walls
show extensive cracks in the tests. Although the loads from the transversal walls are taken into account by the
flange effect.

Furthermore, the specimens are subjected to cyclic pushover tests, which differ from the pushover analyses
done with ETABS. A monotonic displacement-controlled lateral load pattern is used, which is continuously
increased until an ultimate condition is reached. This is done separately in both directions, not taking into
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account the reduction of strength and stiffness due to the displacement in the opposite direction, as done in
cyclic tests. This explains differences in capacity curves.

The mechanism based macro-element approach is not expected to predict the structural behaviour in a de-
tailed way. Nonetheless, the overall global behaviour of the structure, which was mostly governed by the
rocking of the piers, was predicted for both test in an accurate way up until the global drift limit is reached.
Beyond these limits the behaviour is less reliable and shows to be less accurate.
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6. Sensitivity analysis
In this chapter, the numerical model described in Chapter 5 is used to asses the structural safety of variants
of the earlier defined typology of terraced houses in order to study which parameters influence the seismic
behaviour. The parameters analysed are described and the results of the sensitivity analysis are presented
and discussed.

6.1 Automation of analysis

The focus is on a two storey URM terraced house with large openings in the ground floor façade. Several
variations are present within this typology, mainly geometric. The geometry of a building, can have a large
influence on the seismic behaviour. To create a wider range of results and therefore a better insight of the
behaviour, a parametric tool is created to study more variations.

The built-in Application Programming Interface (API) of ETABS allows to programmatically use it with multi-
ple programming languages. The programming language Python is used to communicate with ETABS. In this
way a lot of processes could be automated. The non-linear properties of the connections and the loads on
the structure are related to the geometry of the building. For each change in geometry, loads change and all
non- linear properties have to be updated. By programming these operations beforehand, change in geom-
etry leads to a correct numerical model, according to the work flow of Figure 6.1. The work flow shows that
structural properties and values for live and super dead loads are changeable as well.

The geometry, structural properties and loads are input for the Python script. Based on the input, it cre-
ates the model in ETABS. Walls, piers, spandrels, floors, connections and loads are defined. After, a gravity
analysis is performed within ETABS. This provides the force distributions due to the vertical loading. The
forces within the structural elements are then extracted from ETABS. Backbone curves for pier and spandrel
elements are determined with these internal loads according to the NPR 9998:2018. Properties of the flange
links are determined according to the forces within the structure. After determining the correct non-linear
properties, all links in the model are updated. Furthermore, masses per diaphragm are extracted from the
model to determine the magnitude of the lateral load patterns.

After all link connections are updated and lateral load patterns are established, various pushover analyses
are performed according to Section 5.3. The outcome of the pushover analyses, the capacity curves, are ex-
tracted from ETABS and transformed into an equivalent single-degree-of-freedom system. Furthermore, the
force-displacement curve is converted into an acceleration-displacement curve, according to Appendix D, to
compare to the ADRS-curve of the seismic demand.
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Figure 6.1: Workflow of the script made to automate the analysis in ETABS
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Seismic demand
For the seismic action in Groningen, the design value of the peak ground acceleration follows from the NPR
9998 web-tool. The web-tool presents the predicted elastic response spectrum for a chosen return period
on a specific location in Groningen. The seismic action is predicted for three different periods, t1, t2 and t2,
which correspond with time periods 2018-2020, 2020-2023 and 2023-2027. Figure 6.2a shows an overview of
the peak ground acceleration values for a return period of 2475 years for period t1 (2018-2020). Figure 6.2b
shows an overview of the corresponding peak ground displacements. As can be seen, a higher peak ground
acceleration does not necessarily mean a higher ground displacement.

(a) Overview of the peak ground acceleration values for a 2475 years return
period for T1 according to the NPR webtool

(b) Overview of the corresponding peak ground displacement values for a
2475 years return period for T1 according to the NPR webtool

After the pushover analysis is performed, the capacity curve of the structure is compared to a seismic demand
spectrum. A building is considered to sustain a possible earthquake event with a return period of 2475 years,
if the capacity spectrum crosses the demand spectrum. This intersection is known as the performance point
of the structure.

Since this research is not bound to a single location in Groningen, three locations are chosen to compare
the structural behaviour of the typology to various seismic demand spectra. Figures 6.2a and 6.2b show the
locations considered, in blue, green and red, corresponding respectively with Loppersum, Uithuizen and
Hoogezand. Loppersum shows the highest seismic action, followed by Uithuizen and Hoogezand shows the
lowest seismic action.

The seismic demand is represented by inelastic acceleration-displacement response spectra, modified to
account for energy dissipation, ductility and damping of the non linear system, by applying the spectral re-
duction factor, which is based on the viscous damping ratio of the system, see Appendix C. In this case the
capacity curves are plotted against two different response spectrum curves for each location, one with 5% of
damping (ξ0 = 0,05) and one with 20% of damping (ξ0 = 0,05 and ξhy s = 0,15). In that way a lower and an
upper bound for the seismic demand are established.

6.2 Input

The parameters that can be changed for each model with the help of the parametric tool are the geometry,
the structural properties and the loads.

Geometry
The parameters that can be changed, to create variations within the building’s geometry are the following:

• the global depth of the building

• the global width of the building

55



6. Sensitivity analysis

• the inter storey heights

• the opening ratio of the longitudinal front walls

• the amount of piers in each front wall

• the dimension of the piers

In order to reduce the amount of variants, the parameters are within a range of reasonable values for two
storey terraced houses. Table 6.1 shows the applied values.

Inter storey height (m) Width Depth Opening ratio (%) Number of piers
2,25 2h1 2h1 50 2
2,5 2,5h1 3h1 60 3

2,75 3h1 4h1 70 4
3 3,5h1

3,25 4h1

Table 6.1: Variables within geometry of building typology

The inter storey height of a terraced house is considered to be between 2.25 and 3.25 meter. The width and
depth of the building are related to the inter storey height. The opening ratio of the ground floor façade lies
between 50 and 70%, since this typology is known for the large openings in the ground floor façade. The
opening ratio of the façade wall at the second floor is 25% less than the ratio of the ground floor façade wall.
The number of piers is between two and four for one façade wall. Usually a façade wall within this typology
has three piers.

(a) Global dimensions of the model; inter storey height, depth and width (b) Length of piers and height of spandrels

The length of the piers is considered to be related to the opening ratio. For 50%, 60% and 70% opening ratio,
outer piers have a length of respectively 0,6m, 0,5m and 0,3m. The length of the outer piers are considered to
be equal. The length of the inner pier in the ground floor façade is then calculated according to the opening
ratio and the height of spandrel at first floor (hspandr el1 in Figure 6.3b). In Figure 6.3b it can be seen that the
space between the inner pier and the outer pier is assumed to be one meter. This is done to resemble the
front door, which is always modelled on the left side of the front façade wall. The lengths of the piers can also
be adjusted separately for each pier.

The height of the spandrel at first floor is related to the height of the first floor and the door height, resulting
in values as given in Table 6.2. The height of the top spandrels of the second floor is kept at a height of 0,3m.
The height of the lower spandrel at the second floor is calculated with respect to the opening ratio.
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Height 1 (m) Height door (m) Height spandrel 1 (m)
2,25 2,1 0,15
2,5 2,3 0,2

2,75 2,3 0,45
3 2,5 0,5

3,25 2,7 0,55

Table 6.2: Height of spandrel at first floor related to door height and inter storey height

Symbol Material property
Masonry

(strength and stiffness values in N/mm²)

Clay brick
(before 1945)

Clay brick
(after 1945)

CaSi brick
(1960-present)

CaSi elements
with glue mortar
(1985-present)

fma;m Compressive
strength

8,5 10 7 10

Em Young’s modulus 5000 6000 4000 7500
fma;v ;0 Initial bed joint

shear strength
0,3 0,4 0,25 0,8

µma;m Bed joint shear fric-
tion coefficient

0,75 0,75 0,6 0,8

Table 6.3: Mean values if material properties for the different types of masonry studied (Source: NPR 9998:2018, Table F.2).

Furthermore, the back façade is considered to be equal to the front façade, making it symmetric. The open-
ings are vertically aligned, therefore the length of the piers at the first floor are equal to the piers at second
floor.

Structural properties
The non-linear properties of the pier and spandrel elements are calculated according to the NPR 9998:2018,
and are determined with the help of several masonry properties. The properties of masonry vary for differ-
ent masonry types. Table F.2 of the NPR 9998:2018 gives the mean values of material properties of the four
most common types of masonry. Table 6.3 presents the mean values for the properties that are used in the
calculation.
Next to the masonry properties, the type of wall is chosen. Usually, this typology has cavity walls, consisting
of two layers of masonry with a thickness of 100 mm. It would also be possible to have a solid wall present. In
that case the thickness of the wall is 200 mm.

Loads
The loads on the structure are related to its geometry. The magnitude of the self weight, super dead load and
the live load can be adjusted, but for this research they are equal to the values presented in Section 5.3.
The loads due to the flange effect are calculated according to [47], see Section 5.2. To see what the effect of
the flange effect load is, the value for the load can be adjusted to a percentage of the total flange effect load.

6.3 Output

The output of the script is a plot of the capacity curve a model against the acceleration displacement re-
sponse spectra of three different locations with damping ratios of 5 and 20%. In post processing of the ETABS
response, NC drift limits from the NPR9998: 2018 have been applied. During each step of the pushover anal-
ysis the capacity curve is checked to see if one of the following limits are not exceeded:

• the drift limit at effective height

• the inter storey drift limit

• the shear or rocking drift limit for each pier element
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• the flexural or shear limit for each spandrel element

The global drift limits for Near Collapse limit state are given by Table G.2 of the NPR 9998:2018. The drift limit
at the effective height for unreinforced masonry with a ductile response is considered to be 0,8%. For a more
brittle response, the drift limit is 0,4%. The inter storey drift limit, when having a ductile response is 1.5%.
When a more brittle behaviour is assumed, the inter storey drift limit is considered to be 0,6%.

For each pier the rocking drift limit is calculated according to the NPR 9998:2018, see formula (E.5). Every
pier has a different drift limit, and therefore, each pier is checked. Furthermore, the exceedance of the drift
limit for shear failure is checked, which is determined according to the NPR 9998:2018, see Appendix E.

Capacity curve vs ADRS-plot
The model is pushed in two directions, here called the positive and negative direction. Figure 6.5a shows the
model pushed in positive direction and Figure 6.5b shows the model pushed negative direction. The outcome
of the script gives four capacity curves, two for the positive and two for the negative direction.

(a) The model pushed in its positive direction (b) The model pushed in its negative direction

The output of each model shows a box at the top left of the Figure, presenting dimensions: width, depth, inter
storey height, opening ratio of the ground floor, wall type, number of piers per façade wall and the length
of the piers. A box on the right hand side of the Figure is the legend. Black lines show the capacity curve
of the equivalent single degree of system structure due to a uniform load pattern. Dotted black lines show
the capacity curve due to a triangular load pattern, as defined in Section 5.3. The coloured lines show ADRS
curves of the considered locations in Groningen. Where the dotted line resembles an ADRS curve with 20% of
damping (ξhy s = 0,15 and ξ0 = 0,05) and solid line resembles an ADRS curve with 5% of damping (ξ0 = 0,05).
When the capacity curves intersect with the seismic demand, the model satisfies the NC limit state. If not
strengthening of the building is needed for that specific location.

6.4 Results

About 80 variants are assessed, with the help of the script. The influence of certain changes in geometry
and structural properties on the seismic behaviour of the structure is analysed by altering the values of the
discussed parameters. Most relevant outcomes and trends within the seismic behaviour are discussed. The
results for all researched models are presented in the Appendices J to P, but not all are discussed.

Change in height
Changing inter storey height does not have a significant impact on the strength capacity of the building, as
can be seen in Figure J.2-J.6 of Appendix J. However, the displacement capacity increases when the inter
storey height is increased. This is due to the fact that the drift limit at effective height is governing, which is
related to the height. All models satisfy the NC limit state for all locations considered when 15% of hysteretic
damping can be taken into account.

The seismic behaviour of the models is governed by rocking of the piers, as presented in Figure 6.5. When a
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triangular load pattern is applied, piers at second floor start rocking, since the lateral force applied at second
floor is relatively higher. Although the rocking mechanism is activated, the rocking drift limit is not exceeded
before the drift limit at effective height. The same result holds for models with different opening ratios at
ground floor level.

Different storey heights within one structure show similar seismic behaviour as models with equal storey
heights. All models with various heights satisfy the NC limit state for all considered locations.

(a) The model pushed in its negative direction
with a uniform lateral load pattern.

(b) The model pushed in its negative direction
with a triangular lateral load pattern.

Figure 6.5: Seismic behaviour of a model with equal heights (3m) and an opening ratio of 60%

To get insight in the forces of the structural elements during the analyses, the forces of some of the analysed
models are presented in Appendix R. Since more than 80 models are analysed, it is not presented for all tested
models.

Change in depth and width
Increasing the depth of the structure results in an increase of weight. Furthermore, the loads due to the flange
effect increase, since they are related to the depth. Although an increase of the flange effect is likely to benefit
the strength capacity, the spectral acceleration capacity decreases with increasing depth, as can be seen in
Appendix K. This result holds for different opening ratios at ground floor level. Since the acceleration of the
system is related to the effective mass, an increase results in a decrease of the acceleration capacity since the
base shear is not increased proportionately.

The seismic behaviour is governed by the rocking of piers, as presented for the various load patterns in Figure
6.6. The behaviour is similar for the other models presented in Appendix K. All these models satisfy the NC
limit state when 15 % of hysteretic damping can be taken into account.
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(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to triangular load
pattern in positive direction

(c) Seismic behaviour due to uniform load pat-
tern in negative direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure 6.6: Seismic behaviour of model with a depth of 8,25m and 60% opening ratio, see Figure K.6.

Changes in width do not have a significant influence on the strength capacity of a structure. Only models with
an opening ratio of 50% shows an increase in strength with increasing width. This is mainly due to the larger
dimension of the inner piers, as the model gets wider. The seismic behaviour of all models is still governed
by rocking of piers. The capacity curves of the various models tested, are shown in Appendix K. All satisfy the
NC limit state.

Change in opening ratio at ground floor level

Changes in width, depth and height, are also tested for different opening ratios, as shown in Appendices J-K.
Results present that a larger opening ratio of the ground floor wall has significant impact on the strength of
the structure. It decreases when the opening ratio increases. Even though the strength is decreasing, models
with large opening ratios up until 60% at ground floor level satisfy the NC limit state for all considered loca-
tions. The seismic behaviour is primarily governed by rocking of the piers, especially with opening ratios of
more than 50%. With an opening ratio of 50% or less, shear failure is more likely to occur.

For models with opening ratios equal to or higher than 70% opening ratio, second order effects, described
in Section 5.1, play an important role. The model shows soft storey behaviour, the first floor is relatively less
resistant than the second floor. The P-delta effects significantly reduce the displacement capacity. Figure 6.7
presents the capacity curve obtained by ETABS. The red crosses indicate the limit for which the building can
be pushed, without collapse due to the second order effects. It can be seen that, due to the low strength and
limited displacement, the NC limit state is not satisfied for any location. This is also due to the fact that the
seismic demand is increased by a factor of 1.25, to account for the fact that the coefficient for the sensitivity
to the relative displacement of the floors is between 0,1 and 0,2. Models with an opening ratio of 70% or more
need seismic strengthening in all locations considered.
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Figure 6.7: Capacity curve of a model tested with an opening ratio of the ground floor façade walls of 70%.

(a) Seismic behaviour of model with 70%
opening ratio at ground floor level in positive
direction due to uniform load pattern

(b) Seismic behaviour of model with 70%
opening ratio at ground floor level in negative
direction due to uniform load pattern

Figure 6.8: Seismic behaviour of model with opening ratio of 70% opening ratio.

Change in masonry
The main masonry type tested in this research is the calcium silicate brick masonry used from 1960 onwards,
since this is most commonly used as the inner leaf of terraced houses. Three other masonry types, as dis-
cussed in Section 6.2, are analysed to investigate the difference in seismic behaviour.

The results show that there is a significant influence on the strength capacity and also the seismic behaviour
of the elements is different. Figure Q.3a shows the behaviour of a model with CaSi brick masonry, which is
governed by the rocking of piers. The same model with clay brick masonry from before 1945, shows similar
behaviour, namely the rocking of piers (Figure Q.3c). The model with clay brick masonry from after 1945,
presents, next to rocking behaviour, shear sliding of the right lower piers. The model with CaSi element ma-
sonry demonstrates shear sliding behaviour of the middle piers at ground floor level.

Models with CaSi element masonry used since 1985 show less displacement capacity than structures with
other masonry, see Figure M.4 M.8 of Appendix M. This is due to the use of the lower drift limit at effective
height, which is assumed when brittle response of the structure is expected (drift limit of 0,4% instead of
0,8%). Masonry buildings with calcium silicate elements are more likely to present brittle seismic behaviour.
Because of this lower drift limit, the NC limit state is not satisfied for Loppersum. To guarantee safety for
similar buildings in the Loppersum area, the building needs seismic strengthening. For the other types of
masonry the higher drift limit at effective height can be applied. These models satisfy the NC limit state for
all considered locations when 15% of hysteretic damping can be taken into account and therefore do not need
any seismic reinforcement.
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(a) Seismic behaviour of model with CaSi brick
masonry used since 1960, see Figure M.5 for
capacity curve

(b) Seismic behaviour of model with clay brick
masonry used before 1945, see Figure M.6 for
capacity curve

(c) Seismic behaviour of model with clay brick
masonry used after 1945, see Figure M.7 for ca-
pacity curve

(d) Seismic behaviour of model with CaSi ele-
ment masonry used since 1985, see Figure M.8
for capacity curve

Figure 6.9: Seismic behaviour of model with opening ratio of 60% tested with different types of masonry. Seismic behaviour of uniform
load pattern in negative direction shown

Change in wall type
The behaviour of buildings with solid walls is compared to cavity walls. Solid walls are considered to have a
thickness of 200 mm. Appendix N shows the capacity curves of the tested models. The results indicate that
the strength capacity is significantly increased when solid walls are used. Models with different opening ra-
tios show the same result.

The seismic behaviour is again governed by rocking of the piers, as is presented in Figure 6.10. No seismic
strengthening is needed, since the models satisfy the NC limit state for all locations considered when 15 % of
hysteretic damping can be taken into account.
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(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure 6.10: Seismic behaviour of model with solid walls of CaSi brick masonry after 1960 and an opening ratio of 50%

Change in flange effect
The flange effect is calculated according to [47], with the assumption that the connection between the transver-
sal and longitudinal wall is strong enough to introduce the flange load to the piers. When the connections are
as not as strong as expected, less flange load is introduced and the piers experience less resistance to move.
To investigate the influence of the calculated flange effect, different percentages of the calculated flange ef-
fect, namely 100, 75, 50 , 25 and 0% of loads due to flange effect are tested. The capacity curves of the models
tested can be found in Figures O.1 - O.5 of Appendix O. The outcomes show that higher flange effect loads
result in higher strength capacity. However, the seismic behaviour is similar and still governed by the rocking
of the piers. Although the piers rock, the ultimate capacity is governed by the drift limit at effective height and
in this case the models satisfy the NC limit state for all locations considered.

Wider piers
The presence of slender piers due to the large openings leads primarily to rocking behaviour of the piers. The
effect of wider piers on the seismic behaviour on the structure is analysed. Both enlargement of the outer
piers as of the middle piers is tested. To keep an opening ratio of 50% for the ground floor façade walls, the
length of the other piers is reduced accordingly.

The outcome of a structure with wider outer piers (1,8 m) on the left side of the structure, demonstrates
both rocking and shear behaviour of the larger piers, as in Figure P.4. The rocking of the top larger piers is
governing. However, the structure has sufficient displacement capacity to satisfy the NC limit state for all
locations and therefore strengthening is not needed (Figure P.3. The same holds for a structure with wider
piers (1,8 m) on the right side of the building, as shown in Figure P.4.This model shows primarily rocking be-
haviour. However, the drift limit at effective height is governing. The NC limit state is therefore satisfied for
all locations considered.

Figure 6.11 shows the capacity curves of a model with 1,8 meter wide middle piers and 0.3 meter wide outer
piers. It indicates that this model does not satisfy the NC limit state when the structure would be situated in
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Loppersum, see Figure 6.11. The seismic behaviour of the model is governed by shear sliding failure of the
lower middle piers, shown in Figure 6.12. Due to shear failure, the structure has less displacement capacity.
The loads of the structural elements during the analyses are presented in Appendix R. It shows that after the
piers fail in shear, the shear forces in the piers reduce to zero. A similar building situated in Loppersum needs
to be seismically strengthened in order to satisfy the NC limit state.

Figure 6.11

(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure 6.12: Seismic behaviour of model with CaSi brick masonry after 1960 and large middle piers (1,8m)
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Four piers per wall
All previous analysed models consist of three piers per façade wall, which is most likely to occur in terraced
houses. More piers is less expected for this building typology. To analyse the influence on the behaviour of
the structure when more piers per wall are present, a model is tested with 4 piers per façade wall. The seismic
behaviour and the capacity curve of the analysed model is presented in Appendix Q. The model shows rocking
behaviour of all piers. The strength capacity is similar to a model with three piers, which is fairly limited. The
drift limit at effective height is governing, resulting in sufficient displacement capacity. The NC limit state is
satisfied for all locations in Groningen. Retrofitting is not required.

6.5 Conclusions

Seismic behaviour
It can be concluded that the seismic behaviour of buildings with slender piers is primarily governed by the
rocking of the piers. This is in line with experimental tests done on a similar full-scale URM terraced house
with concrete floors [36]. The response of the slender piers of the structure was mainly governed by rocking.
No significant shear damage occurred in the masonry piers and due to the presence of the rigid concrete slabs
the structure exhibited a box-like global response, preventing local out-of-plane failure mechanisms in the
transverse walls. The full in-plane capacity of the longitudinal walls was therefore exploited.

The change in height does not have much influence on the strength capacity. The displacement capacity,
however, is increased with increasing height, as the drift limit at effective height is related to the total building
height and is often governing. Different storey heights within one model do not affect the capacity signifi-
cantly.

The depth of a building has influence on the in-plane strength capacity. Deeper buildings have lower strength
capacity, due to their increased weight. The displacement capacity however is not altered.

Larger openings at ground floor level, cause lower strength capacity. The seismic behaviour of models with
an opening ratio of 60% is mainly governed by the rocking of the masonry piers. Models with opening ratios
of 50% are more likely to have shear sliding failure, next to the rocking of the piers. Most analysed models
with an opening ratio of 60% or less, have sufficient displacement capacity and therefore satisfy the Near
Collapse limit state in most cases. For models with a 70% opening ratio at ground floor level, second order ef-
fects are governing. Displacement capacity is largely reduced and for that reason need seismic strengthening.

Different masonry types provide diverse capacity curves. Especially the use of CaSi element masonry (used
since 1985) shows a way lower displacement capacity than the other masonry types, since element masonry
is expected to behave in a brittle way. Therefore lower drift limits are applied.

Structures with solid walls result in a higher strength capacity than when cavity walls are present. Next to
that, the load due to the flange effect has a significant influence on the strength capacity. An adequate cor-
ner connection is beneficial to the strength of this building typology, since it ensures more load due to the
flange effect and a higher strength capacity accordingly. On the other hand, the flange effect can cause re-
duced rocking drift limits. The flange load causes a higher compressive stress on the piers, which results in a
lower drift limit for rocking of the piers, according to equation E.5. In the models tested, the drift limit at ef-
fective height is still governing. But in some cases a higher flange load can cause lower displacement capacity.

Furthermore, results show that wider middle masonry piers can cause the model to exhibit shear sliding
failure, which can result in less displacement capacity, hence the need of seismic strengthening in some loca-
tions in Groningen. The analysis indicates that piers from a length of 1,8 meter (H/B = 1,27) govern the global
capacity. Up until a certain length, piers are likely to show shear failure. A lower aspect ratio eventually results
in walls that are stiff enough to resist in-plane forces. Research by Messali et al. [48] on full-scale unreinforced
masonry (URM) walls with low aspect ratios (H/B=0.6), shows that when low vertical pressure is applied, the
walls still fail in shear sliding failure. However, due to the large opening ratios, low aspect ratios are often not
present within the analysed building typology.
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Drift capacity

The most interesting conclusion of the sensitivity analysis, is that the majority of the models, with an open-
ing ratio of 60% or lower, satisfy the Near Collapse limit state and therefore do not need any strengthening
according. Due to the large openings of the building typology, most models are governed by rocking of the
piers. However, the ultimate capacity is often defined by the drift limit at effective height rather than the
rocking drift limit, since this limit is not yet reached.

The rocking drift limit according to NPR 9998:2018 is tailored for the Groningen situation based on exper-
imental tests done on rocking masonry piers[45]. Several international standards and guidelines include
equations based on other empirical and physical tests to estimate the displacement capacity of rocking un-
reinforced masonry piers. In order to compare the drift capacity given by the NPR 9998:2018, models have
been subjected to drift limits for rocking behaviour of other standards. In this case prescribed by Eurocode 8
[49] and The New Zealand 2017 NZSEE guidelines [50].

Eurocode 8 provides a rocking drift capacity at the NC limit state based on the shear ratio, (H0/L). H0 is
the distance between the point of zero moment and the base of the wall and L is the pier length. Equation 6.1
is used to estimate the ultimate drift of a masonry wall/pier when its capacity is controlled by flexure/rocking.

θR;NC ;EC 8 = 4

3
·
[

0.008
( H0

Lpi er

)]
(6.1)

The rocking drift limit according to the NZSEE guidelines estimates the drift capacity for the Life Safety limit
state, which is the equivalent of the Significant Damage of the NPR. To compare to the NC limit state, a factor
of 4/3 is applied. The drift limit is proportional to the aspect ratio (Hpi er /Lpi er ), as given in equation 6.2. The
NZSEE gives a maximum drift limit, since the lateral performance of a rocking wall is considered to be less
reliable and it does not provide the level of resilience considered appropriate when deflections exceed this
value [50].

θR;NC ;N Z SEE = 4
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)
(6.2)

The rocking drift limit according to the NPR 9998:2018 is based on relevant test results of masonry piers used
in Groningen [45, 46] and is calculated with the following formula (see also E.5 of Appendix E):

θR;NC ; f = 0,0135
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fma;m
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×

√
hpi er

lpi er
(6.3)

Table 6.4 shows the various rocking drift limits for all piers in a model with an opening ratio of 60% at ground
floor level. A typical axial load ratio (σy / fma;m) for low rise buildings is less than 10%. Which means that
for the rocking drift limit of each pier, with the same dimensions, is higher when calculated according to the
NPR 9998:2018 compared to the EC8 or the NZSEE guidelines. Two times higher drift limits can be realised,
as shown in Table 6.4. Furthermore, the drift limits according to the NPR exceed 0,011, which is considered to
be the maximum drift limit according to the NZSEE guidelines. Apparently the NPR 9998:2018 allows rocking
drift limits of three times the maximum value of the NZSEE guidelines. The drift limits according to EC8 for
longer piers are similar to the NPR. However, shorter piers less high drift limits, more similar to the NZSEE
guidelines.
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Pier ID
Height pier
(mm)

Length pier
(mm)

Rocking drift limit
NPR9998:2018

Rocking drift limit
Eurocode 8

Rocking drift limit
NZSEE Code

P1 2280 500 0,0239 0,0243 0,01467
P2 2280 700 0,0186 0,0174 0,01303
P3 2280 500 0,0234 0,0243 0,01467
P4 1320 500 0,0362 0,0141 0,01056
P5 1320 700 0,0250 0,0101 0,00754
P6 1320 500 0,0338 0,0141 0,01056
P7 2280 500 0,0239 0,0243 0,01467
P8 2280 700 0,0186 0,0174 0,01303
P9 2280 500 0,0234 0,0243 0,01467
P10 1320 500 0,0362 0,0141 0,01056
P11 1320 700 0,0250 0,0101 0,00754
P12 1320 500 0,0338 0,0141 0,01056

Table 6.4: Rocking drift limits for a model with 60% of opening ratio at the ground floor level according to various standards

Figure 6.13 shows the capacity curve of a model with the rocking drift limits calculated according to the NPR
9998:2018. Figure 6.14 presents the same model subjected to rocking drift limits according to EC 8 and NZSEE
guidelines. The results demonstrate that a difference in rocking drift limit can mean the difference between
strengthening and no strengthening. Both models show the same behaviour, but in the model according to
NZSEE, the rocking drift limit is governing and therefore the displacement capacity is believed to be less. The
majority of the models in this research, strengthening is needed if rocking drift limits similar to the NZSEE
guidelines are applied. Although it must be said that the NZSEE codes are prepared for tectonic earthquakes,
while in Groningen induced earthquakes are present. Tectonic earthquakes have a duration of several min-
utes, while the induced earthquakes occur for a small amount of time, having less impact on the behaviour
of a structure.

The drift limits according to Eurocode 8 are less strict than the limits according to the NZSEE guidelines.
However, when these limits are applied, the model needs to be retrofitted when a similar structure is situated
in Loppersum, see Figure 6.14.

Figure 6.13: Capacity curves of a model with a 60% opening ratio. Assessed with the rocking drift limits according to the NPR 9998:2018
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Figure 6.14: Capacity curves of the same model with the rocking drift limits according to Eurocode 8 (green) and NZSEE guidelines (red)

Other research, based on various in-plane tests, shows that walls characterized by flexural/rocking mecha-
nisms provide much higher values of drift, on average larger than 1,10% [51]. It is evident that the differences
between drift limits demonstrate the need for further investigation on the main seismic parameters that in-
fluence the in-plane response of unreinforced masonry walls.

However, global behaviour and global drift limit of the analysed models, are in line with experimental tests.
A similar URM terraced house, with an opening ratio of 50% at ground floor level and two concrete floors, is
tested at the EUCENTRE [36]. The ultimate global drift of the structure was 0,7%, which corresponds with a
ultimate displacement of 38 mm at second floor. The behaviour was mainly governed by rocking of the slen-
der piers. With the predicted seismic demand for 2018-2020, this building satisfies the NC limit state in all
locations considered, if an additional hysteretic damping of 15% could be applied. The predicted decrease in
seismic demand, due to the stop of gas extraction, is likely the cause of the satisfaction of the Near Collapse
limit state of a large amount of structures.
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7. Timber retrofit
This chapter discusses the seismic behaviour of timber and proposes timber retrofit designs for the terraced
houses which are analysed in the sensitivity analysis in Chapter 6.

7.1 Seismic behaviour of timber

Timber structures generally perform well under seismic events, according to [52]. The main benefits of tim-
ber are low weight to strength ratio and ductile joints. Seismic load on a structure is proportional to its mass.
Keeping the weight low reduces the seismic load on a structure. Due to these advantages of timber, engineers
in high-seismic regions have significant interest in using timber in seismic engineering. Timber structures
allow energy to dissipate before the load bearing capacity is reached, due to plastic deformations of the con-
nections. Therefore, it is able to withstand higher earthquake loads.

The main construction methods used in timber engineering are: timber framed structures, cross laminated
timber structures and moment resisting frames, see Figure 7.1. The main focus in this research is on timber
frame shear walls and CLT wall structures.

(a) Timber frame structure in construction
(Source:[53]).

(b) CLT structure in construction (Image
Credit: D.R. Johnson).

(c) Timber moment frame structure in con-
struction (Source:[54]).

Figure 7.1: Main timber construction methods

7.2 Timber frame structures

The walls of timber frame structures are composite elements, consisting of vertical timber studs, top and bot-
tom joists, wood-based sheathing and dowel type fasteners, such as nails, screws or staples. The sheathing
can be present at one or both sides. The studs are usually anchored to the foundation to prevent vertical uplift
of the wall. Figure 7.2 shows a example of a timber frame shear wall with several segments.

Timber frame walls are often used for single- and multi-storey houses. Structurally, such walls can be con-
sidered as vertical diaphragms or shear walls, being able to resist lateral forces, such as wind and seismic
loads. The sheathing transfers the loads effectively to the foundation, acting as bracing to the timber frame
elements. The frame usually consist of solid timber elements. Next to the ability to resist to horizontal forces,
they can be produced to protect against fire and provide heat and sound insulation.
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Figure 7.2: Example of a segmented timber frame shear wall (Source:[18]).

Connections
The deformation and the strength of a timber frame wall primarily depend on sheathing-to-framing connec-
tions. The performance of a wall can be calculated by evaluating the load-bearing capacity of the individual
elements.

Ductile behaviour of laterally loaded timber joints with dowel-type fasteners such as nails, is realised due
to the interaction of plastic deformation of the fasteners and the embedment of the timber elements to
which the fasteners are connected. The characteristic load-bearing capacities can be determined using the
Johansen theory as adopted in Eurocode 5 [31]. The capacity is limited to the point where the embedment
strength is reached in at least one of the timber members. Figure 7.3 shows the various failure mechanism
that can occur for single- and double-sided timber-to-timber connections. Which failure mechanism occurs,
depends on the geometry of the joint and the material properties of the timber and the sheathing.

Figure 7.3: Failure mechanisms for single- and double-sided timber-to-timber connections (Source: NEN-EN 1995-1-1).
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To enhance joint ductility, failure mechanism f or k in Figure7.3 is preferred, since the plastic embedment
deformations of the wood and the plastic bending deformations of the fasteners contribute to the ductile be-
haviour. Due to adequate selection and design of the connection, brittle failure mechanisms can be avoided.
Such behaviour is more likely to take place when the nail diameter d does not exceed 3.1 mm and the wood-
based sheathing is at least 4d thick, according to Eurocode 8.

As a result of the distortion of the fastener connections, the shear wall displaces laterally. When there is
no vertical force present, uplift of the wall occurs. This is usually prevented by application of hold-down an-
chors, which are positioned at the corners of the shear wall and connected to the outer studs with nails and
connected to the foundation with the help of anchor bolts. The hold-down should be assessed for the tension
and compression forces it endures.

7.3 Cross laminated timber structures

Cross Laminated Timber (CLT) is a relatively new construction material known as massive or ”mass” timber.
It originated some 20 years ago in Austria and Germany and is gaining a significant popularity as a sustain-
able alternative to steel and concrete [55]. It is considered to be a heavy construction system which is used
typically for residential construction in Europe and is comparable to known wood products, such as plywood,
core-board or solid-wood board. The difference comes with the essential advantage of high dimensional sta-
bility in-plane due to minimized swelling and shrinkage rate caused by the cross-wise layering [56].

CLT panels consist of multiple layers of timber boards stacked crosswise (often at 90 degrees) and glued to-
gether. It consists of at least three glued layers of boards with opposite orientation between them. In special
configurations, two consecutive layers can be orientated the same way to obtain specific structural capac-
ities. Usually it is produced with an odd number of layers. Thickness and width of the timber layers vary
depending on the manufacturer. Figure 7.4 shows an example.

Figure 7.4: Example of CLT panel configuration (Source:[19])

CLT provides relatively high in-plane and out-of-plane strength and stiffness properties, which allow two-way
action that is similar to reinforced concrete slabs. Due to the prefabricated nature, it allows a faster construc-
tion process, with more precision, increased safety and less waste.

Internationally, several full scale tests on CLT buildings have shown good results when subjected to seismic
forces [57, 58, 59]. Compared to other light frame structures, a higher in-plane stiffness and a greater load-
carrying capacity can be reached [60]. Although recent research shows that it is a promising building material
when used for seismic engineering, still a lot of research is needed.

The seismic behaviour of CLT structures depends mostly on the performance of the connections [60], as with
the light weight timber frame structures, according to several experimental studies [58, 21, 61, 62]. When en-
ergy dissipation is required, connections become significant, since they provide deformations in the elastic
range. Usually steel brackets and tie-downs are used to connect the CLT walls to the foundation. Figure 7.5
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shows different configurations of CLT shear walls with the connections to the foundation.

Figure 7.5: CLT shear walls: (a) single, (b) coupled wall with lap joint, (c) coupled wall with spline joint, (d) connectors and fasteners, (e)
half-lap joint, (f) spline joint (Source:[20])

Comparison with timber frame shear wall
CLT shear walls experience less deformation when subjected to seismic loads compared to timber frame
walls. Sheathing of timber frame walls is connected by a large number of fasteners which can all deform,
whereas this is not the case for CLT walls. Figure 7.6 shows a comparison between several timber frame and
CLT shear walls for three different lengths. The timber frame wall demonstrates more displacement capacity.

Figure 7.6: Simplified bilinear load–deflection for timber-frame (a) and CLT walls (b).(Source:[21]).

However, the CLT wall shows higher load-bearing capacity. The advantage of less deformation is that there is
less permanent damage after an earthquake, because of the stiffer structure and due the fact that most of the
rocking deformation can be restored.

7.4 Combined masonry-timber behaviour

Timber structures perform well during seismic events. The combined behaviour of timber and masonry un-
der seismic loads however is less known. Several studies on the composite behaviour of timber and unrein-
forced masonry are discussed in this section. The use of timber frames and CLT panels as retrofit material for
masonry is discussed.
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Strengthening with timber frame
Research by Dizhur et al. [22] studied a timber retrofit measure for URM structures to prevent out-of-plane
failures. Similar to Groningen, URM structures with cavity walls are fairly prominent in the New Zealand
building stock. The retrofit measure consists of connecting a number of vertical timber members, termed as
strong-backs, to the interior wall, so the wall is capable of resisting out-of-plane forces due to seismic action,
see Figure 7.7. The strong-back elements act in flexure in order to transfer loads on the walls to the adjacent
floor diaphragms. The timber elements are connected to the URM wall with the help of either adhesive an-
chors or through-plate anchors. In that way the retrofit measure are easily removable if needed. The tested
retrofitted walls showed promising results. All tests sustained increased PGA values with a reduction of the
out-of-plane displacements [22].

Figure 7.7: Installation of strong-backs on URM cavity wall (Source:[22]).

As part of an experimental campaign, investigating the vulnerability of terraced houses in Groningen, a
strengthening measure based on research of Dizhur et al.[22] is tested. The strengthening consists of the
connection between a timber frame with OSB panels and the existing unreinforced masonry. In this research,
horizontal timber elements are added to the vertical members to create a timber frame, see Figure 7.8. OSB
panels are nailed to the frame to increase the in-plane capacity, resembling a timber frame shear wall. During
this campaign, several tests have been carried out on a URM cavity-wall terraced house end-unit with large
openings on the front and back façades, especially at the ground floor. In June 2018, a shake-table test on a
two-storey full-scale unreinforced masonry building was carried out at the EUCENTRE laboratory in Pavia,
Italy. In November 2018, an identical building prototype was built again, but now seismically strengthened
[23].

Figure 7.8: Strong-backs on URM cavity wall (Source:[23]).

The timber frame is connected to the existing masonry, so that they work together as a composite material.
Both components have significantly different seismic behaviour. To get a better understanding of the com-
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posite behaviour, two in-plane cyclic tests on calcium silicate components, representing piers of the full-scale
prototype, have been performed as part of the experimental campaign [23]. One specimen without and one
with strengthening. The geometry of the specimen is presented in Figure 7.9. The experimental test set-up
was the same for both specimens, in order to compare the results. A horizontal shear force was applied by
a servo-hydraulic actuator at the top of the specimen equal to its maximum shear strength and a maximum
displacement higher than 2% of the height of the specimen. The horizontal loading history was applied in a
force-controlled procedure for the firsts two cycles and continued in a displacement-controlled procedure.
Two vertical servo-hydraulic actuators applied a vertical load (a constant overburden stress of 0.5 MPa) and
a moment, which corresponds with the maximum resisting moment at the top section. Furthermore, the
out-of-plane deflection is prevented by a retaining system.

Figure 7.9: Geometry of the un-retrofitted pier component. With a) being the front view and b) the side view. Measures are in millimetres

Figure 7.10 shows the experimental shear-displacement behaviour and the backbone curve of the specimen.
The behaviour of the specimen can be explained by various stages. Up until 1 in Figure 7.10 the specimen
behaves elastic. After that, the specimen begins to rock (see 1 in Figure 7.11) until a top displacement of
5,4 mm is reached, during which also the maximum base shear was obtained. Then a sliding crack starts to
develop (2 in Figure 7.11), due to which the specimen behaves asymmetrical: rocking behaviour when pushed
in one direction, shear sliding when pushed in the other. At a top displacement of 13,5 mm (3 in Figure 7.10)
toe crushing occurred at the bottom of the specimen, see 3 in Figure 7.11. Due to a combination of intensive
toe crushing and the development of the sliding crack, the wall moved out of plane. The test was stopped at
an ultimate displacement of 20.3 mm in the positive loading direction, since the specimen was not able any
more to carry the vertical loads (4 in Figure 7.10). Failure of the specimen was mostly governed by the shear
sliding behaviour at the top.
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Figure 7.10: Experimental shear-displacement behaviour and the corresponding backbone curve (Source: [23]).

Figure 7.11: Specimen’s behaviour of the various stages of the test (Source:[23]).

The other specimen was strengthened, as presented in Figure 7.12. The same test was then performed. The
timber elements of the strengthening measure have a section of 80x60 mm. The thickness of the OSB pan-
els is 18 mm. Nails are used to connect the panels to the timber frame. The connection of the angles and
anchorages is done with screws. The properties of the nails, screws and steel angles are given in Appendix S.
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Figure 7.12: Geometry and components of the retrofitted pier component. With a) being the front view and b) the side view. Measures
are in millimetres. Source: [23].

The results of this test are presented in Figure 7.13, which shows the experimental shear-displacement be-
haviour and the backbone curve of the retrofitted specimen. As with the other test, the behaviour of the
specimen can be explained by several stages, according to [23]. Up until 1 in Figure 7.13 the specimen be-
haves elastic. After, the specimen starts rocking (see 1 in Figure 7.14) up until a displacement of 4 mm (2 in
Figure 7.13). At that point a toe crushing mechanism is activated, see 2 in Figure 7.14, which develops un-
til intensive toe crushing in both corners of the specimen is observed (3 in Figure 7.14 and 7.14). At a top
displacement of 16,2 mm (4 in Figure 7.13) damage at a retrofit element was observed. One of the steel tie
downs, in the top corner of the specimen, buckled in compression. After reaching the maximum base shear(5
in Figure 7.13), also the tie-downs at the bottom corners buckled in compression. At a top displacement of
40,4 mm a diagonal shear crack with slope of 45° was formed at the top half of the specimen, see 6 in Figure
7.14 and 7.14. The test was stopped at an ultimate displacement of 54 mm in positive loading direction, since
the specimen was no longer able to carry the vertical loads, due to deep damage caused by diagonal, vertical
and horizontal cracks. The failure of the specimen was mainly due to the masonry, which failed in flexure and
shear. The timber retrofit still had deformation capacity.
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Figure 7.13: Experimental shear-displacement behaviour and the corresponding backbone curve of the retrofitted specimen (Source:
[23]).

Figure 7.14: Retrofitted specimen’s behaviour of the various stages of the cyclic test (Source: [23]).

Figure 7.15 shows the experimental backbone curves of both tested specimens. The strengthening measure
caused an increase in stiffness, strength and most significantly in displacement. The ultimate displacement
increased by 170%. Furthermore, the timber retrofit changed the behaviour of the masonry, preventing the
onset of a sliding mechanism and therefore resisting higher lateral forces, with an increase of 40% of the
strength capacity.

The ultimate drift limit of the un-strengthened specimen was found to be 0,75%. Drift limit at effective height
according to the NPR, is 0,8%. The rocking drift limit is calculated to be 1,22% (using equation E.5). Therefore
it is expected that the pier would not fail due to rocking or toe crushing. The strengthened specimen showed
an ultimate drift limit of 2%. An increase of 166%, a result of the more stable rocking behaviour. When the
rocking drift limit is calculated according to the NPR 9998:2018 for the un-strengthened specimen, the drift
limit would be 1,22%. The application of the timber strengthening resulted in a more stable pier, which can
be pushed further.

The retrofitted specimen did not experience a sudden degradation of strength or stiffness due to local dam-
age. In the end, the behaviour of the masonry was still governing, due to diagonal cracking of the masonry.
However, the timber frame was still able to take more force and displacement.
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Figure 7.15: Overlap of the experimental backbone curves of both specimens (Source:[23]).

CLT strengthening

Although CLT is becoming more popular as a building material, also in earthquake prone areas, it is not often
applied as strengthening for URM structures. However, due to the high stiffness, strength and in-plane stabil-
ity it could be a promising retrofit material. Two studies have been found that tested URM walls strengthened
with CLT panels.

Research by Sustersic et al. [24] tested URM walls strengthened with CLT panels attached in various ways.
One is connected with epoxy glue and another with the help of specially developed steel connections at the
bottom and top of the wall, as demonstrated in Figure 7.16. Results show that both ductility and resistance of
the wall can be increased. By using the epoxy glue, the peak resistance is increased by 34% and the displace-
ment capacity by 25%, while the initial stiffness is only slightly increased. However, no detailed information
of the tests on the behaviour of this presented. The CLT panel connected with steel connections increased the
shear resistance by 34% and the displacement capacity by 100%, see Figure 7.17 for the hysteresis response.

Figure 7.16: Experimental testing of URM wall (left) and URM strengthened walls with CLT panels with a glued (middle) and a bolted
connection (Source:[24]).
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Figure 7.17: The hysteresis response of an un-strengthened URM wall and strengthened with CLT and steel connections (Source:[24]).

Another study by Pozza et al [63], tested similar wall specimens but with a slightly different connection be-
tween CLT and URM. A metallic L-shape curb is rigidly connected to the floor and then the CLT panel is
screwed to the curb. The tests were done on 1,4m high masonry walls and the CLT panels were fixed on their
lower and upper side to aluminium beams. The lower aluminium beam is fixed to the laboratory pavement.

Results present a reduced rocking behaviour and instead compression failure at the masonry base. Further-
more, a significant increase of the peak force and displacement capacity is shown. However, no increase in
terms of elastic stiffness and therefore a negligible variation of the yielding point was found. Again, it shows
that CLT walls can be used to strengthen URM walls.

Both tests are performed on a limited amount of specimens with specific dimensions. To evaluate the benefit
of CLT walls on the global seismic behaviour, full-scale tests should be performed. Next to that, more research
should be done on possible connections between URM and CLT.

7.5 Timber retrofit designs

The sensitivity analysis in Chapter 6, indicated the seismic behaviour of the various un-strengthened struc-
tures. The most remarkable outcome of the analysis, is that most of the researched models satisfy the NC limit
state for the different locations based on the NPR 9998:2018. The main cause of this result is due to the high
rocking drift limits prescribed by the NPR 9998:2018. Since most tested models showed rocking behaviour,
this resulted in high values for the displacement capacity.

However, some models did not satisfy the NC limit state and therefore need seismic strengthening. Mod-
els with wide middle piers showed shear sliding behaviour of the middle piers, which resulted in a lower
displacement capacity and therefore the NC limit state was not satisfied, as shown in Figure 7.18. There
are mainly two ways to ensure the satisfaction of the NC limit state for a strengthened building. Either by
increasing the load bearing capacity (arrows in Figure 7.18 show the increase of load bearing capacity that
needs to be realised depending on the damping of the system) or by increasing the displacement capacity of
the structure (red circle indicated on the right of Figure 7.18).
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Figure 7.18: Capacity curve of model with large middle piers. In red possible ways to satisfy the NC limit state.

For the presented model, it seems more beneficial to design a retrofit measure in order to achieve a higher
displacement capacity, as indicated on the right of Figure 7.18. Especially when the seismic behaviour of the
masonry could be changed into rocking behaviour, the drift limit according to the NPR 9998:2018 ensure sat-
isfaction of the NC limit state, as was observed during the sensitivity analysis for the majority of the models.

Buildings with CaSi element masonry used since 1985 did not satisfy the NC limit state in all locations, due
to the assumed brittle behaviour. The drift limit at effective height is lower compared to other masonry types
and therefore the displacement capacity is reduced. The application of a timber frame could create a more
stable and less brittle behaviour, increasing the displacement capacity. In that way, higher drift limits could
be realised.

Furthermore, models with an opening ratio of 70% at ground floor level, do need seismic strengthening,
mainly due to the second order effects. Application of the tension anchors should prevent the uplift of the
masonry piers, providing more lateral resistance. This is needed to effectively strengthen the model.

Implementation
For the implementation of the strengthening design a trade off needs to be made between the level of strength-
ening and the preparation and implementation time needed, as discussed in Section 1.2. To keep the strength-
ening design simple and less intrusive for the residents, it is chosen that the retrofit design primarily provides
resistance to the lateral forces. The gravity loading of the structure is still mainly carried by the masonry el-
ements. Sustaining the load bearing capacity of the masonry, results in a more slender retrofit design. The
lesser the impact on residents, the better. The purpose of the retrofit design is therefore to keep the masonry
intact, while contributing to the seismic resistance. Furthermore, a slender, more simple retrofit design takes
less time to install and is more likely to be reversible.

Timber frame design
The strengthening measure design proposed, is based on the out-of-plane strengthening proposed by Dizhur
et al. [22]. Experiments done on URM wall specimens with a variation of the out-of-plane strengthening by
Dizhur et al. in Pavia, showed excellent results for strengthening in-plane [23]. Both an increase in strength
and displacement was reached. Furthermore, the behaviour of the strengthened wall was different from the
un-strengthened wall. Instead of shear sliding failure, the main behaviour was governed by rocking until
diagonal cracks started forming. Next to increasing the seismic capacity, the strengthening measure is a cost-
effective, sustainable and reversible solution.

The first proposed retrofit design consist of a timber frame connected to the masonry by anchors and wood-
based panels nailed to the frame, which provides shear strength. Moreover, the frame is connected to the
foundation by hold down anchors. Figure 7.19 shows a front view of the proposed framework. Single or
multiple panels are connected to the framework, see Figure 7.20. To keep the dimensions of the retrofit mea-
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sure limited, vertical forces are expected to be mainly transferred by the masonry piers. Degradation of the
masonry during an seismic event causes some of the vertical loads to be carried by the timber elements. How-
ever, this should be limited, since the goal of the strengthening is to keep the masonry piers intact as long as
possible, so they carry the vertical loads.

Figure 7.19: Front view of the proposed design for in-plane strengthening of URM structure using timber frame shear walls.

Figure 7.20: Front view of the proposed design for in-plane strengthening. Placement of the wood-based panels on top of the framework.
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Figure 7.21a shows a top view of the retrofit measure and Figure 7.21b presents a side view. The dimensions
given are indicative, the appropriate dimensions and other details are discussed and determined in Chapter
8.

(a) Top view of the proposed strengthening measure (b) Side view of the proposed strengthening measure

Figure 7.21: Top (a) and side view (b) of the proposed in-plane strengthening measure

The placement of the retrofit design is analysed in Section 8.3. Applying the retrofit measure on only a part of
the structure, as indicated in Figure 7.22, could be sufficient. Less structural intervention is preferred.

Figure 7.22: The proposed retrofit timber frame design applied on part of the masonry structure.

CLT design
Next to a retrofit measure with a timber frame shear wall, a second strengthening measure is proposed. This
consists of CLT panels connected to the masonry and anchored to the foundation. The benefit of CLT is
that due to the high stiffness it has a high in-plane strength. Figure 7.23, shows a front view of the proposed
strengthening measure. The CLT panels are anchored to the unreinforced masonry. Ankle brackets are used
to connect the walls to the foundation. Figure 7.24 shows a top and side view of the proposed retrofit measure.
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The amount of anchors and brackets is indicative. Furthermore, the thickness of the CLT panel is indicative.
It is preferred to keep the thickness as small as possible. Analysis should indicate from which thickness the
proposed design would be beneficial. However, it is likely that the thickness is less than the timber frame
shear wall, due to the benefits of CLT.

As research by [21] indicates (see Figure 7.6) timber shear walls show more displacement and therefore duc-
tility than CLT walls, due to the large number of fasteners which can all deform. However, the resistance to
lateral loads is likely to be more increased when CLT walls are applied, depending on the configuration [21].
The vertical loads are still mainly transferred by the masonry piers. However, due to high strength to thick-
ness ratio and the complete connection to the masonry, the CLT member is likely to take more vertical loads
than the timber frame.

Figure 7.23: Front view of the proposed design for in-plane strengthening of URM structure using CLT panels.
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(a) Top view of proposed CLT strengthening measure; Dimensions are indicative. (b) Side view of proposed CLT strengthening measure

Figure 7.24: Top (a) and side view (b) of the proposed CLT strengthening measure

86



8. Numerical Analysis Timber Retrofit
It is chosen to analyse the timber frame shear wall strengthening measure proposed in Chapter 7. The tests
done on a similar strengthening approach by [23] present useful information on the composite behaviour and
the results of the test are discussed in detail. Tests performed on CLT retrofiited specimens, show promising
results. However, the outcome of the tests are briefly described. Next to that, there are no full-scale tests per-
formed on similar retrofit measures. Therefore, the retrofit design that is numerically tested in this Chapter,
is the timber frame shear wall retrofit design.

The effect of the proposed retrofit measure is analysed with ETABS. Models determined to be unsafe accord-
ing to the NPR 9998:2018 during the sensitivity analysis of Chapter 6, are adjusted to account for the retrofit
measure. The numerical model is altered by two interventions: the shear behaviour of the masonry piers is
changed and hold-down anchors are implemented. The alternations to the model are described in the next
section. After that, the effect of the proposed retrofit measure for the different models is discussed.

8.1 Combined masonry-timber wall behaviour

The experimental tests done in Pavia [23], with a similar strengthening design, showed the behaviour of sev-
eral wall specimens. The numerical model for the retrofit measure is based on these results (discussed in
Section 7.4) and on the seismic behaviour of masonry and timber individually.

Timber frame wall displacement capacity
The test done in Pavia demonstrated that the timber retrofit still had deformation capacity after the collapse
of the masonry [23]. In order to design a timber frame wall with sufficient displacement capacity, the timber
behaviour is described in the following section by both exploring the elastic and plastic behaviour of timber.

Elastic behaviour
Timber frame shear walls are often used as part of the stabilising structure, being able to resist lateral forces
from wind or earthquakes. The elastic horizontal behaviour, when subjected to lateral loading, consists of
several different contributions of deformation. It can be obtained by several different analytical expressions,
proposed in literature and standards. Different contributions to the total displacement can be considered.

Essential to estimating the deformations of a structure, is the calculation of the racking-stiffness of the shear-
wall. According to research of [64], for the calculation of the stiffness and therefore the elastic displacement
of a timber shear wall the following contributions have to be taken into account:

• fastener slip along the perimeter of the wall (48%)

• shear deformation of the sheathing board (12%)

• strain in the studs (8%)

• strain in the hold down anchorages (13%)

• compression perpendicular to grain in the bottom rail (15%)

Calculation of the different contributions according to [64], are given in Appendix U. With the racking stiff-
ness of the system, the deformation can be estimated. The research shows that the slip of the fasteners has the
largest contribution to the total elastic deformation, around 48%. The fastener-slip modulus Kser as stated in
Eurocode 5 [31], agrees very well with the slip-modulus determined from test-data and can therefore be used
for calculating the timber frame shear wall stiffness, according to research of [64].

Research by [32], provides a simplified equation to describe the elastic behaviour of timber shear walls, which
is based on four different contributions to the total deformation (see also Figure 8.1):
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• deformation of the sheathing-to-framing connection (45%)

• deformation due to rigid-body rotation (45%)

• deformation due to rigid-body translation (6%)

• deformation of the sheathing panels (4%)

Figure 8.1: Timber frame deformation contribution: rigid-body rotation (I), Sheathing-panel shear deformation (II), Sheathing-to-
framing connection (III) and Rigid body translation (IV)(Source:[25]).

The calculation of the deformation contributions according to [32], are given in Appendix T. It is evident that
in both studies the deformation of the sheathing-to-fastener connection plays an important role (more than
45% of the total elastic deformation) in determining the total elastic displacement. The deformation due
to rigid-body rotation, considered in [32], takes the tensile deformation of the hold down connections into
account, as is done in the research of [64]. Both studies also take the shear deformation of the sheathing panel
into account, which has little contribution. In this research, the formulas presented by Casagrande et al. [32]
are used to predict the elastic deformation of the timber frame shear wall.

Non-linear behaviour
The timber retrofit should not fail prior to the masonry piers, since it gives the masonry a higher shear ca-
pacity, which results in higher displacements due to ensured rocking behaviour. If the timber fails earlier, the
masonry is likely to fail directly in shear. To achieve sufficient lateral displacements, the non-linear timber
behaviour is of significant importance.

In standards the non-linear response of a complete structure usually is taken into account by modification of
the elastic seismic forces via the behaviour factor (q). The value for q, which represents the relationship be-
tween the ductility of the components and the global ductility, is often given in the standards. The behaviour
factor is predominantly used for Lateral Force and Modal Response Spectrum analyses. However, the ductil-
ity of local components is not provided in standards. This ductility factor (µ) is needed, since the behaviour
of local components is investigated in the analysis. Due to the lack of values for this factor in the standards, it
should be based on experimental tests, which are discussed in the following section.

To predict the non-linear behaviour of a certain wall configuration, an analytical elasto-plastic mode is used,
as proposed by [26]. For each of aforementioned contribution to the elastic behaviour, an idealised elasto-
perfectly plastic curve is obtained. First the yield displacement ∆y is determined based on the strength and
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the stiffness of each contribution. The yield displacement of sheathing-to-framing connection for example is
calculated as:

∆y,sh = Rsh

Ksh
(8.1)

The stiffness Ksh is determined with the stiffness of the fastener, according to Eurocode 5 [31]. The sheathing-
to-panel strength is also determined according to the Eurocode 5. The ultimate displacement is obtained by
multiplying the yield displacement by the ductility of the component, in this case the sheathing-to-framing
connection ductility µsh , see formula (8.2).

∆ul t ,sh =µsh ·∆y,sh (8.2)

The non-linear behaviour of sheathing-to-framing connection is captured in an elastic perfectly plastic curve
as shown in Figure 8.2.

Figure 8.2: Sheathing-to-framing connection spring mechanical behaviour.(Source:[26]).

Ductility
The ductility factor (µ) used in equation 8.2, is not given in standards and therefore should be based on exper-
imental tests. Ductility ratios of various tests of timber shear walls are analysed. An overview of analysed tests
on full-scale timber frame shear wall configurations, is given in Appendix V. The tests consist of single timber
shear walls subjected to horizontal loads, either monotonic or cyclic loading. Different sheathing layouts,
different measurements, various fixation solutions to the base and different fastener types are analysed. The
ductility ratios presented, are based on the yield displacement and the ultimate displacement of the timber
shear wall specimens, which is defined as the displacement at 80% of the maximum shear force, after this
maximum load is reached, according to the Equivalent Energy Elastic-Plastic (EEEP) Curve. The EEEP curve
is a perfect elastic-plastic load-displacement curve, see Figure 8.3.

Figure 8.3: EEEP curve with relation to an envelope curve of a tested specimen(Source:[27]).

Ductility ratios range between 1,4 and 9,1, with an average ductility ratio of 4,3, according to the analysed
tests. Monotonic loaded specimens show a higher ductility ratio. However, cyclic loading simulates the seis-
mic behaviour in a better way and therefore gives more realistic ductility values. Furthermore, the fastener
type applied, has influence on the ductility ratio. Specimens with nail type fasteners show on average higher
ductility ratios than screws. Specimens without hold-down anchors present lower ductility ratios than with
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hold down anchors.

Table V.3 of Appendix V presents an overview of several experimental monotonic and cyclic tests which have
been performed on solely the sheathing-to-framing connection. The nailed connections show high ductility
ratios, 3 to 4 times higher then the overall ductility ratio of a shear frame wall.

Higher ductility ratios are beneficial, when the displacement capacity of the building should be improved.
It that case, a timber shear wall should be designed with nail type fasteners and hold-down anchors connect-
ing it to the base, since they provide more ductile behaviour.

For each pier of each strengthened model, wall deformation is checked to see if the ultimate displacement
can be achieved. Furthermore, the configuration and the dimensions of the wall are determined in Section
8.3.

Implementation of seismic retrofit in ETABS
The combined masonry-timber behaviour is considered to work together as a composite material, assuming
that the connection between the timber and the masonry is not governing. The model, therefore, does not
capture the differential movement between the masonry and the timber wall system. Due to this assump-
tion, the additional shear capacity provided by the timber retrofit are added to the capacity of the non-linear
link properties previously used to represent the shear capacity of the masonry wall, considering they work in
parallel. This results in pier elements with a higher shear capacity.

The non-linear shear deformation of unreinforced masonry piers is included in the model by non-linear links,
as described in Chapter 5. The force-displacement relationship is presented by a backbone curve, which is
calculated according to the NPR 9998:2018. Figure Z.9a shows an example of such a backbone curve, based
on a 0,7 x 2,3 meter masonry pier of one of the tested models.

The non-linear behaviour of the timber wall under seismic loading, is determined by calculation of the sheathing-
to-panel strength and stiffness and associated ductility, as discussed in Section 8.1, and depends on the con-
figuration of the wall. The total displacement is determined by calculation the elastic displacement of the
timber wall as proposed by [25] and multiplying that with a ductility factor. Figure Z.9b presents a proposal
for the backbone curve of a timber wall with a certain configuration. The combined behaviour, which is a
combination of the two as shown in Figure 8.5, is implemented in the shear links of the piers that are strength-
ened. The values for the updated combined backbone curve are determined in Section 8.3 for each retrofitted
model.

Due to the higher shear capacity, the piers are more likely to show rocking behaviour, as was presented by
the experimental test in Pavia [23]. The test showed shear sliding behaviour of the walls was prevented and
that the walls demonstrated rocking behaviour up until a point that the masonry showed diagonal cracks.
The timber however, still allowed more displacement.
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(a) Example of a force-displacement relationship for masonry piers
governed by shear behaviour according to the NPR 9998:2018.

(b) Example of an idealised force-displacement relationship of a tim-
ber frame shear wall, based on Eurocode 5 [31]

Figure 8.4: Idealised force-displacement relationships of both masonry and timber walls.

Figure 8.5: Example of proposed idealised combined masonry-timber shear behaviour, as input for ETABS.
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8.2 Hold-down anchors

The timber frame is connected to the foundation by means of hold-down anchors, see Figure 8.6a and 8.6b.
This anchors prevent the shear wall from lifting up. The behaviour of a single hold-down anchor is obtained
from characteristic values given by the manufacturer of this type of hold-down anchors, Rothoblaas [30].

(a) Example of a hold-down anchor (WHT angle bracket by
Rothoblaas) (Source:[30]).

(b) Detail of the application of the angle bracket and tension anchor, as
applied in the proposed retrofit design.

Figure 8.6: Application of hold-down anchor.

Various hold-down connections from Rothoblaas have been tested by Casagrande et al. [33] to determine
the capacity, the stiffness and the ductility of the connections and to investigate their loss of capacity under
cyclic loads. The characteristic values for the capacity of each component of the connection are presented in
Appendix W. The minimum capacity value is used as the governing capacity of the hold-down connection,
according to formula 8.3. Coefficients γm and kmod are taken as 1,0 and 1,1 respectively, according to the NPR
9998:2018 and Eurocode 5. Furthermore, the capacity is related to the type of fasteners, the way of fixing and
which anchor is used, as is presented in Appendix W.

Rd = mi n
(R1,kti mber ·kmod

γm
;

R1,ksteel

γsteel
;

R1,kcl s

γcl s

)
(8.3)

The test results are shown in Table 8.1. Next to the stiffness and capacity, it shows the yield and ultimate
displacement and the corresponding ductility. Experimental testing, showed that the strength values can
be extended to the case where an OSB panel is placed between the WHT connection and the timber frame,
provided that there is adequate sheathing-to-framing fastening. The strongest hold-down anchor (WHT 620)
is also tested with partial fixing (not all nail holes are used). The partial fixing did not cause a significant
reduction of strength, see Table 8.1. However, total fixing of the connection was characterized by the brittle
tensile breakage of the steel plate. Instead, partial fixing showed more ductile behaviour. In seismic regions
the partial fixing is therefore recommended, according to [33]. The maximum load in the tests is obtained
according to the EN 12512. The tests show higher maximum loads than prescribed by the manufacturer, see
Appendix W. For the analysis the lower characteristic maximum load is applied in combination with the lower
stiffness derived from the experimental tests.

Test ID
FmaxFmaxFmax

(kN)
KserKserKser

(N/mm)
vyvyvy

(mm)
vuvuvu

(mm)
µµµ

(-)
WHT340 60.19 5705 8.92 21.2 2.37
WHT440 78.14 6609 9.28 28.47 3.07
WHT620 107.32 13247 6.38 20.7 3.24
WHT620 P 100.089 9967 7.94 30.00 3.78

Table 8.1: Results of tested hold-down anchors (Source:[33]).
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Implementation in ETABS
The hold-down anchors are represented by non-linear links, which only transfer tension forces. The links
are attached to the top of the pier elements and attached to the foundation, as shown in Figure 8.7. When
implemented at second floor, the links are attached to the concrete floor diaphragm.

Figure 8.7: Multilinear Plastic links in red added to the numerical model, representing the hold-down anchors

As the piers start rocking, the link elongates and therefore a force is applied on top of the pier. Which is simi-
lar to pulling the pier element back to its position, see Figure 8.8. The other link shortens and does not apply
any additional force. The magnitude of the force applied, is related to the force-deformation curve of the
hold-down connection.

The behaviour of the anchors under compression loading is not considered in the model. The analysis is not
time depended. Therefore, degradation of the anchors in time due to compression forces is not modelled.
The test done in Pavia [23] demonstrated that at some point the angle brackets can buckle under compres-
sion loads, as discussed in Section 7.4. However, this did not influence the results significantly. To prevent
the buckling, the thickness (3 mm on the applied brackets) of the steel should be increased.

Figure 8.8: Tension force that is generated when the piers start rocking, displayed in both ways.
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The link holds a backbone curve, which is based on the characteristic capacity and stiffness of the applied
hold-down-connection, according to the tests [33], see Figure 8.9. It is assumed to be elastic perfectly plastic.
When multiple anchors are applied, the backbone curve of the link is adjusted accordingly. Multiple anchors
are considered to work in parallel, therefore the total stiffness is assumed to be the sum of the stiffnesses,
resulting in a higher force, since the displacement is constant. The properties for the largest hold-down an-
chors (WHT 620) are used for the analysis. Figure W.4 shows the configuration that is used in red. It consists
of M24 anchor and the angle bracket is nailed to the timber with 55 �4×40 nails.

Figure 8.9: Assumed force-deformation relationship of hold-down anchor, based on the characteristic stiffness and design strength.

Foundation design
To ensure that steel failure of the anchors will be governing, the foundation needs to be of certain dimensions
and properties to prevent it from failing. The foundation and concrete element can limit the capacity of the
anchors significantly. However, in this research it is assumed that steel failure is governing. The concrete
grade needs to be at least C20/25, according to tests done on the anchors [30]. The minimum thickness of
the concrete depends on which anchors are applied and how many. The WHT620 angle bracket with a M24
anchor, which are applied in the analysis, require a minimum concrete thickness of 300 mm. The minimum
spacing between anchors, depends on which anchor type is applied. The applied anchor requires a spacing
of 100 mm [30]. In an anchor group, only anchors of the same type, size and length are used. According to the
simplified design method the anchors of a group are loaded equally.

For the implementation of the anchors on the second floor, the placement of the anchors should not be too
close to the edge. The minimum edge distance depends on which anchors are applied and is the maximum
value of (he f /2;5d).

For the installation of the anchors a hole needs to be drilled. The chemical anchor is injected in the hole.
After, the threaded bar is placed and the angle bracket is installed. The angle bracket is nailed to the timber
elements, after which the nut is tightened on the bar. Chemical anchors are applied, since they have good
performance under seismic actions, according to [65]. Figure W.7 shows the assembling of the anchors in
concrete.

8.3 Effect of strengthening measures

The models that are determined to be unsafe according to the NPR 9998:2018 during the sensitivity analysis
of Chapter 6, are strengthened. The configuration and the effect of the retrofit measure is discussed in this
section.

During the sensitivity analysis the models are checked against drift limits for un-strengthened masonry build-
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ings, as prescribed in the NPR 9998:2018. Seismically strengthened buildings adopt drift limits as per new
supplementary lateral load resisting system, as stated in the NPR 9998:2018. However, values for strength-
ened masonry buildings are not prescribed. Values should be based on extensive experimental and analytical
research. The tests done in Pavia [23] demonstrate an increase in displacement capacity. The ultimate drift
limit increased with 166% (θu = 0,075% to θu = 2%) with the application of the timber frame. To quantify this
increase more accurately, more comparable experiments should be performed. The displacement capacity
is increased, but the outcomes of only one experiment are insufficient to quantify a realistic value for the
drift limit. Due to the lack of more research, drift limits for un-strengthened masonry are used to check the
strengthened models. However, the presented capacity curves are pushed further than the aforementioned
drift limits, to demonstrate the extra displacement that is needed to satisfy the NC limit state. Additionally, it
shows the expected seismic behaviour of the structure.

Furthermore, application of the retrofit design has influence on the equivalent viscous damping of the sys-
tem. For un-strengthened masonry loaded in-plane a hysteretic damping between ξhy s = 0(0%) and ξhy s =
0,15(15%) is applied, depending on the expected behaviour, as described in Section 4.2. To take the damping
in account, the seismic demand is adjusted by a spectral reduction factor. To estimate the hysteretic damping
of the retrofitted structures equation 8.4 according to (G.14) of the NPR 9998:2018 [34] is used. An estimate is
given for each strengthened model.

ξs y s = 2

π
×ηe f f ×

(1− r )
(
1− 1

µs y s

)
(1− r +µs y s × r )

(8.4)

Where:
ξs y s is the hysteretic damping;
µs y s is the global structural ductility;

r is the post yield to initial stiffness ratio;
ηe f f s the efficiency factor, defined as the ratio of the actual area enclosed by the hysteresis loop to that of the assumed perfect bilinear hysteresis.

µs y s =
ucap,s y s

uy,s y s
(8.5)

Model with wide middle piers
A model with 1,8 meter wide middle piers shows, according to the sensitivity analysis, shear sliding failure of
the middle lower piers, see Figure8.12a. The NC limit state is not satisfied in one of the considered locations.

First, the retrofit design is applied to only the middle piers on ground floor level, which fail in shear, and
connected to the foundation with two WHT 620 anchors per pier (one anchor in each corner of the pier). The
anchors have a capacity of 85 kN, as presented in Figure W.4. Figure 8.12a shows the effect on the behaviour,
which is governed by rocking behaviour instead of shear sliding. Figure X.1 presents the accompanying ca-
pacity curve. The model is checked against the NPR 9998:2018 drift limits for the un-strengthened situation,
since only part of the structure is strengthened. Even then the model satisfies the NC limit state in all lo-
cations considered. The forces within the structural elements and the applied tension anchors during the
analyses are presented in Appendix Y.

The configuration of the timber frame shear wall that needs to be applied, is calculated and presented in
Appendix Z. It consists of 70 x 80 C24 timber framework of 1,8 by 2,75 meter, with an OSB panel of 20 mm
thick nailed to the framework by �4×75 nails with a spacing of 50 mm. Results show that, to ensure rocking
behaviour, the shear capacity of the middle piers needs to be increased with at least 40 kN, from 43 kN (in
the un-strengthened situation) to 80 kN. The sheathing-to-framing connection of the proposed retrofit has a
shear capacity of 39 kN, see Figure Z.2. The total elastic displacement of the system is calculated according to
[32], and is expected to be around 13 mm. With a ductility of 4-5, which is reasonable according to the anal-
ysed experimental tests given in Appendix V, the total displacement is considered to be 52-65 mm. Nailed
connections show even higher values, according to Table V.3 of Appendix V. The backbone curve that is used
for input in ETABS is presented in Figure Z.5. The timber frame wall shows more displacement capacity than
the masonry piers. The capacity of the anchors is not used until its full capacity, as shown in Figure Y.23. How-
ever, this is on the assumptions that steel failure is governing and the anchors are not buckled in compression.
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Application of the strengthening to all lower piers and to all piers of the structure is analysed. The results
are shown in Figures X.3 and X.4 of Appendix X. It shows that this does not influence the behaviour and the
capacity of the structure significantly. Therefore, in this particular case, strengthening of only the lower mid-
dle piers is sufficient.

Figure 8.10: Capacity curve of a model with large middle piers, that is not strengthened.

Figure 8.11: Capacity curve of a model with large middle piers, for which only the lower middle piers are strengthened with timber frame
shear walls.

(a) Seismic behaviour of the un-strengthened
situation. Shear failure occurs at the lower
middle pier.

(b) Seismic behaviour of the strengthened situa-
tion. Rocking mechanism is governing.

Figure 8.12: Seismic behaviour of un-strengthened and strengthened model with large middle piers.
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Estimation of the hysteretic damping when the building is strengthened is presented in Table 8.2. Both for-
mulas G.14 and G.15 of NPR 9998:2018 [34] are used to estimate the damping. It indicates that the global
ductility of the structure is 8.8, which is higher than without strengthening, caused by change of shear to
rocking behaviour. The hysteretic damping is estimated to be between 0,13 and 0,17. The assumption of 15%
damping is therefore acceptable.

uy 5 mm
ucap 44 mm
µs y s 8,8 -
ke 22 kN/mm
k2 1 kN/mm
r 0,045 -
ηe f f 0,35 -
ξhy s (G.14) 0,139 -
ξhy s (G.15) 0,168 -

Table 8.2: Estimation of the hysteretic damping of a model where only lower middle piers are strengthened, according to formulas (G.14
and G.15) of the NPR [34].

Model with CaSi element masonry

The structures built with CaSi element masonry, are likely to have brittle behaviour and therefore acquire
lower drift limits according to the NPR. Due to this lower limits, the model does not satisfy the NC limit state
for all locations considered. In order to satisfy the NC limit state the mode, the model is strengthened.

The model is analysed with strengthening by timber frame shear walls in different ways:

• one where all piers at ground floor level are strengthened with two WHT 620 anchors per pier

• one where all piers are strengthened with two WHT 620 anchors per pier

• one where all piers at ground floor level are strengthened with ten WHT 620 anchors per pier

• one where all piers are strengthened with ten WHT 620 anchors per pier.

The application of ten anchors per pier is rather unrealistic, however it is chosen to investigate if the strength-
ening measure would be sufficient in ideal circumstances. Table 8.3 shows the results of the strengthened
models. Appendix X presents the corresponding capacity curves. The results are displayed until the drift
limit at effective height is reached for un-strengthened ductile masonry behaviour, due to a lack of renewed
drift limits when retrofitted, see Figure 8.13 (drift limit of 0,8%). The red crosses indicate the drift limits at
effective height for brittle masonry behaviour in the un-strengthened situation.

In order to satisfy the NC limit state in all locations considered, the drift limit at effective hight should be in-
creased to 0,64 %, which is an increase of 60%. According to experimental tests [23] and results from ETABS,
this could be realised. However, the aforementioned tests are performed on CaSi brick masonry, which show
more ductile behaviour. Experimental tests have to be performed on retrofitted element masonry, to examine
if it would behave less brittle when strengthened with timber elements.
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Figure 8.13: Capacity curve of a model with CaSi element masonry, for which is all piers are strengthened with timber shear walls.

The configuration of the timber frame shear wall that needs to be applied, is calculated and presented in
Appendix Z. The retrofit measure consists of 70 x 80 C24 timber framework of 0,7 by 2,75 meter, with an OSB
panel of 18 mm thick nailed to the framework by �3.1 × 70 nails with a spacing of 50 mm. Less spacing
results in a larger displacement capacity. The seismic behaviour of the masonry piers is already governed by
rocking, therefore significantly increasing the shear capacity is not needed. The retrofit measure is therefore
designed upon reaching sufficient displacement. Calculation for the capacity and the displacement are given
in Appendix Z. The backbone curve that is used for input in ETABS is presented in Figure Z.10.

Model
Strength
(kN)

Increase
(%)

Un-strengthened 121,5 -
All piers at ground floor level
strengthened

128,1 5

All piers at ground floor level
strengthened with multiple anchors

169 39

All piers strengthened 128 5
All piers strengthened
with multiple anchors

242 99

Table 8.3: Results of a strengthened model with CaSi element masonry.

The strength of the model is significantly increased, especially when all piers are strengthened with the appli-
cation of multiple anchors per pier rather than only strengthening of the lower piers, see Table 8.3. However,
even if an unrealistic amount of ten anchors per pier is applied, the NC limit state is not satisfied when the
drift limit for the un-strengthened situation are used. This type of strengthening is not suitable to increase
the strength in a sufficient way. Therefore more research has to be done on the controlled displacement of
the strengthened masonry, so drift limits can be adjusted for the strengthened situation.

Estimation of the hysteretic damping when the structure is strengthened is presented in Table 8.4. It indi-
cates that the global ductility of the system is rather high. The hysteretic damping is estimated between 0,11
and 0,17. Retrofitting only the lower piers results in a lower value for the hysteric damping. Depending on the
effect of the retrofit design on element masonry, which should be experimentally tested, the lower amount of
damping can still result in satisfaction of the safety standards, as is indicated in Figure 8.13.
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Strengthening Only lower piers All piers
uy 3,75 3,4 mm
ucap 35 35 mm
µs y s 9,3 10,3 -
ke 19,5 20,6 kN/mm
k2 1,5 1 kN/mm
r 0,077 0,049 -
ηe f f 0,35 0,35 -
ξhy s (G.14) 0,112 0,132 %
ξhy s (G.15) 0,168 0,167 %

Table 8.4: Estimation of the hysteretic damping of a model with CaSi element masonry, according to formulas (G.14 and G.15) of the NPR
[34].

Model with an opening ratio of 70%
The seismic behaviour of these models is largely affected by the second order effects. The displacement ca-
pacity of the structure is significantly reduced. To effectively strengthen this model, the resistance of the first
floor should be increased. In order to do so, the proposed strengthening is applied in various configurations
to evaluate the effect on the seismic behaviour:

• one where all piers at ground floor level are strengthened with two WHT 620 anchors per pier

• one where all piers are strengthened with two WHT 620 anchors per pier

• one where all piers at ground floor level are strengthened with ten WHT 620 anchors per pier

The capacity curves of the strengthened models are presented in Figure X.12 to X.14. When all lower piers of
the model are strengthened with two anchors per pier, the increase in both strength and capacity is minimal.
The NC limit state is not satisfied for any of the locations. When more tension anchors are applied, both
strength and displacement are increased more significantly. However, the NC limit state is still not satisfied
in any of the locations.

Although the first floor is the most weak, the effect of applying strengthening at the second floor is anal-
ysed. The results show there is no significant difference in strength and displacement capacity compared to
only strengthening the first floor, see Table 8.5. This is expected, since the increase in strength is mainly re-
alised by the tension anchors preventing the uplift of the masonry piers. Because almost no uplift is recorded
for the piers at second floor, the strength of the structure is not increased.

The proposed retrofit design is not suited for strengthening of structures with opening ratios of 70% at ground
floor level. The tension anchors should provide extra resistance to the lateral loads, by preventing uplift of
the piers. However, the anchors used in the model do not provide enough resistance, not even when large
amounts of tension anchors are applied. Furthermore, application of 10 anchors per pier is not reasonable,
due to the lack of space and high tension forces that the foundation need to take care of.

Model
Strength
(kN)

Increase
(%)

Displacement
(mm)

Increase
(%)

Un-strengthened 11,7 - 23,4 -
All piers at ground floor level
strengthened

12,13 4 23,5 0,4

All piers at ground floor level
strengthened with multiple anchors

15,26 30 29,3 25

All piers strengthened 12,34 6 25,4 9

Table 8.5: Results of strength and displacement capacity of strengthened model with an opening ratio of 70%

Model subjected to other rocking drift limits
The rocking drift limit is up for discussion. Various standards apply different drift limits. Especially for the as-
sessment of this building typology, the rocking drift limit is of crucial importance, as discussed in Section 6.5.
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It can mean the difference between strengthening and no strengthening. Therefore, the effect of the retrofit
design is analysed for models which are evaluated according to the NZSEE drift limits.

One model with an opening ratio of the ground floor façade of 60% is analysed. Appendix X shows the corre-
sponding capacity curves of the model strengthened with timber frame shear walls in different ways:

• one where all piers at ground floor level are strengthened with two WHT 620 anchors per pier

• one where all piers are strengthened with two WHT 620 anchors per pier

• one where all piers at ground floor level are strengthened with ten WHT 620 anchors per pier

• one where all piers are strengthened with ten WHT 620 anchors per pier.

Table 8.6 shows the increase in strength and displacement for each of the aforementioned strengthened mod-
els. The results are remarkable, showing a decrease of the displacement capacity when only the lower piers
of the model are reinforced. This can be explained by the fact the second floor shows more relatively more
displacement compared to the first floor and therefore the rocking drift limit for top piers is reached earlier.

When all piers are strengthened, the structure moves more as a whole, resulting in an increase of the displace-
ment capacity. Furthermore, the strength of the structure is significantly increased, especially when applied
on all piers. The forces within the structural elements and applied anchors are presented in Appendix Y. Anal-
ysis indicates that the tension anchors are not used till their full capacity. However, the increase in strength
is not sufficient to satisfy the NC limit state. Tests have shown that the behaviour of the wall is more reliable
when strengthening is applied. Increasing the drift limits, is key for this strengthening measure to satisfy the
NC limit states according to the NPR 9998:2018 when this type of modelling approach is applied.

Model
Strength
(kN)

Increase
(%)

Displacement
(mm)

Increase
(%)

Un-strengthened 78,5 - 26,28 -
All piers at ground floor level
strengthened

79,2 1 21,7 -17

All piers at ground floor level
strengthened with multiple anchors

80,7 3 21 -20

All piers strengthened 114 45 33,3 27
All piers strengthened
with multiple anchors

150 91 33,6 28

Table 8.6: Results of a strengthened model with an opening ratio of 60%

The configuration of the timber frame shear wall that needs to be applied, is similar to the retrofit applied
for the model with CaSi element masonry and is calculated and presented in Appendix Z. The retrofit mea-
sure consists of 70 x 80 C24 timber framework, with an OSB panel of 18 mm thick nailed to the framework by
�3.1×70 nails with a spacing of 50 mm.

Estimation of the hysteretic damping when the building is strengthened is presented in Table 8.7. It indi-
cates that when only the lower piers are reinforced, 15% of damping is an adequate assumptions. However,
when all piers are strengthened, the hysteretic damping is likely to be less, between 0,06 and 0,016. A smaller
amount of damping, requires more displacement capacity to satisfy the NC limit state. An extra displacement
of 10-15 mm is needed. When higher drift limits are prescribed for the strengthened situation, it is possible
to achieve this deformation without collapse of the building.
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Strengthening Only lower piers All piers
uy 9 8 mm
ucap 44 44 mm
µs y s 4,9 5,5 -
ke 8,3 7,5 kN/mm
k2 0,3 1,9 kN/mm
r 0,036 0,256 -
ηe f f 0,35 0,35 -
ξhy s (G.14) 0,15 0,063 %
ξhy s (G.15) 0,156 0,160 %

Table 8.7: Estimation of the hysteretic dampingof a strengthened model with an opening ratio of 60%, according to formulas (G.14 and
G.15) of the NPR [34].
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9. Conclusions
In this chapter, the main findings with regard to the research questions are summarised and general conclu-
sions are described.

This research aims to investigate the possibilities of enhancing the seismic in-plane performance of typi-
cal low-rise unreinforced masonry buildings in the Groningen area with the application of timber elements.
The building typology most vulnerable to seismic in-plane loads is analysed, consisting of a two storey ter-
raced house with concrete floors and large openings in the ground floor façade walls. The in-plane behaviour
of these walls is considered weak, and despite reduced seismic risk, the structures are likely to be unsafe. A
sensitivity analysis is carried out to indicate the governing failure mechanisms for geometric variants of the
building typology. Non-linear static pushover analyses are performed to assess the in-plane behaviour ac-
cording to the Dutch guidelines for the Near Collapse limit state using a macro-element modelling approach
in ETABS. After, a timber retrofit design is proposed, for which the effect on the performance is evaluated.

Conclusions on the sensitivity analysis, effect of the seismic retrofit, the applied methodology and the stan-
dards and guidelines are discussed in this Chapter.

Sensitivity analysis

The sensitivity analysis indicates that the majority of the models show predominantly rocking behaviour, due
to the presence of slender piers. This ductile behaviour ensures relatively large lateral displacement, result-
ing in high displacement capacities. As a result, most of the models satisfy the Near Collapse limit state in
all considered locations in Groningen. Furthermore, results indicate that models with wide masonry piers,
calcium silicate element masonry and high opening ratios of 70% at ground floor level are structurally unsafe.

Buildings with an opening ratio equal to 50%, may have wide masonry piers at ground floor level. These
are more likely to exhibit shear sliding behaviour. This behaviour is governing from pier widths of 1,8 meter.
In that case, the Near Collapse limit state is not satisfied and therefore reinforcement is needed.

Structures with CaSi element masonry are expected to behave in a more brittle way. Therefore, lower drift
limits are applied, resulting in a reduction of displacement capacity and therefore Near Collapse limit is not
satisfied for all locations. These models need to be strengthened.

Furthermore, structures with high opening ratios of 70% at ground floor level, are governed by second order
effects, which largely reduces the displacement capacity. To satisfy the Near Collapse limit state, the structure
needs to be seismically retrofitted.

Seismic retrofit

Based on the outcomes of the sensitivity analysis, a retrofit design is proposed, consisting of a timber frame-
work connected to the inner masonry piers with an OSB panel nailed on top of it to increase the stiffness.
The timber retrofit is attached to the foundation by tension anchors. The retrofit is designed to withstand
the lateral loads and displacements, while the masonry transfers the majority of the vertical loads, in order to
minimize the size of the retrofit measure.

For the model with wide middle piers, strengthening only the middle piers at ground floor level, results in
sufficient displacement capacity and therefore satisfaction of the safety standards. The seismic behaviour
changes from shear failure into rocking. Furthermore, the tension anchors applied provide a higher lateral
resistance, increasing the strength of the structure.

When the retrofit measure is applied to the model with the CaSi element masonry, an increase in strength
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is recorded. However, the increase in strength is not sufficient to satisfy the NC limit state. An increase in
displacement capacity of 60% is needed to satisfy the NC limit state. This is likely to happen, according to
tests done on a similar strengthening measure [23]. However, more research is needed on element masonry
specimens, since the tests, upon which the new drift limits are based, are performed on brick masonry in-
stead. To ensure more ductile behaviour of the whole structure, all piers should be seismically strengthened.

Applying the proposed retrofit measure to models with an opening ratio of 70% at ground floor level, is not
sufficient. The retrofit measure does not improve the resistance to the lateral forces adequately and therefore
second order effects are still governing. To satisfy the Near Collapse limit state, the resistance to the lateral
forces should be significantly increased. The tension anchors, which should provide this resistance, do not
contribute sufficiently.

Based on the results, it can be concluded that a timber frame shear wall can significantly enhance the in-
plane behaviour. Especially when applied to wider piers, which are more likely to show shear behaviour. An
increase in shear capacity prevents this behaviour and results in more stable rocking behaviour due to which
larger displacements can be realised. The ductile connections between panel and framework ensure that the
retrofit can handle these large displacements. However, the increase of lateral resistance of the structure is
limited. The tension anchors provide some resistance to the lateral forces but this is in most cases insuffi-
cient. Furthermore, the resistance of the anchors is largely depended on the design of the foundation and
structural elements to which these anchors are attached.

Seismic standards/guidelines

The structure is composed of piers, spandrels and elements that connect them. The analysis is mechanism
based, using the governing mechanisms for each of these structural elements, according to the recommenda-
tions of the Dutch guideline NPR 9998:2018 [34]. The strength and displacement capacities of the structural
elements are based on the mean properties of the actual masonry, geometry and the loads within and on the
structure. The outcomes of the numerical models, depend on prescribed drift limits from standards which
are based on experimental tests. The capacity curves presented by ETABS need to be assessed afterwards.
Judging the capacity curves of the numerical models by drift limits according to other standards can lead to
different results when it comes to retrofitting. The sensitivity analysis showed that when models are assessed
according to NSZEE guidelines, most models are likely to need seismic strengthening. Establishing the ap-
propriate limits for each model, is therefore essential. It can mean the difference between strengthening and
not strengthening.

From experimental tests done on a similar retrofit design [23], it is likely to assume that drift limits of the
strengthened situation can be increased, which could result in satisfying the Near Collapse limit state, since
there would be sufficient displacement capacity. In order to guarantee the increase in drift limit of the
strengthened building, more tests should be performed. In this case also tests on element masonry speci-
mens.
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10. Discussion
In this chapter, interpretations of the results are discussed, together with the relevance and limitations of this
thesis.

Methodology

The masonry structures are modelled using a macro-element modelling approach in ETABS. This approach
in combination with the ability to automate the analysis of numerical models with help of the Application
Programming Interface (API) for ETABS, results in a powerful parametric tool. A large amount of variants of
the building typology are assessed, creating a better overview of the seismic behaviour of the typology as a
whole. If a more advanced modelling approach would have been chosen, this approach would be too com-
plicated and time consuming.

The non-linear static pushover method considers non-linear structural behaviour without the need to define
the often complex characteristics of structural elements and therefore maintaining simplicity. The analysis
gives a good insight into the propagation of damage and it accounts for second order effects. Furthermore,
capacity curves of the global behaviour can easily be compared to the seismic demand of various locations,
without changing the input of the numerical model. However, one of the disadvantages is the assessment of
both loading directions separately, therefore not taking into account dynamic effects. Another disadvantage
is the consideration of only in-plane behaviour, lacking the out-of-plane interaction.

Sensitivity analysis

This research focusses on the behaviour of geometrical variants of a certain building typology, which is as-
sumed to be vulnerable to in-plane seismic loads. It is assumed that the façade walls partly carry the sec-
ond floor. Maintaining this load-bearing function of the piers is therefore essential to the global behaviour.
Houses where the transversal walls completely carry the vertical loads, are likely to behave in a different way.
Collapse of the façde wall would then not necessarily lead to failure of the whole structure. Consequently,
results of the analysis are not representative for this variation in the typology.

For the evaluation of the in-plane behaviour an additional hysteretic damping of 15% of the system is con-
sidered. According to the NPR 9998:2018 [34], this value is conservative when ductile behaviour is expected.
However, the expected damping largely depends on the condition and material properties of each individual
building. As the results indicate, models are likely to satisfy the Near Collapse limit state even if no hysteretic
damping can be applied in two of the three locations investigated. For houses in areas with higher seismic
risk, the additional damping is of significant importance and should be applied carefully. Nonetheless, most
of the buildings showed displacement capacities beyond the 5% inherent damping.

In this research it is chosen to model the flange effect with a separate connection to the transversal walls,
which gives more insight and control in the distribution of the flange forces. Furthermore, properties of the
flange links can be changed and the effect could be evaluated. Results show that the flange effect has sig-
nificant influence on the strength of the structure, which is expected from tests. If both wall elements are
attached without a link, the effect of the flange loads could not have been studied. However, another way
of modelling could result in different outcomes, but it is expected that the applied modelling approach will
roughly perform similarly.

Despite the simplistic macro-modelling approach, the outcomes of the tested models, are in line with full-
scale tests done on a similar URM terraced house, on both the capacity and the global seismic behaviour [36].
Additionally, validation of masonry assemblages tested at the TU Delft shows similar seismic behaviour and
capacity [17] compared to the ETABS models. The relatively large displacements realised due to the rocking
behaviour, are reasonable and within the safety limits when analysed according to the NPR guidelines. The
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reduction of seismic risk, as a result of the stop of gas extraction, ensures that most of these buildings no
longer need to be retrofitted to improve the in-plane behaviour.

Seismic retrofit

Due to the simplicity of the macro-modelling approach, an advanced numerical representation of the strength-
ening measure cannot be implemented in ETABS. Therefore, a simplified numerical representation of the
strengthening is applied, which does not take into account certain aspects of the retrofit design. Differential
movement between the masonry and OSB wall systems is not captured. The additional shear capacity pro-
vided by the panels is instead added directly to the capacity of the non-linear link element previously used to
represent the shear capacity of the masonry piers.

Furthermore, modelling of the hold-down connections is based on the assumption that rupture of the steel
of the anchors is governing. However, the resistance of the anchors is largely depended on the design of the
foundation and structural elements to which these anchors are attached. Although minimum thickness and
strength are described, a detailed analysis on the foundation for each individual building is necessary before
application of the anchors, since it can be a limiting factor to the performance of the design. Next to that,
degradation of the tension anchors through buckling due to compression forces is not captured. A time de-
pendent analysis should incorporate this effect.

Although the representation of the timber retrofit is based on certain assumptions and simplifications, the
global behaviour is similar to what is expected based on tests done on a similar retrofit measure in Pavia [23].
Shear behaviour of the masonry piers is changed to a more stable rocking behaviour, enhancing the displace-
ment capacities of the whole structure accordingly. Furthermore, results show that application of the retrofit
design does not increase the lateral resistance significantly, which is in accordance with what was found in
the experimental tests [23].
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The sensitivity analysis revealed that, according to the NPR 9998:2018, structures with wide piers, element
masonry and with extremely large openings at floor level do not satisfy the Near Collapse limit state for all
considered locations in Groningen. Other changes in geometry do not significantly change behaviour or ca-
pacity of the structures. It is therefore recommended to focus on seismic assessment of the aforementioned
variants of the building typology, when considering in-plane behaviour. Performing non-linear time history
analyses on these variants should gain more detailed information on the seismic behaviour.

Dutch guidelines and other standards do not provide any drift limits for strengthened structures. The anal-
ysis of retrofitted models demonstrates that the Near collapse limit state is satisfied, when drift limits are
increased. Experimental testing on the proposed retrofit measure is needed to provide the seismic standards
with results, upon which new increased drift limits can be based. Overall consistent definition of capacity
values and corresponding drift limits for each possible failure mechanism is essential for reliable evaluation
of the in-plane response of unreinforced masonry structures. And as this research indicates, especially when
buildings are assessed using non-linear analyses. It can mean the difference between strengthening and no
strengthening.

The variant study, performed with the help of the API for ETABS, shows good potential when it comes to
analysing large amount of buildings from the same building typology. It is recommended to use a paramet-
ric tool in combination with a macro-modelling approach, since it gives adequate insight in global seismic
behaviour of a complete building typology, with relatively low computational time. It exposes the vulnerable
variants, which then can be assessed in more detail.

Analysis of the retrofit shows the importance of ductile behaviour. In order to provide this ductility it is ad-
vised to use ductile sheathing-to-framing connections, consisting of nails with a small diameter and a panel
thickness of at least 4d. Furthermore, it is advised to connect the retrofit to the foundation with anchors,
which benefits ductile behaviour of the sheathing-to-framing connection. Tensile anchors show an impor-
tant role in the increase of the lateral resistance. However, the type and capacity of the anchors depends
largely on the strength of the foundation and concrete elements to which they are attached. Although min-
imum values for the foundation design are presented, a detailed analysis of the capacity of the surrounding
components of the tensile anchors is recommended.

Future research

This research assesses the seismic behaviour of two storey terraced houses based on certain modelling and
analysis assumptions. For future research various aspects that were not studied should be analysed. A num-
ber of recommendations for future research are given.

Terraced houses with concrete floors are analysed, which are represented by rigid diaphragms. Besides con-
crete floors, timber floors are frequently present within the studied building typology. Modelling of timber
floors requires a flexible diaphragm, which will introduce different seismic behaviour and most likely tor-
sional effects, due to the reduction of mass and the absence of box-type behaviour. The effect of the proposed
strengthening design on the global behaviour is likely to be different. Research on the implementation of the
design in combination with timber floors should be conducted to study this effect.

The connection between the concrete floors and the wall, upon which they rest, is considered rigid. Floors
are always connected to the walls. In reality this is not the case. Future research should consider the potential
non-linear effects of wall-floor connections more carefully.

To decrease the setup time of the numerical model, as well as the computational time for the variant study,
the configuration of the structural elements is simplified. For a more detailed and building specific analysis,
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structural elements should be modelled with their actual dimensions. Future research should be conducted
to analyse the effect on the seismic behaviour.

Out-of-plane behaviour is not taken into account for the assessment of the considered building typology.
Mainly because the in-plane direction for this typology is seismically weak, due to the large openings in the
façades. However, for a more detailed seismic assessment of the unsafe structures according to this research,
the out-of-plane behaviour should be taken into account.

Pounding effects are not taken into account, since a block of terraced houses consists of units with similar
structural systems. Therefore, the effect is likely to be negligible. However, for future research it would be
interesting to see if this assumption is valid.

Analysis of the timber frame shear wall retrofit measure is chosen over the proposed CLT retrofit design, since
more detailed research is available on masonry retrofitted with timber framework. The proposed retrofit de-
sign with CLT panels, should be analysed in more detail. To do so, more experimental testing on strengthened
masonry pier specimens and full-scale specimens is required.

Furthermore, strengthening is applied to mainly the masonry pier elements. The effect of strengthening the
spandrel elements in combination with the pier elements on the seismic behaviour of the structure should
be investigated. The strengthening of spandrels can result in a better introduction of the forces to the piers.
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A. GEM taxonomy codes

Figure A.1: GEM Taxonomy Code for each structural system with a short code and a brief description for each system (Source:[4])
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B. Gravity loads calculation

Additional permanent loads

Additional permanent loads floor
Floor finish

thickness m 0,05
density kN /m3 25

force per area kN /m2 1,25

Pipes/ducts kN /m2 0,1
Ceiling and lighting kN /m2 0,3

Total kN /m2 1,65

Table B.1: Approximation of additional permanent loads per area for the floors

Weight of roof

Timber roof weight
Total width building m 6
Total length building m 8
Thickness floor slab m 0,231

Beams
width m 0,05

height m 0,2
number of beams - 14

Ridge beam
width m 0,07

height m 0,25
Planks

thickness m 0,025

Total volume timber elements m3 2,0
Density timber kg /m3 500

Total mass timber kg 998

Total area tiles m2 45
Mass roof tiles per area kg /m2 50

Total mass tiles kg 2235

Total mass roof kg 3232

Density concrete floor slab kg /m3 2500
Mass of roof structure related to dimensions floor slab kg /m3 333
Percentage of mass roof related to floor slab % 13

Table B.2: Weight of timber roof structure related to floor slab second floor
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B. Gravity loads calculation

Type of load Unit Value Reference
Self weight concrete floor kN/m³ 25
Additional permanent load kN/m² 1,65 See Table B.1 Appendix B
Variable live load kN/m² 1,75 NEN-EN 1991-1-1/Table NB.1 - 6.2
Load from self weight roof structure kN/m³ 3,3 Example value, depending on geometry

Weight modification factor of slab - 1,13

Table B.3: Weight of the second floor slab, with weight modification factor to account for the weight of the roof

Mass modification factors

Type of load Unit Value Reference
Mass concrete floor kg/m³ 2500

thickness floor m 0,231 Example value, depending on the geometry
mass per area kg/m² 577,5

Mass additional permanent load kg/m² 168 See Table B.1 Appendix B
Mass variable live load kg/m² 178 NEN-EN 1991-1-1/ Table NB.1 - 6.2

Mass modification factor of slab - 1,35

Table B.4: Mass of the first floor, with mass modification factor to account for the mass of the additional dead load and live load

Type of load Unit Value Reference
Mass concrete floor kg/m³ 2500

thickness floor m 0,231 Example value, depending on the geometry
mass per area kg/m² 577,5

Mass additional permanent load kg/m² 168 See Table B.1 Appendix B
Mass variable live load kg/m² 178 NEN-EN 1991-1-1/ Table NB.1 - 6.2
Mass of roof structure kg/m² 332 Example value, depending on geometry

Mass modification factor of slab - 1,52

Table B.5: Mass of the second floor, with mass modification factor to account for the mass of the roof, the additional dead load and the
live load

120



C. Response spectrum calculation

Horizontal elastic response spectrum
The horizontal elastic response spectrum is defined by the following formulas according to NPR 9998:2018:

0 ≤ T ≤ TB :Se (T ) = ag ;d ×
[

1+ T

TB
× (η×p −1)

]
(C.1)

TB ≤ T ≤ TC :Se (T ) = ag ;d ×η×p (C.2)

TB ≤ T ≤ TC :Se (T ) = ag ;d ×η×p ×
[

TC

T

]
(C.3)

TD ≤ T ≤ 4 :Se (T ) = ag ;d ×η×p ×
[

TC ×TD

T 2

]
(C.4)

Where:
Se (T ) elastic response spectrum, in g ;

T is the vibration period of a linear single degree of freedom system, in s;
ag ;d is the value of the peak ground acceleration at surface level, including the soil factor, in g ;

TB is the lower limit of the periods for which the spectral acceleration is constant, in s;
TC is the upper limit of the periods for which the spectral acceleration is constant, in s;
TD is the period that indicates the start of the constant displacement response of the spectrum, in s;

p is the ratio between the peak ground acceleration and the platform value of the elastic response spectrum;
η is the dimensionless damping correction factor with a reference value of η= 1 for 5 % viscous damping.

The values for the parameters given, follow from the NPR 9998-webtool.

Design spectrum for analysis of ductile constructions
The design spectrum Sd (T ) is defined by the following formulas according to NPR 9998:2018:

0 ≤ T ≤ TB :Sd (T ) = ag ;d ×
[

1+ T

TB
×

(
p

q
−1

)]
(C.5)

TB ≤ T ≤ TC :Sd (T ) = ag ;d × p

q
(C.6)

TB ≤ T ≤ TC :Sd (T ) = ag ;d × p

q
×

[
TC

T

]
(C.7)

TD ≤ T ≤ 4 :Sd (T ) = ag ;d × p

q
×

[
TC ×TD

T 2

]
(C.8)

Where:
Sd (T ) design spectrum, in m/s2;

T is the vibration period of a linear single degree of freedom system, in s;
ag ;d is the value of the peak ground acceleration at surface level, including the soil factor, in g ;

TB is the lower limit of the periods for which the spectral acceleration is constant, in s;
TC is the upper limit of the periods for which the spectral acceleration is constant, in s;
TD is the period that indicates the start of the constant displacement response of the spectrum, in s;

p is the ratio between the peak ground acceleration and the platform value of the elastic response spectrum;
q is the behaviour factor.

The values for the parameters given, follow from the NPR 9998-webtool. The behaviour factor q may have
been determined using a push-over analysis or by using the provisions of Sections 5 to 9 of the NPR. In order
to analyse the NC limit state, the values for q from Sections 5 to 9 of this NPR may have been multiplied by
1,33.

121



C. Response spectrum calculation

Damping correction factor
The value of the damping correction factor has a reference value of η= 1 for 5% viscous damping and can be
amended for other damping values using the following expression:

η=
√

7

2+ξ ≥ 0,55 (C.9)

Where:
ξ is the viscous damping ratio of the load bearing structure, expressed in percent.

Effective Equivalent Viscous Damping
A generic consideration of the effective viscous damping for a system is as follows:

ξs y s = ξ0 +ξhy s +ξsoi l (C.10)

Where:
ξ0 is the inherent damping (5%);

ξhy s is the hysteretic damping;
ξsoi l is the soil damping.

The hysteretic damping can be expressed as follows:

ξhy s =
2

π
×ne f f ×

(1− r )× (
1− 1

µs y s

)
(1− r +µs y s × r )

(C.11)

Where:
ne f f is the efficiency factor, defined as the ratio of the actual area enclosed by the hysteresis loop to that of the assumed perfect bilinear hysteresis;

r is the post yield to initial stiffness ratio;
µs y s is the global structural ductility.

Importance factor
The importance factor for primary and secundary seismic elements and for non-seismic, constructive ele-
ments for new build, reconstruction and existing buildings:

Figure C.1: Table for Importance factor (Source: NPR 9998:2018)
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C. Response spectrum calculation

Transformation of elastic response spectrum to ADRS-format
The elastic displacement response spectrum, SDe (T ), shall be obtained by direct transformation of the elastic
acceleration response spectrum, Se (T ), using the following expression:

SDe (T ) = Se (T )

[
T

2π

]2

(C.12)

Where:
SDe (T ) is the elastic displacement response spectrum;

Se (T ) is the elastic acceleration response spectrum;
T is the vibration period of a linear singel degree of freedom system.
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D. Transformation to equivalent SDOF sys-
tem

Transformation of nonlinear pushover capacity curve to equivalent SDOF sytem

Sa =V ∗
cap;base /me f f (D.1)

Sd = u∗
r oo f ;cap f or n ≤ 4 (D.2)

Where:
Sa is the spectral acceleration;
Sd is thespectral displacement;

V ∗
cap;base is the base shear capacity of the SDOF system;

me f f is the effective mass of the equivalent SDOF system;
u∗

r oo f ;cap is the lateral displacement capacity of the centre of mass at roof level of the SDOF sytem

Effective mass
The mass of an equivalent SDOF system me f f is determined according to B.2 of NEN-EN 1998-1:

me f f =
∑

miφi =
∑

Fi (D.3)

Where:
mi is the mass in the i-th storey;
φi is the normalised displacement, which depends on the chosen loadpattern (normalised so that:φn = 1).

Base shear capacity and roof displacement of the SDOF system
The base shear capacity V ∗

cap;base and the roof displacement u∗
r oo f ;cap are calculated as follows:

V ∗
cap;base =

Vcap;base

Γ
(D.4)

u∗
r oo f ;cap = ur oo f ;cap

Γ
(D.5)

Where:
Vcap;base is the base shear capacity of the MDOF system;
ur oo f ;cap is the lateral displacement of the centre of mas at roof level of the MDOF system;

Γ is the transformation factor ;

Transformation factor
They both depend on the transformation factor of the MDOF sytem according to B.2 of NEN-EN 1998-1:

Γ= me f f∑
miΦ

2
i

=
∑

Fi∑(
F 2

i
mi

) (D.6)

According to NPR 9998:2018 G.4.3 (3), the transformation factor Γ can be taken as 1 (Γ= 1)for buildings with
up to two storeys with an attic on top of it.
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E. Pier failure mechanisms
Failure mechanisms for piers or walls in-plane are defined according to Annex G of the NPR 9998:2018.

Shear sliding failure (G.9.2.2)

VR = lc × tpi er ×
(

fma;v0;m +µma;m ×σy
)

(E.1)

and

VR ≤ 0,1× fb × tpi er (E.2)

Where:
VR is the capacity of an unreinforced pier or wall, based on shear sliding mechanism;
lc is the length of the compressed part of the pier or wall;

tpi er is the thickness of the pier or wall;
fma;v ;0;m is the initial average shear strength of the masonry;
µma;m is the average coefficient of friction for masonry;

σy is the average compressive stress in the compressed part of the cross section, (= F (lc × tpi er ));
fb is the normalised compressive strength of the masonry units, in the direction of the applied action effect.

The upper limit for the shear sliding, (0,1 fb × lc × tpi er ), takes into account the possibility of collapse due
to shear stress occurring in the pressure zone. Resulting in diagonal cracks in the masonry units.

Length compression zone
The length of the compression zone lc for rectangular sections can be determined by the following formula:

lc = 3

[
lpi er

2
− M

F

]
(E.3)

Where:
M is the moment in the section;
F is the axial force on the pier or wall.

Figure E.1: Schematisation of forces acting on wall/pier for determining the length of the compression zone
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E. Pier failure mechanisms

Force-deformation relationship

Figure E.2: Generalised force/deformation relationship for unreinforced masonry walls or piers governed by shear sliding (Source: NPR
9998:2018

Where:
VR is the capacity of an unreinforced pier or wall, based on shear sliding mechanism;

VR;r is the residual shear sliding capacity;
θR;SD ;v is the drift limit for shear sliding of unreinforced masonry piers or walls when reaching

Significant Damage limit state
θR;NC ;v is the drift limit for shear sliding of unreinforced masonry piers or walls when reaching

Near Collapse limit state.

When formula (E.1) is governing, the lateral drift limit for the SD limit state θR;SD ;v is equal to 0,003 and
the drift limit for the NC limit state θR;NC ;v is equal to 0,0075.

When formula (E.2) is governing the drift limits are based on the drift limits of the rocking failure mecha-
nism, see formula (E.5).

The residual shear sliding capacity, VR;r , of the pier or wall can be found by setting fma;v ;0;m in formula (E.1)
to 0 MPa, so only the friction component remains.

Flexure failure

Flexure failure incorporates both toe crushing and rocking failure. The capacity of the pier when rocking is
determined by the following formula:

VR; f = F ×
(

lpi er

2h0

)
×

(
1−1,15

σy

fma;m

)
(E.4)

Where:
VR; f is the rocking capacity of an unreinforced pier or wall, based on flexural strength;

F is the imposed axial load combined with the dead load in the critical section of the pier or wall;
lpi er is the horizontal in-plane dimension of the wall, or width of the pier;

h0 distance between the cross-section where the shear bearing capacity has been reached and the point of inflection;
σy is the average compressive stress in the full the cross section, (= F (lpi er × tpi er );

fma;m is the average compressive strength of masonry, in the vertical direction.

Rocking drift limit
The rocking drift limit for the NC limit state is the result of calibration of available, relevant test results of ma-
sonry piers used in Groningen [45] and [46]. The difference in static and dynamic behaviour has been taken
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E. Pier failure mechanisms

into account. Calibration of shaking table results has been performed and full finite element calculations
were made to gain insight into the behaviour. In addition, short-term effects have been taken into consider-
ation.

The flexural drift limit of a pier is determined by the following formula:

θR;NC ; f = 0,0135

(
1−2,6× σy

fma;m

)
×

(
hr e f

hpi er

)
×

√
hpi er

lpi er
(E.5)

Where:
θR;NC ; f is the drift limit of the flexural strength during rocking when reaching the NC limit state;

σy is the average compressive stress in the full the cross section, (= F (lpi er × tpi er ));
fma;m is the average compressive strength of masonry, in the vertical direction;
hpi er is height of the pier or wall;
hr e f is reference height of the pier or wall (=2,4 m);
lpi er is the length of the pier or wall;
tpi er is the thickness of the pier or wall.
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F. Spandrel failure mechanisms
The in-plane failure mechanisms for spandrels are defined according to Annex G of the NPR 9998:2018.

Force-deformation relationship
The recommended generalised force-deformation relationship for URM spandrels is illustrated in Figure F.1.
The relationship is based on results of experimental research from [66, 67, 68, 69]

Figure F.1: Generalised force-deformation relationship for URM spandrels

Legend
1 Vs, f l ,r when Vs, f l ≤Vs

Vs,r when Vs, f l >Vs

2 min(Vs, f l ;Vs )
3 0,03 for rectangular spandrel

0,0015 for curved spandrel
Vs is the peak shear capacity of a rectangular unreinforced masonry spandrel;

Vs,r is the residual shear capacity of a rectangular unreinforced masonry spandrel;
Vs, f l is the peak flexural capacity of a rectangular unreinforced masonry spandrel;

Vs, f l ,r is the residual flexural capacity of a rectangular unreinforced masonry spandrel;
θy is the chord rotation of the spandrel, relative to the piers.

All parameters that describe the force deformation relationship of the spandrels are discussed below.

Peak shear strength
Peak shear strength of rectangular URM spandrels can be estimated using one of the following formulas:

Vs1 = 2

3

(
fma;b;per +µma;m ×σsp

)×hsp ×bsp (F.1)

Vs2 = fma;d t ;m ×βsp

(√
1+ σsp

fma;d t ;m

)
×hsp ×bsp (F.2)
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F. Spandrel failure mechanisms

Where:
Vs is the peak shear capacity of a rectangular unreinforced masonry spandrel;

fma;b;per is the cohesion of the bed-joint of the masonry;
µma;m is the friction coefficient of masonry;

σsp is the axial stress in the spandrel;
hsp is the height of the spandrel;
bsp is the width of the spandrel;

fma;d t ;m is the average diagonal tension strength of masonry;
βsp is the spandrel aspect ratio, see Table F.1.

Spandrel aspact ratio
The value for the spandrel aspact ratio, βsp , are taken from Table F.1.

Criteria βsp

Slender spandrel where lsp /hsp > 1,5 0,67
Compact spandrel where lsp /hsp < 1,0 1,00
Linear interpolation is allowed for intermediate values of lsp /hsp

Table F.1: Shear stress factor, βsp , for diagonal tensile capacity

Residual shear strength
According to the NZSEE 2015 based on research of [70], the residual shear strength of cracked rectangular
URM spandrels with timber lintels can be estimated with formula (F.3). When no timber lintel is present the
residual shear capacity of spandrels is negligible.

Vs,r = 11

16
σsp

hsp
2bsp

ls p
(F.3)

Where:
Vs,r is the residual shear capacity of a rectangular unreinforced masonry spandrel;
lsp is the clear length of spandrel between adjacent wall piers.

Peak flexural strength
The peak flexural capacity of rectangular spandrels can be approximated by the following formula:

Vs, f l =
(

ft +σsp
) hsp

2 ×bsp

3× ls p
(F.4)

Where:
Vs, f l is the peak flexural capacity of a rectangular unreinforced masonry spandrel;

ft is the equivalent tensile strength of masonry spandrel.

The equivalent tensile strength of a URM spandrel, can be approximated by the following formula:

ft = 1,3
(

fma;b;per +0,5×µma;m ×σv ;m
)+ fm;b;per

2µma;m
(F.5)

Where:
σv ;m is the mean axial stress due to superimposed and dead load in the adjacent wall piers.

Residual flexural strength
The residual flexural strength of rectangular URM spandrels can be determined with the following formula:

Vs, f l ,r =
σsp ×hsp

2 ×bsp

ls p

(
1− σsp

0,85× fh;m

)
≤Vs (F.6)

With :
fh;m = 0,5 f ′

ma;m (F.7)
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F. Spandrel failure mechanisms

Where:
Vs, f l ,r is the residual flexural capacity of a rectangular unreinforced masonry spandrel;

fh;m is the compression strength of the masonry in the horizontal direction ;
f ′

ma;m is the masonry compression strength.

The upper limit for the axial stress in the spandrel, σsp , can be determined using the following formula:

σsp = (
1+βsp

)× fma;d t ;m × lsp√
lsp

2 +hsp
2

(F.8)

In most situation it can be assumed the axial confinement of typical unreinforced buildings is negligible. The
residual flexural strength can in that case be assummed as zero.

133





G. ETABS input data

Wall properties

Figure G.1: Property data of a masonry wall, modelled as Shell-Thick element

Figure G.2: Property modifiers for the masonry wall to account for cracking and the reduction of load carried in the out-of-plane direction
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G. ETABS input data

Floor properties

Figure G.3: Property data of a floor modelled with shell elements, to determine the load distribution of the floor onto the walls

Figure G.4: Property data of a floor modelled with membrane elements, which is used to perform the pushover analysis

Figure G.5: Property modifiers for a floor modelled with membranes
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G. ETABS input data

Gap link properties

Figure G.6: Property data for a gap link element at base level

Figure G.7: Property data for a gap link element at pier ends
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G. ETABS input data

Figure G.8: Non linear property data for a gap link element at pier ends

Non-linear shear link properties piers and spandrels

Figure G.9: Property data for MuliLinear Plastic link when used to model non-linear shear deformations in piers
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G. ETABS input data

Figure G.10: Non-linear property data for MuliLinear Plastic link when used to model nonlinear shear deformations in piers

Figure G.11: Property data for MuliLinear Plastic link when used to model non-linear shear deformations in spandrels
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G. ETABS input data

Figure G.12: Non-linear property data for MuliLinear Plastic link when used to model nonlinear shear deformations in piers

Shear free properties pier and spandrel

Figure G.13: Property data for Linear ’shear free’ link when used to transfer wall overturning actions for pier elements
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G. ETABS input data

Figure G.14: Property data for Linear ’shear free’ link when used to transferchord forces for spandrel elements

Figure G.15: Value for stiffness in U1 direction
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G. ETABS input data

Figure G.16: Value for stiffness in U3 direction

Shear connector properties

Figure G.17: Property data for Linear link when used to model connector elements in wall elements
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G. ETABS input data

Linear link properties

Figure G.18: Property data for Linear link when used to model a rigid connection

Flange link properties

Figure G.19: Property data for MuliLinear Plastic link when used to model tension flange loads
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G. ETABS input data

Figure G.20: Non-linear property data for MuliLinear Plastic link when used to model tension flange load on the first floor

Figure G.21: Non-linear property data for MuliLinear Plastic link when used to model tension flange load on the second floor
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G. ETABS input data

Load case set-up

Figure G.22: Input for the data of Load Case
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G. ETABS input data

Figure G.23: Input for the Load Application Control for Nonlinear Static Analysis

Figure G.24: Input for the non-linear parameters for the solution control
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H. Validation of ETABS model

Figure H.1: Set-up and dimensions of the tested specimen of masonry bricks: (a) Front view (southern side); (b) Top view of ground floor
in section A-A; (c) Side view (western side); (d) Construction details (Source:[17]
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H. Validation of ETABS model

Figure H.2: Dimensions of the tested specimen of calcium silicate masonry elements (Source:[28]

Figure H.3: Material properties of the replicated calcium silicate brick masonry for both the masonry elements and the bricks
(Source:[29]
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I. Element forces test model TU Delft

Axial loads in pier elements

Figure I.1: Axial forces due to gravity loading of TU Delft brick model; 0 in Figure 5.19b

(a) Axial forces at 1 in Figure 5.19b of TU Delft
brick model

(b) Axial forces at 2 in Figure 5.19b of TU Delft
brick model

Figure I.2: Axial forces of piers pushed in positive direction of TU Delft brick model

(a) Axial forces at 4 in Figure 5.19b of TU Delft
brick model

(b) Axial forces at 5 in Figure 5.19b of TU Delft
brick model

(c) Axial forces at ultimate negative capacity in
Figure 5.19b of TU Delft brick model

Figure I.3: Axial forces of piers pushed in negative direction of TU Delft brick model
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I. Element forces test model TU Delft

Reaction forces pier elements

(a) Reaction forces before 4 in Figure 5.19b of
TU Delft brick model; just before the larger
pier starts rocking

(b) Axial forces at 4 in Figure 5.19b of TU Delft
brick model; larger pier starts rocking

(c) Axial forces at 5 in Figure 5.19b of TU
Delft brick model; Both piers show rocking be-
haviour.

Figure I.4: Axial forces of piers pushed in negative direction of TU Delft brick model

Shear forces in pier elements

Figure I.5: Shear forces of piers due to gravity loading of TU Delft brick model

(a) Shear forces at 1 in Figure 5.19b of TU Delft
brick model

(b) Shear forces at 2 in Figure 5.19b of TU Delft
brick model

Figure I.6: Shear forces of piers pushed in positive direction of TU Delft brick model
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I. Element forces test model TU Delft

(a) Shear forces at 4 in Figure 5.19b of TU Delft
brick model

(b) Shear forces at 5 in Figure 5.19b of TU Delft
brick model

(c) Shear forces at ultimate negative capacity
in Figure 5.19b of TU Delft brick model

Figure I.7: Shear forces of piers pushed in negative direction of TU Delft brick model
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J. Results sensitivity analysis - different heights

Figure J.1: Difference in storey height where h1 is equal to h2

H1 = H2 with opening ratio of 50%

Figure J.2: Capacity curve of model with a height of 2.25 meter and a opening ratio of 50%
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J. Results sensitivity analysis - different heights

Figure J.3: Capacity curve of model with a height of 2.5 meter and a opening ratio of 50%

Figure J.4: Capacity curve of model with a height of 2.75 meter and a opening ratio of 50%

Figure J.5: Capacity curve of model with a height of 3 meter and a opening ratio of 50%

154



J. Results sensitivity analysis - different heights

Figure J.6: Capacity curve of model with a height of 3.25 meter and a opening ratio of 50%

H1 = H2 with opening ratio of 60%

Figure J.7: Capacity curve of model with a height of 2.25 meter and a opening ratio of 60%

Figure J.8: Capacity curve of model with a height of 2.5 meter and a opening ratio of 60%
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J. Results sensitivity analysis - different heights

Figure J.9: Capacity curve of model with a height of 2.75 meter and a opening ratio of 60%

Figure J.10: Capacity curve of model with a height of 3 meter and a opening ratio of 60%

Figure J.11: Capacity curve of model with a height of 3.25 meter and a opening ratio of 60%
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J. Results sensitivity analysis - different heights

H1 = H2 with opening ratio of 60% and width of 6 m and depth of 8 m

Figure J.12: Capacity curve of model with a height of 2.25 meter, a constant width and depth and a opening ratio of 60%

Figure J.13: Capacity curve of model with a height of 2.5 meter, a constant width and depth and a opening ratio of 60%

Figure J.14: Capacity curve of model with a height of 2.75 meter, a constant width and depth and a opening ratio of 60%
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J. Results sensitivity analysis - different heights

Figure J.15: Capacity curve of model with a height of 3 meter, a constant width and depth and a opening ratio of 60%

Figure J.16: Capacity curve of model with a height of 3.25 meter, a constant width and depth and a opening ratio of 60%

H1>H2, with opening ratio equal to 50%

Figure J.17: Capacity curve of model with h1 = 2.5 m and h2 = 2.25 m, a constant width and depth and a opening ratio of 50%
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J. Results sensitivity analysis - different heights

Figure J.18: Capacity curve of model with h1 = 2.75 m and h2 = 2.25 m, a constant width and depth and a opening ratio of 50%

Figure J.19: Capacity curve of model with h1 = 3 m and h2 = 2.25 m, a constant width and depth and a opening ratio of 50%

Figure J.20: Capacity curve of model with h1 = 3.25 m and h2 = 2.25 m, a constant width and depth and a opening ratio of 50%

159





K. Results sensitivity analysis - different depths
and widths

Different depths

Figure K.1: Depth of the structure

Change of depth with opening ratio of 50%

Figure K.2: Capacity curve of a model with depth of 5,5m and 50% opening ratio
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K. Results sensitivity analysis - different depths and widths

Figure K.3: Capacity curve of a model with depth of 8,25m and 50% opening ratio

Figure K.4: Capacity curve of a model with depth of 11m and 50% opening ratio

Change of depth with opening ratio of 60%

Figure K.5: Capacity curve of a model with depth of 5,5m and 60% opening ratio
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K. Results sensitivity analysis - different depths and widths

Figure K.6: Capacity curve of a model with depth of 8,25m and 60% opening ratio

Figure K.7: Capacity curve of a model with depth of 11m and 60% opening ratio
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K. Results sensitivity analysis - different depths and widths

Different widths

Figure K.8: Width of the structure

Change of width with opening ratio of 50%

Figure K.9: Capacity curve of a model with a width of 6,88m and 50% opening ratio

Figure K.10: Capacity curve of a model with a width of 8,25m and 50% opening ratio
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K. Results sensitivity analysis - different depths and widths

Figure K.11: Capacity curve of a model with a width of 9,62m and 50% opening ratio

Figure K.12: Capacity curve of a model with a width of 11m and 50% opening ratio

Change of width with opening ratio of 60%

Figure K.13: Capacity curve of a model with a width of 6,88m and 60% opening ratio
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K. Results sensitivity analysis - different depths and widths

Figure K.14: Capacity curve of a model with a width of 8,25m and 60% opening ratio

Figure K.15: Capacity curve of a model with a width of 9,62m and 60% opening ratio

Figure K.16: Capacity curve of a model with a width of 11m and 60% opening ratio
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L. Results sensitivity analysis - opening ra-
tio 70%

Load pattern Uniform- Triangular- Uniform+ Triangular+
Ptot (kg) 110028 110028 110028 110028
Ptot (kN) 1080 1080 1080 1080
u1 (mm) 12,86 13,18 11,72 11,97
Vtot (kN) 25,48 25,62 23,38 23,4
h1 (mm) 2750 2750 2750 2750
θ 0,20 0,20 0,20 0,20
Factor
(1/(1-θ))

1,25 1,25 1,25 1,25

Table L.1: Calculation of P-∆ effects for a model with 70% opening ratio at ground floor level. Results show that the effects are governing
the system and therefore a factor needs to be applied.
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M. Results sensitivity analysis - different ma-
sonry

Change of masonry with opening ratio of 50%

Figure M.1: Capacity curve of a model with the usual CaSi brick masonry used from 1960 onwards

Figure M.2: Capacity curve of a model with clay brick masonry used before 1945
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M. Results sensitivity analysis - different masonry

Figure M.3: Capacity curve of a model with clay brick masonry after 1945

Figure M.4: Capacity curve of a model with CaSi element masonry used from 1985 onwards

Change of masonry with opening ratio of 60%

Figure M.5: Capacity curve of a model with the usual CaSi brick masonry used from 1960 onwards
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M. Results sensitivity analysis - different masonry

Figure M.6: Capacity curve of a model with clay brick masonry used before 1945

Figure M.7: Capacity curve of a model with clay brick masonry used after 1945

Figure M.8: Capacity curve of a model with CaSi element masonry used from 1985 onwards
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N. Results sensitivity analysis - different wall
type

Solid wall vs cavity wall with opening ratio of 50%

Figure N.1: Capacity curve of a model with cavity walls and opening ratio of 50%

Figure N.2: Capacity curve of the same model with solid walls and opening ratio of 50%
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N. Results sensitivity analysis - different wall type

Solid wall vs cavity wall with opening ratio of 60%

Figure N.3: Capacity curve of a model with cavity walls and opening ratio of 60%

Figure N.4: Capacity curve of the same model with solid walls and opening ratio of 60%
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O. Results sensitivity analysis - difference in
flange effect

Change of flange effect with opening ratio of 60%

Figure O.1: Capacity curve of a model without flange effect load

Figure O.2: Capacity curve of the same model with 25% of the calculated flange effect load
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O. Results sensitivity analysis - difference in flange effect

Figure O.3: Capacity curve of the same model with 50% of the calculated flange effect load

Figure O.4: Capacity curve of the same model with 75% of the calculated flange effect load

Figure O.5: Capacity curve of the same model with 100% of the calculated flange effect load
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P. Results sensitivity analysis - Larger outer
piers

Figure P.1: Capacity curve of model with larger outer piers on the left side of the building

(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure P.2: Seismic behaviour of model with larger outer piers on the left hand side
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P. Results sensitivity analysis - Larger outer piers

Figure P.3: Capacity curve of model with larger outer piers on the right side of the building

(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure P.4: Seismic behaviour of model with larger outer piers on the right hand side

178



Q. Results sensitivity analysis - Four piers

Four piers

Figure Q.1: Capacity curve of model with four piers for each wall and an opening ratio of 60%

Figure Q.2: Capacity curve of the same model with three piers for each wall and an opening ratio of 60%
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Q. Results sensitivity analysis - Four piers

(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure Q.3: Seismic behaviour of model with four piers and an opening ratio of 60%
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R. Element forces un-strengthened models

Model with 60% opening ratio and height of 2,75 m

Presentation of forces in the structural elements due to gravity loading and the pushover analyses in both
directions of a model with an opening ratio of the ground floor façade walls of 60%, an inter storey height of
2,75m, width of 6m and a depth of 8m. The corresponding capacity curve is presented in Figure R.1.

Figure R.1: Capacity curve of a model with an opening ratio of the ground floor façade walls of 60%, an inter storey height of 2,75m, width
of 6m and a depth of 8m.

Axial loads piers

Figure R.2: Axial forces due to gravity loading

(a) Axial forces at end elastic phase (b) Axial forces at step 80

Figure R.3: Axial forces of piers pushed in positive direction
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R. Element forces un-strengthened models

(a) Axial forces at end elastic phase (b) Axial forces at end capacity curve

Figure R.4: Axial forces of piers pushed in negative direction

Shear forces piers

Figure R.5: Shear forces of piers due to gravity loading

(a) Shear forces at end elastic phase (b) Shear forces end of capacity curve

Figure R.6: Shear forces of piers pushed in positive direction

(a) Shear forces at end elastic phase (b) Shear forces end of capacity curve

Figure R.7: Shear forces of piers pushed in negative direction
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R. Element forces un-strengthened models

Axial loads transversal walls

(a) Axial forces due to gravity loading (b) Axial forces at end elastic phase (c) Axial forces at end capacity curve

Figure R.8: Axial forces of left transversal walls pushed in positive direction

(a) Axial forces due to gravity loading (b) Axial forces at end elastic phase (c) Axial forces at end capacity curve

Figure R.9: Axial forces of right transversal walls pushed in positive direction

Shear forces spandrels

Figure R.10: Shear forces of spandrels due to gravity loading
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R. Element forces un-strengthened models

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels at end of capacity
curve

Figure R.11: Shear forces of spandrels pushed in positive direction

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels at end of capacity
curve

Figure R.12: Shear forces of spandrels pushed in negative direction
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R. Element forces un-strengthened models

Model with wide middle piers

Presentation of forces in the structural elements due to gravity loading and the pushover analyses in both
directions of a model with wide middle piers (1,8m), an inter storey height of 2,75m, width of 6m and a depth
of 8m. The corresponding capacity curve is presented in Figure R.13.

Figure R.13: Capacity curve of a model with wide middle piers, an inter storey height of 2,75m, width of 6m and a depth of 8m.

Axial loads piers

Figure R.14: Axial forces due to gravity loading

(a) Axial forces at end elastic phase (b) Axial forces before failure middle piers (c) Axial forces after failure of middle piers

Figure R.15: Axial forces of piers pushed in positive direction of model with large middle piers
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R. Element forces un-strengthened models

(a) Axial forces at end elastic phase (b) Axial forces before failure middle piers (c) Axial forces after failure middle piers

Figure R.16: Axial forces of piers pushed in negative direction of model with large middle piers

Shear forces piers

Figure R.17: Shear forces of piers due to gravity loading

(a) Shear forces at end elastic phase (b) Shear forces before failure middle piers (c) Shear forces after failure middle piers

Figure R.18: Shear forces of piers pushed in positive direction

(a) Shear forces at end of elastic phase (b) Shear forces before failure middle piers (c) Shear forces after failure middle piers

Figure R.19: Shear forces of piers pushed in negative direction
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R. Element forces un-strengthened models

Shear forces spandrels

Figure R.20: Shear forces of spandrels due to gravity loading

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels before failure
middle piers

(c) Shear forces of spandrels after failure mid-
dle piers

Figure R.21: Shear forces of spandrels pushed in positive direction

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels before failure
middle piers

(c) Shear forces of spandrels after failure mid-
dle piers

Figure R.22: Shear forces of spandrels pushed in negative direction
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S. Mechanical properties EUCENTRE test

Figure S.1: Properties of steel angles used in the retrofitted specimen of the EUCENTRE tests

Figure S.2: Properties of nails and screws used in the retrofitted specimen of the EUCENTRE tests
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T. Deformation contributions to total elas-
tic displacement timber frame

Sheathing-to-framing connection deformation

Calculation of the sheathing to framing connection deformation according to Casagrande et al. [32].

∆sh = F ·λ(α) · sc

kc ·b ·nbs
(T.1)

Where:
F is the applied horizontal force;

λ(α) is parameter depending on panel shape function;
sc is the fastener spacing;
kc is the fastener stiffness;
b is the panel width;

nbs is the number of braced sides of the wall.

λ(α) = 0.81+1.85 ·α (T.2)

Where:
α is the panel shape function ( h

b ).

Rigid-body rotation

Calculation of the deformation due to rigid-body rotation, according to [32].

∆h = (F ·h

τ · l
− q · l

2

) · h

kh ·τ · l
(T.3)

Where:
F is the applied horizontal force;
h is the height of the panel;
τ is parameter to determine internal lever arm (expected to be 1 for timber frames);
q is the distributed vertical load ;
l is the panel width;

kh is the stiffness of the hold down connection.

Rigid-body translation

Calculation of the deformation due to rigid-body translation, according to [32].

∆a = F

ka ·na
(T.4)

Where:
ka is the stiffness of the angle-bracket or screw;
na is the number of the angle-brackets or screws.

Sheathing-panel shear deformation

Calculation of the shear deformation of the sheathing panel, according to [32].
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T. Deformation contributions to total elastic displacement timber frame

∆p = F ·h

Gp · tp ·b ·nbs
(T.5)

Where:
F is the applied horizontal force;
h is the height of the panel;

Gp is the panel shear modulus;
tp is the panel thickness;
b is the panel width;

nbs is the number of braced sides of the wall.
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U. Timber frame racking stiffness calculation
method

R f ,Rd = npanel s ·n f aces ·b

2(1+ h
b )

· Kser

s
(U.1)

RG ,Rd = npanel s ·n f aces ·b · t

h
·Gmean (U.2)

Rhd ,Rd = (npanel s ·b)2

h2 ·Khd (U.3)

Rc,Rd = (npanel s ·b)2

h2 ·Kc,90 (U.4)

Rstr,Rd = nstud s ·b2 ·h2 · (npanel s ·b)2

h3 ·E2 (U.5)

Where:
b is the panel width;
h is the height of the panel;
t is the panel thickness;
s is the fastener spacing along the perimeter;

Gmean is the panel shear modulus;
Kser is the fastener slip-modulus of the sheathing-to-timber fastener;
Khd is the stiffness of the hold down connector;

b2 is the thickness of the timber framing elements;
h2 is the width of the timber framing elements;
E2 is the timber framing elements Young’s modulus;

npanel s is the number of panels in an element;
n f aces is the number of sides that have sheathing;
nstud s is the number of studs applied on the edge of the shear wall.
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V. Experimental test results on timber frame
shear walls and fasteners
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V. Experimental test results on timber frame shear walls and fasteners
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V. Experimental test results on timber frame shear walls and fasteners
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V. Experimental test results on timber frame shear walls and fasteners
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W. Hold-down anchor data

Figure W.1: Characteristic values of WHT340 angle bracket (Source:[30]).

Figure W.2: Characteristic values of WHT440 angle bracket (Source:[30]).

Figure W.3: Characteristic values of WHT540 angle bracket (Source:[30]).
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W. Hold-down anchor data

Figure W.4: Characteristic values of WHT620 angle bracket (Source:[30]).

Figure W.5: Experimental average stiffness value for WHT joints on GL24h Glulam (Source:[30]).
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W. Hold-down anchor data

Figure W.6: Chemical anchor installation parameters (Source:[30]).

Figure W.7: Assembling of anchor (Source:[30]).
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X. Results analysis - Strengthened structures

Wide middle piers

Figure X.1: Capacity curve of a model with large middle piers, for which only the lower middle piers are strengthened with timber frame
shear walls.

(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure X.2: Seismic behaviour of a model with wide middle piers (1,8m), strengthened with timber frame shear walls.
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X. Results analysis - Strengthened structures

Figure X.3: Capacity curve of a model with large middle piers, for which all piers on ground floor level are strengthened with timber
frame shear walls.

Figure X.4: Capacity curve of a model with large middle piers, for which all piers are strengthened with timber frame shear walls.

CaSi element masonry

Figure X.5: Capacity curve of an un-strengthened model with CaSi element masonry used since 1985
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X. Results analysis - Strengthened structures

Figure X.6: Capacity curve of the same model with CaSi element masonry, for which all piers at ground floor level are strengthened with
timber frame shear walls and two WHT 620 anchors per pier.

Figure X.7: Capacity curve of the same model with CaSi element masonry, for which all piers at ground floor level are strengthened with
timber frame shear walls and 10 WHT 620 anchors per pier.
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X. Results analysis - Strengthened structures

Figure X.8: Capacity curve of the same model with CaSi element masonry, for which all piers are strengthened with timber frame shear
walls and two WHT 620 anchors per pier.

Figure X.9: Capacity curve of the same model with CaSi element masonry, for which all piers at ground floor level are strengthened with
timber frame shear walls and 10 WHT 620 anchors per pier
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X. Results analysis - Strengthened structures

(a) Seismic behaviour due to uniform load pat-
tern in positive direction

(b) Seismic behaviour due to uniform load pat-
tern in negative direction

(c) Seismic behaviour due to triangular load
pattern in positive direction

(d) Seismic behaviour due to triangular load
pattern in negative direction

Figure X.10: Seismic behaviour of model with CaSi element masonry, strengthened with timber frame shear walls.

Opening ratio of 70%

Figure X.11: Capacity curves of un-strengthened model of a terraced masonry house with an opening ratio of 70%. The limit due to the
p-delta effects depicted in red
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X. Results analysis - Strengthened structures

Load pattern Uniform- Triangular- Uniform+ Triangular+
Ptot (kg) 110028 110028 110028 110028
Ptot (kN) 1080 1080 1080 1080
u1 (mm) 12,86 13,18 11,72 11,97
Vtot (kN) 25,48 25,62 23,38 23,4
h1 (mm) 2750 2750 2750 2750
θ 0,20 0,20 0,20 0,20
Factor 1,25 1,25 1,25 1,25

Table X.1: P-delta effect check for un-strengthened model with an opening ratio of 70%.

Figure X.12: Capacity curve of the same model with an opening ratio of 70% and all lower piers strengthened with timber frame shear
walls and two WHT 620 anchors per pier. P-delta effects limit the displacement capacity of the structure.

Load
pattern

Uniform- Triangular- Uniform+ Triangular+

Ptot (kg) 110028 110028 110028 110028
Ptot (kN) 1080 1080 1080 1080
u1 (mm) 12,47 12,13 14,058 13,077
Vtot (kN) 23,9 23,54 26,98 25,59
h1 (mm) 2750 2750 2750 2750
θ 0,20 0,20 0,20 0,20
Factor 1,25 1,25 1,25 1,25

Table X.2: P-delta effect check for model with all lower piers strengthened with timber frame shear walls and two WHT 620 anchors per
pier.
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X. Results analysis - Strengthened structures

Figure X.13: Capacity curve of the same model with an opening ratio of 70% and all lower piers strengthened with timber frame shear
walls and 10 WHT 620 anchors per pier. P-delta effects limit the displacement capacity of the structure, depicted in red.

Load
pattern

Uniform- Triangular- Uniform+ Triangular+

Ptot (kg) 110028 110028 110028 110028
Ptot (kN) 1080 1080 1080 1080
u1 (mm) 16,63 15,8 16,60 15,26
Vtot (kN) 31,96 30,45 32,027 29,287
h1 (mm) 2750 2750 2750 2750
θ 0,20 0,20 0,20 0,20
Factor 1,25 1,25 1,25 1,25

Table X.3: P-delta effect check for model with all lower piers strengthened with timber frame shear walls and multiple WHT 620 anchors
per pier.

Figure X.14: Capacity curve of the same model with an opening ratio of 70% and all piers strengthened with timber frame shear walls
and two WHT 620 anchors per pier. P-delta effects limit the displacement capacity of the structure.
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X. Results analysis - Strengthened structures

Load
pattern

Uniform- Triangular- Uniform+ Triangular+

Ptot (kg) 115529 115529 115529 115529
Ptot (kN) 1133 1133 1133 1133
u1 (mm) 13,028 12,49 13,04 12,43
Vtot (kN) 26,424 25,5 26,37 25,41
h1 (mm) 2750 2750 2750 2750
θ 0,20 0,20 0,20 0,20
Factor 1,25 1,25 1,25 1,25

Table X.4: P-delta effect check for model with all piers strengthened with timber frame shear walls and two WHT 620 anchors per pier.

Rocking drift limits according to NZSEE guidelines

Figure X.15: Capacity curve of an un-strengthened model with an opening ratio of 60%, assessed with the NZSEE rocking drift limits

Figure X.16: Capacity curve of the same model with an opening ratio of 60% and all lower piers strengthened with timber frame shear
walls and two WHT 620 anchors per pier. Assessed with the NZSEE rocking drift limits.
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X. Results analysis - Strengthened structures

Figure X.17: Capacity curve of the same model with an opening ratio of 60% and all lower piers strengthened with timber frame shear
walls and 10 WHT 620 anchors per pier. Assessed with the NZSEE rocking drift limits.

Figure X.18: Capacity curve of the same model with an opening ratio of 60% and all piers strengthened with timber frame shear walls
and two WHT 620 anchors per pier. Assessed with the NZSEE rocking drift limits.
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X. Results analysis - Strengthened structures

Figure X.19: Capacity curve of the same model with an opening ratio of 60% and all lower piers strengthened with timber frame shear
walls and 10 WHT 620 anchors per pier. Assessed with the NZSEE rocking drift limits.
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Y. Element forces strengthened models

Model with 60% opening ratio and height of 2,75 m

Presentation of forces in the structural elements due to gravity loading and the pushover analyses in both
directions of a model with an opening ratio of 60%, an inter storey height of 2,75m, width of 6m and a depth
of 8m, for which all piers are strengthened with a timber frame shear wall and two anchors per pier. The
corresponding capacity curve is presented in Figure Y.1

Figure Y.1: Capacity curve of a strengthened model with an opening ratio of the ground floor façade walls of 60%, an inter storey height
of 2,75m, width of 6m and a depth of 8m.

Axial loads piers

Figure Y.2: Axial forces due to gravity loading
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Y. Element forces strengthened models

(a) Axial forces at end elastic phase (b) Axial forces end capacity curve

Figure Y.3: Axial forces of piers pushed in positive direction

(a) Axial forces at end elastic phase (b) Axial forces at step 60 (c) Axial forces at end capacity curve

Figure Y.4: Axial forces of piers pushed in negative direction

Shear forces piers

Figure Y.5: Shear forces of piers due to gravity loading

(a) Shear forces at end elastic phase (b) Shear forces end of capacity curve

Figure Y.6: Shear forces of piers pushed in positive direction
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Y. Element forces strengthened models

(a) Shear forces at end elastic phase (b) Shear forces at step 60 capacity curve (c) Shear forces end of capacity curve

Figure Y.7: Shear forces of piers pushed in negative direction

Shear forces spandrels

Figure Y.8: Shear forces of spandrels due to gravity loading

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels at end of capacity
curve

Figure Y.9: Shear forces of spandrels pushed in positive direction
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Y. Element forces strengthened models

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels at step 60 of ca-
pacity curve

(c) Shear forces of spandrels at end of capacity
curve

Figure Y.10: Shear forces of spandrels pushed in negative direction

Anchor forces

(a) Anchor forces of spandrels at end elastic
phase

(b) Anchor forces of spandrels at end of capac-
ity curve

Figure Y.11: Anchor forces of spandrels pushed in positive direction

(a) Anchor forces of spandrels at end elastic
phase

(b) Anchor forces of spandrels at step 60 of ca-
pacity curve

(c) Anchor forces of spandrels at end of capac-
ity curve

Figure Y.12: Anchor forces of spandrels pushed in negative direction
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Y. Element forces strengthened models

Model with large middle piers

Presentation of forces in the structural elements due to gravity loading and the pushover analyses in both
directions of a model with large middle piers, an inter storey height of 2,75m, width of 6m and a depth of 8m,
for which only the lower piers are strengthened with a timber frame shear wall and two anchors per pier. The
corresponding capacity curve is presented in Figure Y.13

Figure Y.13: Capacity curve of a strengthened model with large middle piers, an inter storey height of 2,75m, width of 6m and a depth of
8m.

Axial loads piers

Figure Y.14: Axial forces due to gravity loading

(a) Axial forces at end elastic phase (b) Axial forces at step 72 (c) Axial forces at end of capacity curve

Figure Y.15: Axial forces of piers pushed in positive direction of model with large middle piers
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Y. Element forces strengthened models

(a) Axial forces at end elastic phase (b) Axial forces at step 60 (c) Axial forces at end of capacity curve

Figure Y.16: Axial forces of piers pushed in negative direction of model with large middle piers

Shear forces piers

Figure Y.17: Shear forces of piers due to gravity loading

(a) Shear forces at end elastic phase (b) Shear forces before failure middle piers (c) Shear forces after failure middle piers

Figure Y.18: Shear forces of piers pushed in positive direction

(a) Shear forces at end of elastic phase (b) Shear forces before failure middle piers (c) Shear forces after failure middle piers

Figure Y.19: Shear forces of piers pushed in negative direction

218



Y. Element forces strengthened models

Shear forces spandrels

Figure Y.20: Shear forces of spandrels due to gravity loading

(a) Shear forces of spandrels at end elastic
phase

(b) Shear forces of spandrels at step 72 of ca-
pacity curve

(c) Shear forces of spandrels at end capacity
curve

Figure Y.21: Shear forces of spandrels pushed in positive direction

(a) Shear forces of spandrels at end elastic
phase (b) Shear forces of spandrels at step 60

(c) Shear forces of spandrels at end capacity
curve

Figure Y.22: Shear forces of spandrels pushed in negative direction
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Y. Element forces strengthened models

Anchor forces

(a) Anchor forces of spandrels at end elastic
phase

(b) Anchor forces of spandrels at step 72 of ca-
pacity curve

(c) Anchor forces of spandrels at end of capac-
ity curve

Figure Y.23: Anchor forces of spandrels pushed in positive direction

(a) Anchor forces of spandrels at end elastic
phase

(b) Anchor forces of spandrels at step 72 of ca-
pacity curve

(c) Anchor forces of spandrels at end of capac-
ity curve

Figure Y.24: Anchor forces of spandrels pushed in negative direction
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Z. Calculation of timber shear wall behaviour

Timber retrofit applied to wide middle piers

Figure Z.1: Calculation for the strength of the sheathing-to-framing connection of the timber frame shear wall applied to the lower wide
middle piers. Formulas used according to Eurocode 5 [31], see references.
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Z. Calculation of timber shear wall behaviour

Figure Z.2: Design racking load-carrying capacity of the sheathing-to-framing connection. Formulas used according to Eurocode 5 [31],
see references.
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Z. Calculation of timber shear wall behaviour

Figure Z.3: Total elastic horizontal displacement of the applied timber frame shear wall according to research by Casagrande et al. [32],
see formulas of Appendix T
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Z. Calculation of timber shear wall behaviour

Backbone curve input ETABS

(a) Force-displacement relationship of large middle masonry piers
governed by shear behaviour according to the NPR 9998:2018.

(b) Idealised backbone curve of a timber frame shear wall with config-
uration as calculated in Figure Z.1, based on Eurocode 5 [31]

Figure Z.4: Idealised force-displacement relationships of both masonry and timber walls.

Figure Z.5: Proposed idealised combined masonry-timber shear behaviour for strengthened large middle pier, as input for ETABS.
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Z. Calculation of timber shear wall behaviour

Timber retrofit applied to model with CaSi element masonry

Figure Z.6: Calculation for the strength of the sheathing-to-framing connection of the timber frame shear wall applied to a model with
CaSi element masonry. Formulas used according to Eurocode 5 [31], see references.

225



Z. Calculation of timber shear wall behaviour

Figure Z.7: Design racking load-carrying capacity of the sheathing-to-framing connection. Formulas used according to Eurocode 5 [31],
see references.
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Z. Calculation of timber shear wall behaviour

Figure Z.8: Total elastic horizontal displacement of the applied timber frame shear wall according to research by Casagrande et al. [32],
see formulas of Appendix T
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Z. Calculation of timber shear wall behaviour

Backbone curve input ETABS

(a) Force-displacement relationship of masonry piers of model with
CaSi element masonry.

(b) Idealised backbone curve of a timber frame shear wall with config-
uration as calculated in Figure Z.6, based on Eurocode 5 [31]

Figure Z.9: Idealised force-displacement relationships of both masonry and timber walls.

Figure Z.10: Proposed idealised combined masonry-timber shear behaviour for strengthened masonry piers of model with CaSi element,
as input for ETABS.
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