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Abstract 
The number of high-rise buildings and their corresponding height are increasing in the 

world. This also holds for the Netherlands although the maximum heights are 

considerably lower. However, compared to the world an interesting phenomenon occurs 

in the Netherlands: a clear increase of precast concrete high-rise buildings can be 

observed. The popularity of this building method is created by our prosperity, increasing 

the building requirements, working conditions but also the cost of labour. However, the 

highest building in the world with a load bearing precast structure is only 132m high (Het 

Strijkijzer in The Hague). Is this the maximum height of precast concrete or can we 

achieve greater heights with this building method? And how do the transport systems 

cope with the increased height of a precast structure? With these possibilities and 

questions in mind the following objective was formulated: 

 

Is it structurally and logistically feasible to construct a 202.25 meter precast tower in 

Rotterdam, the Netherlands? 

 

The Zalmhaven tower, with an original height of 190m and which should have been 

constructed in the previous decade, will be used as a reference project. To limit the scope 

of the subject, precast concrete elements in a masonry configuration and open vertical 

joints1 are applied. To compare the results, the Zalmhaven tower is also modelled as a 

monolithic structure (for example created with a tunnel system). For the transport 

system at the construction site a hoisting shed will be used for the precast structure. The 

elements are transported to the building site via the road with Just in Time (JiT) delivery. 

These decisions are based on a preliminary research performed before the literature 

study.  

 

With the objective and boundary conditions, the following division is made: the thesis 

starts with the results of the literature study and a description of the reference project. 

Subsequently the design is made, the loads are determined and the modelling properties 

are defined. In combination with the influence of the connections and element properties, 

the results of the Finite Element Method (FEM) analysis are obtained. With the 

dimensional control and project realisation this thesis comes to an end. 

 

From the risk analysis made during the literature study it can be stated that the 

connections are the strength and weakness of precast concrete. The connections weaken 

the structure because the stiffness, strength and coherency are lower. However by 

dividing the structure in sections, it becomes possible to prefabricate the elements in a 

controlled environment and assemble them at the construction site. With this 

characteristic property and the boundary conditions concerning the wind load, 

connections, element configuration and material properties an optimal element 

configuration is designed for the Zalmhaven tower. Subsequently a design is made for 

the transport system, incorporating a hoisting shed and JiT delivery of elements via the 

road.  

 

With the loads on the structure, the choice of FEM program and several modelling 

techniques, the influence of the connections on the structure is considered. The 

examination shows that introducing connections will always influence the behaviour of 

the structure. When the shear stiffness of the horizontal connection is varied, it can be 

stated that a low or high stiffness has only a small influence on the results. Using 

monolithic properties for the horizontal connections will result in non-realistic values and 

this method should not be applied. If the open vertical joint of the masonry configuration 

would be used structurally, the global effects are limited while considerably more difficult 

connections have to be made. Locally the results are more present and the shear force in 

                                           
1 An open vertical joint doesn’t contain any structural connection between the elements. Therefore 
this open joint is unable to transfer any forces. 
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the centre of the elements is reduced. The amount of connections also influences the 

transport system and the corresponding cycle times. The examination has shown that 

there is a non-linear relation between the mass and transport speed: a 50% reduction of 

the mass only results in a 30% faster transport speed. Furthermore, two elements 

require twice as much time for the crane related actions. These aspects ensure that the 

cycle time of two 15 ton elements is almost twice as long as one 30 ton element. 

 

Aside from the influence of the connection properties, the distribution of forces within the 

structure is also of significant importance. Therefore eight different models have been 

examined with precast and monolithic properties. The models show that the distribution 

of normal and shear force is comparable on a global scale (the entire structure). When 

the local scale is examined (per element), the normal force remains more or less 

comparable. Due to the open vertical joint, the distribution of shear force changes 

significantly. The lack of structural properties of the open joint require that the shear 

force is transported to the over and underlying elements, reducing the structural area 

with 50%. As a result of this mechanism, 18% more shear reinforcement has to be 

applied in the centre of the over and underlying dowel elements to absorb the higher 

forces.  

 

Besides the distribution of shear force, the stiffness may also be considered as a 

characteristic property. This property determines the design of high-rise structures and is 

decisive for the viability of a precast high-rise building. According to the analysis, the 

stiffness reduction of the precast configuration is smaller than 4% when compared to an 

identical cast in situ variant. This difference is considerably small because large precast 

concrete elements in a masonry configuration, a high concrete strength class and a large 

building slenderness are combined in the design of the Zalmhaven tower.  

 

During the FEM analysis more aspects have been considered, for example the second 

order effects, shear lag, structural factor cscd, building acceleration and the verification of 

the Young’s modulus. Since these aspects don’t provide characteristic differences 

between the precast and cast in situ building method, they have only been determined 

for the precast design. The analysis of the building acceleration provides an interesting 

result: the requirements are easily met. This is unexpected at a high-rise building, but 

can be explained by the high stiffness of the sub- and superstructure and the 

considerably large mass of the design.  

 

When the dimensional control is examined, it can be stated that the current standards 

are outdated and large reduction factors (up to 50%) may be applied at the allocation of 

measurement points, adjustment and manufacturing of the elements. With these 

standards the Zalmhaven tower is constructed on paper, resulting in an exceeded 

tolerance every tenth floor. Therefore it should be possible to place every wall element 

level and relative to the previous element and only absorb the deviations every tenth 

level in the connection. However this method isn’t applied in practise and the deviations 

are normally controlled in the wet connection and screed layer at every level. The main 

reason for this standard method are the large risks of only correcting every tenth level 

and the marginal benefits of the one in ten method.  

 

During the project realisation the cycle time of a precast structure is compared to that of 

a cast in situ structure. While the precast cycle time may only be 10 to 25% shorter, the 

construction time per floor is reduced by 50%. This difference is created by the large lead 

time2 of casting concrete and the resulting inability to accelerate. Due to the significant 

influence of the cycle time on the total construction time at high-rise buildings, the 

building may be operated at an earlier stage when precast concrete is applied. The 

economical viability of precast concrete isn’t examined because it’s subjective to several 

assumptions and only represents the current market value. Therefore it’s very difficult to 

                                           
2 The time before the next action can be performed. 
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connect any conclusions to this aspect. Since the costs are a significant aspect of the 

viability of a project, boundary conditions with respect to the structure are provided. For 

example the amount of floor and wall elements or the amount of diaphragm walls.  

 

From this thesis it may be concluded that it’s structurally and logistically feasible to 

construct a 202.25m tower in the Netherlands. Compared to a cast in situ structure the 

stiffness is hardly influenced and the building can be completed at an earlier stage. An 

economical feasibility study has to show which building method is preferred for the 

Zalmhaven tower. 
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1 Introduction 
High-rise buildings nowadays determine the skyline of a city. Started as a symbol of 

status in the growing economy of America, the Home Insurance Building in Chicago from 

1885 can be considered as the first skyscraper in the world [Wikipedia 2012]. Today, the 

Middle East and Far East house the tallest buildings in the world.  

Because of the growing world population and economic pressure, the urban areas 

increase in their size. At the end of the twentieth century around 46% of the world 

population lived in urban areas. It’s predicted that this number will grow [Hayden, 

2009:10-29]. High-rise buildings are the current solution for the lack of space: large 

areas with a small footprint. The Netherlands is not considered as a participant on the 

high-rise market, but the Dutch skyscrapers are slender compared to buildings in other 

countries. This high slenderness is the result of the Dutch building code on the amount of 

light entering the building and the lack of extraordinary loads, such as earthquakes and 

hurricanes.  

 

With the increasing heights of the current skyscrapers a question arises: what is the 

most suitable material for a high-rise building? Steel and concrete are the two most 

applied solution. Steel made tall buildings possible but nowadays most high-rise buildings 

are made out of concrete. Concrete is very suitable for these buildings because of its high 

mass, large damping factor and lateral stiffness. Concrete buildings are more stable and 

its occupants are less able to perceive building motion. When one chooses for concrete, 

there is a second question to be answered: precast or cast in situ? Cast in situ is very 

common, but precast is becoming more and more important in the Netherlands. The 

reason for this increase is our prosperity, building requirements and working conditions, 

but also the cost of labour. The Prinsenhof3, Het Strijkijzer, Waterstadtoren and the 

Erasmus MC tower are a few examples of this trend. 

 

1.1 Problem description 

The demand for high-rise buildings is growing. Furthermore, they become more and 

more slender with growing heights. Building costs and time are under large pressure and 

experienced construction workers are hard to find. In the recent years, most industries 

have optimized their process. Research of ING F [ING, 2010] has shown that this 

optimisation has not occurred in the construction sector (there is optimisation to a 

certain level, but this is not radical enough). To survive the financial crisis a change of 

mind is needed. Precast in combination with an integrated transport process could be 

part of this change of mind. 

 

Zonneveld ingenieurs is interested in the possibilities of precast concrete at one of their 

high-rise projects: the Zalmhaven tower in Rotterdam. The Zalmhaven tower, with a 

original height of 189.1m, was designed with cast in situ concrete. To cast the building 

on site, a tunnel system would be used with tower cranes. Nevertheless, this tower has 

potential to be built in precast concrete. The following aspects explain why: 

 

 The building is rectangular, has 61 floors and consists out of regular floor plans. 

These regular floor plans and the amount of floors are beneficial for the repetition 

factor.  

 The building site is located in the centre of Rotterdam. The site is rather small and 

it is surrounded by dwellings.  

 The current construction time of the cast in situ building method is rather long: 30 

months. By using a precast construction method, the building only has to be 

assembled on the construction site, reducing the total building time. 

                                           
3 The Prinsenhof project consists out of 8 towers. Only the 4 office towers are made out of precast 
concrete. 
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 The market for dwellings is currently under large pressure. The financial crisis is 

responsible for the fact that this building isn’t constructed yet. Reducing the 

construction time results in apartments that are easier to sell. For example, a 

dwelling that is finished within fifteen months is more attractive than a dwelling 

that is finished in thirty months.    

 Reducing the construction time could also result in more revenues at an earlier 

stage. Looking at the current market for dwellings, this will probably be the main 

argument to use precast concrete instead of cast in situ concrete. 

 The construction process is shifted from building site to factory: construction 

becomes assembling. The conditions in the factory are better and this part of the 

building process becomes independent of the weather. Furthermore, at the factory 

the building process is more centralized: the transport of material and equipment 

is reduced. The material arriving at the building site mainly consists out of 

finished prefabricated elements and this results in a cleaner building site where 

less area and personnel are required. 

 

However a 202.25m precast building4 has never been built before. And the current 

transport systems for precast buildings have been used for a maximum height of 132m 

(Het Strijkijzer in The Hague). Why is the largest precast building only 132m high 

(approximately 1/6th of the tallest building on earth, the Burj Khalifa) and are tower 

cranes used at Het Strijkijzer or a hoisting shed of the Erasmus MC tower sufficient or is 

a new system required?  

 

1.2 Objective  

On the basis of the previous questions of the problem description, a research question 

can be formulated for this thesis: 

 

Is it structurally and logistically feasible to construct a 202.25 meter precast tower in 

Rotterdam, the Netherlands? 

 

The objective of this thesis is to make a structural and logistical design for the 

Zalmhaven tower in precast concrete and examine if it’s feasible. A sub-goal of this 

thesis is to provide an overview of the characteristic properties of a precast building with 

respect to an identical cast in situ variant. 

 

1.3 Boundary conditions 

The research question and objective contain many aspects. To limit the scope of this 

thesis, this research is limited to the structural and logistical feasibility. The economical 

feasibility will not be considered. Furthermore, the Zalmhaven tower will be used as 

reference project and the Eurocode (European Building Standards) with the Dutch 

National Annex will be used as legislation. 

 

1.4 Outline of the report 

During the literature study many interesting aspects have been examined. This thesis will 

start with a short enumeration of these aspects in chapter 2. Chapter 3 will continue with 

a description of the Zalmhaven tower, providing essential information for the structural 

and construction methodology design.  

 

                                           
4 The building height has been increased to pass the 200m limit. This will be explained in more in 
chapter 3. 
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In chapter 4 the design of the load bearing structure and the construction methodology is 

incorporated. After the conceptual design, the loads on the structure are determined in 

chapter 5. The final loads can only be determined after the design is finished because the 

structural wind load factor cscd, the second order effect and the dead load depend on the 

structure. Before any structural results can be obtained, the Finite Element Method (FEM) 

program should be determined in combination with the modelling aspects. Two FEM 

programs are compared and a final program chosen in chapter 6. Chapter 7 continues 

with the modelling techniques required to obtain accurate and valid results. The material 

properties, mesh size, connection schematisation and application of the load are a few 

aspects which are examined.  

 

Chapter 8 is the first chapter with structural and construction methodology results. In the 

structural part, the influence of the horizontal and vertical connections are determined. 

The construction methodology in this chapter is represented by the relation between the 

mass and cycle times. In chapter 9 the results of the FEM analysis are provided. The 

distribution of forces, deformations, accelerations and the reinforcement design are a few 

of the aspects which are analysed. The construction methodology continues with the 

dimensional design in chapter 10 and the project realisation is described in chapter 11.  

 

In chapter 12 a conclusion is provided which is accompanied by several 

recommendations in chapter 13. This thesis ends with an evaluation of the obtained 

results in chapter 14.   
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2 Most important aspects from the 

literature study  
During the literature study many interesting aspects have been examined. In this chapter 

a brief summary will be given of the most important aspects.  

 

2.1 Wind load 

Wind can be considered as a dynamic and complex load. The magnitude and direction of 

the wind velocity is time varying and changes over the building height and width. 

Therefore the wind properties can only be described statistically.  

 

In the literature study insight is provided on how the phenomenon wind is described in 

the Eurocode and what has to be calculated to obtain the wind load. Also several other 

aspects have been examined. For example: the acceleration due to cyclic wind loading, 

vortex shedding and the difference between NEN-EN 1991-1-4 and NEN 6702. From the 

analysis several important conclusions can be made: 

 

 Compared with NEN 6702, the Eurocode gives higher values for the basic wind 

velocity, reference height and wind friction. This results in higher loads for taller 

buildings. Nevertheless, the peak velocity pressures (qp(z)) are lower in area 2 

and 3 compared to NEN 6702. This is the result of more accurate (and complex) 

methods that are used by the Eurocode. By introducing a higher form factor the 

differences are reduced between the codes. 

 When the height of a building increases, the comfort of the occupants becomes 

decisive. Because a 200m tower has never been constructed in the Netherlands 

before, the comfort levels of the building become a point of interest. With the 

Eurocode also a new calculation method becomes available that has more 

possibilities to accurately calculate the accelerations of the building. With the 

abundance of options (that make the calculation rather complex and difficult to 

understand) it’s possible to achieve results that are comparable to the results 

obtained by a FEM analysis. 

 

2.2 Connections 

A precast building can schematised as a large building kit which is assembled at the 

construction site. The connections play a critical role during the entire construction 

process. They should be simple and fast to ensure a swift assembly process, containing 

enough adjustment properties to prevent delays and still be strong enough to resist the 

large forces of a high-rise building. Therefore multiple connections have been examined 

to determine which connection provides the best results: 

 

 For the vertical connection between wall elements the masonry configuration with 

an open vertical joint provides the most benefits (an open vertical joint contains 

no connection between the elements and holds therefore no structural stiffness). 

This configuration results in a higher stiffness than for example a traditional 

layout with a reinforced mortar connection. Besides the higher stiffness, the 

amount of work is reduced considerably due to the open vertical joint. 

 

 The traditional starter bar connection with mortar is preferred for the horizontal 

connection between parallel elements. It’s also possible to use a dry connection 

(often used at quay walls or steel structures), but several problems arise: 

reduced stiffness, difficult to execute, possible element splitting and a high level 

of accuracy is required). With pump grouting (onderpompen in Dutch) it’s 

possible to achieve a 97% degree of filling. 
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 For the connection between the wall and floor a system used at Het Strijkijzer 

provides many benefits. The massive floor elements are supported by four 

internal steel tubes with bearing plates. Since the diaphragm reinforcement and 

all the ducts are already installed in the factory, only a small screed layer is 

required during the finishing stage. This method results in a considerable time 

reduction. 

 The last connection is the vertical connection between perpendicular walls. This 

connection plays an important role in the cooperation between the walls in x and 

y-direction. The interlocking halfway connection and staggered connection are 

two good solutions of which the interlocking halfway connection provides the 

highest stiffness. The staggered connection is preferred when it comes to 

constructability due to the less strict tolerances and accessibility of the 

connection.  

 

The two words “joint” and “connection” often result in confusion and therefore a word 

definition is used: a connection is the material connecting the two adjoining parts of the 

precast concrete elements, for example a reinforced mortar connection. A joint is the 

space (area) between the two elements where they meet each other, for example an 

open vertical joint. 

 

2.3 Element configuration 

There are many element configurations possible, each with their own structural 

properties. During the literature study several configurations have been examined, for 

example a vertical masonry configuration or a traditional configuration with a continuous 

vertical connection. Based on the research of Keulen [Keulen, 2012], a horizontal 

element configuration is preferred over a vertical configuration. The size of the elements 

also influence the structural properties: the wall elements should preferably be as large 

as possible. 

 

2.4 Material properties 

The application of higher strength concrete becomes more and more custom. The use of 

Ultra High Strength Concrete (UHSC) is currently reserved for prestige projects and a 

price reduction is necessary before it’s widely introduced in the building industry. High 

Strength Concrete (HSC) is a more common concrete mixture and often results in better 

performing structures. Compared with Ordinary Concrete (OC), it may be possible to 

achieve a reduction of costs when the benefits of High strength Concrete are utilised. For 

example, the increased Young’s modulus could counteract the reduced stiffness of a 

precast structure. Moreover, the structural dimensions can be limited due to the 

increased compression strength. 

 

2.5 Progressive collapse 

Progressive collapse is an important aspect of the structural design. Several structures 

have collapsed due to (un)foreseen situations and the resulting extraordinary loads. 

Depending on the consequence class, different measures have to be taken. For a 

Consequence Class 1 (CC1) structure no extraordinary loads have to be considered and 

for a CC3 structure a systematic risk analysis is obligatory. The reason for this enhanced 

level of security is not that these structures are less predictable than CC1 and CC2 

structures, but because the consequences of a collapse are far greater.  

 

Although there was no precast structural design during the risk analyses, several 

interesting conclusions could be made:  
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 The shear walls in combination with the facade columns and the floors contain the 

highest relative risk. To prevent disproportional collapse, measures should be 

taken to mitigate the relative risk level. A second load bearing system is a good 

example that will reduce the severity of the resulting damage. To reduce the 

severity of initial failure, the extraordinary loads have to be prevented or reduced.  

 The foundation contains the lowest relative risk level and non-structural measures 

in combination with a high robustness will reduce this relative risk to an 

acceptable level.  

 

Performing a risk analysis provides insight in how the structure performs and reacts. 

Failure paths are discovered and progressive collapse is prevented. On the other hand, it 

should be noted that the risk analysis is not able to identify all relevant risks. It’s likely 

that events or relations between events and failures are overlooked and as a result 

(important) failure modes may be forgotten. 

 

The previous results hold on a global scale for a precast structure. When the structure is 

compared with a cast in situ variant, the global risks remain comparable. On a local scale 

an important distinction can be made: the connections. The connections are the strength 

and weakness of precast concrete and the division and properties should be an important 

aspect during the upcoming structural design. The connections are a weak link because 

they are subject to more errors and commonly have a lower reinforcement ratio than the 

surrounding elements. Due to this lower reinforcement ratio and other connection 

properties (smooth concrete surface), they have a lower resistance than the surrounding 

concrete. By introducing connections also opportunities are created: it’s now possible to 

prefabricate the elements and assemble them on the construction site.  
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3 Description of the Zalmhaven tower 
The thesis is based on the Zalmhaven tower in Rotterdam. This chapter provides a brief 

description of the project. More information on the Zalmhaven tower can be found in the 

literature study report. 

 

Commissioned by Zalmhaven C.V., Zonneveld ingenieurs started in 2004 with the 

structural design of the Zalmhaven tower. Due to the financial crisis, the building hasn’t 

been constructed yet. The Zalmhaven tower would be located in the centre of Rotterdam 

near the Erasmus Bridge (see XFigure 1 X).  

 

 
Figure 1 Location of the building plot [Google Maps, 2011] 

 

The tower is designed by Diederick Dam from Dam & Partners Architecten and has a 

height of 189.1m. To pass the psychological boundary5 of 200m, four floors have been 

added, resulting in a height of 202.25m. The tower, which houses dwellings, is part of a 

large mixed-use development that consists of dwellings, offices and retail. The tower has 

a footprint of 30m by 30m and contains 65 floors. The original design had a footprint of 

30m by 29m, but the footprint is modified in this thesis to create more repetition. There 

is no basement and the ground floor (lowest floor) is located at the surface level: 

NAP+3.20m. The first dwellings are located at the third floor (the first two floors are used 

for installations and storage) and the 65th floor is used as panorama floor. The floor to 

floor height is 3.05m. The panorama floor has a height of 4m. Figure 2 and Figure 3 

show a typical floor section of the tower.  

 

                                           
5 The increase of building height is only considered to pass the 200m boundary. It might be 
possible that a fourth elevator is required, making a different height more economical. 
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Figure 2 Building layout [Zonneveld ingenieurs, 2004] 

 

 
Figure 3 Average floor plan [Zonneveld ingenieurs, 2004] 

 

The Zalmhaven tower is supported by diaphragm walls of 63.2m long and 1m thick 

(down to NAP-60m). These walls are located under the structural walls and the load 
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bearing facade. A 1m thick foundation slab ensures a proper coherence of the foundation. 

In the literature study more information is provided on the foundation and the considered 

alternatives.  

 

The Zalmhaven tower is located near the Hoge Heren towers (both with a height of 

103m) and the Hoge Erasmus tower (h=93m), as can be seen in Figure 4. 

 

 
Figure 4 Aerial view from the south [Bing maps, 2012] 

  

Figure 5 and Figure 6 give an artist impression of the entire project. The height 

difference between the Zalmhaven and the surroundings is clearly visible.  

 

 
Figure 5 Artist impression of the Zalmhaven tower and low rise [Top100.nl, 

2012] 
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Figure 6 Artist impression of the Zalmhaven tower and the surroundings 

[Zalmhaven, 2012] 

 

Between 2004 and 2011, Zonneveld has made three structural designs with many 

different heights. The first cast in situ concrete design was based on two bays (two walls 

in x and y-direction). In the second concrete design an extra wall was added in the y-

direction to reduce the floor span and to increase the stiffness. Because of this additional 

wall, the wall thickness is reduced from 500 to 400mm in the y-direction. The third 

design was based on a composite structure with steel and concrete. Due to the building 

acceleration a concrete core with two outriggers wasn’t sufficient and a mega structure 

was required. By reducing the amount of concrete a considerably cheaper foundation 

could be applied. The mega structure design also resulted in construction time reduction 

of 50%. Though the composite mega structure design contained many benefits, the 

second concrete design was used as final design. A precast design was never examined.  

 

More information on the original tunnel system design by Zonneveld ingenieurs can be 

found in report 2 of the literature study.  
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4 Design 
The current “four bay” design is optimized for a tunnel system construction method. But 

is this design also optimal for precast concrete? Does precast concrete require a different 

configuration or is it possible to divide the walls in separate elements and combine them 

at the construction site? 

 

These questions are an important aspect in precast designs and they lead to the main 

goal of this chapter: design a structural concept for the main load bearing structure and 

design the construction methodology that are suitable for a precast tower of 202.25m. 

Besides the structural design, this chapter also contains the design of the construction 

methodology.  

 

Section 4.1 will start with several concepts for the structural system. Section 4.2 

continues with the analysis of the concepts of section 4.1 and the final system is 

determined. The optimal element configuration and several design aspects are examined 

in section 4.3 and 4.4. The construction methodology is design in section 4.5 and this 

chapter ends with a conclusion in section 4.6. 

 

4.1  Structural concepts 

By adding a third wall in the y-direction, a “four bay” configuration is obtained. This new 

design reduces the floor spans to a maximum of 7.8m and the amount of shear lag in the 

y-direction. At several locations openings are placed in the structural walls because of 

functional requirements (see Figure 7). These structural walls also serve as separation 

wall between different apartments.  

 

 
Figure 7 Structural layout [Zonneveld ingenieurs, 2004] 
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A facade tube was never applied because it’s physically impossible to construct a facade 

tube with a tunnel system. With precast concrete this problem isn't present. The question 

that remains is if it’s desirable to use a load bearing facade for dwellings: facade tubes 

are more efficient since they utilize the perimeter of the structure, but the window sizes 

are reduced. It’s possible to place small windows at the bottom and large windows at the 

top (this was done in an early design of the Erasmus MC tower), but it is likely that the 

Building Aesthetics Committee will not approve. At Het Strijkijzer they applied a facade 

tube and constant window openings. Despite the structural system, the size of the 

window openings is still acceptable. In Figure 8 and Figure 9 the window size can be seen 

from the inside and in Figure 9 an opening in the structural wall is visible (all the internal 

walls have an opening to provide more flexibility for the future). 

 

 
Figure 8 Window size of Het Strijkijzer [Het Strijkijzer, 2012] 

 

 
Figure 9 Structural wall and window size of Het Strijkijzer [Het Strijkijzer, 

2012] 

 

Besides maintaining the current structural layout or replacing it by a facade tube, there 

are two more structural possibilities: combine a facade tube with the current structural 
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layout or create an I-profile layout. The four concepts will be elaborated in the following 

sections. 

4.1.1  Concept 1: maintaining current structural system 

As already discussed in the previous sections, this configuration utilizes the separation 

walls as structural walls and a maximum floor span of 7.8m is obtained. Compared to the 

facade tube there are several benefits: 

 

 no additional separation walls have to be placed, 

 no additional columns and beams are needed to support the floors, 

 large facade openings from the floor to the ceiling provide more value, 

 small shear lag effects, because the walls are close to each other. 

 

Besides the benefits there are also two important disadvantages. The current monolithic 

design is already loaded at its maximum capacity. By replacing the walls by prefabricated 

elements, the stiffness is reduced. A higher concrete quality in combination with thicker 

walls may not be sufficient. The second disadvantage is the reduced flexibility. The 

structural walls prevent future changes to the layout.   

 

4.1.2  Concept 2: facade tube 

To overcome the stiffness reduction, a more efficient stability system could be used. 

Facade tubes belong to this category and provide a high stability with a small structural 

area. By removing the internal walls, the layout becomes very flexible. Unfortunately, 

concept 2 has several disadvantages compared to concept 1: 

 

 additional separation walls have to be placed, 

 additional columns and beams are needed to support the floors, 

 the facade openings are reduced, 

 shear lag is increased, because the walls are only connected at the corners. 

 

To prevent these disadvantages, a third concept was made that combines all the positive 

aspects of concept 1 and 2. 

 

4.1.3  Concept 3: facade tube with internal walls 

By adding internal walls to the facade tube, most of the disadvantages of concept 2 are 

removed. Because the two systems work together, the stiffness of the facade tube can 

be reduced and the size of the window openings can increase. Also extra openings can be 

added to the internal walls, to increase the flexibility of the apartments. This technique 

was also applied at Het Strijkijzer, as can be seen in Figure 10 and Figure 11.  
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Figure 10 Structural system of Het Strijkijzer [Corsmit PowerPoint, 2012] 

 

 
Figure 11 Interior of Het Strijkijzer [Corsmit PowerPoint, 2012] 
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4.1.4  Concept 4: I-profile layout 

Concept 2 and 3 have a large influence on the design of the building. Since concept 1 

may not provide enough stiffness, a fourth concept was designed: the I-profile layout, 

see Figure 12. With these flanges it’s still possible to apply windows from the floor to the 

ceiling and the transparency is only slightly diminished.  

 

 
Figure 12 Layout concept 4 

 

Concept 4 contains all the benefits of concept 1 and incorporates this with a higher 

stiffness.  

 

4.1.5 Foundation 

The layout of the foundation depends on the structural concept. For example, a facade 

tube requires more support at the perimeter of the structure while the original concept 

requires more support underneath the internal structural walls. During the literature 

study several variants have been examined for the original layout and diaphragm walls 

were the best solution. These diaphragm walls can also be used for concept 2 and 3, but 

different configurations of the walls should be examined (especially for concept 2).    

 

4.2 Analysis of the concepts and determination final 

concept 

Now that the four structural concepts are known, a preliminary design is made and 

analysed. Because concept 1 and 4 share several similarities, concept 4 will only be 

examined if the stiffness of concept 1 is insufficient. Of course walls with a thickness of 

600mm can be applied at concept 1, but the current thickness of 500mm in the x-

direction is already enormous.  

 

4.2.1 Analysis of concept 1 

Concept 1 (the original layout) was already analysed by Zonneveld ingenieurs as a cast 

in situ design (see Report 2 of the research study). As a result three walls with a 

thickness of 400mm are placed in the x-direction and two walls with a thickness of 

500mm in the y-direction. To reduce the costs and dead load of the 500mm walls, the 

thickness is reduced to 400mm from the 27th floor. With the current design, the structure 

is already near its maximum capacity. By replacing the cast in situ walls with precast 

elements, the literature study has shown that a stiffness reduction up to 10% may be 

expected. To overcome this stiffness reduction without increasing the wall thickness, the 
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stiffness of the concrete should increase. Zonneveld ingenieurs applied C53/60 at the 

lower levels, but with precast concrete strength classes up to C90/105 can be used.  

 

With the precast design, the floors have also changed. Due to new requirements for 

contact sound insulation, floors should have a minimal mass of 800kg/m2. Floors with a 

lower mass may be used, but then the top screed layer has to be acoustic decoupled to 

achieve the same acoustic insulation values. Applying a decoupled floor is often very 

complex and could result in delays during the finishing phase. To prevent any delays, 

massive 320mm thick floors with integrated ducts are applied. By integrating the ducts in 

the precast floor, an extra action is removed from the finishing phase. Compared to the 

original design, the floor thickness has increased with 30mm from 290mm to 320mm. 

Besides the differences between a cast in situ and a precast design, there are also 

differences between the calculations. Zonneveld ingenieurs calculated the design 

according to the NEN standard, but in this thesis the design will be calculated according 

to the Eurocode. In the literature study it was already noted that there are several 

differences between these standards (for example the consequence classes, cscd and the 

peak velocity pressure). These differences will also affect the outcome of the calculations. 

Because of these differences and the larger mass of the floors, a new analysis of concept 

1 is made.  

 

Several interesting aspects can be concluded from the analysis: 

 

 The dead load on the foundation has increased from 805MN to 964MN. This 

increase of 159MN is due to the five additional floors and the increased floor 

mass. The live load has increased to 53MN (approximately 10MN more) because 

of installations and the additional floors.  

 In the Eurocode Cdim and φ1 are replaced by cscd. Due to a new calculation 

method the results have changed: from Cdim* φ1=0.87*1.25=1.09 to cscd=1.11. 

This is an increase of 2%. 

 The Eurocode has also introduced a new calculation method for the peak velocity 

pressure, resulting in lower peak velocity pressure values compared to the NEN 

(only in area 2 and 3). Because of the higher structural factor and the large force 

coefficient, the difference is minimal. Because of the increased height the 

moment has increased at the foundation compared to the original design: from 

1479MN to 1664MN (12.5% higher). When the values of both designs are 

examined at 190m, the new Eurocode design has a 3% smaller wind moment. 

 Despite the lower wind load, the Excel calculation still predicts tensile stresses at 

the foundation at load combination ULS2. This might be the result of the 

increased partial factors for consequence class 3. The calculation is too inaccurate 

to base any hard conclusions, but it’s useful for comparison with the other two 

concepts. 

 

4.2.2 Analysis of concept 2 

The analysis of concept 2 is comparable with concept 1, but the structural properties 

differ from each other. Since the internal walls are removed, columns and beams have to 

be placed to support the floor. The stability is now provided by a facade tube with a 

thickness of 400mm and 30% window openings. The central core is maintained for 

vertical load bearing properties and the wall thickness is reduced to 300mm. When 

concept 2 is compared with concept 1, several remarks can be made: 

 

 Concept 2 has a dead load at the foundation of 869MN. This is 95MN less than 

concept 1 because the mass of the walls has been reduced. This reduction can be 

achieved because the facade tube is more efficient than concept 1. The live load 

has not changed. 
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 Since there are no internal walls, only a part of the flanges may be taken into 

account for moment of inertia. Based on a preliminary calculation shear lag will 

reduce the moment of inertia with 19%. 

 Despite the reduction of mass, the moment of inertia has increased with 25% 

compared to concept 1. Due to this increase in stiffness, cscd and the second 

order effects have been reduced. Since these factors are a part of the wind load 

calculation, the moment at the foundation decreases with 7%. 

 Because of the higher moment of inertia and the lower load, there are no tensile 

stresses at the foundation. From all the load combinations ULS2 has still the 

smallest compression stress: 4.5N/mm2. 

 

4.2.3 Analysis of concept 3 

Concept 3 combines the best aspects of concept 1 and 2. When using the bundled tube 

structural system, internal walls of 300mm and a facade of 300mm thick are required. 

The stiffness of the internal walls is reduced to accommodate extra openings and the 

facade has approximately 30% openings. When concept 3 is compared with concept 2, 

one important remark can be made: 

 

The dead load of concept 3 is 15MN lower than concept 2 because of the lower mass of 

the structural facade. Despite of the thinner facade walls and the less efficient internal 

walls, the moment of inertia is almost equal to the one in concept 2. This is because the 

shear lag is reduced by 50% due to the presence of the internal walls.  

 

When concept 3 is compared with concept 1, the dead load is reduced by 110MN. The 

moment at the foundation has also decreased with 8% and ULS2 has the smallest 

compression stress of 4.9N/mm2.  

 

4.2.4 Conclusion and determination final concept 

When the three concepts are compared with each other, it can be concluded that concept 

3 has the most favourable properties: the lowest structural weight with the highest 

moment of inertia. It should be noted that concept 3 is still not considered light when 

compared with a steel structure. This high mass has a positive influence on the dynamic 

effects of the structure and the analysis confirms this assumption: concept 3 has an 

acceleration of 0.076m/s2. This value is still within the limit of 0.18m/s2 from NEN-EN 

1991-1-4 and NTA Hoogbouw (03-A Wind).  

When concept 2 is considered, the only aspect that stands out compared to the other 

concepts is the freedom of the layout. Though concept 3 comes close, the open internal 

walls do not provide the same amount of freedom. Despite this disadvantage of concept 

2, the additional columns, beams, walls and increased shear lag provide too many 

disadvantages compared with concept 3. Therefore concept 2 is the first concept which is 

eliminated. Now only concept 1 and 3 remain. At first it was decided to design and 

elaborate both concepts. Concept 1 was examined first because the structural layout was 

easier to model: concept 3 contains fourteen additional and difficult to model connections 

between the structural walls and the facade or between the facades at the corners. Due 

to the elaborate examination of concept 1 and the many other aspects of the 

construction methodology which have been analysed, the remaining available time was 

insufficient to completely model and design concept 3. Therefore concept 3 will be 

evaluated at the end of the structural results in section 9.9.    

 

4.3 Optimal element configuration of concept 1 

With an estimated wall thickness for concept 1 of 500mm in the x-direction and 400mm 

in the y-direction, the precast element configuration can be designed. But first several 

assumptions are made to be able to design a suitable configuration. 
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4.3.1 Element configuration assumptions 

With concept 1 the five internal walls intersect. At the monolithic cast in situ design this 

was no problem. For the precast design a smart solution should be applied that is able to 

activate the perpendicular walls. In the literature study several connections have been 

examined. Two solutions with a high stiffness are the Interlocking Halfway Connection 

(IHC) and the Staggered Connection (SC), shown in Figure 13. 

 

 
Figure 13 IHC (left) and SC (right) 

 

When the structural properties of these connections are compared, it can be concluded 

that the smeared stiffness of the IHC is twice as large as the smeared stiffness of the SC 

[Tolsma, 2010]. The reduced stiffness of the SC will result in a larger lateral deflection of 

the structure. Unfortunately, the IHC connection requires smaller tolerances and it is 

more difficult to assemble on the building site. Besides these two important aspects, this 

connection is also difficult to model in a finite element program. The SC may have a 

lower stiffness, but the connection is more practical and less difficult to model. Because 

of these aspects, the SC is used as connection between perpendicular wall elements 

 

The next aspects that determine the element configuration are the maximum mass and 

size of the elements. The Gross Vehicle Weight (GVW) is limited at 50 ton in the 

Netherlands. This means that the entire truck with trailer, cargo and driver may not 

weigh more than 50 ton. With an estimated weight of 14 ton for a truck with trailer, the 

elements are limited at a mass of 36 ton. The maximum length of this truck with trailer is 

16.5m, resulting in a maximum element length of 13.5m. If one of these properties is 

exceeded, an exemption permit has to be acquired. Obtaining a permit for almost all the 

elements will lead to additional unwanted costs. Elements with a length up to 12m are 

near the maximum element length that can be easily produced at the factory and 

handled at the building site. 

 

The last aspect which should be taken into account is the minimal overlap between the 

elements. To obtain a proper structural coherence, the element overlap should be at 

least 1/4th of the element length [Falger, 2003]. 

 

With these four boundary conditions the element configuration of concept 1 can be 

designed. 

 

4.3.2 Optimal element configuration 

According to the literature study (see also section 2.3), the best structural properties are 

obtained when the elements are one storey high and as large as possible. With a 

maximum mass of 36 ton (see the previous section) the following dimensions are 

obtained for the 400 and 500mm walls: 
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These values are without door openings. With a door width of 1.25m, these values could 

be increased by 1m (there is still a lintel above the openings). Therefore the wall 

elements should have a maximum length of 10.3m for the 500mm walls or 12.6m for the 

400mm walls. Because of the production process, the maximum element length of the 

400mm wall is reduced to 12m.  

 

The following step is to take the walls of the Zalmhaven tower into account. Per 

structural wall, the layout of the openings is different and therefore first a designation of 

the walls will be given in Figure 14. The three walls in the y-direction are given the 

number 1, 2 and 3 and the two walls in the x-direction are given the number 4 and 5.  

 

 
Figure 14 Designation structural layout 

 

The entire overview of the wall openings can be found in appendix A. With the obtained 

boundary conditions, it’s possible to create an optimal layout. First the configuration of 

wall 1, 2 and 3 will be determined. 

 

Element configuration wall 1, 2 and 3 

Over the height the amount of door openings will vary, depending on the configuration of 

the apartments. The location of the doors, if present, will always remain identical as 

shown in Figure 15. In this figure also the location of the Staggered Connection on the 

even floors is shown. With a maximum element length of 12m, the configuration on the 

even floors is already determined: two elements with a length of 9m and one element 

with a length of 12m. Now only the uneven floors remain. Due to the minimal overlap of 

1/4th of the element length (2.25 or 3m), the amount of freedom is limited. Figure 16 

shows two hatched areas where no vertical connection may be located due to this 

overlap. Therefore three locations remain where the vertical connection can be created. 

With only one vertical connection in the centre of the uneven floor two elements would 

be created with a length of 15m. This exceeds the limit of 12m and two small elements 

are required at the corners. In conjunction with wall 4 and 5 a corner element with a 
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length of 3m is chosen (to increase the amount of repetition). The final element 

configuration is shown in Figure 17. 

 

 
Figure 15 Location of the openings and SC in wall 1, 2 and 36 

 

 
Figure 16 Restricted areas due to overlap at wall 1, 2 and 3 

 

 
Figure 17 Final element configuration of wall 1, 2 and 3 

 

                                           
6 The lintels above the doors may appear as separate elements, but these two lines are 

requires for the calculation program (different Young’s modulus, see section 7.5).  
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In conclusion, wall 1, 2 and 3 are constructed out of three different elements. The weight 

of the elements may vary since not every element contains a door opening. Therefore 

the outline of the formwork will remain identical, but a special mold will be placed inside 

the formwork depending on the element. In Table 2 the area and mass of the different 

elements is shown. 

 

Table 1 Area and mass of the elements of wall 1, 2 and 3 

Element number Area Mass 

[-] [m2] [ton] 

1 9.15 9.33 

2 31.20-34.07 31.80-34.73 

3 24.92-27.45 25.40-27.98 

 

Element configuration wall 4 and 5 

At wall 4 and 5, the wall openings are limited to the four shown locations in Figure 18. 

Furthermore, the location of the Staggered Connection is shown on the uneven floors. 

Due to the maximum length of 10.3m for wall 4 and 5, the element configuration at the 

uneven floors is already determined by the SC: two elements of 7.2m and two elements 

of 7.8m. Now only the even floors remain. Due to the minimal overlap of 1/4th of the 

element length (1.8 or 1.95m), the amount of freedom is limited considerably. Figure 19 

shows three hatched areas where no vertical connection may be located due to this 

overlap. Therefore four locations remain where the vertical connection can be created. 

The exact location within these four remaining areas is chosen in conjunction with wall 1, 

2 and 3 to create the highest amount of repetition. The final element configuration is 

shown in Figure 20. 

 

At the 27th floor level, the wall thickness is reduced to 400mm, and therefore element 3 

isn’t required anymore from level (element 3 was required because the load was higher 

than 36 ton).  

 

 
Figure 18 Location of the openings and SC in wall 4 and 5 
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Figure 19 Restricted areas due to overlap at wall 4 and 5 

 

 
Figure 20 Final element configuration of wall 4 and 5 

 

In conclusion, wall 4 and 5 are constructed out of five different elements. Just as the 

elements of wall 1, 2 and 3, the weight of the elements may vary due to the door 

openings. In Table 2 the area and mass of the different elements is shown. 

 

Table 2 Area and mass of the elements of wall 4 and 5 

Element number Area Mass 

[-] [m2] [ton] 

1 19.19-23.79 24.45-30.31 

2 19.09-21.96 24.32-27.98 

3 9.15 11.66 

4 19.98-24.58 25.46-31.32 

5 18.3 23.32 

 

Relation element mass, risks and cycle time 

As can be seen in Table 2, elements with a considerable size and mass are applied at the 

Zalmhaven tower. Does the size influence the risks and cycle time? This question can be 

replied by yes for both aspects: due to the larger size, the impact when something goes 

wrong increases (the consequences increase together with the element size). For 

example if the element is damaged irreparable, it’s more difficult to replace the element. 

Besides this disadvantageous, larger elements reduce the amount of actions (less 

transport or vertical connections), making the process more efficient. Furthermore the 

large elements also positively influence the structural properties. Since the cycle time is 

leading in a high-rise design (an important difference between low and high-rise 

designs), the relation between the element mass and cycle time is determined on a 

quantitative level in section 8.3.   
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Conclusion 

As a result of the door openings and the Staggered Connection, the amount of freedom 

for the element configuration is limited considerably. Only several small areas remain in 

which the vertical connection can be placed. The area increases when smaller elements 

are chosen, but according to the literature study (see also section 2.3) and the relation 

between mass and the cycle time (see section 8.3), the elements should be as large as 

possible. The current location of the vertical connections within the small available area 

could be changed, but this will have a negative influence on the amount of repetition 

between the three walls in the y-direction and two walls in the x-direction.  

 

The three walls in the y-direction are composed out of three different elements. The two 

walls in the x-direction are composed out of five different elements. Due to similarities, 

the entire structure is only composed out of six different elements. It should be noted 

that the two elements of 3 and 9m long don’t have the same thickness (400mm versus 

500mm) and therefore cannot use the same formwork. The height off the formwork 

determines the thickness of the element and casting a 400mm element in a 500mm 

formwork provides difficulties. Nevertheless, utilizing the same perimeter will benefit the 

construction of the formwork.  

 

The element configuration at the first five levels hasn’t been discussed yet. In appendix 

A, the configuration is already visible and the choices behind this layout will be discussed 

in section 4.5.7 of the construction methodology. 

 

4.4 Several design aspects of concept 1 

Besides the element configuration, several other design aspects have to be discussed. 

For example the applied massive floors, the plug&play bathroom units and the balconies.   

 

Already discussed at the analysis of concept 1, massive floor slabs with a thickness of 

320mm will be applied at the Zalmhaven tower. These floors meet the requirements 

regarding contact sounds by using mass (at least 800kg/m2). Furthermore, these floors 

include a reinforcement net for the diaphragm action of the entire level. To ensure a 

coherent diaphragm action, the floor elements have to be connected at the corners by 

coupling reinforcement, shown in Figure 21. This figure also clearly shows the steel 

angles on which the floors are supported. To protect the angles during a fire and to 

absorb deviations, a thin screed layer is required. Because all the ducts are included in 

the floor, a screed layer of 50mm is sufficient.  

 

 
Figure 21 Massive concrete floor slabs [Hurks group, 2012] 
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By incorporating all the ducts in the floor, the amount of actions during the construction 

and finishing stage are reduced considerably. Another aspect which requires a large 

amount of time during the finishing stage are the bathrooms (multiple disciplines are 

required in a small area). To reduce the required time for the finishing stage, plug&play 

bathroom units will be applied (see Figure 22).  

 

 
Figure 22 Plug&play bathroom unit [Faay, 2012] 

 

These units are completely finished and only have to be connected to the ducts in the 

floor. By locally reducing the floor thickness (20 to 50mm according to the model), there 

will be no height difference between the unit and apartment floor. Because the bathroom 

units have a production time of four weeks, the design of the bathroom can be changed 

until the last moment by owner of the apartment. The flexibility is increased even more 

by making it possible to place the unit at multiple locations within the apartment.  

 

These bathroom units are placed in the apartments during the construction phases 

(ruwbouw in Dutch). After the ducts and wires are connected, the screed layer can be 

poured. This action can already take place when they are still constructing this level (for 

example when the floor elements are placed on top of the level. Now only several actions 

remain in the apartment during the finishing stage (afbouwfase in Dutch): placing the 

internal separation walls (metal stud), finishing the electrical works (most ducts and 

wires are already incorporated in the walls and floors) and finishing the walls and ceiling. 

These remaining actions can be executed very quickly after the construction stage since 

the sandwich elements in combination with a hoisting shed provide a weather proof 

environment. It’s estimated that the finishing stage is completed six layers behind the 

construction phase7.  

 

At the beginning of this chapter, a structural layout was shown of the Zalmhaven tower, 

see Figure 7. In this figure several balconies are clearly visible. These balconies, 

originally made out of precast elements, do not contribute to the difference between 

precast and cast in situ high-rise design. Therefore these balconies are not part of the 

thesis. Because of the structural design, these balconies can always be added to the 

design. If concept 3 would have been elaborated, problems might occur with adding the 

balconies (the facade tube is intersected by a floor to ceiling high door opening). 

 

The last remaining aspect of concept 1 that should be considered is the foundation. As 

discussed in section 4.1.5, the layout of the original foundation may be used since the 

                                           
7 This aspect has been discussed with Gerard Baggermans and Ron Vonken from Hurks beton. 
Hurks beton is one of the leading companies utilizing new techniques to speed up the finishing 
stage. 
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structural configuration hasn't changed. Therefore 1.5m thick, 3.3m wide and 63.2m long 

diaphragm wall elements will be used, with a layout shown in Figure 23. Between the 

diaphragm and structural walls, a 1m thick foundation slab ensures a proper coherence 

and load distribution of the foundation.   

 

 
Figure 23 Layout foundation 

 

4.5 Design of the construction methodology 

In the literature study, the construction methodology was already discussed. It may be 

concluded that the construction methodology is an important aspect of a project since it 

determines the construction speed, building method, element size and many other 

aspects. This is because the construction methodology includes the entire process from 

the production of the elements at the factory till the placement of the elements at their 

final location.  

 

Since the time of this thesis is limited, only a transport system will be designed for the 

construction site. During the literature study the building method, transport system 

between the factory and the building site and the transport system on the building site 

were already examined and will this be shortly recapitulated first.   

 

4.5.1 Recapitulation of the literature study, building method 

In this thesis a precast design is made for the Zalmhaven tower. The following benefits of 

precast support this decision: 

 

 The construction time is reduced considerably since all the elements only have to 

be assembled on the building site. Simple and fast connections in combination 

with a high amount of repetition ensure a swift and efficient construction process. 

 By reducing the construction time, the financial risk is minimized. This is because 

revenues are created in an earlier stage and because the short construction time 

results in a smaller interest loss. Since the precast elements are often not created 
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by the contractor, more work is outsourced to a controlled environment, creating 

an even smaller financial risk.  

 The construction process is shifted from building site to factory. The conditions in 

the factory are weather independent, resulting in a higher quality and less delays. 

Furthermore, at the factory the building process is more centralized, reducing the 

transport of material and equipment.  

 Because the construction is replaced with an assembly process, less personnel 

and space is required. This is beneficial for urban construction projects. 

 

Though precast concrete has many benefits, the advantageous of cast in situ should not 

be underestimated. The following four aspects are considered to be the most important 

benefits of cast in situ structures: 

 

 Cast in situ buildings are jointless and a monolithic structure is created. This has a 

positive effect on the interaction (second load bearing system) and the flow of 

forces.  

 The designer has a large amount of freedom. The formwork is the only limiting 

factor. Floor spans in two directions are common and the integration of ducts and 

pipes are no problem.  

 Because there is no prefabrication, the final designs can be made at a later stage. 

This reduces initial cost, interest loss and increases freedom. 

 Liquid concrete has a small transport volume compared to precast elements and 

the amount of transport can be reduced. 

 

With the precast building method, also an element configuration is required. The element 

configuration is discussed in section 4.3. 

 

4.5.2 Recapitulation of the literature study, horizontal transport 
system 

The next step in the construction methodology is the transport from the factory to the 

building site. Often transport by road is applied. Due to the location of the Zalmhaven 

tower, it’s also possible to transport the elements via the river Nieuwe Maas. By applying 

transport over the river, several benefits are obtained: 

 

 The ship has a very large capacity with almost no restrictions for the prefab 

elements. The final size of the elements will be limited by the factory and the 

building site (mainly by the vertical transport system). 

 Due to the large capacity of a ship, a floating storage area is created. The storage 

area on site can be reduced 

 By using transport over the water instead of using the road, the busy centre of 

Rotterdam is relieved of additional transport.  

 

Unfortunately this method also contains several disadvantages. The distance between the 

river Nieuwe Maas and the Zalmhaven tower is 200m and the elements have to be lifted 

out of the ship onto a transport vehicle. Furthermore, the transport time between the 

factory and building site will increase noticeable with a ship. Since elements up to 36 ton 

can be transported via the road, which stretches the limit of a vertical transport system, 

the nearly unlimited capacity of the ship hasn’t any additional benefits. Therefore it’s 

decided to maintain the traditional transport system via the road. 

 

As mentioned before, an element transported via the road is limited at 36 ton. According 

to the same legislation, elements up to a length of approximately 13.5m and a height of 

3.5m can be transported without a permit. To prevent delays due to traffic, Just in Time 

(JiT) delivery may be applied. This method also reduces the required storage on site.  
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The JiT principle suggested in the literature study is based on a nearby vacant plot which 

will be used as waiting and storage area. At the Maashaven Noordzijde (marked with an 

A in Figure 24) or the Rijnhaven Zuidzijde approximately 10 000m2 is available per plot. 

This is more than enough for temporary storage and several waiting spots for trucks. The 

storage depots are approximately 2.5km or 10 minutes away from the Zalmhaven tower. 

 

 
Figure 24 JiT truck waiting area [Google, 2012] 

 

With this storage depot, a construction site ticket in combination with a logistic operator 

can be applied (used for the first time at JuBi, The Hague). Every delivery has to be 

registered in advance at the logistical operator, in order to organise the transport and 

storage of all the materials. This application is done via the building site ticket and the 

supplier has to indicate when and where it will be delivered (basement or fifth floor for 

example), how long it will take and which resources are required (forklift, gantry crane or 

nothing at all). Based on the schedules, the logistical operator will then assess if it’s 

possible to unload the delivery.  With an approved building site ticket, the truck has to 

report at the storage depot. At this location it’s verified if the correct materials or 

elements are delivered, if they are on time and if they are damaged. Consequently, the 

logistic foreman at the building site is informed. He determines whether the transport 

may drive to the building site or if it has to wait (for example when there is a delay). 

When the transport is approved, the truck may drive to the building site and deliver its 

cargo. By applying the construction site ticket, a very efficient and organised transport 

system is obtained. These benefits also occurred at the JuBi project and no delays were 

encountered due to the horizontal transport system [Herwijnen, 2011]. 

 

Since the literature study no new insights have been obtained, providing a better solution 

for the horizontal transport between the factory and the building site. Therefore the JiT 

principle in combination with the building site ticket and storage depot will also be 

applied at the Zalmhaven tower. 

 

4.5.3 Recapitulation of the literature study, vertical transport system 

The second stage of the transport system describes the vertical and horizontal transport 

on the building site. During the literature study tower cranes and a hoisting shed were 

examined. Eventually the hoisting shed was chosen as transport system for the 

Zalmhaven tower because of the following advantageous: 

 

 A hoisting shed has a low weather dependency since all the construction activities 

take place inside. Because of these controlled conditions, the quality of the 
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construction process increases. For example, the concrete isn’t affected by low 

temperatures and an excess of rain water. Also the working conditions will 

become better, satisfying the higher requirements of today. To reduce the 

weather dependency of the vertical transport, a guided system should be applied. 

 With taller buildings, the hoisting cables increase as well. Due to this longer 

length, the sway of the element as a result of the wind will increase, possibly 

damaging the finished facade. Therefore the vertical transport has to be 

interrupted during strong winds, providing delays. A guided transport system, 

which is only possible at a hoisting shed, will prevent most of the delays and 

reduce the drop safety zone. This latter is especially beneficial for projects with a 

small construction site. Aside from the drop safety zone, a construction shed 

reduces the required area even more because the construction area is moved 

from the ground to the top floor.    

 The hoisting shed encloses the entire top floor, providing a working platform at 

the outside of the facade. Therefore the joints of the sandwich elements can easily 

be controlled on leaks (high-rise buildings often struggle with the water tightness 

at higher levels). Placing lightning conductors and cleaning the windows are 

several other tasks that can easily be executed from this platform.  

 The hoisting shed also provides enough room for a lunch shack, toilet and 

equipment container. Consequently, the construction workers don’t have to travel 

during their break, reducing the vertical transport. It may not be very obvious, 

but the vertical transport of personnel will become substantial at a high building 

level. 

 By applying two gantry cranes, the hoisting shed is able to separate the transport 

flows. This results in cycle times that are independent of the height8, creating a 

better efficiency at a higher level. Furthermore, the gantry cranes often provide a 

higher load capacity than the standard available tower cranes in the Netherlands. 

Worldwide there are tower cranes available with a higher capacity and transport 

speed, but the availability of these cranes provides risks. These risks aren’t 

encountered at a project specific hoisting shed. 

 

Though, applying a hoisting shed also induces several problems: 

 

 Until now, the two hoisting sheds used in the Netherlands (at the Delftse Poort 

and the Erasmus MC tower) were project specific. This resulted in relatively high 

investment costs and the inability to reuse the hoisting shed. Since there is no 

standard system available yet, upcoming hoisting sheds might suffer from the 

same difficulties. 

 In contrast to the hoisting sheds applied in Japan which were used as hat truss, 

the hoisting shed will often be dismantled at the top floor. At the Erasmus MC 

tower with a height of 120m this was just possible with a heavy load crawler 

crane LR 1600/2 from Mammoet. This crane was so special, it was never used in 

Europe before and had to be shipped in especially for this project. Unfortunately, 

with a maximum height of 184m, this heavy load crane is insufficient for the 

Zalmhaven tower and another method has to be applied. A tower crane is a 

possible solution or it’s possible to utilise the window cleaning system of the top 

floor, but before a 450 ton hoisting shed is dismantled will take a considerable 

time. Therefore a better solution has to be designed to dismantle the hoisting 

shed. Figure 25 depicts the dismantling process of the Erasmus hoisting shed. 

 The two hoisting sheds applied in the Netherlands used the facade as support. 

Consequently, the facade has to stay open for a certain time period. At the Delftse 

Poort this was no problem since the facade was placed in a different building 

phase. At the Erasmus MC, the hoisting shed was supported by four window 

openings, resulting in a large concentration of forces. After the building shed 

                                           
8 When the transport system is designed properly, the horizontal cycle will always be leading. At 
the last few floors this may change due to the high required capacity. 
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moved to the floor above, the truss beams were removed and the windows 

installed. 

 

 
Figure 25 Dismantling of the Erasmus hoisting shed [Topaas, 2011] 

  

To overcome the previous problems several hoisting sheds from abroad have been 

analysed. In Japan two promising systems have been applied in the previous century: Big 

Canopy from Obayashi Corporation and the SMART system from Shimizu. Both systems 

are elaborated in the literature study. By utilising techniques applied at these two 

systems, several disadvantageous are overcome.  

 

4.5.4 Design of transport system on the building site (hoisting shed) 

With the advantageous, disadvantageous and reference projects in mind, three hoisting 

sheds have been designed: 

 

 Design 1, based on the Erasmus MC tower. 

 Design 2, based on the design of the SMART system of Shimizu. 

 Design 3, based on the Delftse Poort. 

 

Hoisting shed design 1 

Hoisting shed design 1 is nearly identical to the system applied at the Erasmus MC tower, 

but the dimensions have changed. To incorporate the steel truss on which the hoisting 

shed is supported, openings have to be created in the structural walls. At the Erasmus 

tower, the truss was supported by the load bearing facade, shown Figure 26 and Figure 

27. At these four corner locations all the vertical and horizontal forces were transmitted. 
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Figure 26 Supporting truss of the Erasmus MC tower 

 

 
Figure 27 Hoisting shed at the Erasmus MC tower 

 

The Zalmhaven tower also contains a load bearing facade at two sides, but they do not 

provide any stability. Therefore the horizontal forces from the hoisting shed have to be 

transported via the floors to the structural walls. This has consequences for the detailing 

of the facade and the floor. In Figure 28 a render is shown of the hoisting shed. At the 

location of the truss beam, the window has to be temporarily removed. 

 

 
Figure 28 Hoisting shed design 1 
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Figure 29 provides a top view of the hoisting shed. The two orange gantry cranes are 

clearly visible. 

 

 
Figure 29 Top view of the hoisting shed design 1 

 

The Erasmus design is simple and straight forward, but contains several 

disadvantageous: 

 

 openings have to be created for truss beams in the structural walls, 

 special detailing has to be applied to direct the forces from the hoisting shed to 

the structural walls, 

 at the structural truss, the facade cannot be closed, 

 the climbing system can be used to climb back after the top floor is constructed, 

but problems occur. For example: the windows have to be removed and the 

openings in the structural walls still have to be open. 

 

Hoisting shed design 2 

Design 2 applies the same supporting structure as the system of Shimizu: internal 

columns. By applying internal columns, the facade isn’t interrupted by the supporting 

structure. Unfortunately this also creates a problem: the finished facade can't be used to 

climb back down. In Figure 30 the SMART hoisting shed is shown. 
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Figure 30 Hoisting shed design SMART 

 

In Figure 31 a top view is depicted of the SMART system. The structure above the 

columns is clearly visible, supporting the entire hoisting shed. Due to these columns at 

least four gantry cranes are required to reach all the locations. However, utilizing 

multiple gantry cranes ensure that more elements can be placed at once. The four 

supporting points are connected to the structural walls by anchors. To provide enough 

stability, the length of the supporting columns has to stretch over several floors. 

Therefore openings have to be provided in the floors. 

 

 
Figure 31 Top view of the hoisting shed design SMART 

 

PERI GmbH is one of the companies providing self climbing systems. In Figure 32 two 

anchor plates are shown. Figure 33 shows the anchor plate, column and jacking system.  
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Figure 32 Anchors for the self climbing system [Peri, 2012] 

 

 
Figure 33 Jacking system for the self climbing system [Peri, 2012] 

 

It should be noted that the anchors have a maximum capacity of 100 kN or 10 ton. With 

a hoisting shed load of 300 to 450 ton (depending on de hoisting shed design and 

excluding the wind load), multiple anchors have to be used per support. This requires a 

high amount of accuracy because if one of the anchors is located slightly lower than 

designed, it will not bear any load. Hydraulic systems with multiple anchors have already 

been applied at precast buildings (for example the Delftse Poort hoisting shed), but it 

should be a point of interest. Furthermore, a powerful jacking system has to be applied 

to lift the hoisting shed. The small hydraulic cart shown in Figure 33 will be insufficient.   

 

Besides Peri GmbH, Doka Group also provides many solutions for heavy automatic 

climbing systems. An example is the automatic climbing SKE system. 

 

When all the aspects are considered, the following advantageous can be summed:  

 

 by applying internal columns, the facade isn’t interrupted, 

 multiple transport cycles can be applied since there are more gantry cranes, 

 by applying an existing system, the costs of the hoisting shed can be reduced. 

 

Unfortunately, this system also contains several disadvantageous: 

 

 due to the internal columns, the structure can’t climb back, 

 openings have to be created in the floor for the supporting columns, 

 walls near the supporting columns are difficult to place.  
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Hoisting shed design 3 

The hoisting shed of the Delftse Poort was supported at four corners by multiple anchors 

in one load bearing concrete facade element (see chapter 3.4 of the literature study). 

Each support was capable of bearing 100kN (50kN dead load and 50kN wind load). With 

hydraulic jacks, the hoisting shed travelled to the next floor within one day. This 

technique came from sliding formwork systems and since the facade was placed in a 

different stage, it could also be applied at the Delftse Poort. The Zalmhaven tower has no 

large load bearing facade elements which provide stability, but the end faces of the 

structural walls could be utilised. Figure 34 shows the structural layout of the Zalmhaven 

tower and the ten supporting end faces are clearly visible. 

 

 
Figure 34 Structural layout of the Zalmhaven tower [Zonneveld ingenieurs, 

2012] 

 

Just as with the hoisting shed design 2 of the previous section, an automatic climbing 

system can be applied. With 10 support locations, the load per support varies between 

30 and 45 ton, which is lower than the load of the Delftse poort. Figure 35 depicts the 

hoisting shed system based on the Delftse Poort. 

 

 
Figure 35 Hoisting shed design Delftse Poort 



50  Research report    Sven ten Hagen 

By utilising the end faces of the structural wall, this system is able to climb back after the 

top floor is constructed9. A point of attention is the connection between the jacking 

system and the end faces: the facade has to be locally removed in order to provide room 

for the anchors. This connection should provide no problems as long as the opening in 

the facade is waterproof (water leakage will endanger the finishing stage). By utilising 

external support, only two gantry cranes are required and there are no internal 

obstacles, as shown in Figure 36. 

 

 
Figure 36 Top view of the hoisting shed design Delftse Poort 

 

Compared to the other two systems, hoisting shed design 3 contains several important 

benefits: 

 

 by applying an existing system, the costs of the hoisting shed can be reduced, 

 the hoisting shed is able to climb back after constructing the top floor, 

 there are no internal obstacles, 

 no openings have to be created in the floors or structural walls. 

 

The only point of attention for this design is the connection between the jacking system 

and end faces of the structural walls. When this detail is correctly engineered, this should 

provide no problems. 

 

4.5.5 Determination final transport system 

In the previous section three designs have been discussed for a hoisting shed. The 

largest disadvantageous of a hoisting shed at a building of 202.25m are the costs and 

how the hoisting shed is dismantled after the top floor is constructed. The three designs 

are based on existing hoist sheds, reducing the amount of required innovation. A second 

method to reduce the costs is to reuse the hoisting shed after the Zalmhaven tower is 

completed. For example, the hoisting shed could be used as a construction building and 

                                           
9 In order to climb back, the roof has to be removed and may therefore provide no structural 
stability to the hoisting shed. 
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only a new foundation is required10. Since the hoisting shed contains a high amount of 

steel trusses, it may be more efficient to construct the hoisting shed out of modular 

elements and reuse it at another construction project as a hoisting shed or as automatic 

climbing formwork platform. In Figure 37 an example is shown of an automatic climbing 

formwork platform of Doka Group in Basel, Switzerland (Messeturm Basel).   

 

 
Figure 37 Automatic climbing formwork platform from Doka Group [Doka, 2012] 

 

This system has many similarities with the hoisting shed design 3 and by applying 

modular elements, the hoisting shed system may become interchangeable. 

 

The only obstacle that remains is the ability to disassemble the hoisting shed after the 

top floor is finished. From the three designs, design 3 (based on the Delftse Poort) is able 

to climb down very easily; only the roof has to be removed. At the ground, the 

disassembly should provide no problems and the required disassembly time will be 

shorter than at a height of 202.25m. While the hoisting shed climbs down, the final 

facade elements can be placed over the anchor elements.  

 

Because of this aspect and the similarities between the hoisting shed and automatic 

climbing platforms from Peri and Doka, design 3 is chosen as final design for the 

Zalmhaven tower. Since the water tightness of the openings in the facade are an 

important aspect in this design, an engineering detail was created, shown in Figure 38. 

 

                                           
10 This was also eventually done with the hoisting shed of the Erasmus MC tower.  
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Figure 38 Detail of the facade 

 

The sandwich elements are connected to the structural walls with galvanized strips. 

Between the sandwich element and the structural wall, an elastic strip provides a 

watertight connection. No kit is applied since it's difficult to apply the kit behind the 

galvanized strips. A kit will be used on the inside, to provide a smooth finishing and a 

secondary water barrier. When the hoisting shed climbs back, the insulation, steel 

corbels and threaded wires will be placed. Because all the provisions (for example DEMU 

anchors) are already incorporated in the structural wall, the placement of the insulation 

and supporting system of the facade should be very swift. After the two corbels and 

threaded wires are connected, the facade element can be placed. The final adjustment of 

the facade element is slightly more complicated since a top-down method is applied (it’s 

impossible to reach the nuts behind the element). Therefore the nuts have to be 

adjusted, the element placed and if it isn’t level, the element has to be removed and the 

nuts have to be readjusted. To reduce the amount of required labour, the concrete 

facade element may be replaced by a composite element with a similar appearance. Due 

to the reduced weight, a clicking system is able to fulfil the structural properties, 

resulting in a shorter connection time.  

 

4.5.6 Design aspects of the final hoisting shed design 

In the previous section hoisting shed design 3 was chosen as final design because of its 

ability to climb down and the similarities with existing systems. In order to calculate with 

this design (for example the cycle times), several design aspects have to be considered: 

 

 How is the weather dependency of the hoisting shed decreased? 

 What is the load capacity of the gantry cranes? 

 What the transport speed of the gantry cranes? 

 

With a hoisting shed and sandwich facade elements a very low weather dependency is 

obtained, resulting in a robust system. By applying a guided vertical transport system, 

the weather dependency is reduced even more. The following aspects show why the 

vertical transport system dependency is reduced by a guided system [Mei, 2012]: 
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 The occurrence of weather delays and the wind sensitivity increases with a higher 

building height. A guided system is hardly affected by these aspects (there is 

hardly any sway of the element).  

 A guided transport system has a low minimum required area (for example the 

drop zone), which is beneficial in an urban areas.  

 The entire construction process is influenced by the availability of the transport 

system. A large possibility of delays will endanger the entire construction process. 

 

Figure 39 shows a possible solution for the guided vertical transport system. The orange 

guidance rails shown in Figure 39 can be attached to the anchors which are also used for 

the jacking system of the hoisting shed. 

 

 
Figure 39 Guided vertical transport system [Meij, 2012] 

 

The next design aspect is the load capacity of the gantry cranes. The maximum element 

mass is 36 ton. This load is increased by the weight of the stabiliser (evenaar in Dutch), 

guidance system and steel cables. This results in the following loads: 

 

 the maximum element load is 36 ton, 

 for the stabiliser, the same double system as applied at the Erasmus MC tower will 

be used. This system has a load of 3.6 ton [Meij, 2012], see Figure 40, 

 the guidance system has a load of approximately 3 ton [Meij, 2012], 

 for the vertical transport four Bridon Endurance 50DB cables will be used with a 

total load of 0.3 ton/100m [Kwint, 2012]. 

 

With these loads, a minimum gantry crane capacity of 43.2 ton is required. The hoisting 

shed of the Erasmus MC tower contained two beams per gantry crane, reducing the load 

per beam and increasing the stability, see Figure 40.  
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Figure 40 Gantry cranes and double stabiliser 

 

The final design aspect is the transport speed of the vertical transport system. With 

increasing height, the transport time will increase considerably. Since the Erasmus MC 

tower has a maximum height of 120m, the capacity of this system will probably be 

insufficient for the Zalmhaven tower. According to the cycle time calculations of section 

11.1.1, the transport capacity applied at the Erasmus MC tower satisfies the 

requirements of the Zalmhaven tower, which is unexpected. The fact that the vertical 

transport system at the Erasmus MC tower had a low utilisation ratio at the top floor 

(80%) and because the vertical transport wasn’t optimised (the average mass per 

movement was too low) explains why the requirements are satisfied at the Zalmhaven 

tower. 

 

In Figure 41 the vertical transport speed of the Erasmus MC is shown in dark blue. The 

gearless drive unit has an estimated power of 110kW, based on the other values.  

 

 
Figure 41 Vertical transport speed 

 

4.5.7 Start-up of the hoisting shed 

In the previous sections multiple aspects of the hoisting shed have been discussed, but 

there is still one important aspect remaining: the start-up of the hoisting shed. Due to 

the plinth and a minimal support length for the jacking system (three floor levels), the 
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hoisting shed can’t start at the ground floor. Therefore the fifth floor will be the starting 

level of the hoisting shed and the sixth floor will be the first level constructed by the 

hoisting shed. To construct the hoisting shed at the fifth floor, a Demag Terex CC2500-1 

crawler crane will be used (identical to the crane used to construct the Erasmus MC tower 

hoisting shed). This crane has an enormous load capacity and is able to place elements 

up to 44 ton at a distance of 32m. Because of this large load capacity, larger elements 

can be applied at the first five floors, resulting in better structural properties of the 

Zalmhaven tower. For example: elements with a length up to 15m and a mass of 43.7 

ton will be applied, see appendix A. Due to this high load and longer length, an 

exemption is required for the horizontal transport. In Figure 42 the Demag crawler crane 

is shown at the construction of the Erasmus MC tower. This crane will also be utilised to 

disassemble the hoisting shed when the building is finished.   

 

 
Figure 42 Demag Terex CC2500-1 [d9t, 2010] 

 

4.5.8 Conclusion 

During the literature study many interesting aspects for the design and construction of 

the Zalmhaven tower have been examined. Besides examining the possibilities, several 

decisions were made in the literature study to speed up the design process. For example: 

precast concrete was chosen over cast in situ concrete as building method. For the 

horizontal transport system, trucks in combination with the JiT principle were preferred. 

A hoisting shed would be applied as vertical transport system since it had many benefits 

compared with traditional tower cranes. Because only the methods were discussed in the 

literature study, a design still had to be made for the hoisting shed. From the three 

different designs, design 3 based on the Delftse Poort was chosen as final vertical 

transport system. The other two designs were less suitable since they were more difficult 

to disassemble. In order to incorporate this hoisting shed in the calculations, several 

design aspects had to be considered. For example a vertical guidance system was applied 

to reduce the weather dependency and to minimise the drop safety zone. In order to 

transport the 35 ton elements to a height of 202.25m, the gantry cranes are designed 

with a load capacity of 43.2 ton and a drive unit11 of 110kW (identical to the Erasmus MC 

tower). The crane which is required to construct the hoisting shed can also be utilised for 

the first five floors. As a result of the high load capacity, larger elements can be applied 

at the first five floors. 

                                           
11 The horizontal gantry crane may be equipped with a less powerful drive unit due to the small 
vertical transport distance. 
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4.6 Conclusion 

In this chapter the design of the structure and construction methodology is determined. 

Based on these designs, the feasibility of a 202.25m precast tower can be examined. 

First of all several structural concepts were designed and analysed. Concept 3 based on a 

facade tube with internal walls provided the best structural properties and was therefore 

considered in combination with the original layout (concept 1). Due to the limited amount 

of time only the original layout will be considered in this thesis and based on the results 

concept 3 will be evaluated.  

 

With the structural layout and several boundary conditions from the transport system, an 

optimal element configuration has been determined. Within these boundary conditions, 

the elements should be as large as possible. As a result, elements with a mass varying 

between 9.33 and 34.73 ton are created. Besides the element configuration several other 

aspects had to be considered. For example the floor type, foundation layout and the 

possibility of using prefabricated bathroom units.  

 

The construction methodology, containing the entire process from the production of the 

elements at the factory till the placement of the elements at their final location, was the 

last aspect of this chapter. Based on the literature study, several possibilities have been 

examined for the horizontal and vertical transport and it could be concluded that 

transporting elements via the road with JiT in combination with a hoisting shed provided 

the most benefits. By utilising the end faces of the structural walls, a modular system 

based on automated climbing systems was obtained. Since it’s supported by anchors in 

the end faces, this hoisting shed is also able to climb back. The weather dependency of a 

hoisting shed is relatively low and by utilising a guided vertical transport system this 

dependency is reduced even more. The crawler crane required to construct the hoisting 

shed is also employed to construct the first five levels. By using the crawler crane, larger 

elements up 15m and 43.7 ton can be applied, improving the structural properties at the 

bottom section.  
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5 Loads on the structure 
As any other object on earth, the Zalmhaven tower is subjected to loads. The loads can 

be placed in two categories: dead and live load or horizontal and vertical load. The latter 

category will be chosen in this thesis. Aside from the categories, what is the magnitude 

of the wind load which is acting on a 200m high tower? And what are the values of the 

vertical load? 

 

The goal of this chapter is to determine the extent of all the loads acting on the 

Zalmhaven tower. Besides these values, the consequence class, reference period and 

load combinations also play an important role in determining the loads.  

 

The consequence class, reference period and environmental exposure class will be 

examined first in section 5.1. Consequently the vertical and horizontal load will be 

discussed in section 5.2 and 5.3. Section 5.4 continues with the accidental loads. This 

chapter ends with the load cases and combinations in section 5.5. 

 

5.1 Consequence class, reference period and environmental 
exposure class 

The Zalmhaven tower is categorised as a consequence class 3 structure since it has a 

large consequence regarding the loss of life, and a significant economic and social effect 

on the environment. Furthermore, the Zalmhaven tower exceeds the maximum amount 

of storeys of consequence class 2a and 2b (see table A.1 of NEN-EN 1991-1-7). 

 

The reference period is 50 years, which is the standard value for a large non-temporary 

building.  

 

The super-structure is categorised as XC-3 because the concrete is located inside the 

building with a moderate humidity or it’s located outside, but protected from the rain. 

The sub-structure contains one basement layer and the surface level of the soil is located 

at 3.20m+NAP. The water table is approximately 1.5m lower than the surface level 

[Rotterdam, 2012] and the basement walls will be wet and dry. Therefore the sub-

structure is categorised as XC-4. 

 

Below a short recapitulation is given: 

 

 consequence class:     3, 

 reference period:     50 years, 

 environmental exposure class super-structure:  XC-3, 

 environmental exposure class sub-structure:  XC-4. 

 

5.2 Vertical load 

The vertical load consists of dead and live load. In Figure 43 an overview of the structural 

layout is depicted. Three different load categories can be distinguished: floors, walls and 

the facade. The dead and live load will be discussed per category. 
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Figure 43 Structural layout of the Zalmhaven tower 

 

5.2.1 Vertical load from the floor 

 

Dead load 

The Zalmhaven tower has 65 floors. Because of sound regulations in the National 

Building Code 2012, a 320mm thick massive concrete slab will be used for all the floors. 

This heavy concrete floor, with a weight of more than 800kg/m2, satisfies the regulations 

with regard to contact sounds. By using mass instead of other techniques (for example a 

floating screed layer), time and costs are reduced. Furthermore, the mass solution is 

very unsusceptible to errors, reducing time and costs even more. Besides the massive 

floors, a thin screed layer of 50mm to level and finish the floors is still required. The 

pipes are already incorporated in the floor. 

 

The massive floor and screed layer result in a dead load of 9.25kN/m2. This load is 

present in every load case (Ψ=1.0). 

 

On the ground floor a massive slab of 1m thick is used to spread the forces over the 

foundation. This floor is casted in situ (just as the foundation) and has a dead load of 

25kN/m2, present in every load case (Ψ=1.0). 

 

Besides the load of the floors, there's an additional (live) load added to the dead load: 

the separation walls. This distributed wall load is based on a Gyproc SoundBloc metal 

stud wall with an average sound insulation of 61dB and a fire resistance of 120 minutes 

[Gyproc, 2012]. The metal stud wall has a dead load of 32.2kg/m2, resulting in a line 

load of 0.86kN/m1 (floor to ceiling height is 2.68m). According to section 6.3.1.2 of NEN-

EN 1991-1-1 this line load may be replaced by a distributed live load of qk=0.5kN/m2. In 

this thesis, the distributed wall load is added to the dead load of the structure since this 
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is allowed at dwellings. For an office building it’s possible that a new tenant remodels the 

entire (or a large part of the) building and (temporarily) removes all the internal walls. In 

a dwelling building there are multiple tenants and it’s highly unlikely that all the internal 

walls will be removed and remain absent. Therefore the live distributed wall load is 

incorporated in the dead load. 

 

Live load 

The Zalmhaven tower only houses dwellings. According to NEN-EN 1991-1-1, table NB.1-

6.2 (National Annex), dwellings are subjected to a live load of 1.75kN/m2. When this load 

is combined with another live load (for example wind), it may be reduced by 60% 

(Ψ=0.4 in table NB.2-A1.1 of NEN-EN 1990). 

 

Due to the function of the ground floor (lobby area), a live load of 5.0kN/m2 is assumed. 

A reduction factor of Ψ=0.6 may be applied when combined with other live loads. A 

reduction factor of 0.6 is applied instead of 0.4 because this area will be used as an 

escape route during emergencies. 

 

The first two floors will be used for storage and installations, which results in a live load 

of 5kN/m2. Due to the nature of this load, no reduction factor may be applied (Ψ=1.0). 

 

The panorama floor on 65th floor is subjected to a live load of 5kN/m2. In contrast to the 

ground floor this area isn’t used as an escape route and a reduction factor of 0.4 may be 

applied in combination with other live loads (Ψ=0.4). 

 

The previous aspects have been shortly summarized: 

 

Dwelling floor         G        Q 

Floor slab (d=320mm)  8.00kN/m2 

Screed layer (50mm)  1.25kN/m2  

Distributed wall load   0.50kN/m2  

Live load (Ψ0=0.4)      1.75kN/m2  

Total     9.75kN/m2   1.75kN/m2 

 

Lobby floor (ground floor)       G        Q 

Floor slab (d=1000mm)  25.0kN/m2  

Live load (Ψ0=0.6)      5.00kN/m2  

Total     25.0kN/m2   5.00kN/m2 

 

Installation/storage floor       G        Q 

Floor slab (d=320mm)  8.00kN/m2 

Screed layer (50mm)  1.25kN/m2  

Distributed wall load   0.50kN/m2  

Live load (Ψ0=1.0)      5.00kN/m2  

Total     9.75kN/m2   5.00kN/m2 

 

Panorama floor        G        Q 

Floor slab (d=320mm)  8.00kN/m2  

Screed layer (50mm)  1.25kN/m2 

Distributed wall load   0.50kN/m2  

Live load (Ψ0=0.4)      5.00kN/m2  

Total     9.75kN/m2   5.00kN/m2 
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Resulting load on the walls 

With the previous obtained loads it’s possible to calculate the distributed line loads. The 

floors span in the y-direction and depending on the bay, they span 7.20 or 7.80m. 

 

The two walls on line 3 and 5 in Figure 43 bear a floor area with a width of 7.50m. This 

results in the following values: 

 

 Dead load floors:  9.75kN/m2*7.50m=73.13kN/m (Ψ0=1.0) 

 Live load ground floor: 5.00kN/m2*7.50m=37.50kN/m (Ψ0=0.6) 

 Live load install/storage: 5.00kN/m2*7.50m=37.50kN/m (Ψ0=1.0) 

 Live load dwellings:  1.75kN/m2*7.50m=13.13kN/m (Ψ0=0.4) 

 Live load panorama:  5.00kN/m2*7.50m=37.50kN/m (Ψ0=0.4) 

 

The wall on line 4 of Figure 43 has a smaller floor width of 7.20m. This results in the 

following line load values: 

 

 Dead load floors:  9.75kN/m2*7.20m=70.20kN/m (Ψ0=1.0) 

 Live load ground floor: 5.00kN/m2*7.20m=36.00kN/m (Ψ0=0.6) 

 Live load install/storage: 5.00kN/m2*7.20m=36.00kN/m (Ψ0=1.0) 

 Live load dwellings:  1.75kN/m2*7.20m=12.60kN/m (Ψ0=0.4) 

 Live load panorama:  5.00kN/m2*7.20m=36.00kN/m (Ψ0=0.4) 

 

Wall B and C of Figure 43 do not support any floors. Due to the connection between the 

walls in x and y-direction, most of the vertical force is eventually taken up by these two 

walls. The larger stiffness (500mm versus 400mm) is the main cause of this 

phenomenon (see section 9.1).  

 

5.2.2 Vertical load from the walls 

The stability walls only provide a dead load and this load is calculated by AxisVM itself. 

For the excel calculations, the line loads are still determined. Depending on the direction, 

the walls have a thickness of 400 or 500mm. With a volumetric mass of 25kN/m3 and a 

height of 3.05m, this results in a line load of 30.50kN/m (400mm) or 38.13kN/m 

(500mm). Due to the openings in the walls, the load can be multiplied with a reduction 

factor of 0.9: 

 

 Dead load 400mm wall: 30.50kN/m*0.90=27.45kN/m (Ψ0=1.0) 

 Dead load 500mm wall: 38.13kN/m*0.90=34.31kN/m (Ψ0=1.0) 

 

5.2.3 Vertical load from the facade 

In the left and right facade of Figure 43 (line 1 and 7), load bearing columns provide 

support for the floors and the facade. These columns do not contribute to the stability 

and are therefore not incorporated in the model. The top and bottom facade (line A and 

D) are supported by the floor and the floor transports the load to the walls. 

 

Based on the current design of Zonneveld ingenieurs, the load bearing facade has a dead 

load of 5.00kN/m2. When this is multiplied by the floor to floor height of 3.05m, a line 

load of 5.00kN/m2*3.05m=15.25kN/m is obtained.  

 

The non-load bearing facade has a dead load of 3.00kN/m2, resulting in a line load of 

3.00kN/m2*3.05m=9.15kN/m. Through the floor, this load is transferred to the walls and 

load bearing facade. The line load will slightly spread, but for simplicity the load on the 

walls and load bearing facade will be assumed as a point load. The two walls on line 3 

and 7 in Figure 43 obtain a point load of 9.15kN/m*7.50m=68.63kN. The wall on line 5 

obtains a point load of 9.15kN/m*7.20m=65.88kN. 
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5.3 Horizontal load 

Due to the wind, the structure is horizontally loaded. In the literature study a Maple file 

was created to calculate the exact extreme wind pressure depending on the height and 

the acceleration due to cyclic wind loading. With a calculation sheet made by TNO for 

Zonneveld ingenieurs and the extreme pressure table of NEN-EN 1991-1-4 (table NB.4), 

the Maple file was validated.  

 

To calculate the wind load on the structure, the following equation is used from section 

5.3 of NEN-EN 1991-1-4: 

 

Fw=cscd*cf*qp(ze)*Aref*n 

 

in which: 

cscd is the structural factor for taking into account the effect of wind actions from the 

 non-simultaneous occurrence of peak wind pressures on the surface (cs) together 

 with the effect of the vibrations of the structure due to turbulence (cd).  

cf is the force coefficient for the structure or a structural element. 

qp(ze) is the peak velocity pressure at the reference height. 

Aref  is the reference area of the surface. 

n is the second order effect of the structure. This is incorporated in the wind load to 

prevent a non-linear calculation during the first three stages of the design. The 

estimated second order should be validated at the end with a non-linear 

calculation. 

 

In appendix B.2 the wind load is calculated for the Zalmhaven tower. With these values, 

the wind load over the building height can be plotted, see Figure 44. Although the wind 

load is constructed out of multiple boxes, the logarithmic wind profile is clearly visible.  

 

 
Figure 44 Wind load over the building height 

 

Figure 44 is consistent with Figure 45 from section 7.2.2 from NEN-EN 1991-1-4. For zstrip 

a height of 9.15m (3 storeys) is maintained. 
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Figure 45 Reference height ze [NEN-EN, 2011] 

 

In Table 3 the line loads per wall are provided. To calculate the line load from the force 

per meter height, the following formula is used: 

 

                
        

           

 

 

in which:  

qwind,line load is the wind line load per wall, 

F  is the force per meter height, 

n  is the amount of walls in the considered direction, 

dbuilding  is the building depth (30m). 

 

Table 3 Wind line load per wall 

Area Height Force per meter 

height 

Line load x-direction 

per wall 

Line load y-direction 

per wall 

 [m] [kN/m] [kN/m] [kN/m] 

1 0-30.5 57.29 2.91 1.94 

2 30.5-39.65 60.29 3.06 2.04 

3 39.65-48.80 64.01 3.25 2.17 

4 48.80-57.95 67.15 3.41 2.28 

5 57.95-67.10 70.11 3.56 2.38 

6 67.10-76.25 72.44 3.68 2.45 

7 76.25-85.40 74.54 3.79 2.53 

8 85.40-94.55 76.44 3.89 2.59 

9 94.55-103.70 78.16 3.97 2.65 

10 103.70-112.85 79.78 4.06 2.70 

11 112.85-122.00 81.26 4.13 2.75 

12 122.00-131.15 82.78 4.21 2.81 

13 131.15-140.30 84.12 4.28 2.85 

14 140.30-149.45 85.36 4.34 2.89 

15 149.45-158.60 86.50 4.40 2.93 

16 158.60-170.80 87.64 4.46 2.97 

17 170.80-202.25 91.65 4.66 3.11 
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5.4 Accidental loads 

Preventing accidental loads is far more effective than designing the structure to resist the 

load. During the literature study many solutions have been examined while performing a 

risk analyses. Because of the location of the load bearing walls and district heating, 

collisions and explosions are unlikely to occur. The possibility of an earthquake is also 

considerably small. Therefore no accidental loads will be taken into account.  

 

5.5 Load cases and load combinations 

The previous mentioned loads were discussed separately, but during the lifetime of a 

building they can be present in combination with other loads. Therefore several load 

cases and combinations have been de designed. 

5.5.1 Load cases 

The following load cases can be distinguished: 

 

 LC1= Dead load of the structure, 

 LC2= Live wind load, 

 LC3= Live floor load. 

5.5.2 Load combinations 

With these three load cases several load combinations can be constructed. In NEN-EN 

1990 National Annex the partial factors are provided, shown in Table 4 and Table 5.  

 

Table 4 Partial factors for consequence class 1 and 3 group B [NEN-EN, 2011] 
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Table 5 ψ-falues for building structures [NEN-EN, 2011] 

 
 

The following load combinations can be distinguished: 

 

 SLS112=1.0*G+1.0*Qk,1+1.0*Qk,j=1.0*LC1+1.0*LC2+1.0*LC3, 

 ULS113=1.3*G+1.65*Qk,1+1.65*ψ0,j*Qk,j=1.3*LC1+1.65*LC2+1.65*ψ0,2*LC3, 

 ULS2=0.9*G+1.65*Qk,1=0.9*LC1+1.65*LC2, 

 ULS3=1.5*G+0.0*Qk,1+1.65*ψ0,1*Qk,1=1.5*LC1+0.0*LC2+1.65*ψ0,1*LC3. 

 

 

  

                                           
12 Serviceability Limit State 
13 Ultimate Limit State 



66  Research report    Sven ten Hagen 

6 Selection of the FEM program 
There are many Finite Element Method (FEM) programs available today that can perform 

calculations on concrete reinforced structure. But which program is most suited to 

calculate a 200m prefabricated concrete tower?  

 

The goal of this chapter is to answer the previous question by examining two FEM 

programs: Scia Engineer and AxisVM. Based on a small experiment, both programs will 

be examined and one program will be chosen. 

 

This chapter will start with a small description of the FEM programs in section 6.1 and 

6.2. Based on a small test, the final program choice will be elaborated in section 6.3. 

Section 6.4 will end with a conclusion of this chapter. 

 

6.1  Scia Engineer 

Scia Engineer is a well-known FEM program in the engineering practice and Zonneveld 

ingenieurs is one of the companies that use the program. Scia Engineer is capable of 

calculating steel, timber and concrete structures. The menus are organised and the 

program is easy to use. Because of this simplicity, advanced possibilities are hidden and 

several options cannot be changed. For example, the Young’s modulus is equal in all 

three directions and the stiffness of a connection (for example a foundation pile) is equal 

for tension and compression. If a connection is loaded in tension, the stiffness has to be 

manually changed. This last shortcoming is very important for prefabricated structures 

because loading in tension or compression has a very large influence on the stiffness of a 

joint.  

 

6.2  AxisVM 

The second program is AxisVM from Technosoft. This program is less well known in the 

Netherlands, but this does not reflect the possibilities of the program. Compared to Scia 

Engineer, the user friendliness is equal, but the program contains more advanced 

options. With AxisVM it is possible to change the connection to a non-linear connection. 

 

6.3 Final program choice 

Only Scia Engineer and AxisVM were taken into account because these two programs are 

used by one or more supervisors of this thesis. Therefore time was saved during first 

stages of the modelling process. With both programs a wall was modelled, to compare 

the results. Model 1 is a monolithic wall and model 2 is a prefabricated wall with an open 

vertical joint. The results can be seen in Figure 46 and Figure 47. 

 



Sven ten Hagen          Research report  67 

                  
             Model 1            Model 2 

Figure 46 Concrete wall in Scia Engineer 

 

       
  Model 1      Model 2 

Figure 47 Concrete walls in AxisVM 

 

The difference between the monolithic and precast wall in Scia Engineer is more than 

26%. The difference in AxisVM is only 2%. The displacements of the monolithic walls are 

very close to each other, but the displacements of the precast walls show a large 

difference. The exact cause of this large difference is unknown. It is likely that the model 

created in Scia Engineer still contains one or several errors since the values of the 

AxisVM model are within 0.5% of the reference model (this reference model was created 

by one of the supervisors of the graduation committee in AxisVM). This 0.5% is likely 

caused by the difference in mesh size (the mesh size was not given in the calculation 

example). The likely errors in the Scia Engineer model combined with the higher amount 
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of freedom in AxisVM (more advanced options) resulted in AxisVM to be the final FEM 

program. 

 

6.4 Conclusion  
AxisVM is chosen as the definitive FEM program because it has more advanced options 

and it’s likely that the Scia Engineer model still contains one or several errors. How the 

Zalmhaven tower will be modelled in AxisVM will be explained in the next chapter.  
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7 Modelling in AxisVM 
A FEM analysis can be quiet cumbersome. Due to all the aspects that have to entered, 

the complexity of a three dimensional model increases quickly and mistakes are easily 

made. Identifying these errors may be rather time consuming due to the black box 

nature of a FEM analysis. 

 

The goal of this chapter is to obtain a transparent modelling process which is easy to 

understand and prevents mistakes. To achieve this goal, a model scheme will be 

introduced. Furthermore a modelling description will be given of how the Zalmhaven 

tower is schematised in AxisVM.  

 

This chapter will start with the model scheme in section 7.1. A short overview of the 

model description is provided in section 7.2. In section 7.3 the model description starts 

with the elements that are used by AxisVM. Section 7.4 and 7.5 continue with the 

elements properties and the domains. The mesh size is described in section 7.6. How the 

connections are schematised and the determination of the stiffness is discussed 

respectively in section 7.7 and 7.8. Consequentially the influence of the floor is discussed 

in section 7.9. This chapter ends with the application of the loads in section 7.10 and the 

schematisation of the foundation in section 7.11.  

 

7.1 Model scheme 

In order to calculate the deflection, shear forces and many other aspects of a 

prefabricated high-rise tower, a FEM program has to be used. By immediately entering all 

the values in a three dimensional (3D) model, it will become difficult to understand the 

reactions of the structure. Furthermore, errors are difficult to observe since the reactions 

are unknown. Therefore a model scheme was created to prevent complex models in an 

early stage. This scheme is shown in Figure 48.  

 

 
Figure 48 Layout model scheme 

 

During stage 1 two simple 2D models are created: one of a prefabricated wall and the 

other of a monolithic wall. These models are kept simple to make the reactions and flow 

of forces evident. The monolithic model is used to compare the differences between the 

two building methods. There is a gradual transition between stage 1 and stage 2, 

because the complexity of both models is slowly extended. Door openings, connections 

for perpendicular wall elements (for example the Staggered Connection, see section 

4.3.1) and the foundation are a few aspects that can be applied one at a time. It would 

become impossible to understand which aspect has the largest effect if all the aspects 

Stage 1 
• Simple 2D monolitic and prefabricated wall 

Stage 2 
• Complex 2D monolithic and prefabricated wall 

Stage 3 
• Simple 3D models of all the concepts  

Stage 4 
• Complex 3D model of final concept 
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are applied at once. Now the behaviour of a prefabricated wall is known, simple 3D 

models can be made of the structural concepts. By creating a simple 3D model of every 

concept, it’s possible to study the different behaviour of the concepts. After the final 

concept is chosen, the complexity of this model can gradually be increased. The final 3D 

model can be used to calculate the total deflection, forces in the elements, the first 

natural frequency and many other aspects. This final model should accurately 

approximate the actual behaviour of the Zalmhaven tower. 

 

7.2  Model description overview 

In this section a short overview will be given of how the Zalmhaven tower is schematised 

in AxisVM. Between the parentheses the sections are stated in which a more detailed 

description is given. 

 

 The models will be calculated with a first order linear analysis. In stage 4 it’s 

possible to use a geometrical non-linear analysis. This non-linear analysis is able 

to take the second order effects into account and the second order magnification 

factor used in the previous stages can be checked. During the first three stages 

the second order effect will be taken into account by multiplying the wind load by 

a magnification factor.  

 The structure will be schematized in stage 1 and 2 with membrane elements in a 

two-dimensional plane. During stage 3 and 4, shell elements are used in a three-

dimensional plane (§7.3). 

 For all the walls a concrete quality C90/105 will be used. C90/105 has the 

following properties: fck=90N/mm2, fctm=5.0N/mm2, Ecm=44000N/mm2, 

Ecd,uncracked=29333N/mm2, ρ=25kN/m3 and ν=0.2. The lintels endure large forces 

and are likely to be cracked. The cracks reduce the stiffness and therefore 1/3rd of 

the original stiffness is used: Ecd,cracked=14667N/mm2
 (§7.4). 

 The lintels have a lower Young’s modulus compared to the other parts of the wall 

element. Therefore it’s not possible to use one domain for the entire wall element 

with lintel. Furthermore, stiffer lintels attract forces. It must be prevented that the 

forces in the lintel are so large that there is not enough space for the required 

reinforcement (§7.5).   

 The mesh will be automatically generated by AxisVM as triangles. During all the 

stages, the effect of the mesh size has to be examined. A finer mesh will give 

more accurate values, but the calculation time will increase (§7.6).  

 The connection between the elements will be defined as an edge hinge. The 

horizontal connection will have a normal and shear stiffness. The normal stiffness 

is equal to the surrounding concrete and the shear stiffness is determined by the 

normal force. For the vertical connection, an open joint is used and therefore the 

connection has no stiffness (§7.7 and §7.8). 

 The dowel action of the floors will not be taken into account because the dowels 

aren’t present at the structure (§7.9). 

 To calculate the realistic forces in the load bearing walls, the floors have to be 

removed in the 3D models. Because of the large thickness, the floors have a 

stiffness that is comparable to the wall elements. The FEM program will distribute 

the forces over the floors and walls (large effective width), but in reality, the 

floors do not contribute. To prevent the walls from buckling, struts or sliding 

hinges can be used were the floor used to be (§7.9).  

 The horizontal load is divided over the structural walls as a line load per floor. This 

distribution is due to the load introduction of the floor slabs (diaphragm action). 

The vertical load is also divided over the entire stability structure as a line load 

per floor (§7.10). 

 Due to simplifications, only the foundation under the load bearing walls is 

modelled (§7.11). 
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7.3 Element schematisation 

In AxisVM four different surface elements can be modelled:  

 

 membrane with plane stress,   

 membrane with plane strain, 

 plate, 

 shell. 

 

For all the elements it’s estimated that the displacements are small. The variation of 

internal forces within an element can be regarded as linear.  

 

7.3.1 Membrane elements 

Membrane elements are used to model 2D structures that are dominated by in-plane 

membrane forces and out of plane bending moments are discarded. To achieve this, 

finite Serendipity elements with eight nodes are used. The internal membrane forces are 

given by: nx, ny, nxy, n1, n2 and αn.  

 

AxisVM is based on triangular finite elements (see section 7.6.1) and the 2D 8-node 

Serendipity elements are commonly used in FEM programs to represent the 2D 

quadrangle shapes. To resolve this difference, the Serendipity elements have been 

adjusted. In a few programs it's possible to use a 2D 9-node Lagrange element (for 

example DIANA). In Figure 49 the Lagrangian and Serendipity element schematisations 

are shown. As long as the mesh elements remain square or rectangular, the Serendipity 

and Lagrangian elements can exactly determine linear or quadratic displacement fields. If 

they only have an angular distortion, a difference will occur between the two elements. 

The 9-node Lagrangian can still exactly represent a quadratic displacement field, while 

the 8-node Serendipity element cannot (only the linear displacement field remains 

exact). If the mesh elements are distorted beyond just angular distortion (curved sides 

for example) neither of them can exactly represent quadratic displacements. As long as 

the mesh elements aren't curved, it appears that the Lagrangian schematisation is the 

best solution. Unfortunately the additional 9th node results in a considerable increase of 

equations and calculation time.  

 

Since the membrane forces are dominated by in-plane membrane forces and out of plane 

bending moments are discarded, the curvature of the mesh element can be neglected. 

Although the rotations are considered to be small in AxisVM, the Serendipity element 

may not provide accurate results for quadratic polynomials (a mathematical expression 

of variables with a finite length). Because the 2D triangular mesh elements result in a 

linear displacement field, the Serendipity element configurations was chosen because of 

its reduced calculation time.   

 

 
Figure 49 Lagrangian (left) and Serendipity (right) element schematisation 

[Knight, 2012] 
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7.3.2 Plate elements 

Plate elements may be used to model 2D structures whose behaviour is dominated by 

flexural effects. The plate elements incorporate flexural (plate) behaviour only; the in-

plane behaviour is not taken into account. This behaviour is obtained by a 9-node 

Heterosis finite element which is based on the Mindlin-Reissner plate theory (this allows 

for transverse shear deformation effects). The plate element is suitable for modelling thin 

and thick plates. The internal plate forces are given by: mx, my, mxy, vx, vy, m1, m2 and 

αm.  

 

Instead of the 9-node Heterosis element, also the 8-node Serendipity and 9-node 

Lagrangian element could be used to model a plate. However, a plate element is 

dominated by flexural effects and they are both unable to present exact results in this 

case. The Heterosis element, based on the Mindlin-Reissner plate theory, is capable of 

presenting exact results.  

 

Besides the Mindlin-Reissner plate theory, many FEM programs also provide the Kirchhoff 

plate theory. The Kirchhoff theory is designed for thin plates and incorporates 

deformations due to moments. Deformations due to shear force are neglected. Due to 

the introduction of computers, the more complicated Mindlin-Reissner plate theory for 

thick plates became applicable. This theory does incorporate deformations due to shear 

force besides the bending moment deformations. Aside from thick plates, the theory also 

holds for thin plates. 

 

7.3.3 Shell elements 

Shell elements can be used to model structures with behaviour that is dependent upon 

both in-plane (membrane) and flexural (plate) effects. The shell element consists of a 

superimposed membrane and plate element to incorporate the combined behaviour. 

Therefore the element can be loaded in-plane or perpendicular to its plane. The internal 

membrane forces are given by: nx, ny, nxy, n1, n2 and αn. The internal plate forces are 

given by: mx, my, mxy, vx, vy, m1, m2 and αm. 

 

7.3.4 Linear and non-linear calculations 

The linear calculation method in AxisVM is based on the assumption that the 

displacements occurring are very small and that the equilibrium may be formulated using 

the undeformed system as an approximation.  

 

The non-linear calculations are based on the Newton-Rhapson theory. This theory is very 

efficient (quadratic convergence) and can be applied when there are large second order 

effects.  

 

7.3.5 Applied elements 

During stage 1 and 2 of the model scheme membranes with plane stress will be used for 

the 2D walls. Since all the out of plane forces are discarded by the membrane elements, 

a shell element will be used for the 3d models (stage 3 and 5 of the model scheme). In 

stage 1, 2 and 3 a linear calculations will be used. In stage 4 it’s possible to apply a non-

linear calculation. 

 

7.4 Material properties 

In the original design by Zonneveld ingenieurs a concrete strength class of C53/65 was 

used with a Young’s modulus of Ecm=38000N/mm2
. The design was eventually calculated 

with a smeared Young’s modulus of 20000N/mm2. The transition of cast in situ concrete 
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to precast concrete in this thesis results in a lower stiffness of the structure. By applying 

High Strength Concrete this reduction of stiffness may be counteracted and the literature 

study has shown that it’s possible to achieve a cost reduction when applied properly. 

Therefore the concrete class C90/105 will be applied at the Zalmhaven tower. The 

concrete class C90/105 has the following properties:  

 

fck=90N/mm2, fctm=5.0N/mm2, Ecm=44000N/mm2, ρ=25kN/m3 and ν=0.2. 

 

Due to creep and shrinkage the full Young’s modulus may not be used for uncracked 

concrete. Calculating the actual Young’s modulus is very complex due to the dependency 

on other aspects and the interrelations. To prevent complex and time consuming 

calculations, a well proven rule of thumb is used in practice14: 

 

Ecd,uncracked=Ecm/1.5 

 

Ecd,cracked=Ecm/3 

 

The Young’s modulus of uncracked concrete is divided by 1.5 to take creep into account. 

The cracked concrete is divided by 3 since cracking reduces the stiffness of the concrete.   

 

Due to the high dead load of the structure, the walls will always be under compression.  

On the other hand, the lintels will likely crack as a result of the large bending moments 

that occur near the wall openings. After the first structural calculations are completed, it 

should be examined if the applied cracked Young’s modulus of 14667N/mm2 still remains 

feasible. This is an important monitoring step since a lintel with a higher Young’s 

modulus will attract more forces requiring more reinforcement. But the thin lintel has 

only a limited capacity for reinforcement bars. In Table 6 an overview of the used 

concrete classes in combination with the Young’s modulus are depicted. 

 

Table 6 Concrete classes used in the structure 

Element Concrete 

class 

Uncracked Young’s 

modulus 

Cracked Young’s 

modulus 

 [-] [N/mm2] [N/mm2] 

Floors C53/65 25333 12667 

Walls X-direction C90/105 29333 14667 

Walls Y-direction  C90/105 29333 14667 

Load bearing columns C90/105 29333 14667 

Diaphragm walls (cast in situ) C35/45 2000015 200002 

Foundation slab (cast in situ) C35/45 200002 200002 

 

For the reinforcing steel B500B will be used with a Young’s modulus of 200000N/mm2 

and a yield strength of fyd=500/1.15=435N/mm2. 

 

Several techniques can be used to optimise the cost of the structural walls. An example 

is to reduce the width of the walls at a certain height (this is also applied at the current 

design of Zonneveld ingenieurs). Due to repetition two other methods are more 

preferred: reducing the reinforcement ratio and using a lower concrete strength class. 

During the design, these optimisations will not be taken into account. After the design, 

there may be room for optimisation.  

 

  

                                           
14 This method is also used by the book CB2 (Constructieleer Gewapend Beton), based on Eurocode 
2. 
15 This Young’s modulus value is a smeared value and it’s assumed that there is no difference 
between cracked and uncracked concrete.  
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7.5 Domain 

When a structure is modelled in a FEM program, domains are used for separate structural 

elements. For example, a single floor slab, wall element or column may be represented 

by one domain. With the help of a domain, several properties can be allocated to the 

element. For example the surface element type (membrane, plate or shell), the material 

properties (C50/60 or C90/105) and thickness.  

 

If a monolithic structure is modelled, the entire structure should be made with one 

domain since there are no joints or connections16. Because of practical reasons 

(constructing the model), it may be more convenient to use multiple domains in a 

monolithic model. But do the multiple domains influence the structural properties? To 

answer this question, three structures are modelled in appendix C.1. The first structure 

contains a domain for every wall element and between these elements interface elements 

are applied. The second structure is also modelled with a domain for every wall element, 

but there are no interface elements. Without the interface elements, AxisVM 

automatically connects the domains to each other. The third structure is composed out of 

one domain element, representing a wall that was casted in a continues process.  

 

When the results are compared it can be concluded that there is a difference between a 

monolithic structure composed out of one domain and a monolithic structure with 

multiple domains (with or without interface elements). Since the differences are relatively 

small, it's acceptable to use multiple domains or multiple domains with interface 

elements for a monolithic structure. To obtain monolithic results with interface elements, 

a stiffness equal or larger than kx=ky=1*1010 kN/m/m is required. By using a high 

stiffness, the interface elements become very stiff. This high stiffness makes the 

interface elements obsolete and values are obtained which are comparable to model 2 

(no interface element, resulting in an infinite stiffness between the two elements). When 

the actual normal stiffness and a very high shear stiffness are entered in the first model 

(ky=7.33*108kN/m/m and kx=1*1010kN/m/m), the differences become larger between 

model 1 and model 2 and 3. This is unexpected because the normal stiffness is based on 

the stiffness of the surrounding concrete (see section 7.8) and this should provide 

monolithic values. It can be concluded that the lower stiffness in combination with the 

interface elements provide too much deformation in the connections. Because these 

differences are smaller than 0.5% (660% larger than the largest difference calculated 

with kx=ky=1*1010 kN/m/m, see Table 32), this less stiff behaviour is neglected.    

 

Due to the large moments near the openings in the walls, the lintels are likely cracked. 

Therefore the stiffness has to be reduced. In one domain it’s impossible to specify 

multiple strength properties and as a result three domains have to be used to model one 

wall section. This is illustrated in Figure 50. Since the three domains are connected 

without interface elements, the connection will behave monolithic; as if there was no 

connection.  

 

 
Figure 50 Three domains 

 

  

                                           
16 There may be connections visible in the concrete due to the casting sequence, but these 
connections have a strength that approximates the surrounding concrete and are therefore not 
considered as a real connection. 
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7.6 Mesh size 

The mesh size is one of the important factors that determine the accuracy of the 

calculations. A large mesh size will result in a short calculation time but it may not 

provide accurate calculation results. On the other hand, a small mesh size will provide 

more accurate results, but this is accompanied by a long calculation time. Therefore it’s 

of great importance to know what mesh size will result in an optimum between these two 

extremes. This optimum has to be determined for a 2D and 3D model. 

 

7.6.1 Mesh generation 

The mesh is automatically generated by AxisVM 10 and only consists out of triangles. In 

AxisVM 11 it’s also possible to use quadrangle or a combination of triangle and 

quadrangle mesh elements, but this does not affect the results. When a 3D model is 

meshed, the triangle (2D) mesh elements remain. This is because the elements in the 3D 

model don’t have a physical thickness; the 3D model consists out of flat elements. To 

incorporate the 3D behaviour, the amount of DOF’s (degrees of freedom) in the mesh 

nodes are increased. This assures that mesh elements at a perpendicular connection 

interact. As a result of the increased amount of DOF’s, the mesh generation and 

calculation time will also increase considerably.    

 

7.6.2 Size of the mesh 

To determine which mesh size provides the best results, a mesh analysis with four parts 

will be performed. In part 1 till 3, three different methods are examined to mesh a 2D 

structure. First a uniform mesh size will be used for the entire structure. The size of the 

mesh is the only variable and will be reduced in several steps. In the second part, the 

mesh size will be reduced locally (only the lintels) and in the third part of this analysis, 

the mesh size will have a different size according to the height. Based on these results, 

an optimal mesh size will be determined for a 3D structure in part 4.  

 

In appendix C.2 the results are displayed of the previous four parts. It can be concluded 

that a mesh size according to the height provides the most accurate results in a 2D 

structure. Unfortunately, the program has a limited memory capacity and the smallest 

mesh size that can be analysed is 250mm for the bottom (1/3rd of the total height) and 

500mm for the top (the remaining 2/3rd of the total height). When a mesh size of 250mm 

at the bottom and 750mm at the top is used, the calculation time is reduced by 34% 

while the results only differ 0.1%. 

 

A mesh size of 250mm at the bottom and 750mm at the top are too small for a 3D 

model. The smallest mesh size that can be applied is 750mm at the bottom (1/4th of the 

building height) and 1500mm at the top (3/4th of the building height). But this mesh size 

is too large to provide accurate local results. Therefore the mesh size will be reduced to 

250mm around the considered element. This method is applicable since the local 

distribution of forces is highly dependent on the mesh size while the global distribution of 

forces is only slightly dependant.  

 

An entire structural wall was used for this analysis and the smallest mesh size which was 

examined was 250mm. A smaller mesh size couldn’t be analysed because this resulted in 

a memory problem. Therefore it’s unknown if the results converge even more at lower 

mesh values. Therefore it’s recommended to perform the mesh analysis only on a section 

of the entire model. With these result, the optimal mesh size can be determined without 

any memory problems.  
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7.7 Schematisation of the connections 

The connections are a considerable aspect of precast structures: they are the difference 

between a nearly monolithic structure and several individual structures. Defining the 

properties and schematising the connections is therefore an important aspect of this 

thesis. In this section it will be elaborated how the connections are entered in AxisVM. In 

section 7.8, the stiffness of the connections will be determined.  

 

The connections in AxisVM are modelled by interface elements (called “edge hinge” in the 

program). By placing an interface element between two different domains, the monolithic 

connection automatically created by AxisVM is prevented.  By using an interface element, 

six different properties can be specified: the stiffness and rotation stiffness in the local x, 

y and z-direction: kx represents the shear stiffness, ky represents the normal stiffness 

and kz is the out of plane shear stiffness (only required in a 3D structure). The rotation 

stiffness of the connection isn’t used in this thesis (kxx, kyy, kzz). The unit of the shear and 

normal stiffness is kN/m/m, a stiffness per meter of connection. In Figure 51, an 

example is given of a connection between two precast elements. 

 

 
Figure 51 Connection between two domains 

 

In Figure 51, it’s clearly visible how the interface element is located at the left domain. 

The interface element can also be placed in the right domain and unfortunately the 

location of the interface element has a small influence on the results. This influence will 

be encountered in section 9.1. Besides this, it can also be noted that the connection has 

no physical thickness in the model. An important aspect of the connection is the 

behaviour under tension and compression. Besides the stiffness, non-linear parameters 

can be defined. For example: the stiffness is equal for compression and tension. When 

the second box is chosen, the stiffness only holds for compression and when the entered 

resistance is exceeded, the resistance reduces to 0kN/m/m. The third box is identical, 

but than for tension. Unfortunately it’s impossible to specify a different reduced 

resistance than 0kN/m/m.  

 

In section 2.2 four different connections were mentioned. The open vertical joint and the 

grouted starter bar connection can be modelled with the previous mentioned edge 

hinges. In section 7.9 it will be explained why the floors aren’t incorporated in the model. 
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For the fourth connection (Interlocking Halfway Connection (IHC) or Staggered 

Connection (SC)), the modelling properties of the edge hinge are insufficient. In Figure 

52 it can be observed that both connections have a small area where the two crossing 

walls connect. The IHC has two of these areas and the SC only one. To model this 

connection, a spring with a stiffness in three directions is used. To prevent large peak 

forces around this spring, two stiff bars are added. In Figure 53 an example is depicted of 

this connection.   

 

 
Figure 52 IHC (left) and SC (right) 

 

 
Figure 53 3D connection between the walls 

 

7.8 Determining the connection stiffness 

The stiffness of a precast connection depends on the location and orientation. Within a 

single connection, there are also large differences between the normal and shear 

stiffness. In this section it will be explained how the different stiffness are determined. 

 

7.8.1 Monolithic structures 

As mentioned is section 7.5, there are three different methods to model a monolithic 

structure: use a domain for every element with interface elements, use a domain for 

every element without interface elements or use one domain for the entire structure. 

With the last two methods no stiffness is required. To obtain monolithic results with the 

interface elements, a stiffness of kx=ky=kz=1*1010 kN/m/m is required.  
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7.8.2 Normal stiffness of a horizontal precast connection (ky) 

During the literature study two variants have been analysed for the horizontal 

connection: a wet reinforced connection and dry connection. The dry connection is 

uncommon in buildings industry due to the reduced stiffness, possible element splitting 

and the high level of accuracy that is required. The grouted starter bar connection is far 

more common and is capable of transporting tensile forces. Several factors determine the 

strength of this wet connection [Falger, 2004]: 

 

 strength of the mortar, 

 degree of filling, 

 thickness of the connection, 

 reinforcement ratio, 

 strength of the surrounding concrete, 

 location of the connection (confined or not). 

 

In a parametric study performed by BFBN [Bennenk, chapter 8] it’s concluded that the 

compression capacity mainly depends on the degree of filling and the strength class of 

the surrounding concrete. The strength class of the mortar is less important. For tension, 

the reinforcement ratio is the only important factor since there is no adhesion. 

 

When the connection is created with a thixotropic k90 mortar and the previous aspects 

are taken into consideration, a compression stiffness equal to the surrounding concrete 

may be assumed. This assumption is based on the following equation (the entire 

derivation of this assumption is provided in appendix C.3.2):  

 

  
   

 
         

 

in which: 

k is the stiffness of the connection 

A is the considered area 

E is the Young’s modulus of the mortar 

L is the thickness of the connection. 

 

When the stiffness is determined for a certain area and a connection thickness of 1mm is 

taken into account the equation can be rewritten to: 

 

  
   

 
 

   

   
            

 

When the actual connection thickness (20mm) is taken into consideration, the stiffness 

value will be reduced, but with the serial spring equation it can be proven that the 

stiffness of the connection will remain identical to the wall. For this example an area of 

A=500∙1000mm2, a Young's modulus of E=2933N/mm2, a connection thickness of 20mm 

and a wall height of 3030mm will be used (total height is 3050mm).  

 

The equation for serial springs is given by:  

 
 

 
 

 

  

 
 

  

 

 

The three different values for the stiffness are: 
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kactual is identical to k3, ensuring that the connection stiffness is identical to the 

surrounding concrete. The entire derivation of the normal stiffness can be found in 

appendix C.3.2.  

 

Under tension, the stiffness of the connection reduces considerably since the lack of 

adhesion prevents the mortar to transfer any tensile forces. Due to the high dead load of 

the concrete tower, no tensile stresses occur in the connections. Therefore no tensile 

stiffness is required for the horizontal connection. In Table 7 and Table 8 an overview is 

given of the stiffness values of the connections. 

 

7.8.3 Shear stiffness of a horizontal precast connection (kx) 

Aside from a normal force, the horizontal connection also endures a shear force. 

Compared to traditional precast structure, the masonry configuration results in local 

higher shear forces because the open vertical joint cannot transfer any normal force. This 

aspect will be examined in more detail in section 9.1. The resistance of the connection 

depends on five mechanisms:  

 

1. Adhesion between the mortar and prefab element 

2. Friction between the mortar and prefab element 

3. Dowel action of the starter bars 

4. Pull out of the starter bars 

5. Normal force in the connection. 

 

In contrast to the compression stiffness of the horizontal connection the shear resistance 

will be lower than the surrounding concrete. The smooth surface of the precast elements 

is the main cause of this reduction: there is little or no adhesion and mechanism 1 is 

removed. When the connection is loaded in tension, also mechanism 2 will be equal to 

zero.  

 

To determine the shear resistance, Eurocode NEN-EN 1992-1-1, section 6.2.5 can be 

used: 

 
                                              

 

In which: 

vRdi  is the design shear resistance at the interface 

c and µ are factors depending on the interface (for smooth: c=0,2 and  µ=0,6) 

fctd  is the design tensile strength of the concrete 

σn is the normal stress in the joint that can coincide with shear force, positive 

for pressure, whereby σn<0,6fcd and negative for tension. It’s advised to 

use cfctd=0 when σn is in tension. 

ρ is the area of the protruding bars divided by the connection area: As/Ai 

α is the angle of the reinforcement (see Figure 54) 

v is the stiffness reduction factor: 
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Figure 54 Shear resistance of a horizontal connection [NEN-EN, 2011] 

 

The first part of the shear resistance formula takes the adhesion into account. Because 

the concrete elements have a smooth surface, c*fctd becomes equal to zero. The second 

part is responsible for the normal stress. In case the connection is loaded in tension, this 

value also becomes equal to zero. The third part is the contribution of the reinforcement 

(mechanism 3 and 4).  

 

When a connection is loaded in compression and contains starter bars (α=90˚), the 

formula can be rewritten as: 
 

                         

 

Besides the reduced resistance, the shear resistance is also more difficult to determine as 

it depends on the normal stress in the connection (σn): vRdi will change over the height 

and the width of the structure. Therefore an iterative calculation is required to determine 

the resistance exactly. First an estimated resistance has to be used to determine the 

stiffness. Based on the results, the normal force distribution can be determined. 

According to this distribution, the new shear resistance can be de determined, resulting 

in a new stiffness. This process has to be continued until there is no perceptible 

difference. In section 8.1 this aspect will be discussed in more detail.  

 

With the obtained shear resistance, the shear stiffness can be determined. Research of 

Straman [Straman, 1988] has shown that there is a linear relation between the shear 

resistance and the deformation: 

 

   
     

  

         

 

in which: 

ku is the shear stiffness 

vRdi is the shear resistance 

δ is the deformation, also known as slip. 

 

Although this research was performed on vertical connections, the mechanism remains 

equal. Tests done in this research show that the connection will fail at a deformation of 

approximately 1mm. But according to Figure 55 the relation shouldn’t be linear but bi-

linear. At first, the mortar and concrete are still connected to each other and the stiffness 

is relatively high. At a certain deformation the connection is lost and the stiffness is 

reduced.  

 

In consultation with two of the supervisors (dr.ir.drs. C.R. Braam and ir. D.C. van 

Keulen) this certain deformation is placed at δu,1=0.4mm. At the moment there is no 

literature available that supports this assumption, but preliminary research shows that 

this assumption is reasonable. 
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An important question remains, when is the deformation of 0.4mm exceeded? In this 

thesis it will be assumed that during the SLS the deformations are within this boundary 

(the third diagram of Figure 55). In the ULS, this value is likely exceeded and a 

deformation of 1.0mm will be used to determine the shear stiffness (the second diagram 

of Figure 55). The difference in behaviour is clearly visible in Figure 55: in the SLS a 

considerable larger kx may be applied.   

 

 
Figure 55 Relation between shear resistance and deformation [Keulen, 2012] 

 

Using a deformation of 0.4mm results in a considerable higher shear stiffness in SLS, but 

due to the high stiffness of the surrounding concrete elements this will only have a small 

influence (see section 8.1). It's possible to incorporate the bi-linear behaviour in AxisVM 

(see section 6.2), but the calculation time will increase considerably. Therefore the 

values will be manually adapted in SLS. 

 

The shear stiffness calculation can be found in appendix C.3.3. In Table 7 the shear 

stiffness values are depicted. 

 

7.8.4 Normal and shear stiffness of the vertical connection (ky and kx) 

For the vertical connection between parallel walls the masonry configuration with an open 

vertical joint provides the most benefits. The open joint doesn’t fulfil any structural 

properties and the forces that would normally be present in this connection have to be 

transported via a different mechanism. This mechanism is provided by the masonry 

configuration: the vertical shear force is transported to the over or underlying elements 

by a minimal overlap of the elements. The normal force that was present in the vertical 

connection is now transported as shear by the horizontal connection.   

 

In AxisVM it’s possible to enter a stiffness of 0kN/m/m for the connection. As a result, 

the connection will behave as an open vertical joint. The physical opening of 20 or 30mm 

isn’t present in the model. Eventually the open vertical joint will be closed with a non-

structural material because of the building physics and fire hazards.  

 

7.8.5 Normal and shear stiffness of the connection between 
perpendicular walls 

The staggered or interlocking halfway connection (see section 4.3.1) between 

perpendicular walls has a stiffness equal to the surrounding concrete when loaded with 

compression. The same method as with the horizontal connection between parallel walls 

of section 7.8.2 is used. The results are depicted in Table 9. Due to the behaviour of this 

connection, tension forces also occur. These tension forces are only encountered at the 

top of the structure due to the low dead load. Unfortunately, under tension the normal 

stiffness of the connection is reduced considerably. This is because the forces are now 

only transferred by the reinforcement (there’s no adhesion between the mortar and the 

precast element). As a result, the steel elongates. If an elongation length equal to the 

connection thickness is assumed, a very high stiffness is obtained. But in reality, the 

elongation length will be larger than just the connection thickness. To calculate the actual 
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stiffness under tension, fib Bulletin number 43 is used. The results of this calculation are 

shown in Table 10. 

 

The calculation of the shear stiffness is almost identical to section 7.8.3. The only 

difference is that the stiffness is not calculated per meter but for the connection area. 

Just as the normal stiffness, shear stiffness is also reduced by tension. From formula 

(5.5), only the reinforcement term remains. Due to the high reinforcement ratio, the 

reduction is relatively small (11%). 

 

The calculation of the normal and shear stiffness between perpendicular walls can be 

found in appendix C.3.4 and C.3.5.  

 

7.8.6 Stiffness values applied in this thesis 

In Table 7 until Table 10 the stiffness values applied in this thesis are depicted. In 

appendix C.3 the underlying calculation values are provided. 

 

Table 7 Stiffness parameters horizontal connection 

Wall 

thickness 

Normal 

comp. 

stiffness 

ky,c 

Normal 

tension 

stiffness ky,t 

Shear comp. 

stiffness (s=1) 

kx,c 

Shear comp. 

stiffness 

(s=0.4) kx,c 

Shear tension 

stiffness kx,t 

[mm] [kN/m/m] [kN/m/m] [kN/m/m] [kN/m/m] [kN/m/m] 

400 5.87*108 Not applicable 4.61*106 1.15*107 Not applicable 

500 7.33*108 Not applicable 5.76*106 1.44*107 Not applicable 

 

Table 8 Shear stiffness base on different normal stress values, δ=1.0mm and 

t=500mm 

Average normal stress σaver  Calculation value normal 

stress σcalc  

Shear stiffness kx  

[N/mm2] [N/mm2] [N/mm2] 

0-5 2.5 1.39*106 

>5-10 7.5 2.89*106 

>10-20 15 5.14*106 

>20-30 25* 5.76*106** 

* This value is limited at 17.1N/mm2
 due to a shear limit, see section 8.1.3. 

** Maximum shear stiffness due to shear limit at 17.1N/mm2. 

 

Table 9 Normal stiffness of connection between perpendicular walls 

Wall thickness Compression normal stiffness ky,s,c Tension normal stiffness ky,s,t 

[mm] [kN/m] [kN/m] 

400 2.93*108 4.01*106 

500 2.93*108 4.01*106 

 

Table 10 Shear stiffness of connection between perpendicular walls kx,s 

Wall 

thickness 

Compression 

shear stiffness 

kx,s,c (s=1) 

Compression 

shear stiffness 

kx,s,c (s=0.4) 

Tension shear 

stiffness kx,s,t 

(s=1) 

Tension shear 

stiffness kx,s,t 

(s=0.4) 

[mm] [kN/m] [kN/m] [kN/m] [kN/m] 

400 2.30*106 5.76*106 2.05*106 5.20*106 

500 2.30*106 5.76*106 2.05*106 5.10*106 
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7.9 Influence of the floor 

Besides the walls, the floors also play an important role in the distribution of forces. The 

diaphragm action ensures that the wind load is transported to the structural walls. 

Because of this property, the wind load is placed as a line load at every floor. In section 

7.10 the application of forces will be discussed in more detail. Aside from the diaphragm 

action, the floors will also behave as dowels. The tension ties are commonly placed 

around the precast floors and the area is filled up with fluid mortar. As a result, an edge 

beam is created that connects the single precast wall elements. The size of the edge 

beam determines the amount of the dowel action (see Figure 56). 

 

 
Figure 56 Dowel action of the edge beam [Pieterse, 2007] 

 

The effect of the dowel action is considerably reduced due to the masonry configuration: 

the overlying element has a stiffness far greater than the dowel, reducing the 

effectiveness of the dowel. Furthermore, the floor slabs used in this thesis are supported 

by four steel angles in the corner and the tension ties are incorporated in the floor 

elements (see section 2.2). As a result, the dowel mentioned previously isn’t present in 

this structure and will not be taken into consideration in the models.  

 

Based on how the floors are modelled in AxisVM, it might be possible that the floors also 

increase the effective area off the wall. Due to this increased area, the FEM model might 

allow forces to flow through the floor that in reality flow through the wall. As a result, the 

distribution of forces might be disturbed in the model. To avoid any problems, the floor 

will be removed from the model. To prevent stability problems, beams or sliding hinges 

will be used on several locations where the floors used to be.  

 

7.10 Application of the loads 

The forces that are acting on the structure have to be modelled correctly to represent the 

actual behaviour. In this section it will be discussed how the loads are applied. The 

determination of the loads is provided in chapter 8.  

 

7.10.1  Vertical load 

The dead load of the concrete walls can be automatically calculated by AxisVM and is 

placed as an area load on the walls. It's also possible to calculate the dead load by hand 

and place it as a line load on the walls, but this method requires more steps as the wall 

openings change regularly.  

 

The floors are supported by four steel angles at the corners and a small and concentrated 

line load should be applied to approach the actual behaviour. For simplicity, the load from 
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the floor is smeared over the entire wall length as a line load. This line load is applied at 

the top of every element, as depicted in Figure 57. 

 

 
Figure 57 Application of vertical load 

 

7.10.2  Horizontal load 

The wind load is transported via the facade trough the floors to the structural walls and is 

eventually dissipated in the foundation. The diaphragm action of the floors ensures the 

transition from facade to the structural walls. Since the floors aren't included in the 

structural model (see section 7.9), the wind load is placed as a horizontal line load on the 

walls. In Figure 58 an example is given. 

 

 
Figure 58 Application of horizontal load 

 

In appendix D.2 a reference model is created with floors and the behaviour of this model 

is nearly identical to the line wind load assumed in this section. A small difference occurs 

due to the finite stiffness of the floors (the line load of Figure 58 should be slightly 

parabolic, with the largest load at the edges) and because of the force coefficient of the 

wind load (the wind pressure at the front facade is larger than the wind suction at the 

rear facade).  

 

7.11 Schematisation of the foundation 

In chapter 3 and section 4.4 the layout of the foundation is shown. The diaphragm walls 

are located under the structural walls and underneath the two load bearing facades. 

Thanks to the 1m thick foundation slab, the diaphragm walls at the circumference are 

also activated for the stiffness. To reduce the complexity of the model, the floors, load 

bearing facade and foundation slab haven't been modelled. Therefore the diaphragm 

walls around the circumference are ineffective and aren't modelled either. As a result the 

actual stiffness of the foundation will be higher than calculated with this model, creating 

smaller deflections than calculated in chapter 9.3. The stiffness of the diaphragm walls is 

shown in Table 11. In the literature study a more detailed overview of the calculations 

made by MOS grondmechanica is shown.    

 

Table 11 Diaphragm stiffness [Zonneveld ingenieurs, 2004] 

Panel level Panel size Stiffness  

  [m2] [kN/m]  

60m-NAP 0.8x3.3 517355 

1.0x3.3 575555 

1.2x3.3 627225 

1.5x3.3 697190 
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8 The influence of connection and element 

properties 
In the previous chapter it has been discussed how the walls and connections should be 

schematised to obtain accurate results. But the shear stiffness of the horizontal 

connection should be analysed in more detail because this aspect is influenced by the 

normal stress and varies over the entire structure. Furthermore, it may be beneficial to 

utilise the open vertical joint structurally in the lower region of the building, increasing 

the strength and stiffness. Aside from the structural effect of the connections, the 

elements also influence the construction methodology. How do the cycle times relate to 

the size of the elements? 

 

The main goal of this chapter is to determine how the connections and elements 

influence the total design. By analysing the effects, conclusions can be made with respect 

to the variable shear stiffness, the influence of the vertical open joints and the relation 

between the element size and cycle times.  

 

Section 8.1 will start with the shear stiffness of the horizontal connection. The vertical 

connection will be discussed in section 8.2. The dependency of the cycle times to the 

element size is examined in section 8.3. This chapter ends with a conclusion in section 

8.4. 

 

8.1 The influence of the shear stiffness of the horizontal 
connection 

The walls of the Zalmhaven tower contain large concrete elements in a masonry 

configuration. This configuration makes a vertical structural connection obsolete and this 

reduces costs and construction time. The horizontal connection remains and determines 

the stiffness of the entire structure. The normal stiffness of the horizontal connection (ky) 

is only affected by the concrete strength class and doesn't deviate over the building 

height (see section 7.8.2). The shear stiffness is influenced by the concrete strength 

class, reinforcement ratio and normal stress (see section 7.8.3). The first two aspects are 

considered constant over the building height, but the normal stress deviates over the 

building height and width. To incorporate this dependency, AxisVM should contain a 

module that calculates the stiffness based on the normal stress, but unfortunately this is 

not present at AxisVM 10 and 11 (and most other FEM programs). The only solution is a 

manual iterative calculation, were first a stiffness for every connection is estimated. Than 

the normal stress is calculated by AxisVM and a new shear stiffness is manually 

calculated and entered in the model. This process should be continued until the values 

converge. Since the normal stress deviates over the building height and width, this is a 

very labour intensive process. Aside from the question whether or not this iterative 

method should be applied it should also be examined what the influence is of a low or 

high stiffness on top deflection and distribution of shear and normal forces.  

 

The complete overview of the analysis can be found in appendix D.1. In the following 

sections a short overview of the model schemes, results and conclusions will be provided. 

 

8.1.1 Model scheme of the investigation part 1 

The investigation starts with modelling five walls with a different constant shear stiffness 

value for the entire structure. By varying the stiffness, the influence of the stiffness can 

be determined on the deflection and distribution of forces: does a slender precast 

building require a very stiff horizontal connection or are the requirements also satisfied 

with a low stiffness? Because the stiffness depends on the normal stress, the stiffness is 

varied between 0 and 20N/mm2. The stiffness values of the different walls are combined 
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in Table 12. Because research of Falger [Falger, 2003] has shown that changing the 

stiffness results in lager differences when the stiffness is relatively low, a medium low 

stiffness value with a normal stress of 5N/mm2 is added (an additional step).   

 

Table 12 Parameters for the shear stiffness investigation 
Wall number Shear stiffness  Normal stiffness  Representative normal stress  

 [kN/m/m] [kN/m/m [N/mm2] 

1 (low) 6.41*105 7.33*108 0 

2 (medium low) 2.14*106 7.33*108 5 

3 (medium high) 3.64*106 7.33*108 10 

4 (high) 5.76*106 7.33*108 20* 

5 (monolithic) - - - 

* This value is limited at 17N/mm2
 due to a shear limit. 

 

For this investigation wall 4 is used with openings (see section 4.3.1) and the structure is 

loaded by dead load and a non-uniform wind load. To compare the influence of the 

different stiffness values, local and global aspects are compared. For example the top 

deflection, moment in the lintel or the shear stress in the horizontal connection. All the 

remaining model properties (mesh size, foundation stiffness, location of the sections or 

applied Young’s modulus) can be found in appendix D.1.  

 

8.1.2 Results of part 1 

From the results it can be noticed that the largest differences in top deflection and 

distribution of forces occur between wall 1 and 2 (low and medium low stiffness). As the 

shear stiffness becomes higher, the results converge. This phenomenon was also 

observed by Falger during his research on different connections [Falger, 2003, p86].  

 

The results also show that a lower shear stiffness leads to larger normal stress values at 

the corners and smaller shear stress values along the connection.  

 

When all the values are observed, it can be noticed that there is a large difference 

between a precast wall with a high shear stiffness and a monolithic wall. The largest 

deviations can be found at the top deflection, around the lintels and at the shear stress in 

the horizontal connection.  

 

Now that the walls have been modelled with a constant shear stiffness, the question 

remains: what happens when the shear stiffness deviates over the building height and 

width? 

 

8.1.3 Model scheme of the investigation part 2 

To answer the question of the previous section, the model scheme of section 1 is 

extended with a sixth wall with a shear stiffness related to the normal stress. To achieve 

this relation between normal stress and stiffness, the connection will be placed in a class 

depending on the normal stress. Per wall element the average normal stress is 

determined and consequently placed in the associated class. The different normal stress 

classes can be found in Table 13. The interval between 0 and 10N/mm2 is divided into 

two classes because the results change faster at low shear stiffness values. 
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Table 13 Normal classes for part 2 

Average normal stress σaver  Calculation value normal stress σcalc Shear stiffness kx  

[N/mm2] [N/mm2] [N/mm2] 

0-5 2.5 1.39*106 

>5-10 7.5 2.89*106 

>10-20 15 5.14*106 

>20-30 25* 5.76*106** 

* This value is limited at 17N/mm2
 due to a shear limit. 

** Maximum shear stiffness due to shear limit at 17N/mm2. 

 

8.1.4 Results of part 2 

When the results of the second analysis are observed in detail it can be noted that the 

values of wall 6, with a stiffness that depends on the normal stress, are nearly equal to 

wall 3 and 4 of the previous section. Based on these results, the iterative method would 

be pointless since it doesn’t create more accurate results. However a side note should be 

placed at the results: these values are obtained at the bottom (6th level) where the 

stiffness of wall 6 is nearly identical to wall 3 and 4. Therefore the values have also been 

compared on the 26th level since the shear stiffness of wall 6 is reduced over the height 

(lower normal stress). According to the new results, almost all the differences between 

wall 3, 4 and 6 have been reduced: the higher level has a positive influence on the 

differences. This phenomenon can be explained by the fact that the tension and 

compression stresses are larger near the bottom of the structure. A Large difference 

between tension and compression results in more different load classes, making it more 

susceptible to differences.  

 

From all the results of part 2 of the analysis, wall 4 with the high stiffness approximates 

the actual distribution most accurately. Since the differences are acceptably small, a 

constant high stiffness may be applied at all the connections if one does not want to use 

the iterative method. 

 

8.1.5 Conclusion 

By examining the results of the six different walls, several interesting conclusions can be 

made with respect to the shear stiffness. For example, when the shear stiffness of the 

horizontal connections increases, the results (top deflection, shear and normal stress) 

start to converge. Therefore it may be concluded that increasing the shear stiffness of 

the horizontal connection has more effect when the current shear stiffness is relatively 

low. 

 

When the shear stiffness of the horizontal connection is reduced, the distribution between 

shear and bending changes. To maintain a stable structure, more forces will be 

transferred by bending, resulting in larger normal forces at the outer fibre of the 

structure. 

 

When a monolithic structure is considered, the shear stiffness of the connection is 

considerably larger than that of a precast structure. Therefore using a monolithic 

schematisation of the connections to design a staggered precast wall with open vertical 

joints will result in non-realistic values: the top deflection will be underestimated and the 

shear stresses are overestimated. Furthermore, as a result of the precast load 

distribution the lintels obtain a higher bending moment and shear force. Using a 

monolithic model to design a precast structure will therefore underestimate these values. 

 

The results also show that the actual shear stiffness values obtained by the iterative 

method are nearly identical to a high constant shear stiffness: the maximum differences 

are acceptably low. Furthermore, the difference isn’t influenced by the height. It may be 
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concluded that the elaborated and iterative method to calculate the actual shear stiffness 

is not required and the entire structure may be modelled with a high shear stiffness of 

5.76*106kN/m/m. 

 

8.2 The influence of the vertical open joint 

The vertical connection plays an important role in the stiffness of traditional precast 

buildings. The masonry configuration circumvents this relation by using dowel elements 

and the vertical connection17 may be left open (structurally). The two elements above 

and below the vertical joint are considered to be the dowel elements and they transfer 

the shear force which would normally flow through the vertical connection. Since the 

vertical open joint doesn’t contain any stiffness, the dowel elements locally obtain higher 

forces. Although the dowel elements transfer the shear force, it’s unknown how the top 

deflection or the distribution of shear forces reacts when the vertical open joints are used 

structurally.  

 

To resolve this unknown aspect, multiple models will be analysed. First three closed 2D 

walls will be examined to understand the distribution of forces: 

 

1. a closed 2D wall with an open vertical joint, 

2. a closed 2D wall containing a vertical connection with a high stiffness, 

3. a closed 2D monolithic wall. 

 

Consequently, the openings will be added to the three walls. Based on the results, it will 

be determined whether or not it’s beneficial use the open vertical joint structurally. The 

complete overview of the analysis can be found in appendix D.2. In the following sections 

a short overview of the model scheme, results and conclusions will be provided. 

 

8.2.1 Model scheme 

For the first three models wall 4 is used without any openings (see section 4.3.1). By 

removing the openings, disruptions created by the openings are prevented, resulting in 

the actual behaviour of the vertical open joint. For the last three models also wall 4 is 

chosen and the openings are maintained to obtain the actual behaviour. 

 

To compare the models, local and global results will be examined. The top deflection and 

shear distribution provide the global results while the moment, shear and normal force of 

several critical sections will provide the local results. The remaining model scheme aspect 

can be found in appendix D.2. 

 

8.2.2 Results of the closed 2D walls 

When the three closed walls are considered, it can be observed that a vertical connection 

with a high stiffness (model 2) has almost no influence on the top deflection, normal 

force and the moment distribution. The results remain more or less comparable to the 

results of the model with an open vertical joint (model 1). When one considers the high 

stiffness of the over and underlying dowel elements, it becomes clear why the vertical 

connection has nearly no influence on the stiffness and global moment and shear 

distribution. Nevertheless, the shear force in the elements is influenced considerably. 

This difference can be explained by the shear force distribution: the shear force has to be 

transported around the open vertical joint into the dowel elements. Because of the open 

                                           
17 The two words “joint” and “connection” are overlapping and therefore a word definition is used: 
a connection is the total physical link including the adjoining parts of the precast concrete elements 
and a joint is the space (area) between the two elements were they meet each other. 
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vertical joint the structural area is locally reduced by 50% and the dowel elements 

absorb up to 25% more shear force. 

 

An interesting aspect is the difference in top deflection between the three models without 

openings: the precast wall with open vertical joint only deflects 2.5% more than the 

monolithic wall. When the deflections of the wall with openings are considered, it can be 

observed that the deflection increases to 13%. This difference in deflection between the 

closed wall and wall with openings can be explained by the behaviour of the wall on the 

openings. By adding openings, the distribution between shear and bending and also the 

internal flow of forces changes (see section 9.1).  

 

The results of the monolithic wall differ considerably from that of the two other models 

due to the monolithic properties. It can be stated that the monolithic schematisation will 

result in non-realistic results when used for a precast structure. 

 

8.2.3 Results of the 2D walls with openings 

When the openings are added, the differences between model with an open vertical joint 

and the model containing a vertical connection with a high stiffness increase slightly. 

These slightly larger differences are created by the adapted distribution of forces: there 

is less area available to transfer the forces to the dowel elements. Nevertheless, the 

differences with respect to the top deflection, normal force and the moment distribution 

remain small. 

 

8.2.4 Conclusion 

The previous two analysis have shown that the vertical connection has nearly no 

influence on the stiffness of the structure, normal force and moments of the wall 

elements. Despite the lack of influence on the stiffness, which is an important aspect in 

high-rise buildings, the vertical connection does influence the distribution of shear force. 

As a result of the open vertical joint, the shear force has to be transported by the over 

and underlying dowel elements, also increasing the moment and shear force in the lintel. 

In the 202.25m high Zalmhaven tower this results in considerable large shear forces at 

the bottom of structure, which exceed the resistance of unreinforced concrete. Since the 

shear forces are lower in a structure where the vertical connection is utilised, a new 

question arises: do the structural benefits outweigh the additional required labour? To 

answer this question, several aspects have to be considered:  

 

 How much additional labour is required? 

 Is this additional labour easy to execute? 

 Does this additional labour provide results as expected? 

 What is the resistance of a concrete element with an economical reinforcement 

ratio? 

 

When the vertical connection is structurally utilised, 25% more connections have to be 

made per floor. Besides the 25% more labour, the vertical connection is also more 

difficult to construct: placing horizontal and vertical reinforcement, adding formwork, 

casting and removing the formwork. Since the shear stiffness of the vertical connection 

has nearly no added value, it possible to construct an unreinforced connection which can 

only take up compression force. But this connection requires special engineered details to 

maintain its properties (for example a tension tie at the bottom of the elements). Without 

these details the vertical unreinforced connection may open up (you can literally put a 

piece of paper between the cracks) and fail due to the tension forces. Because of these 

aspects, it's preferred in practise to leave the vertical joint structurally open. The only 

aspect which remains is the required resistance of the element and the increased amount 

of vertical reinforcement. Due to the open vertical joint, the over and underlying dowel 
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elements obtain a larger shear force in the centre (see section 9.1). According to the 

calculations of section 9.7, the required vertical reinforcement increases with 18%18 in 

the central area of the element. The effect on the horizontal and moment reinforcement 

is negligible. The additional cost of 18% more vertical reinforcement in the centre and 

the coinciding additional labour outweigh the disadvantages of using the vertical 

connection structurally. Therefore it may be concluded that the masonry configuration in 

combination with a vertical open joint is a better solution than the identical masonry 

configuration in combination with structurally vertical connections. 

 

8.3 The influence of the elements on the cycle times 

The cycle time includes the sum of activities that are required to complete a building 

layer. By summing the required time per floor, the total construction time can be 

calculated. During the literature study the cycle time in relation to the transport system 

and building height was already studied. In this section the relation between the element 

size and cycle time will be analysed, combined with the building height. This is an 

interesting aspect since very heavy precast elements are applied at the Zalmhaven 

tower. These heavy and large elements are beneficial for the structural properties, but 

how does this influence the cycle time? 

 

Before the element size and cycle times are considered, a recapitulation will be provided 

of the literature study, regarding the cycle time of the transport system19. 

 

8.3.1 Recapitulation of the literature study: cycle time versus transport 

system 

As mentioned in the introduction, the cycle time includes the sum of activities that are 

required to complete a building layer. To determine the cycle time of a building layer, the 

following three questions have to be answered: 

 

1. Which activities have to be executed to complete the layer? 

2. How much time does this activity requires? 

3. Which activities can be executed parallel? 

 

When the cycle time of a floor is determined, it can be optimized. The following four 

aspects can be considered during the optimisation: 

 

1. reduce the required time per activity, 

2. reduce the amount of activities in the critical path, 

3. reduce the transport time, 

4. reduce the amount of elements that have to be transported. 

 

Reducing the required time per activity (for example placing a floor element in 20 

minutes instead of 30 minutes) has only a small relation with the transport system (the 

gantry crane is able to return quicker to the starting point for the next element) and is 

therefore not discussed in more detail. The activity “vertical transport” is affected by the 

building height, but this will be examined in step 3. Furthermore, reducing the time per 

activity should be considered with care since a very short time may induce errors. 

 

                                           
18 This difference is between a precast wall with open vertical joints and a monolithic wall with no 
joints. When the difference between a precast wall with open vertical joints and a precast wall with 
structural vertical connections is considered, the difference will be smaller, but in the same order of 
magnitude. 
19 The analysis made in the literature study is based on a master thesis report of van der Meij [Meij 
2012]. 



92  Research report    Sven ten Hagen 

The amount of activities has a large influence on the cycle time. These activities can be 

separated into two categories: crane related and crane unrelated activities. The crane 

related actions in the critical path of a separated (hoisting shed) and non-separated 

(tower crane) are shown in Table 14. 

 

Table 14 Critical path activities of a separated and non-separated transport 

system 

Separated transport Non-separated transport 

Vertical transport Horizontal transport Vertical transport Horizontal transport 
1. Attaching of the 

element 

 1. Attaching of the 

element 

 

2. Element orientation 
for transport 

2. Element orientation 
for transport 

3. Vertical transport of 
the element 

3. Vertical transport of 
the element 

4. Element orientation 
for storage 

 4. Horizontal transport 
of the element 

5. Detaching of the 
element 

5. Element orientation 
and adjustment 

6. Returning vertical 
(unloaded) 

7. Attaching of the 
element 

6. Detaching of the 
element 

 8. Element orientation 
for transport 

7. Returning horizontal 
(unloaded) 

9. Horizontal transport 
of the element 

8. Returning vertical 
(unloaded) 

 

10. Element orientation 
and adjustment 

 

11. Detaching of the 
element 

12. Returning 
horizontal (unloaded) 

 

The elements which are discussed in Table 14 are for example: 

 

 structural wall elements, 

 facade elements, 

 floor elements, 

 scissor stairs, 

 concrete aerated blocks for several internal walls, 

 bathroom units. 

 

The amount of actions, 12 for a separated system and 8 for a non-separated system 

determine the cycle time to a significant extend. It should be noted that while the 

separated system contains more actions, the actions per system are less (6 versus 8). 

 

The crane unrelated actions do not require the presence of the crane and can therefore 

be executed parallel with the crane related actions. For a precast element several actions 

can be enumerated: 

 

 determining the correct location of the element (in x, y and z relative to a 

reference point), 

 cleaning the connection, 

 creating the connection (with or without formwork), 

 removing the braces.  

 

In order to execute these actions simultaneously with the crane related actions, enough 

personnel should be available on the construction floor. If this requirement is satisfied, 

the crane unrelated actions have no influence on the cycle time. 
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The transport time and the amount of elements that have to be transported are the two 

last aspects which influence the cycle time. Just as the amount of actions, the amount of 

elements also significantly influences the cycle time: less elements results in less 

transport time, less actions and consequently the cycle time is reduced. Before the 

transport time can be examined, the following aspects have to be discussed: the 

utilization ratio of the (gantry) crane and the norm time. 

 

The utilization ratio is the percentage of time which the transport system is utilised. For 

example, the maximum utilisation ratio of a tower crane is 80%. This implies that 

minimal 20% of the cycle time the tower crane is inactive, waiting to transport a new 

element. This boundary is set at 80% to increase the robustness of the system and 

schedule. As a result, breaks (not included in the schedule), short delays and human 

errors won’t affect the schedule. At a hoisting shed, the maximum utilisation ratio is set 

at 90% since a hoisting shed has a higher robustness (less susceptible to weather 

delays). If the utilisation ratio is too high, multiple transport systems can be applied, the 

amount elements that have to be transported can be reduced or the transport speed can 

be increased. 

 

The scheduled time which one element utilises the transport system is called the norm 

time. This norm time includes the transport time and the required time for the crane 

related actions (for example attaching, adjusting and detaching of the element). In other 

words, the norm time is the total time between the moment of attaching the element to 

the crane and the moment the crane returns for the second element (step 1 to 6, 7 to 12 

or 1 to 8 in Table 14). In practise, often a constant value is used for the crane related 

actions, based on the size accuracy, accessibility and visibility of the actions. 

 

The last aspect which remains is the transport time. Unlike the crane related actions, the 

transport time increases over the building height. When a hoisting shed is considered 

with a separated transport system, Figure 59 is obtained.  

 

 
Figure 59 Horizontal and vertical cycle times of a separated system 

 

The blue lines represent the vertical cycle times. Due to the increasing height, the cycle 

times increase. The red lines represent the horizontal cycle times. Since the horizontal 

transport isn’t affected by the height20, the cycle times remain constant. The green lines 

are the remaining unused cycle time (at least 10% at a hoisting shed). At the sixth floor 

the total height is only 18.30m, resulting in a very short vertical transport time. Since 

                                           
20 The horizontal distance and the amount of crane related actions remains identical at all the floors 
(optimisations not included). At Figure 59 it might seem that the horizontal cycle time decreases 
over the building height, but the base of the red lines extends behind the blue lines. 
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the horizontal time remains constant, the vertical transport system is only utilised very 

little (less than 25% of the total available cycle time). Since the efficiency is very low at 

the start of a project (the construction workers aren’t familiar yet with the process), the 

vertical gantry crane may be utilised as second horizontal transport system. This 

additional second horizontal system should be planned very carefully since the two 

gantry cranes may obstruct each other.  

 

At the 65th floor, the vertical transport time has increased considerably and the horizontal 

and vertical cycle time are nearly identical. It should be prevented that the vertical 

transport cycle becomes larger than the horizontal cycle since this ensures a stagnation 

of the work on the construction floor (the construction workers have to wait for the new 

elements). When this requirement is fulfilled, a separated transport system isn’t affected 

by the building height and constant cycle times can be maintained. At a non-separated 

system, the height affects the cycle time (see Table 14) and it’s nearly impossible to 

acquire a constant cycle time. It’s possible, but then very large buffers have to be 

included in the process, making the cycle time very inefficient at the bottom of the tower. 

Furthermore, when they are near the top floor, the construction workers have to wait for 

the elements, making also the top of the construction inefficient.   

 

So in conclusion, the cycle time includes the sum of activities that are required to 

complete a building layer. Per activity, there is a certain norm time, which contains the 

crane related actions and transport time. When a separated system is applied, the 

horizontal cycle time should be leading which isn’t affected by the height. As a result, 

constant cycle times are obtained over the height, ensuring an optimal and efficient 

construction process. 

 

8.3.2 The influence of the mass on the cycle time 

Now that all the aspects required for the cycle time and the relation between the cycle 

time and height have been examined, the influence of the mass will be analysed in more 

detail. The mass itself only influences the transport speed: a low mass results in a high 

transport speed and vice versa. But indirectly the mass also influences the amount of 

elements and actions: by applying very large elements (large mass), less elements and 

crane related actions are required per floor. The question that follows: is the lower 

transport speed of a heavy element compensated by fewer elements and actions? 

 

To answer this question, first the relation between the transport speed and mass is 

analysed. In Figure 60 the vertical transport speed of the Erasmus MC hoisting shed is 

shown.  

 

 
Figure 60 Transport speed of different systems 
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When a trend line is added in the Excel sheet, the following equation is obtained: 

 
                 

 

This is a non-linear relation: at 30 ton this results in a transport speed of 16.7m/min and 

at 15 ton a speed of 22.2m/min is obtained. At half the mass, the speed has only 

increased with 33%. When the system is unloaded (returning) a speed of 30m/min is 

reached. When a building of 200m is considered in combination with 6 minutes of cranes 

related actions per element, the following comparison can be made: 

 

One element of 30 ton has a total of 6 minutes of crane related actions. The total vertical 

transport time is:  

 

    
 

       

 
 

         

 
   

    
 

   

  
              

 

 
                              

 

The vertical norm time of one 30 ton element is 24.6 minutes. 

 

Two elements of 15 ton have a total of 12 minutes of crane related actions21. The total 

vertical transport time is: 

 

       
 

       

 
 

         

     
   

    
 

   

  
               

 

 
                               

 

The vertical norm time of two 15 ton elements is 43.3 minutes. This is almost twice as 

large as the vertical norm time of one 30 ton element. This difference is so large since 

the two 15 ton elements require more actions and because the relation between mass 

and transport speed isn’t linear. It can be concluded that at every vertical transport 

movement, the maximum allowable mass should be transported.  

 

When the horizontal transport cycle is considered, two important aspects should be taken 

into account: the transport time isn’t affected by the height and the transport speed is 

constant for all the loads. Attaching or detaching a 15 or 30 ton elements requires the 

same amount of time since both elements are connected at two points. Placing and 

positioning a 30 ton element over the starter bars requires more time than at a 15 ton 

elements since it’s likely that the heavier element is longer and contains more starter 

bars. By increasing the length of the edge bars, the difference is reduced to a minimum.  

 

For example, the horizontal norm time of a precast wall element of 30 ton is 24 minutes. 

A precast wall element of 15 ton has a horizontal norm time of 20 minutes, but since two 

elements are required, the total norm time is 40 minutes. Again, this is almost twice as 

large as the heavier element of 30 ton. 

 

In the previous two examples, one 30 ton element has been compared with two 15 ton 

elements. Changing the parameters, for example 18 elements with a total mass of 489 

ton versus 25 elements with the same mass doesn't influence the outcome of the 

                                           
21 One might say that smaller elements have a shorter duration of crane related actions, but the 
difference between attaching, detaching and orientating a 15 or 30 ton element is negligible at the 
vertical transport cycle.  
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calculation: the higher transport speed can't make up for the additional elements and 

actions. 

 

8.3.3 Conclusion 

The time that is required to complete one level is denoted as the cycle time. The cycle 

time consists of many actions and per action a certain norm time is obtained. This norm 

time is composed out of the crane related actions (attaching, detaching or positioning the 

element) and the horizontal/vertical transport time. At a separated transport system 

(hoisting shed) it’s either the horizontal or vertical norm time and at a non-separated 

system (tower crane) it’s a combination.  

 

At a well-designed separated transport system, the horizontal cycle times are always 

leading, ensuring no delays occur at the construction floor. Since the horizontal system is 

leading, the vertical system is able to provide a small stock of elements at the 

construction floor and the cycle time isn’t affected by the building height.  

 

When the element mass is also taken into consideration, it may be concluded that the 

maximum element mass should be transported at every vertical transport action. This is 

because the relation between the mass and vertical transport speed isn’t linear: 50% less 

weight results in 33% more transport speed. Besides the non-linear relation, two 

elements of 15 ton require twice as many vertical crane related actions. Therefore two 

elements of 15 ton obtain a vertical cycle time that is almost twice as large as the cycle 

time of one 30 ton element.  

 

At the horizontal cycle time, the mass and building height exert no influence on the cycle 

time. Therefore two elements will obtain a cycle time twice as large as one element. 

Since the single 30 ton element is larger than a single 15 ton element, the crane related 

actions of the heavier elements will be slightly longer (it’s more difficult to place the 

element over the starter bars), but this increment is marginal.  

 

It may therefore be concluded that it’s more attractive to use one 30 ton element instead 

of two 15 ton elements for the horizontal and vertical transport cycle: at every transport 

movement, the maximum allowable mass should be transported. 

 

8.4 Conclusion 

In this chapter the influence of the horizontal and vertical connections have been 

examined. Since relatively large elements are utilised in the structural walls, also the 

influence of the element mass on the cycle time has been considered. From the results 

the following conclusions can be made with respect to the horizontal connection:  

 

 Increasing the shear stiffness of the horizontal connection has more effect when 

the current shear stiffness is relatively low. 

 A lower shear stiffness of the horizontal connection results in larger normal 

stresses in the outer fibre. 

 Using a monolithic schematisation of the connections to design a staggered 

precast wall with open vertical joints will result in non-realistic values. The top 

deflection will be underestimated and the shear stresses are overestimated. 

 Using an elaborated and iterative method to calculate the actual shear stiffness is 

not required since a constant shear stiffness over the height and width results in 

relative accurate and acceptable values.  

 

 

 

 



Sven ten Hagen          Research report  97 

For the vertical connection it may be concluded that: 

 

 The vertical connection has nearly no influence on the stiffness of the building. 

Furthermore, the distribution of normal force and moments is hardly affected 

either. 

 The shear distribution is considerably influenced by the open vertical joint. 

Between 14 and 26% more shear force may be expected according to the two 2D 

models.  

 As a result of the higher shear force, the actual 3D model has shown that 18% 

more reinforcement is required in the centre area of the dowel elements.  

 

From these aspects the question arises: is it structurally attractive to utilise the vertical 

connections in the bottom of the building? To activate the vertical connections, 25% 

more connections have to be made per floor. Since these vertical connections are more 

labour intensive than for example horizontal connections, it's concluded that the 18% 

more reinforcement in the centre of the element and the coinciding additional labour 

outweigh the disadvantages of using the vertical connection structurally (this preference 

is confirmed by the building practise: [Vambersky 2007] and [Zonneveld ingenieurs 

2012]). The masonry configuration with open vertical joint remains the best solution.  

 

The relation between the mass and cycle time can be characterized by: 

 

 The relation between the mass and vertical transport speed isn’t linear: 50% less 

weight results in 33% more transport speed. 

 Two elements of 15 ton require twice as many vertical crane related actions when 

compared to one 30 ton element.  

 Due to the non-linear relation and the increased amount of actions, the vertical 

cycle time of two 15 ton elements is almost twice as long as one 30 ton element.  

 At the horizontal cycle time, the transport speed is equal for all the elements. 

Therefore also the horizontal cycle time of two 15 ton elements will be twice as 

long as one 30 ton element.  

 

The previous relations are valid when the crane related actions of one 30 ton element are 

identical to one 15 ton element. Due to the larger size and mass of the 30 ton element 

the crane related actions will slightly increase (it may be more difficult to place the 

element over a larger amount of starter bars), but this increase is negligible. Even if a 

longer time for the crane related actions would be included (for example 7 or 8 minutes 

instead of 6), the two 15 ton elements will always obtain a longer cycle time. It may be 

concluded that the maximum mass should be transported at every vertical movement.    
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9 Results of the FEM analysis 
In this chapter the results of the FEM analysis will be discussed and analysed. In chapter 

7 it’s described how the structure is modelled in AxisVM and the loads acting on the 

structure are calculated in chapter 5. The FEM results shown in this chapter are 

preliminary results and as this chapter will show that there are several opportunities for 

optimisation.  

 

The goal of this chapter is to analyse the behaviour of the precast structure based on the 

distribution of forces, the value of the forces, the deflections, second order effects, shear 

lag, structural factor and vibrations. With the acquired insight, the reinforcement will be 

designed for a lintel and a wall element. During the examination of these aspects, 

differences will be distinguished and analysed between the precast and monolithic model, 

providing insight in how the structures behave under identical circumstances. 

 

This chapter will start with the distribution of forces of a precast and monolithic model in 

section 9.1. Since this section only includes the distribution of forces, section 9.2 will 

continue with a short examination of the value of the forces in the precast model. 

Consequentially, the deformations are discussed in section 9.3. The second order effects 

and shear lag are examined in section 9.4 and 9.5. The structural factor is included in 

section 9.6, combined with the vibrations. In section 9.7 the reinforcement is designed 

for a lintel and wall element. Since a Young’s modulus was assumed in section 7.4, this 

value will be validated in section 9.8. This chapter will end with an evaluation of concept 

3 in section 9.9 and a conclusion in section 9.10.   

 

9.1 Distribution of forces 

Precast structures are composed out of separate elements and are assembled on the 

building site. This method results in multiple connections, differentiating precast from 

cast in situ structures. But how do these connections influence the distribution of forces 

and what is the effect of the masonry configuration? Before the results of the FEM 

analysis can be discussed, these important questions have to be examined and analysed.  

 

Due to the size of the examination and analysis, only the results are included in this 

section. The entire examination and analysis can be found in appendix E.1. 

 

9.1.1 Model scheme 

The analysis of the distribution of forces is based on eight different models: 

 

1. simplified 2D precast wall without openings, 

2. simplified 2D monolithic wall without openings, 

3. 2D precast wall with openings, 

4. 2D monolithic wall with openings, 

5. simplified 3D precast model without openings, 

6. simplified 3D monolithic model without openings, 

7. 3D precast model with openings, 

8. 3D monolithic model with openings. 

 

By slowly increasing the level of detail, the effects of several aspects, for example the 

wall openings and the connection between perpendicular walls can be studied without 

other disruptions.    

 

For the 2D calculations, wall 4 from section 4.3.2 is used. The normal stiffness is equal to 

the surrounding concrete and the shear stiffness is based on a slip of 1mm and an 

average normal stress of 25N/mm2 (see section 7.8 for more details on the stiffness 
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calculations). The wind load is placed in the positive x-direction (from left to right) and 

the forces are equivalent to the values calculated in section 5.3. The dead load of the 

structure is obtained from section 5.2 and placed at every floor. In the 2D calculations a 

mesh size of 250mm is used for the bottom section (1/3rd of the building height) and 

750mm for the top section. For the 3D model, the mesh size is increased to respectively 

750mm and 2000mm due to the limited memory capacity of the program (see section 

7.6).  

 

9.1.2 Results 

During the extensive analysis, the distribution of forces is dissected and several 

interesting observations and conclusions can be made: 

 

 When the simplified 2D precast wall without openings is observed, a disruption 

can be distinguished at the intersection between the vertical open joint and the 

horizontal connection. This disruption isn’t present at the monolithic models and is 

most likely created by the location of the interface element and how AxisVM 

retrieves the results from the postprocessor (how the results are extrapolated 

from the calculation unit to the graphical unit within the program). This 

assumption is based on the value of the disruptions, the fact that the disruption is 

always contained within one mesh element and the location of the disruption 

relative to the interface element (if the interface element is transferred to the 

second connecting domain, the peak value also shifts). Therefore these 

disruptions may be neglected and shouldn’t be incorporated in the reinforcement 

design. By neglecting these disruptions, the simplified precast 2D wall has a 

similar distribution of normal forces compared with the simplified monolithic 2D 

wall. 

 Despite the similar distribution of normal force, the local distribution of shear 

force (nxy) is considerably different between a precast and monolithic model. This 

difference is created by the open vertical joint of the precast structure, which is 

unable to transfer any shear or normal forces. Due to this property, the forces of 

the element are transferred to the over and underlying dowel elements. By 

activating these elements, the shear force increases between the open vertical 

joints (only 50% of the original structural area is available) and shear force 

reinforcement is required in the lower section of the wall. This also holds for the 

horizontal normal force. Despite these local differences at the vertical open joints, 

the global distribution of forces remains more or less comparable. 

 The introduction of shear force into the dowel elements isn’t linear and a large 

peak force is located at the connection point between the horizontal and vertical 

open joint. In the last 5% of the connection length, the element transfers 11% of 

its shear force. Furthermore, this peak value is always contained within one mesh 

element and the shear force value increases when the size of the mesh element is 

reduced. Between the two horizontal connections, the shear force spreads out in 

the dowel element. This distribution of shear force originates in the underlying 

behaviour of the elements and is concentrated by the linear calculation and 

smeared stiffness. It’s known of linear calculations that a large portion of the force 

is often transferred at the corners (last possible location without redistribution) 

and by neglecting important mechanisms of the connection (non-smeared 

stiffness and starter bars) the forces remain concentrated. Therefore this peak 

value may be smoothened in the actual design. A non-linear calculation in 

combination with the actual connection behaviour should determine the exact 

reduction of this peak value. 

 When the 2D walls with openings are examined, it can be noted that the normal 

and shear force increase. This can be explained by the reduced structural area. 

For example, in the simplified 2D precast wall with openings, the entire floor 

height of 3.05m was available to transfer the shear force around the open vertical 

joint. At the model with door openings, all the forces have to be transferred via a 
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lintel with a height of 0.75m, resulting in a considerable increase of shear force. 

This phenomenon also occurs in the monolithic wall, but the values are lower 

since this wall doesn’t contain an open vertical joint.  

 In the 3D model, the perpendicular walls increase the structural area (similar to 

the flanges at an I-profile). As a result of this increased area, the normal force is 

reduced when compared with the 2D models. The effect of the perpendicular walls 

on the shear force distributions is considerably smaller since most of the shear 

force is taken up by longitudinal wall (the web of an I-profile). 

 The floors of the Zalmhaven tower are supported by the three walls in the y-

direction, resultingin the shortest floor span. The two walls in the x-direction are 

only loaded by dead load. Therefore one might expect that at the foundation the 

three walls will receive the largest dead load, but in fact the two walls in the x-

direction receive 14% more dead load. This distribution can be explained by the 

thickness and resulting stiffness of the walls: the three walls have a thickness of 

400mm while the two walls have a thickness of 500mm. The larger thickness 

results in a higher stiffness and stiffer elements attract more forces. This 

distribution is favourable since the two walls have a lower moment of inertia, 

resulting in a larger tension forces due to wind load. 

 

When all the results are compared, it may be concluded that the 3D models with 

openings are a combination of the results of the 2D walls with openings and the 

simplified 3D models without openings. The precast and monolithic models contain many 

similarities and differences are difficult to differentiate. The only difference visible in the 

models and which is also present in the actual structure is the local shear force 

distribution. Due to the open joint, the dowel elements are activated and higher shear 

forces will be encountered.   

 

Besides the conclusions, there also remains one aspect which acquires more attention: 

peak values. During the analysis of all the models, many disruptions have been 

encountered. For all the disruptions a likely cause has been identified, but it should be 

examined if they are the main reason for the peak value or if other aspects also 

contribute. Due to the limited time of this thesis, a more thorough analysis has not been 

performed, but for future examinations it’s recommended to do so. 

 

9.2 Forces in the structure 

In the previous section the distribution of forces was discussed. It was examined how the 

forces flow through a monolithic and precast structure in 2D and 3D, with or without 

openings. The value of the forces was of minor importance and only used to compare the 

results between the models. In the upcoming chapters, only section 9.7 requires accurate 

values to design the reinforcement. A structural design is not a structural design without 

forces, but since they are not required for any calculations, the values will only be 

discussed shortly in this section. 

 

9.2.1 Load combination SLS1 

Load combination SLS1 is required for stiffness calculations and all the loads are 

multiplied by a load factor of 1.0. Figure 61 shows the results of the vertical force per 

meter at wall 5. Figure 62 shows a more detailed view at the bottom of the model.  
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Figure 61 Load combination SLS1, ny distribution of wall 5 

 

 
Figure 62 Detailed view of load combination SLS1, ny distribution of wall 5 

 

Figure 62 shows that there is no tensile force in the wall elements. In the centre of 

several lintels and the wall element above the lobby, a vertical tension force is 

encountered. Due to the large openings at the lobby, a large compression force can be 

distinguished in the columns. The lack of tension is beneficial for the deformation 
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calculations because tension would reduce the stiffness of the horizontal connections 

considerably. To verify the model, the total horizontal and vertical foundation reactions 

are compared with the applied loads. According to the sections made at the foundation 

the following two forces occur (see Figure 63): 

 

N=791.1MN 

H=13.8MN 

 

According to the load calculations, the following loads should occur at the foundation: 

 

N=800.6MN 

H=13.9MN 

 

The calculated values are respectively 1.2 and 0.9% higher than the measure values: 

somewhere the load has disappeared. This difference is likely caused by the connection 

between the perpendicular walls, shown in Figure 64. To create an area for the vertical 

spring, which models the starter bars between the elements, a small notch is removed 

from every uneven floor. As a result of this notch, the dead floor load and the wind load 

is temporarily intersected, resulting in a smaller load than expected.  

The 1.2% larger dead load will not result in any problems since the normal resistance 

isn’t exceeded at any location (see section 9.2.2). In fact, the higher normal force is 

beneficial since a small tension force occurs at ULS2 (see section 9.2.3). The slightly 

larger wind load will result in a larger wind moment at the foundation and here the 

difference will be bigger than 0.9% since the relation isn’t linear. The overestimation of 

the second order effects will counteract the reduced wind load in the SLS (see section 

9.4.2). In the ULS, there is no additional safety in the second order effect and the small 

additional force has to be taken up by the elements. 

 

 

 

 
Figure 63 Vertical load at the foundation in SLS1 
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Figure 64 Connection between perpendicular walls 

 

When the normal force value N=800.6MN is compared with the normal force N=964.1MN 

of section 9.6.1, a large difference can be distinguished. This difference is created by how 

the structure is modelled: the load bearing facade isn’t included and the load of the floor 

section which is supported by the load bearing facade isn’t included either (26% of the 

floor area). This decision was made to reduce the complexity of the model (see appendix 

B.1)  

 

9.2.2 Load combination ULS1 

At the load combination ULS1, the following load factors are applied: 

 

ULS1=1.3*dead load+1.65*wind load+1.65*instantaneous live load 

 

Compared with SLS1, the normal force has increased considerably, as can be seen in 

Figure 65. Nevertheless, all the wall elements are still loaded with compression. For 

example: in the left corner element at the first floor a compression stress of 3.2N/mm2 is 

encountered. A more detailed view of the load distribution is shown in Figure 66. 
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Figure 65 Load combination ULS1, ny distribution of wall 5 

 

 
Figure 66 Detailed view of load combination ULS1, ny distribution of wall 5 

 

The wall element at the right hand side on the third floor has a compression stress of 

21.1N/mm2. The columns in the lobby obtain a compression stress of 33.8N/mm2. 
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9.2.3 Load combination ULS2 

Load combination ULS2 has the largest possibility of creating tension stresses in the 

structure since the dead load is multiplied by 0.9, the instantaneous live floor load by 0.0 

while the wind load is still multiplied by 1.65: 

 

ULS2=0.9*dead load+1.65*wind load+0.0*instantaneous live load 

 

This combination is encountered when due to errors 10% of the calculated mass isn’t 

applied, no occupants have settled in the building and an extreme (once in every 50 

years) storm occurs. While the combination of these events is highly unlikely, the 

structural requirements should still be satisfied. Therefore the reinforcement design of 

section 9.7 is based on this load combination.  

 

In Figure 67 it can be observed that a small section at the left bottom corner endures a 

tensile stress. In Figure 68 a more detailed view is depicted of this tensile area. 

 

 
Figure 67 Load combination ULS2, ny distribution of wall 5 
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Figure 68 Detailed view of load combination ULS2, ny distribution of wall 5 

 

At the first floor, the tensile area has a width of approximately 3m and continues until 

the sixth floor. At the outer fibre of the first floor a tensile stress of 3.9N/mm2 is 

encountered, while this reduces to a tensile stress of 1.8N/mm2 when the force is 

integrated of the entire tensile width. When the tensile strength of C90/105 

(fctd=2.3N/mm2) is considered, only a small section of the concrete will crack. As a result 

of these cracks, the stiffness is permanently reduced at this area. According to a second 

calculation with a reduced stiffness for the entire tensile area (E=14667N/mm2) this has 

no significant influence on the distribution of forces and the deflection. According to 

Figure 69 the deflection in the x-direction will increase with 2% as a result of the cracked 

concrete at the left bottom corner. This will be an upper limit since the reduced stiffness 

is applied to the entire tensile area. Furthermore, the tensile stress will slightly diminish 

(from 3.9 to 3.8N/mm2), while the compression stress slightly increases. It can be 

concluded that the forces are redistributed as a result of the lower stiffness, but due to 

the small area this is nearly negligible. 
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Figure 69 Deflection (left) and normal force (right) values as a result of tensile 

stresses at the bottom 

 

9.2.4 Load combination UlS3 

In the ULS combination 3, the largest distributed normal force is created:  

 

ULS3=1.5*dead load+0.0*wind load+1.65*instantaneous live load 

 

Though this combination creates a large distributed normal force, the largest absolute 

value is obtained at the right hand side in ULS1. This is because of the wind load and the 

load factor of 1.65 in this combination. The fact that wind load isn’t included in ULS3 is 

clearly visible in Figure 70: the colour lines are nearly horizontally.    
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Figure 70 Load combination ULS3, ny distribution of wall 5 

 

In Figure 71 a more detailed view of the bottom of wall 5 is depicted. It’s clearly visible 

how the normal force flows around the openings (distribution between blue and green). 

The red areas show bending above the openings. At the left hand side, a normal force of 

16.6N/mm2 is obtained at the second floor. In the centre this increases to 23.4N/mm2. At 

the right hand side, a normal force of 18.3N/mm2 occurs at the third floor. The two dark 

blue columns at the lobby are stressed by 24N/mm2 of normal force. 

 

 
Figure 71 Detailed view of load combination ULS3, ny distribution of wall 5 
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While ULS1 contains the highest absolute value, it can be concluded that the distributed 

stresses of ULS3 are higher.  

 

9.2.5 Conclusion 

Although this section only provides a glimpse of all the forces and stresses in the 

structure, a small insight is provided in the differences between the four load 

combinations. For an actual structural design, this will not be enough, but since these 

values aren’t shown in any other calculation, this section was created.  

 

From the results it may be concluded that there are some inaccuracies between the 

calculated loads and the reactions at the foundation. This difference is created by a 

modelling technique: to incorporate the spring between the perpendicular wall elements 

a small notch is removed. As a result, the load isn’t applied at this small notch.  

 

Only in ULS2 a tensile force is encountered at the outer fibre. The combination of events 

leading to this load combination are highly unlikely, but the requirements should be 

satisfied. Due to this tensile force, a small concrete area will crack, resulting in a 

permanent loss of stiffness. A second calculation has shown that this reduced stiffness 

has nearly no influence on the force distribution and deflections. Therefore no additional 

measures are required. 

 

The other three load combinations ensure that all the elements are loaded with 

compression (except the tension force above and beneath the openings in all the 

combinations). This compression stress may go up to 23.4N/mm2 at load combination 

ULS3. Due to the lobby, the columns at the right hand side are loaded with a maximum 

stress of 33.8N/mm2, which is considerably smaller than the resistance (fcd=60N/mm2).  

 

9.3 Deformations 

The deformations of the structure are often decisive in high-rise design. Due to the 

reduced stiffness of the precast connections, the deformations become even more 

important. In this section the deformations of the precast model will be analysed and 

compared with the monolithic model. Also the effects of the foundation and wall 

reduction discussed during the cycle time will be analysed. Based on the results, 

quantitative conclusions will be formulated. 

 

9.3.1 Model scheme 

For this analysis, the final two models are used: a precast and monolithic structure with 

wall openings and a foundation. A mesh size according to the height is applied, resulting 

in mesh elements of 750mm at the bottom section and 1500mm at the top section. In 

section 7.6.2 it was already discussed that the mesh size has nearly no influence on the 

deflection since the deflection is the primary unknown variable. Concrete class C90/105 

is used with Ex=Ey=29333 N/mm2. Due to the large forces in the lintels above the door 

openings, the concrete section is likely cracked, resulting in a reduced Young’s modulus 

of Ex=Ey=14667 N/mm2 (see section 7.4). The normal stiffness is equal to the 

surrounding concrete: ky=7.33*108kN/m/m. The shear stiffness is constant over the 

building height and width and is based on a compression stress of 25N/mm2 and a slip 

value of s=0.4mm: kx=1.44*107kN/m/m. In section 7.8.2 and 7.8.3, the normal and 

shear stiffness are discussed in more detail. The normal stiffness of the foundation is 

based on the applied diaphragm walls: kz=6.97*105kN/m. The horizontal stiffness of the 

foundation is set at: ky=kx=1*107kN/m (no horizontal deformation). The monolithic 

model is created without interface elements (see section 7.5) and therefore no stiffness 

has to be entered. Both models are loaded by a non-uniform wind load (the wind load 
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increases with the building height), dead load and live load as described in 5.2 and 5.3. 

SLS1 is applied as load combination, since only the deflections are calculated (see section 

5.5).  

 

9.3.2 Results of the models 

In Table 15, the deflections of the following three different models are depicted: 

 

1. Precast model in the x and y-direction, 

2. Monolithic model in the x and y-direction, 

3. Monolithic model of Zonneveld ingenieurs in the x and y-direction. 

 

Table 15 Deflections of the models 

Model ex  ey  

 [mm] [mm] 

Precast model 321.6 292.2 

Monolithic model 309.0 289.1 

Monolithic model Zonneveld 305 244 

 

In Figure 72 the deflection of the final precast model with foundation is shown in the x-

direction. The top deflection is within the limit of (National Annex of NEN-EN 1990):  

 

umax=h/500=202.25*103/500=404.5mm 

 

The original monolithic design of Zonneveld ingenieurs had a top deflection of 305mm in 

the x-direction (see Figure 74 or the literature study), which is only 5% smaller than the 

precast design. The monolithic design made in this thesis has a top deflection of 

309.0mm (see Figure 72), providing a reduction of 4% with the precast model. The 

deviation between the two monolithic models can be explained by the different concrete 

strength class, loads, FEM-program and modelling methods which are used. 
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Figure 72 Deflection of the final precast (left) and monolithic (right) model with 

foundation in the x-direction 

 

In the y-direction, the deflection of the precast model is slightly smaller: 292.2mm (see 

Figure 73). The reduced deflection (9%) with respect to the x-direction can be explained 

by the increased stiffness: three walls of 400mm versus two walls of 500mm. The three 

walls in the y-direction result in a total thickness of 1200mm, which is 20% more than 

the 1000mm in the x-direction. 

 

When the precast design in the y-direction is compared with the monolithic design made 

in this thesis, the difference is only 0.4%: they are nearly identical. The difference 

between the precast design of this thesis and the monolithic design of Zonneveld 

ingenieurs is considerably larger: 16%. The reason for this larger difference originates in 

how the model of Zonneveld ingenieurs is crated and will be examined in more detail in 

the next paragraphs.  
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Figure 73 Deflection of the final precast (left) and monolithic (right) model with 

foundation in the y-direction 

 

In the monolithic model made in this thesis, the difference in deflection between the x 

and y-direction is 19.9mm. This is a difference of 7%, which is slightly smaller than the 

9% difference of the precast model. This small deviation between the two values is 

probably created by the connection between the vertical walls: at the precast wall they 

are only connected at a small area at the top and bottom of the element while the walls 

in the monolithic model are connected over the entire length.  

 

The monolithic model made by Zonneveld ingenieurs has a deflection of 305mm in the x-

direction and 244mm in the y-direction, resulting in a difference of 20%. This percentage 

is identical to the increased stiffness of the walls (1000mm to 1200mm). Why the 

differences in the precast and monolithic model made in AxisVM are only 9 and 7% can 

be explained by how the model of Zonneveld ingenieurs is made. In Figure 74 two large 

openings can be seen at the right hand side (the x and y-direction haven been reversed), 

while all the drawings and models made in AxisVM only contain one opening22. Therefore 

the difference between the x and y-direction will decrease to values comparable with the 

AxisVM results if only one opening is examined in the Zonneveld ingenieurs model. 

 

With the reduced value in the x-direction, the deformations of the model made by 

Zonneveld ingenieurs are considerable smaller than the deformations of the monolithic 

model made in this thesis. The cause for this difference lies mainly within the distribution 

of openings (the models made in this thesis contain more openings).  

                                           
22 The drawings on which this thesis is based are more recent than the drawings on which the 
model of Zonneveld ingenieurs is based. 
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Figure 74 Deformations of the model of Zonneveld ingenieurs [Zonneveld 

ingenieurs 2004] 

 

Besides the separate x and y-direction in the precast model, also a combination of the 

two directions has been examined. What happens if the building is loaded by 50% wind 

load from the x-direction and 50% from the y-direction? In this situation the orientation 

of the stability structure changes relative to the load, resulting in a less stiff structure. To 

obtain the top deflection, the following formula is used: 

 

                        
        

                             

 

This combination value is considerably lower than maximum deflection in the x or y-

direction and is therefore not leading.  

 

Aside from the wind load, the dead load of the structure and the live floor load also play 

an important role in the top deflection. Due to only dead and live floor load, the structure 

deflects 14.7mm in the x-direction and 21.2mm in the y-direction (see Figure 75). These 

deflections can be explained by the large openings in the walls at the lobby and the 

asymmetrical wall openings over the height of the building. To prevent deflections by 

dead load, the elements and columns can be given a small additional length at the side 

which deforms more. It’s also advised to make the elements slightly larger since they 

shrink due to the dead load (elastic deformation and creep) and because of dehydration 

(shrinkage). As depicted in Figure 75, the building will be 57.6mm shorter than designed 

at the top because of elastic deformation. The creep and shrinkage effects aren’t 

calculated and therefore this value will increase. 
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Figure 75 Horizontal deformation (left) and vertical deformation (right) due to 

dead load 

  

For the deflections a different shear stiffness is used in the horizontal connections: 

kx=1.44*107kN/m/m instead of kx=5.76*106kN/m/m (see section 7.8.3). The stiffness 

has increased since a different slip value is applied: s=0.4 instead of s=1.0mm. As a 

result, the deflections of the precast model decrease with 3mm in the x and y-direction. 

This low reduction of the deflections can be explained by the already high stiffness 

values, resulting in a low sensitivity for changes. Furthermore, the model is mainly 

dominated by bending deformation and increasing the shear stiffness has nearly no 

influence.  

 

9.3.3 Influence of the foundation 

The foundation plays an important role in the total deflection of the building. During 

preliminary design, it is often assumed that one-third of the total deflections is caused by 

the foundation. A simple way to incorporate the foundation into the design without any 

knowledge of the foundation is to limit the maximum deflections from umax=h/500 to 

umax=h/750. In a later stage, when a preliminary design is made for the foundation, the 

deflections because of the rotation can be calculated. By using an very stiff foundation 

(kx=ky=kz=1E+7), the influence of the foundation can be examined. Figure 76 shows the 

deflection with a very stiff foundation. From the original 321.6mm, the deflection has 

been reduced to 257.5mm, which is a reduction of 20%. This is considerable lower than 

the first estimation of 33%. The large diaphragm walls with a length of 60m, which are 

required for the load bearing capacity, provide a very large stiffness and ensure a small 

rotation in the foundation.  
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Figure 76 Deflection of the final precast model without foundation in the x-

direction 

 

In the y-direction, the difference is 18% between the model with and without foundation. 

The values of the monolithic model are in the same order of magnitude (18% in the x-

direction and 17% in the y-direction).  

 

The influence of the foundation will diminish even more in the actual design because the 

foundation slab and diaphragm walls around the circumference aren't included in this 

model (see section 7.11).  

 

9.3.4 The influence of the wall reductions 

During the design and analysis of the Zalmhaven tower, only a wall reduction of 500 to 

400mm at wall 4 and 5 at level 27 was considered. During the examination of the cycle 

time, two additional wall reductions will be considered: from 400 to 300mm at wall 4 and 

5 at level 45 and from 400 to 300mm at wall 1, 2 and 3 at level 27. As a result, the mass 

is reduced and a shorter vertical transport time is obtained. These two wall reductions 

aren’t taken into account in the structural analysis, but in this section it will be 

determined what the effects are on the deformation. In Figure 77 the deflection in the x-

direction is shown: 327.1mm, which is 1.8% larger than the value of Table 15. In the y-

direction the deflection is 1.2% larger. It may be concluded that while the wall reductions 

are considerable, the increase of deformations is nearly negligible. This is because the 

top deflections are mainly based on the stiffness at the bottom, which isn’t affected by 

the wall reductions. 
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Figure 77 Deformation in the x-direction with wall reductions 

 

9.3.5 Conclusion 

From the previous sections it may be concluded that the deflections in the x and y-

direction of the precast model are within the limit of umax=h/500=404.5mm. The 

deflections are respectively 321.6mm and 292.2mm. Besides the precast model, also a 

monolithic model has been examined: 309.0mm in the x-direction and 289.1mm in the 

y-direction. These values are respectively 4 and 0.4% lower than the precast values. The 

reductions are very small and it may be concluded that the deformations of a precast 

structure with a masonry configuration and open vertical joints is nearly identical to a 

precast structure. Besides these two models, also the original design of Zonneveld 

ingenieurs was considered. Since this model contains several differences (mainly the 

openings), the result are less comparable.  

 

Besides the separate directions, also a combination has been analysed: 50% wind load 

from the x-direction and 50% from the y-direction. The resulting deformation was only 

229.3mm and is therefore not leading.  

 

The dead load and live floor load also affects the deflection of Zalmhaven tower since 

there are large openings in the structural walls at the lobby and because the wall 

openings aren’t distributed symmetrically over the height. As a result, the precast model 

will deflect 14.7mm in the x-direction and 21.2mm in the y-direction. To prevent 

permanent deflections from the dead load, slightly longer elements and columns can be 

applied. The dead load and live floor load also ensure a vertical reduction in height due to 

the compression force. The top floor will be 57.6mm lower than designed. Also this 

phenomenon can be counteracted by slightly longer elements. 

 

During the preliminary design it’s often assumed that a third of the top deflection is 

created by the rotation of the foundation. By comparing a model with the actual 

foundation stiffness to a model with a very stiff foundation, the effect of the foundation 
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could be analysed. The result show that at the stiff foundation of the Zalmhaven tower 

only increase the top deflection with 18% or 20% (x and y-direction). This is 

considerable lower than the assumed 33% in the preliminary stage. 

 

By reducing the wall thickness at level 27 and 45, the costs and construction time are 

reduced. Since the top deflection is mainly based on the stiffness at the bottom, the wall 

reductions have a negligible effect.  

 

The shear stiffness applied at the deformation calculations has nearly no influence on the 

results (the reduction is only 1%). The additional required work to change all the 

stiffness parameters of the horizontal connections isn’t compensated by a large 

reduction. This is because the original high stiffness isn’t sensitive to changes and the 

model is mainly dominated by bending deformation. Therefore it can be concluded that 

applying slip value of s=0.4 instead of s=1.0mm is not required. 

 

9.4 Second order effects 

As a result of the first order wind deflection, the building mass is shifted away from the 

centre of gravity. Due to the distance between the mass and centre of gravity, a moment 

is created, which results in a second order deflection. Due to this second order deflection 

an additional third order moment is created. The higher order deflections decrease 

rapidly and therefore only the first and second order deflections are calculated. Usually 

the second order effects are small (smaller than 10%), but in extreme cases a high 

second order effect may lead to structural failure. In the preliminary design stage the 

effects can be calculated with simple formulas, providing insight in the behaviour of the 

structure. After the calculation model is created, the assumed second order effects have 

to be verified. This section will start with the second order calculation already made in 

the literature study.  

 

9.4.1 Hand calculation of the second order effects 

During the literature study the second order effects of the original design were examined. 

Since the structural layout hasn’t changed, the calculation is still valid. Due to the 

increased mass of the structure the magnification factor will increase. The following 

formula is used to obtain the second order effects: 

 
 

     

 
 

  
 

  

   
 

 

   
 

 

in which: 

Fcrit is the critical load which is used to calculate the second order effects, 

H is the building height, 

C is the rotation stiffness of the foundation, 

EI is the bending stiffness of the building, 

GA  is the shear stiffness of the building. 

 

With the values calculated during the literature study, the following critical force is 

obtained: 

 
 

     

 
     

          
 

      

                   
 

 

                   
                 

 

This results in Fcrit=11337417.4kN. Now the factor n can be calculated. Due to the larger 

mass, the new value will be smaller than the original value calculated during the 

literature study (13.37): 
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The magnification factor for SLS calculated in the literature was 1.08. The new 

magnification factor becomes: 

 

n/(n-1)=11.15/10.15=1.099 

 

The factor n for ULS can be calculated with (was 10.1 during the literature study):  

 

   
     

        

 
          

                           
      

 

The magnification factor for the ULS becomes n/(n-1)=8.45/7.45=1.13. In the literature 

study a value of 1.11 was obtained. 

 

The SLS magnification factor is within the limit of 10%, but the ULS factor is just outside 

the boundary. Since this preliminary calculation is based on estimations, a second order 

effect of 10% was assumed. To incorporate the second order effects in a linear 

calculation, the wind load is increased by 10%. The verification has to show whether this 

assumption is reasonable. It should be noted that increasing the wind load by the second 

order magnification factor may provide an accurate deflection value, but this also 

increases the horizontal load. Therefore the horizontal reaction force is overestimated by 

the second order factor. If a non-linear calculation is performed, this additional deflection 

is created by the eccentrically dead load, which doesn't create a horizontal reaction force.  

 

9.4.2 Verification of the calculated second order effects 

Since the calculations of the previous section only provide basic insight in the behaviour 

of the structure, a geometrical nonlinear-elastic static calculation was conducted. This 

calculation includes the second order deflection, geometrical imperfections of the 

structure and the computed response is nonlinearly related to the applied loads. 

 

First the second order effects are determined for the SLS. Only the x-direction is 

examined, since this direction contains the largest deformations (lower stiffness of the 

structure). To obtain the multiplication factor for the second order, the deformation of 

the geometrical nonlinear calculation is divided by the linear deformation: 

 

                           
 

   
 

  

  

 
     

     
      

 

This factor is 0.03 lower than the value calculated in the previous section. During the 

preliminary calculations, a second order effect of 1.1 was assumed instead of 1.07 

because of uncertainties. After the nonlinear calculation it may be concluded that the 

deformations are overestimated due to this decision.  

 

The second order effects were also examined in the ULS. For this comparison ULS1 (see 

section 5.5) is used and only the x-direction is analysed. The following magnification 

factor in ULS is obtained: 

 

                           
 

   
 

  

  

 
     

     
             

 

The ULS magnification factor is just within the limit of 10% and the assumed value of 

1.13 during the preliminary stage is too large. While the deformations are slightly 

overestimated because of the second order effects, the forces in the elements aren’t. 
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The fact that the SLS and ULS factor calculated by AxisVM are lower than the values of 

the hand calculation can be explained by the more exact calculation. For example, the 

foundation stiffness and the stiffness of the structure are based on estimations in the 

hand calculation.  

 

An important remark should be made: the second order calculation is performed with the 

original model which contains the second order effect already in the wind load. Therefore 

the first order deflection is 10% too large (there is a linear relation between the wind 

load and deflection), resulting in a larger second order moment. Therefore the second 

order effect is slightly overestimated. A second overestimation is made by the 

geometrical imperfections included in this analysis. According to section 5.2 (3) of NEN-

EN 1992-1-1, this isn't required for the SLS, only for the ULS. Therefore the actual SLS 

factor will be reduced even more. Another second order calculation is required to 

examine the magnitude of the two overestimations. Since a smaller second order effect 

won't have any negative influence on the results, this will be reserved for a future 

optimisation phase which is not included in the thesis.  

 

9.4.3 Conclusion 

After the FEM verification calculations, it can be concluded that the second order effects 

are smaller than 10%: in SLS the magnification factor is 1.07 and in ULS 1.10. Since a 

magnification factor of 1.10 was assumed in the preliminary phase (applied at the wind 

load), the deformations are slightly overestimated. As a result, more safety is available in 

the SLS, which may be beneficial during the optimisation phase. In the ULS, the load on 

the elements increases due to the additional second order moment. The calculated value 

is almost identical to the estimated value applied in the wind load and therefore no 

additional safety is available above the already applied safety factors.  

 

It should be noted that the second order effects calculated by AxisVM are slightly too 

large: the calculation is performed with the original model including a 10% larger wind 

load. During the optimisation phase another second order calculation should be 

performed without the increased wind load. 

 

9.5 Shear lag 

The Euler-Bernoulli beam theory is often used for beam analyses and is based on two 

important assumptions: the material is linear elastic and plane sections remain plane. 

According to these assumptions, stresses as a result of bending should be linearly 

distributed, as shown in Figure 78 (a). However, this assumption only holds when there 

is no shear force in the beam or when the beam has an infinite shear stiffness. In reality, 

a shear force is always present in combination with a finite shear stiffness. Therefore the 

beam will always be subjected to shear deformation. Because of this shear deformation, 

the longitudinal deformation in the centre of the beam will lag behind the longitudinal 

deformation at the outer fibre of the beam and the stresses increase quadratically 

instead of linear. In Figure 78 (b) an example is given of a stress distribution subjected 

to shear lag. Due to these stress concentration areas near the outer fibre of the beam, 

problems might occur with the resistance of the used materials.  
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Figure 78 Axial stress distribution in a beam structure: (a) no shear lag: (b) 

shear lag [Kwan, 1996] 

 

Therefore several models will be analysed to examine the effects of shear lag: 

 

 a precast 2D wall without any openings, 

 a precast 2D wall with openings, 

 a precast 3D model without openings, 

 a precast 3D model with openings. 

 

During the literature study it was already concluded that the strength class of the 

concrete has a small effect on the amount of shear lag. Besides the strength class, the 

foundation also plays an important role in the shear stress distribution. This will 

elaborated in more detail in the following sections. 

 

9.5.1 Shear lag in a precast 2D wall without openings 

The first wall which will be examined is the precast 2D wall without openings. The 

element configuration is based on wall 4 of section 4.3.2. The normal stiffness is identical 

to the surrounding concrete (see section 7.8.2) and a high shear stiffness (see section 

7.8.3) is applied at the horizontal connections. The vertical connections are left open. 

Furthermore, a mesh size according to the height is used (250mm at the bottom and 

750mm at the top, see section 7.6.2). At first the wall is clamped at the foundation. 

When the wall is loaded by wind, Figure 79 is obtained.  
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Figure 79 Force distribution as a result of wind load in a 2D precast wall without 

openings (stiff foundation) 

  

The increase of reaction force towards the outer fibres is clearly visible. When a linear 

distribution is considered23, it can be calculated that the reaction force increases with 

23% at the outer fibre due to shear lag. The shear lag effect is also visible at the normal 

force distribution due to dead load. In Figure 80 the normal force increases with 29% 

towards the edge of the structure.  

 

 
Figure 80 Force distribution as a result of dead load in a 2D precast wall without 

openings (stiff foundation) 

 

The previous two figures used a stiff foundation as support. When the actual foundation 

stiffness of kfoundation=697190kN/m is entered (see section 7.11), the shear lag effect 

changes considerable. Figure 81 depicts a nearly linear distribution and the normal force 

as a result of the wind load only increases with 4% due to shear lag. 

 

                                           
23 Based on the section forces at the foundation, the linear distribution can be obtained. 
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Figure 81 Force distribution as a result of wind load in a 2D precast wall without 

openings 

 

This difference can be explained by the stiffness of the foundation. When a stiff 

foundation is applied, the peak forces near the edge are absorbed without deformations: 

the corner is able to take up large forces. When the stiff foundation is replaced by the 

actual foundation, small deformations may occur, resulting in a redistribution of the 

forces. This redistribution is also visible in Figure 82. At the edge, the normal force only 

increases with 5% due to shear lag. 

 

 
Figure 82 Force distribution as a result of dead load in a 2D precast wall without 

openings 

 

9.5.2 Shear lag in a precast 2D wall with openings 

When the openings are added to the precast 2D wall, the distribution of forces changes 

noticeable compared to the wall without openings. Figure 83 shows a large disruption on 

the right hand side of the foundation. Due to the openings, the linear distribution of 

forces is slightly affected, increasing the shear lag effect.  
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Figure 83 Force distribution as a result of wind load in a 2D precast wall with 

openings (stiff foundation) 

 

The large disruption at the lobby has almost disappeared in Figure 84. Due to shear lag, 

the normal force as a result of wind load increases with 6%. This is slightly more than 

the 4% of the closed model in Figure 81 and this difference is created by the non-linear 

distribution. 

 

 
Figure 84 Force distribution as a result of wind load in a 2D precast wall with 

openings 

 

In Figure 85 the normal force as a result of dead load is shown. Again a peak force area 

can be distinguished on the right hand side of the stiff foundation model. By replacing the 

stiff foundation by the actual foundation this peak area is reduced. At the corners, the 

normal force increases with 7% due to shear lag. This value is slightly larger than the 5% 

of Figure 82. 
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Figure 85 Force distribution as a result of dead load in a 2D precast wall with 

openings and stiff foundation (left) and actual foundation (right) 

 

9.5.3 Shear lag in a precast 3D model with and without openings 

The distribution of forces obtained at the precast 2D wall with and without openings also 

holds for the 3D model. Figure 86 shows the normal force distribution due to wind and 

dead load in a 3D model without openings and a stiff foundation. The shear lag effect is 

clearly visible.  

 

  
Figure 86 Force distribution as a result of wind load (left) and dead load (right) 

in a 3D precast model without openings (stiff foundation) 

 

Modelling the actual stiffness ensures that the normal force due to wind load only 

increases with 7% at the outer fibre of the structure as a result of shear lag. The dead 

load increases with 8% due to shear lag. In Figure 87 the results are depicted.  
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Figure 87 Force distribution as a result of wind load (left) and dead load (right) 

in a 3D precast model without openings 

 

When the 3D model with openings is considered, several disruptions can be distinguished 

in Figure 88. Just as with the 2D wall with openings, the disruptions almost disappear 

completely when the actual stiffness is entered in the model, see Figure 89.  

 

 
Figure 88 Force distribution as a result of wind load (left) and dead load (right) 

in a 3D precast model with openings (stiff foundation) 

 

  
Figure 89 Force distribution as a result of wind load (left) and dead load (right) 

in a 3D precast model with openings 

 



126  Research report    Sven ten Hagen 

Modelling the actual stiffness ensures that the normal force due to wind load only 

increases with 8% at the outer fibre of the structure as a result of shear lag. The dead 

load increases with 10% due to shear lag.  

 

Al the models show an increase of forces of maximum 10% due to shear lag when the 

actual foundation stiffness is used. During the literature study it was noted that forces 

may increase up to 50%. The high shear stiffness of this structure (the masonry 

configuration in combination with the low amount of openings in the walls) ensures that 

the shear lag is limited at 10%. 

 

9.5.4 Conclusion 

When all the previous models are compared, it can be concluded that shear lag is mainly 

a problem at structures than contain a very stiff foundation and a low shear resistance. 

The models of the Zalmhaven tower show that compared to a linear distribution, the 

actual normal forces might increase up to 10%. This is very interesting, since the 

Zalmhaven tower is supported by 60m long diaphragm walls, which create a rather stiff 

foundation. Apparently, the stiffness isn’t too high to create large shear lag effects.  

 

A maximum shear lag effect of 10% is an acceptable value. It’s interesting to know how 

large this increase in force is, since a very large shear lag effect may endanger the 

capacity of the materials. The small disruptions that are still visible in Figure 89 will not 

be present at the end of the foundation. This is due to the distribution effect of the 

diaphragm walls underneath the foundation slab and structural walls. The diaphragm 

walls can be seen as structural walls in the ground without openings until a depth of 60m 

below NAP.   

 

9.6 Structural factor and acceleration of the building 

With the desire to construct higher buildings, the dynamic effects become more 

important. Taller buildings are more sensitive to wind load and vibrations induced by 

wind load may be experienced as uncomfortable by the occupants. Therefore 

requirements are included in the standards which limit the intensity of vibrations in the 

SLS. Besides the comfort requirements, the fluctuating wind load also has an effect on 

the maximum value of the loads: due to the dynamic behaviour of the building, the loads 

may be larger than the loads created by a quasi-static behaviour. To incorporate this in 

the standards, the quasi-static load is increased with a dynamic factor in the ULS: cd. If 

the requirements aren’t met or errors are made, large financial losses may be expected 

(structurally but also with respect to the comfort). 

 

During the literature study, the standards were analysed very thoroughly. Since no 

design was made, the existing monolithic design was examined. The calculations resulted 

in a structural factor of cscd=1.11 and an acceleration of atot=0.081m/s2. The structural 

factor is larger than 1, resulting in a magnification. Now that the design has been made, 

the results have to be verified.  

 

9.6.1 Verification of the structural factor cscd and acceleration atot 

In the literature study an extensive analysis of the structural factor and the acceleration 

can be found. In this chapter the most important findings of this analysis are 

recapitulated and the new structural factor and acceleration value are calculated. This 

section will start with the findings: 

 

 The mass of the building is one of the aspects which determine the frequency of 

the vibrations: a high mass results in a low frequency. In the NEN 6702 it’s 

allowed to use the dead load and instantaneous live load as building mass. In the 
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NEN 1991-1-4, only the dead load may be used (see Annex F.5 (3), μe). This is an 

interesting aspect since if there is no live load, there are also no occupants inside 

the building. Therefore no one will experience the vibrations. Besides this 

peculiarity, the dynamic factor does influence the load, also when there are no 

occupants inside. 

 The magnification factor Ф1 of NEN 6702 uses a damping value of D=0.02 for 

concrete buildings. When the accelerations are examined (Ф2), this factor is 

reduced to D=0.01 (if fe<1Hz). In NEN-EN 1991-1-4, the damping is described by 

the logarithmic decrement δ, which is 0.1 for concrete buildings. The damping 

value of NEN 6702 can be rewritten to a logarithmic decrement value by the 
following formula: δ=2*π*D=2*π*0.01=0.063. But the Eurocode uses δ=0.1, 

which is 59% higher the value from the NEN 6702. It may be concluded that the 

Eurocode utilises a higher damping value, resulting in a lower acceleration. 

 To calculate the structural factor, the first natural building frequency is required. 

Annex F2 of NEN-EN 1991-1-4 provides an easy equation to calculate the 

frequency (multi-story buildings with a height larger than 50m): n1=46/h [Hz]. 

But this easy equation is inaccurate, resulting in an incorrect structural factor. 

Therefore it’s advised to use the equation of NEN 6702, section A4:        . This 

equation incorporates more structural effects and provides a more accurate 

approximation of the natural frequency.  

 The load on the main load bearing structure is determined by the pressure 

distribution on the outer shell. This pressure distribution consists out of a wind 

trust multiplied by a form factor. In the NEN 6702 a form factor of 0.8-(-0.4)=1.2 

was applied regardless of the building seize. In the EN 1991-1-4, the form factors 

are depending on the slenderness of the building. For example: at a slenderness 

of h/d>5, a form factor of 1.3 has to be applied. Therefore the form factor 

increases with 8% at the Zalmhaven tower (h/d=202.25/30=6.74). 

 

With these aspects in mind and the structural values of the precast design, the new 

structural factor and acceleration can be determined. First the natural frequency will be 

calculated: 

 

               

 

in which: 

a is the numerical value of the oscillation acceleration, depending on the static 

system and distribution of the mass: a=0.384m/s2 

δ is the numerical value of the largest deformation of the structure as a result of the 

instantaneous load combination. 

 

The deformation δ can be calculated with the following equation: 

 

  
   

 
 

    

   
 

 

in which: 

M is the moment as a result of the dead load and instantaneous live floor load placed 

vertical24, according to the load combination of section 6.3.5.2 of NEN 6702: 

 

  
          

 
 

 

  
 

 
    

                                           
24 By placing the vertical load horizontally, a large deflection is obtained. The wind load isn’t 
considered in this calculation. 
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 in which: 

 Grep is the dead load 

  is the correction factor for the instantaneous live load 

 Qrep is the instantaneous live floor load. 

 

l is the height of the structure 

C is the rotation stiffness of the foundation 

EI is the bending stiffness of the structure. 

 

In appendix E.2, the calculation sheet can be found. According to this calculation, a 

natural frequency of fe= 0.151Hz is obtained. According to section A.5 of NEN 6702, this 

value may be multiplied by a factor (1+20/h): 

 
                                                     

 

This value is substantial lower than the value calculated using NEN-EN 1991-1-4, section 

F.2: 

 

   
  

 
 

  

      
         

 

As a result of the lower eigenfrequency, the acceleration and structural factor will 

increase.  

 

With the eigenfrequency, structural mass, building height and width, the structural factor 

and acceleration can be calculated. The calculation sheet which is used is shown in 

appendix E.2 and the following results are obtained: 

 

cscd=1.111, aparabolic,bending=0.050m/s2 and atorsion=0.062m/s2 
 

 

A parabolic mode shape is chosen for the bending acceleration since this provides the 

most accurate approximation of the behaviour of the Zalmhaven tower. The linear mode 

shape should be applied when shear deformation is leading instead of bending. To 

acquire the total acceleration, the bending and shear values have to be combined as 

following:  

 

                          
          

                          

 

At a frequency of 0.165Hz, the acceleration of 0.080m/s2 is allowable according to Figure 

90. At a frequency of 0.165Hz, the acceleration may go up to 0.18m/s2, but in practise 

the value is limited at 0.15m/s2 for residential high-rise buildings.  
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Figure 90 Comfort criteria for Dutch office buildings (1) and residential 

buildings (2) [NEN 6702] 

 

It’s an interesting aspect that a high-rise tower of 202.25m satisfies the requirements so 

easily since generally the accelerations are a leading aspect. The main reason for this low 

acceleration of the Zalmhaven tower can be ascribed to the structural material and the 

high dead load. The connections between the precast elements will also have a beneficial 

influence on the damping since they dissipate energy. It’s estimated25 that a precast 
structure may have a logarithmic decrement value up to δ=0.15 instead of δ=0.10. Since 

no research is available on this aspect to validate this assumption, the value of δ=0.10 is 

maintained. 

 

9.6.2 Conclusion 

During the extensive analysis of the NEN-EN 1991-1-4 in the literature study, several 

interesting aspects have been discovered. For example: 

 

 In the Eurocode it’s not allowed to incorporate the live floor load in the 

acceleration calculation. This is remarkable since if there is no live floor load, 

there are commonly also no occupants present. Adding the live load will reduce 

the acceleration with approximately 4% (depending on the parameters).  

 With the introduction of the Eurocode, the damping value D has been replaced by 
the logarithmic decrement value δ.  But a damping value of D=0.01 results in a 

59% lower logarithmic decrement value than assumed in the Eurocode. In other 

words: the Eurocode provides much more damping than the NEN 6702. 

 In the NEN 6702 an accurate set of equations is available to calculate the first 

natural frequency. In the NEN-EN 1991-1-4, this has been replaced by a very 

simple and inaccurate equation. Because of these properties, it’s advised to apply 

the equations of the NEN 6702. 

 A constant form factor of 1.2 was applied at the NEN 6702. By incorporating the 

slenderness, the NEN-EN 1991-1-4 provides more realistic values. For high-rise 

buildings, this often results in a higher form factor (1.3 instead of 1.2). 

 

 

                                           
25 This estimation is made by dr.ir. R.D.J.M. Steenbergen from TNO during a consult on the 
dynamic properties of the Zalmhaven tower. 
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9.7 Reinforcement design 

Until now, only global aspects have been discussed. In this section, two local aspects are 

examined: the reinforcement design of a lintel and a wall element. By choosing the 

correct location, an upper limit is obtained for the reinforcement design of all the lintels 

and wall elements.  

 

9.7.1 Location of the lintel and wall element 

Figure 91 shows the location of lintel and wall element. These two specific elements are 

chosen since they contain the highest representable moment and shear force. Therefore, 

the obtained reinforcement design will be an upper limit for all the other lintels and wall 

elements. To reduce the production costs of the elements, the reinforcement ratio may 

be decreased at a higher floor level until the practical reinforcement ratio is achieved26. 

Reducing the reinforcement ratio or concrete strength class is often more attractive than 

reducing the element thickness because of repetition. 

 

 
Figure 91 Location of the lintel and wall element 

 

9.7.2 Model scheme 

For this analysis, the final precast model is used with foundation. All the properties which 

have been assigned to the model can be found in 9.3.1 section. The only difference 

between the two model schemes is the load combination: the deflections are calculated 

in SLS while the reinforcement is calculated in the ULS. In this section load combination 

ULS1 will be applied: 1.3*dead load+1.65*wind load+1.65**live load (see section 5.5). 

                                           
26 The practical reinforcement ratio is higher than the minimal reinforcement ratio, which prevents 
brittle cracking. 
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9.7.3 Reinforcement design of the lintel 

The design will start with the lintel. Based on the FEM calculations, the lintel is loaded 

with the forces shown in Figure 92. The three diagrams are consistent with the 

deformation of the lintel. The lintel is 1250mm long, 750mm high and 500mm thick. 

 

 
Figure 92 Forces in the lintel 

 

The normal force in this lintel results in a compression stress of 2.23N/mm2.. Since the 

compression stress is relatively low compared with the shear force and bending moment, 

it’s assumed that there is no normal force during the shear force and bending moment 

calculations. As a result, the reinforcement calculation for this lintel will be conservative 

since the normal force has a positive influence.  

 

The bending moment in Figure 92 is determined at the end of the lintel. In reality, the 

bending moment might still increase at the wall (there is a minimal connection length). 

Therefore the moment is increased with 25% (comparable to a corbel). This results in a 

bending moment of 1210.3kNm. The shear force decreases towards the ends and is not 

increased by 25%. 

 

Bending moment reinforcement design of the lintel 

Figure 92 shows a linear bending moment distribution. Therefore the reinforcement has 

to be applied at the bottom and at the top of the lintel. Based on MEd=1210.3kNm, the 

reinforcement ratio can be determined with the GTB 2010 tables. Table “11.10 bending 

without normal force at a rectangular cross section” is used. 
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Properties for the calculation: 

 

 concrete strength class: C90/105, 

 environmental class: XC2, 

 minimum cover27: cmin=cmin,dur+Δcdev=25+5=30mm. 

 

With these values the effective height can be determined28: 

 

     
 

 
                   

 

 
                   

 

With table 11.10 of GTB 2010, the reinforcement ratio can be determined: 

 
   

    
 

      

           
               

 

This results in a minimum reinforcement area of: 

 
                                  

 

With 10xФ25 a reinforcement area of 4909mm2 is obtained (ρ=1.46%). In Figure 93 the 

reinforcement layout is depicted. Due to the minimal diameter of the curved stirrups 

(4*Фstirrup) , the corner reinforcement is moved to the centre of the lintel. The anchor 

length of the stirrups is minimal 10*Фstirrup=140mm. 

 

 
Figure 93 reinforcement layout of the lintel 

 

A total reinforcement ratio in the lintel of 2.92% is not very high for a building of 

202.5m. At the bottom lintels, reinforcement ratios up to 4% are applied in lower 

buildings. It may therefore be concluded that there are possibilities for further 

optimisation. For example: a lower concrete strength or thinner elements. 

 

                                           
27 Based on the structural class S4 and the national annex. 
28 3/2 is used instead of ½ since two rows of reinforcement are required. 
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Shear force reinforcement design of the lintel 

According to 6.2.2 of NEN-EN 1992-1-1, the shear force capacity can be determined with 

the following equation: 

 

                       
 

             

 

in which: 

VRd,c  is the shear resistance, 

CRd,c =0.12, 

fck is the characteristic compression strength, 

k  =   
   

 
     with d in mm, 

ρl =
   

   
     , 

Asl is the area of the tension reinforcement, 

bw is the smallest width, 

k1 =0.15, 

σcp =
   

  
       , 

NEd is the normal force in the cross section as a result of the load or pre-stress force, 

Ac is the area of the concrete cross section. 

 

When the capacity is lower than the present shear force, all the force has to be taken up 

by the shear reinforcement. The following properties are calculated: 

 

fck =90Mpa, 

k  =   
   

 
     

   

     
     , 

ρl =
    

         
       , 

σcp =
       

       
         . 

 

This results in the following shear capacity: 

 

                               
 

                                          

 

The capacity is much lower than the present shear force and shear reinforcement is 

required. Stirrups with a diameter of 16mm will be used. To determine the minimum 

distance between the stirrups, the following equation is utilised: 

 
   

 
 

   

          

 

 

in which: 

Asw is the area of the shear force reinforcement, 

s is the centre to centre distance of the shear force reinforcement, 

fyd is the calculation value of the yield strength of the reinforcement, 

z is the internal lever arm. When there is no normal force: z=0.9d, 

α is the angle between the compression diagonals: 1≤cotα≤2.5, 

VEd is the present shear force. 

 

The following properties are calculated: 

 

Asw =2*π*82=402.1mm2 (the 2 is added since one stirrup has two legs that cross the 

carck), 

fyd =435N/mm2, 

z =0.9*666.5=599.9mm, 
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α :1≤cotα≤2.5, 

VEd =1488*103N. 

 

With cotα=1 (45˚), the following centre to centre distance is obtained: 

 
     

 
 

        

           
           

 

When cotα=2.5 (21.8˚) is applied, a centre to centre distance is obtained of: 

 
     

 
 

        

             
            

 

In theory, the stirrup centre to centre distance may vary between 70.5 and 176.3mm. In 

practice the last value is commonly used in beams and lintels and this results in a shear 

reinforcement of Ф16-170. This distance complies with the maximum centre to centre 

distances of the stirrups stated in NEN-EN 1992-1-1, section 9.2.2 (6): 

 

sl,max=0.75d(1+cotα)=0.75*666.5*(1+0)=500≤300=300mm 

 

It should be noted that α now represents the angle between the stirrups and longitudinal 

direction of the beam: α=90˚. Besides the maximum centre to centre distance, the 

stirrups also have a maximum distance in the transverse direction (section 9.2.2 (8)): 

 

 st,max=0.75d=0.75*666.5=499.9mm≤600mm 

 

Also this requirement is satisfied since the transverse distance is: 

 

st=500-2*(30+8)=424mm 

 

According to section 9.2.2 (5), the minimum shear reinforcement ratio is:  

 

ρ
   

 
         

   

 
        

   
              

 

ρ  
   

   
 

     

       
                    

 

The final aspect which should be verified is if the resistance of the compression diagonal 

isn’t exceeded. This is an important aspect since a very small angle results in a large 

compression force. The concrete diagonal fails when the compression force is larger than 

VRd,max from equation 6.9 of NEN-EN 1992-1-1: 

 

        
α     ν    
         

 

 

in which: 

bw is the width of the lintel, 

z is the internal lever arm. When there is no normal force: z=0.9d, 

  is the angle between the compression diagonals, 

ν1 is the strength reduction factor for concrete cracked by shear force:  

ν1=0.9-fck/200>0.5, 

αcw is a factor to take the axial stress into account: αcw=1 for non prestressed 

structures. 
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With the National Annex, the following properties are calculated: 

 

bw =500mm, 

z =599.9, 

  =21.8˚, 

ν1 =0.9-90/200=0.45=0.5, 

αcw =1. 

 

This results in a resistance of the compression diagonal of: 

 

        
                  

       
               

  

The force in the diagonal is: 

 

             
   

    
 

    

       
                 

 

The compression diagonal fails and a larger angle has to be used. When an angle of 27˚ 

is applied, the stirrups require a centre to centre distance of s=130mm: Ф16-130. The 

resistance of the compression diagonal becomes: 

 

        
                  

         
               

 

The new force in the diagonal is: 

 

             
   

    
 

    

     
                 

 

The requirement is satisfied and stirrups of Ф16-130 are applied. These stirrups are 

relatively large, but for a 202.5m high building it's not unrealistic. The diameter of the 

stirrups can be reduced by applying internal stirrups, shown in Figure 94. 

 

 
Figure 94 Example of internal stirrups [NEN, 2011] 

 

A point of attention is the top opening in the centre stirrups at the left example of Figure 

94. This opening should be located in the compression zone. Since the moment reverses 

in the lintel (see Figure 92), the stirrups shouldn’t contain any openings (according to the 

wind direction the compression and tension zone alternate).  

 

When the total reinforcement volume in the lintel is divided by the volume of the lintel 

and multiplied by the volumetric mass, the amount of reinforcement per cubic meter of 

concrete is obtained: 292kg/m3. Values up to 450kg/m3 aren’t exceptional at the bottom 

lintels of high-rise buildings and there is room for optimisation.  
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9.7.4 Reinforcement design of the wall 

The reinforcement design of the wall element shown in Figure 91 is slightly different from 

the previous discussed lintel. Figure 95 shows the forces in the wall element based on 

multiple vertical section lines in AxisVM and the diagrams are consistent with the 

deformations of the wall element, see Figure 96.  

 

 
Figure 95 Forces in the wall element 

 

 
Figure 96 Deformation and forces in the wall element 

 

The shear force diagram nxy of Figure 95 shows a large peak value at the location of the 

vertical open joint. When the properties of the open joint are taken into consideration, 

this peak value can be explained easily: due to the lack of stiffness, the over and 

underlying dowel elements have to take up the vertical shear force. These forces are 

mainly transferred at the edge of two elements, resulting in a large peak value in the 

dowel element. When a section is made over the entire height exactly at the open 

vertical joint, only half of the elements are available to transfer the vertical shear force.  
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Bending moment reinforcement design of the wall  

The bending moment distribution of Figure 95 is non-linear and the reinforcement has to 

be placed at the bottom and at the top. The reinforcement calculation will be based on 

the bottom value of MEd=1370.7kNm. Since this is relatively low for an wall element, it 

was also examined if the transport would create a higher moment. Due to the dead load 

of 37.4kN/m a moment of 201.8kNm is created. This is considerably lower than the 

present moment and the transport isn’t governing. To obtain the reinforcement ratio, 

Table “11.10 bending without normal force at a rectangular cross section” of GTB 2010 is 

used. 

 

Properties for the calculation: 

 

 concrete strength class: C90/105, 

 environmental class: XC2, 
 minimum cover29: cmin=cmin,dur+Δcdev=25+5=30mm. 

 

With these values the effective height can be determined: 

 

     
 

 
                    

 

 
                  

 

With table 11.10 of GTB 2010, the reinforcement ratio can be determined: 

 
   

    
 

      

          
          

 

The lowest value of the table is 2100, which is far larger than the required value of 306. 

At 2100, a reinforcement ratio of ρ=0.49% is obtained. This low value seems plausible, 

but with the large concrete area a minimum reinforcement area is required of: 

 
                                 

 

With 10xФ32 a reinforcement area of 8043mm2 is obtained (ρ=0.54%). This is an 

enormous amount of reinforcement for a wall element which is mainly loaded by shear 

force. To accommodate this low bending moment, table 11.4 of C25/30 is used. Since 

this table contains a lower concrete strength, the reinforcement ratio is increased with 

25%: ρ=1.25*0.09=0.113%. This ratio is considerable lower than the minimum 

reinforcement ratio of: 

 

ρ
   

      
    
   

      
 

   
           

 

or the previous calculated value of ρ=0.54%, but due to low bending moment the 

element won’t fail at bending. The reinforcement ratio of ρ=0.113% results in a steel 

area of: 

 
                                  

 

With 6xФ20 a reinforcement area of 1885mm2 is obtained (ρmoment=0.126%). In Figure 

97 the reinforcement layout is depicted. Due to the minimal diameter of the curved 

stirrups (4*Фstirrup) , the corner reinforcement is moved to the centre of the lintel. The 

anchor length of the stirrups is minimal 10*Фstirrup=140mm. 

 

                                           
29 Based on the structural class S4 and the national annex. 
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Figure 97 Reinforcement layout of the wall element 

 

Over the height of the beam a horizontal mesh has been applied at both sides: Ф12-150. 

This mesh is required for the horizonat force (nx) and shear force (nxy). Over a height of 

0.2h this reinforcement may be incorporated in the tension reinforcement, but this will 

reduce the internal lever arm. With the horizontal net, the reinforcement ratio becomes: 

ρ=0.186%. 

 

Design of the horizontal and vertical net of the wall  

The design of the horizontal and vertical reinforcement net will be different from the 

shear force reinforcement design of the lintel. The vertical net will be based on ny* and 

the horizontal net will be designed with nx*. These two values are as following obtained: 

 

ny*=ny+|nxy| 

nx*=nx+|nxy| 

 

in which: 

ny  is the normal force per meter in the y-direction, 

nx is the normal force per meter in the x-direction, 

nxy is the shear force per meter. 

 

To obtain these values from the FEM calculation sections are used. In Figure 98 a section 

is depicted which provides ny and nxy. Because the sections integrate the forces over the 

length of the section, the horizontal sections, which are used to determine ny, have a 

length of 1m.  
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Since the shear force in Figure 95 shows a large peak at the centre, the wall element is 

divided into two areas:  the hatched areas of Figure 99 provide the base net and at the 

centre area reinforcement is added to accommodate the higher load. 

 

 
Figure 98 Sections for the vertical net of the wall element 

 

 
Figure 99 Division of reinforcement net 

 

For the base net, the hatched area on the right hand side provides the highest ny,d*: 

 

ny,d*= ny,d+|nxy,d|=10813.9+2615.5=13429.4kN/m 

 

This force is accompanied by a moment at the top and the bottom: 

 

Mtop,d=69.1kNm/m 

Mbottom,d=28,7kNm/m 

 

With these values and a column program of Zonneveld ingenieurs, the required 

reinforcement area can be calculated. It may be uncommon to use a column program for 

a wall, but a 1m strip of the wall is calculated, making the program very suitable to 

determine the reinforcement area. In appendix E.2.3, an overview is provided of the 

calculation. The calculation results in a minimum reinforcement area of 3087mm2/m. This 

is the total amount of required reinforcement and this value has to be divided by two to 
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obtain the area per side: As=1543.5mm2/m per side. With a net of 16Ф-125 a 

reinforcement area of 1608.5mm2/m is created.  

 

In the central area the following values are obtained: 

 

ny,d*= ny,d+|nxy,d|=10087.1+4873.3=14960.4kN/m 

Mtop,d=296.3kNm/m 

Mbottom,d=451.1kNm/m 

 

This results in a minimum reinforcement area of 3439mm2/m. Since this area already 

contains the base net of 16Ф-125, only a slight amount of reinforcement has to be 

added: As=(3439-3087)/2=176mm2/m. With a net of 10Ф-250, this value is easily 

obtained: As=314mm2/m. Applying 8Ф-125 is also possible (As=314mm2/m), but the 

difference in diameter is more than two steps (8-10-12-16) and is therefore not allowed. 

It’s also possible to reduce the centre to centre distance of the base net in the centre 

area from 16Ф-125 to 16Ф-100 (As=2011mm2/m>3439/2=1720mm2/m), but the 

production speed will be higher when a base net is applied and locally small bars are 

added.  

 

The two hatched areas of Figure 99 have a total vertical reinforcement ratio of: 

 

ρ
         

 
  

   
 

    

        
              

 

At the centre area this increases to: 

 

ρ
        

 
  

   
 

    

        
              

 

A base net of 16Ф-125 is relatively large and it isn't a standard net size. A standard net 

size is for example 12Ф-150. Therefore this net has to be made specific for this project at 

the factory. Since these high forces are still obtained at the 14th floor, the repetition will 

overcome this problem. Compared with a monolithic structure it may be concluded that a 

precast structure requires more vertical reinforcement: at the central area, the precast 

element requires a net of 16Ф-125 in combination with 10Ф-250. The monolithic model 

requires a net of 16Ф-140, which is a difference of 25%. The difference decreases to 

18% when not the applied reinforcement but the required reinforcement is considered.   

 

To obtain the horizontal net, again several sections have been made (see Figure 100). 

Compared with Figure 98, the division of forces in Figure 100 is more constant. 
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Figure 100 Sections for the horizontal net of the wall element30 

 

The lowest section provides the highest values: 

 

nx,d*= nx,d+|nxy,d|=227.8+3658.8=3886.6kN/m 

Mtop,d=48.6kNm/m 

Mbottom,d=67.6kNm/m 

 

This results in a minimum reinforcement area of 1000mm2/m in total. Per side this is: 

As=500mm2/m. With a net of 12Ф-150, this requirement is satisfied (As=755mm2/m). 

The following total reinforcement ratio is obtained in the horizontal direction: 

 

ρ
 
 

  

   
 

    

        
              

 

With the reinforcement net in x and y-direction and the moment reinforcement, the total 

reinforcement ratio can be determined: 

 

ρ
     

   ρ
      

 
  ρ

         
   ρ

        

 
 ρ

 
 

 

ρ
     

         
             

 
                  

 

A total reinforcement ratio of 1.24% isn't a very high value for a wall element at the 

bottom of a 202.5m high tower. It may be concluded that there is some room left for 

optimisation. Just as with the lintel, the amount of reinforcement per cubic meter can be 

determined. It should be noted that this is based on the previous calculated values and 

that the anchor reinforcement of the lintel isn’t included. The calculation provides 117kg 

steel per cubic meter of concrete. Often a minimal amount 120kg/m3 or more is applied, 

which confirms the assumption of the low reinforcement ratio (for example, at Het 

Strijkijzer they applied 250kg/m3 at the bottom section). 

 

                                           
30 Unfortunately, the shear force of the horizontal sections aren’t sown in this figure due to the 
element in front of it (the perpendicular wall). From top to bottom, the following values are 
obtained: 3657.1kN, 3657.0kN and 3658.8kN. 
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9.7.5 Conclusion 

After designing the reinforcement of a lintel and wall element, it may be concluded that 

the reinforcement ratios are slightly too low for a 202.5m high-rise tower. The material 

isn't used to its full capacity. This is mainly caused by the concrete strength class 

C90/105, which was applied to counteract the stiffness reduction of the precast 

connections. In section 9.3.2, it's concluded that the deflection of the precast model is 

only 4% larger, making the stiffness not leading. Therefore the concrete strength class 

may be lowered. A second possibility is to reduce the wall thickness. In the x-direction 

two walls of 500mm are applied, which is enormous. These two solutions can also be 

combined. When the wall thickness is reduced over the height (for example 500mm 

between level 1 and 26, 400mm between 27 and 44 and 300mm between 45 and 65), 

the stiffness isn't affected considerably, but the amount of concrete is reduced 

significantly. This also has a positive effect on the cycle times of the elements (see 

section 11.1.1.4). Unfortunately, the accelerations will increase when the mass at the top 

is reduced.  

 

When the reinforcement ratios of a precast and cast in situ element are examined, it can 

be concluded that the precast element requires 18% more shear reinforcement in the 

centre of the element (the location where the shear forces are introduced by the dowel 

action). At the sides, the reinforcement ratio remains identical.  

 

9.8 Verification of the Young’s modulus 

In section 7.4 of this thesis, a Young’s modulus of E=29333N/mm2 was applied for 

uncracked concrete and E=14667N/mm2 for cracked concrete. The Young’s modulus of 

cracked concrete is lower than that of uncracked concrete since the cracking reduces the 

stiffness. But are the applied values realistic? This is an interesting question since a high 

Young’s modulus results in a large stiffness and therefore attracts more forces. As a 

result, it may be possible that the large reinforcement area cannot be placed within the 

small lintel. Furthermore, if the stiffness is too high, the model will not behave 

comparable to the actual building. Therefore the Young’s modulus will be verified in this 

section. 

 

9.8.1 Calculation method 

There are two methods to calculate the actual Young’s modulus: the M-N-Kappa diagram 

or the fictitious Young’s modulus according to table NB1 of NEN-EN 1992-1-1. The first 

method is more complicated and time consuming than the second method. In 

determining the M-N-Kappa diagram, the external normal force NEd is kept constant and 

it’s examined which moment can be endured by the cross section in different loading 

stages. When the cross section is loaded until failure, the following stages can be 

distinguished:  

 

1. no tension in the concrete: σc=0, 

2. no tension in the reinforcement at the tension side: σs=0, 

3. the yield stress in the compression reinforcement is reached: 

σs,compres=fyd=435N/mm2, 

4. the strain limit of the concrete is reached: εc3=2.3‰, 

5. the yield stress in the tension reinforcement is reached: σs,tension=fyd=435N/mm2, 

6. the concrete cross section fails: εcu3=2.6‰. 

 
By examining all the stages, the bending stiffness (Eeff(∞)I) can be determined. Since the 

compression area is known, the Young’s modulus can be calculated. Applying this method 

is time consuming, but it provides accurate results. The fictitious Young’s modulus 

calculation of table NB1 only requires the tension and/or compression reinforcement ratio 

and provides quick results. Compared with the M-N-Kappa diagram, the fictitious Young’s 
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modulus values are more conservative. It should be noted that the fictitious Young’s 

modulus may only be applied when the cross-section is rectangular.  

 

In this calculation the second method will be applied since the results are conservative, 

but representative. In the final design an M-N-Kappa diagram should be considered, 

since it provides more accurate results.  

 

9.8.2 Verification Young’s modulus of the lintel 

In section 9.7.3 the reinforcement of the lintel was calculated. This resulted in a 

reinforcement ratio of ρtension=1.46% for the tension reinforcement and of 

ρcompression=1.46% for the compression reinforcement. The total reinforcement ratio is 

therefore ρtotal=2.92%. When the cross section is reinforced symmetrically and loaded by 

bending and a normal force, the following formula may be applied (αn≤0.5)
31: 

 

[3.10+470ρ+(51.0-170ρ)αn]103≥6400 

 

in which: 

ρ  =(Ast+Asc)/Ac, 

αn =
   

                  
, 

Ast is the reinforcement area at the tension side, 

Asc is the reinforcement area at the compression side. 

 

The value of αn depends on the normal force. In this section αn will be calculated for N=0, 

N=704.1kN (see Figure 92) and N=-1018.8kN (this is the largest tension force present in 

a lintel). When there is a tensile force in the lintel, αn will obtain a negative value 

resulting in a lower Young’s modulus.  

 

For N=0, αn=0. For N=704.1*103N, the following value is derived: 

 

   
   

                  

 
         

                            
         

 

For N=-1018.8*103N, αn=-0.04198. 

 

When there is no normal force (N=0) included in the calculation, the following fictitious 

Young’s modulus is obtained: 

 

Ef=[3.10+470*0.0292+(51.0-170*0.0292)*0]*103=16824N/mm2 

 

When the normal force is incorporated (N=704.1*103N), the calculation results in the 

following value: 

 

 Ef,comp=[3.10+470*0.0292+(51.0-170*0.0292)*0.02895]*103=18157N/mm2 

 

With a tension force of N=-1018.8*103N is applied, a fictitious Young’s modulus is 

acquired of (this value is only illustrative, see annotation 31): 

 

Ef,tension=[3.10+470*0.0292-(51.0-170*0.0292)*0.04198]*103=14891N/mm2 

                                           
31 This is actually the column formula which includes the contribution of the normal force (αn). 
Because of the symmetrical reinforcement and the normal force, this formula is applied. When 
beam formula is utilised, a fictitious Young’s modulus of 15337N/mm2 would be obtained, which is 
larger than the applied Young’s modulus of E=14667N/mm2. It should be noted that the column 
formula only holds for compression and that the fictitious Young’s modulus for tensions is only 
illustrative.  
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The three values are higher than the applied Young’s modulus of E=14667N/mm2. The 

fictitious Young’s modulus for compression will be an upper limit32 and the fictitious 

Young’s modulus for tension will be a lower limit. Since most lintels are loaded with 

compression, the stiffness will commonly have a value between 16824 and 18157N/mm2. 

The increase of stiffness between 16824 and 14667N/mm2 is 15%.  

Since the lintels have an influence on the deflection, a higher stiffness of the lintels will 

reduce the deflection (the lintels make the difference between two or three different walls 

or one continuous wall, see section 10.4.4 of the literature study). Therefore the obtained 

deflection values of section 9.3.2 are slightly overestimated.  

Due to the higher stiffness of the lintels, the forces in the lintels will increase. Since the 

reinforcement area in the calculation is always larger than required, this increase of 

stiffness should not provide any problems. To make sure the reinforcement area isn't 

insufficient, the largest stiffness of Ef,compression=18157 is applied at all the lintels. This 

value isn't representable for all the lintels, but with this method the largest forces are 

obtained, resulting in an upper limit. According to the new model, all the forces in the 

lintel increase with approximately 5%. As a result of the higher shear force (which is 

leading in the lintel design), the compression diagonal should be verified:  

 

             
   

    
 

    

     
                 

 

The lintel satisfies the requirements and no difficulties should be encountered by a higher 

force in the lintel. 

 

9.8.3 Verification Young’s modulus of the wall 

When the Young's modulus of the wall is verified, a problem occurs: there is almost no 

bending in the element and the reinforcement is mainly based on shear and normal force 

(compression). Therefore the reinforcement ratio is considerably lower than at the lintel. 

The following fictitious Young’s modulus is obtained (αn≤0.5)33:  

 

   
   

                  

 
             

                               
         

 

Ef,comp=[3.10+470*0.00685+(51.0-170*0.00685)*0.30068]*103=21304N/mm2 

 

This is considerably lower than the assumed value of E=29334N/mm2. Therefore a more 

elaborated method is required based on creep to calculate the exact value (see equation 

5.27 of NEN-EN 1992-1-1):  

 

        
   

      

 

 

Since 2/3rd of the original Young’s modulus is a good approximation for compressed 

concrete wall elements, the assumed value of E=29334N/mm2 is maintained.  

 

9.8.4 Conclusion 

At the start of the thesis a Young’s modulus value was assumed for concrete under 

tension (E=14667N/mm2) and under compression (E=29334N/mm2). After the 

reinforcement was designed for a lintel and wall element, the values could be validated. 

For the validation two methods are available: the M-N-Kappa diagram or the fictitious 

                                           
32 Most lintels have a lower compression force. 
33 The column formula is used because of the symmetric reinforcement and normal force.  
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Young’s modulus formulas. The M-N-Kappa diagram provides more accurate values, but 

the calculation is extensive and time consuming. Therefore engineers in practise 

commonly apply the fictitious Young’s modulus formulas, which provide a quick and 

conservative result. In a final design the M-N-Kappa diagrams may be considered, but in 

this thesis the fictitious formulas are applied.  

 

The validation of the lintel shows that assumed value is too low: the fictitious Young’s 

modulus will vary between 14891 and 18157N/mm2. As a result of the higher stiffness of 

the lintels, the deformations will decrease and the forces in the lintels will increase. 

Therefore an upper limit verification has been applied: all the lintels were given a Young’s 

modulus of 18157N/mm2. With the increased forces, the new required reinforcement was 

calculated. The calculated reinforcement remained below the applied value and a higher 

stiffness will not result in a failure of the lintel. 

 

The verification of the wall element resulted in a very low fictitious Young’s modulus of 

21304N/mm2. This is considerably lower than the applied value of 29334N/mm2. The 

small reinforcement ratio of the wall can be considered as the cause of this large 

difference. Since 2/3rd of the original Young’s modulus is an acceptable value for a 

concrete wall element under compression, this value is maintained. 

 

It can be concluded that the initial estimations were quite accurate and that the 

validation didn’t result in any adjustments. 

 

9.9 Evaluation concept 3 

In section 4.2.4 two concepts were considered for the load bearing structure: concept 1 

were the original layout is maintained and concept 3 were the original layout is 

supplemented by a facade tube. Due to the limited amount of time in this thesis and the 

extensive analysis of concept 1, concept 3 was never designed and modelled. Therefore 

concept 3 will be evaluated based on the obtained knowledge of concept 1.  

 

During the preliminary analysis it was concluded that concept 3 has the lowest dead load 

while the moment of inertia of the load bearing structure was considerable larger than 

that of concept 1. This is because the bundled tube system of concept 3 utilises its 

material far more efficient. Concept 3 will be evaluated on the same aspects as concept 1 

in this chapter: 

 

 The distribution of forces will not change considerably when the internal walls in 

combination with a facade tube are considered. This is because the underlying 

behaviour of the elements remains identical. Due to the larger openings in the 

internal walls (larger lintels), the flow of forces will be slightly more disrupted. The 

distribution of forces in the facade tube will be comparable to the structural walls, 

but the large amount of window openings will also create disruptions. 

 The absolute values of the forces in the internal structural walls will change since 

a considerable section of the load is taken up by the facade tube. Due to this 

more efficient structure the tension and compression forces will be smaller.  

 Aside from the smaller forces, the deformations will also be reduced. Since the 

stiffness isn't leading in the current design of concept 1, this may result in large 

openings in the structural walls. This will increase the flexibility, creating the 

possibility to combine two apartments as one (identical to Het Strijkijzer in The 

Hague).  

 The second order effect is based on the load, bending and shear stiffness of the 

structure and the stiffness of the foundation. The shear stiffness isn't leading and 

the foundation remains nearly identical. Because of the higher bending stiffness 

and lower mass, the second order effect will diminish. 
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 Shear lag occurs at structures with a finite shear stiffness. Because of the internal 

walls, the shear lag effect of the facade tube is reduced considerable. Due to the 

larger amount of openings, the shear lag effect in the internal walls will slightly 

increase (because of the openings, the shear stiffness is reduced). 

 The structural factor and building acceleration are two complex aspects. The exact 

behaviour is difficult to predict, but increasing the stiffness results in a lower 

building frequency and a lower frequency results in a smaller structural factor and 

acceleration. The building acceleration slightly increases because also the mass is 

reduced. Since the mass reduction is limited, the structural factor and building 

acceleration will reduce. 

 The reinforcement design will change due to the larger door openings (longer 

lintels) and smaller forces. By optimizing the wall thickness and concrete strength 

class, an economic reinforcement design is created. 

 

Besides the structural properties also the construction methodology is influenced. As a 

result of the facade tube, more structural connections are required. Since the structural 

walls and facade elements will be thinner and the maximum element length is limited to 

12m, multiple elements have to be transported per vertical transport movement to 

optimise this process. The hoisting shed itself may use the same system (supports on the 

end faces of facade elements) or the Erasmus MC system could be utilised (see section 

4.5.4). Considering the construction methodology, there are no large disadvantageous or 

advantageous attached to concept 3.  

 

From the previous evaluation it may be concluded that concept 3 is the best solution for 

the Zalmhaven tower. It should be noted that the architectural design will change 

considerably when the facade tube is applied. Furthermore, creating balconies at all the 

apartments will be challenging because this ensures that the facade element is 

interrupted at the door openings (no lintel at the bottom of the elements). In association 

with the architect, structural engineer, contractor and client, it has to be determined 

which concept provides the best results corresponding to the wishes. 

 

9.10 Conclusion 

In this chapter many structural aspects have been calculated, examined and compared.  

The goal of this chapter was to analyse the behaviour of the precast structure based on 

the distribution of forces, the value of the forces, the deflections, second order effects, 

shear lag, structural factor and vibrations. The distribution of forces is also represented 

by the reinforcement and by comparing the results of the precast and cast in situ 

structures, interesting conclusions can be made: 

 

 Despite the similar distribution of normal force, the local distribution of shear 

force is considerably different between a precast and monolithic model. This 

difference is created by the open vertical joint of the precast structure, which is 

unable to transfer any shear and normal forces. Due to this property, the forces of 

the element are transferred to the over and underlying dowel elements. By 

activating these elements, the shear force increases between the open vertical 

joints (only 50% of the original structural area is available). It may be concluded 

that the underlying behaviour of the elements is considerably different when it 

comes to shear forces and additional shear force reinforcement is required. 

 The previous mentioned shear force is transferred to the dowel element by a peak 

force in the connection point of the horizontal and vertical connection. This peak 

value is present because the shear force is concentrated by the linear calculation 

and smeared stiffness. It’s known of linear calculations that a large portion of the 

force is often transferred at the corners (last possible location without 

redistribution) and by neglecting important mechanisms of the connection (non-

smeared stiffness and starter bars) the forces remain concentrated. Therefore this 
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peak value may be smoothened in the actual design. A non-linear calculation in 

combination with the actual connection behaviour should determine the exact 

reduction of this peak value. 

 When the deflections are considered, a stiffness reduction between 0.4 and 4% is 

obtained for precast concrete, depending on which direction of the Zalmhaven 

tower is considered. This stiffness reduction is significantly low and can be 

explained by three important aspects: the high Young’s modulus of the concrete, 

the stiff behaviour of the masonry element configuration and the high slenderness 

of the tower. By using the masonry element configuration, the dowel elements are 

activated which have a stiffness equal or higher than traditional vertical 

connections. The high slenderness ensures that the elements are mainly loaded 

by bending. As long as all the connections are loaded by compression, the normal 

stiffness is equal to the surrounding concrete, approximating the stiffness and 

strength of a monolithic structure. 

 Precast concrete also influence the damping of the structure. Due to the high 

amount of connections more energy is dissipated, providing a higher damping 

value. It’s estimated that the damping value may be up to 50% higher. Since very 

little is known on the exact behaviour of the damping value and currently no 

research has proven this assumption, the values provided by the standards should 

be maintained.  

 

Besides the comparison between precast and cast in situ concrete, multiple aspects of 

the precast design have been examined which are worth mentioning: 

 

 The influence between the foundation and top deflection for the Zalmhaven tower 

has been analysed. Commonly it’s expected that the foundation creates 1/3rd of 

the total deflection, but the analysis provided values between 18 and 20%. This 

reduction is created by the very stiff diaphragm walls with a length of 62.3m. 

 When the structure has a finite shear stiffness, shear lag occurs. Due to the 

stiffness of the foundation, the negative effects of shear lag are reduced 

considerably: the shear lag effect is limited to a maximum of 10%. 

 Despite the height of 202.25m, the acceleration of the building due to cyclic wind 

loading remains comfortable within the boundaries. These low values are created 

by the enormous dead load of the structure and the high damping values of 

concrete (the damping values for concrete buildings in the NEN-EN 1991-1-4 are 

59% higher than the values of the NEN 6702. The difference is slightly diminished 

by other factors). 

 When the reinforcement ratios at the bottom of the Zalmhaven tower are 

examined, it may be concluded that the values are too low. Since the deflections 

aren’t leading, the concrete strength class or concrete thickness may be reduced 

to optimise the design.  

 The evaluation of concept 3 reveals multiple benefits and several 

disadvantageous. In consultation with architect, structural engineer, contractor 

and client, it has to be determined which concept provides the best results 

corresponding to the wishes.   

 

The previous conclusions have shown several aspects on which a precast structure 

distinguishes itself from a monolithic design. It may also be concluded that there is still 

room for optimisation and that this current design isn’t finished.  
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10 Dimensional control 
Dimensional control is becoming more important with the increasing amount of 

prefabrication. With precast concrete lower tolerances can be achieved, but the freedom 

to adapt has been reduced compared to cast in situ structures. To maintain an 

economically viable process, it has to be prevented that elements won't fit. When the 

dimensional deviations are within the tolerances and the connections are designed to 

absorb the dimensional deviations, the structure can be easily assembled without delays 

and unwanted modifications.  

 

But what is dimensional control, who is responsible and how do the standards define 

tolerances and deviations? Furthermore, how are the deviations controlled, on a local or 

global scale?  

The goal of this section is to approach the deviations and tolerances from the basis. By 

examining this specific for a precast high-rise building, it can be determined whether the 

traditional solutions will result in problems. This is interesting since the large number of 

separate precast elements may require a different technique. 

 

In section 10.1 the dimensional control will be discussed in more detail. How the 

standards define tolerances and deviations is described in section 10.2. In section 10.3 

it’s examined whether the deviations have to be controlled locally or globally. This 

chapter on dimensional control ends with a conclusion in section 10.4. 

 

In the creation of this chapter the following three articles have been used [Hoof, 1997A], 

[Hoof, 1997B] and [Boonekamp, 1979].  

In this chapter only a small insight is given on the phenomenon dimensional control. 

More information on this subject and the possibilities of computer aided dimensional 

control can be found in the following two dissertation reports: [Hoof, 1986] and [Wu, 

2002]. 

 

10.1  Dimensional control 

Dimensional control in the building industry can be defined as the operational techniques 

and activities that are necessary for the assurance of the dimensional quality of a 

building [Hoof, 1986]. Together with the material quality and its quality control, the 

dimensional control will have a direct impact on whether or not the building will perform 

or operate as designed. But before the dimensional control can be discussed in more 

detail, a different aspect has to be evaluated first: dimensional deviations. A dimensional 

deviation can be explained as the difference between a target size and the measured size 

and the phenomena can be approached in two ways: from the cause and from the effect. 

 

10.1.1  The cause of dimensional deviations 

The most important cause of dimensional deviations are human actions. The inability to 

make something perfectly is simply an irrefutable fact and a deviation of 0mm is 

impossible. This means that at the allocation of the measurement points, the adjustment 

and manufacturing of the element, no size is perfect. Besides the human actions, tools or 

other equipment (for example the falsework and formwork) may also result in deviations. 

Because after all, these components have also been made by humans.  

A second cause of deviations are the changing physical conditions to which the elements, 

entire structure but also the equipment is exposed or subjected to. Examples of different 

physical conditions are temperature, relative humidity and load. 

Final, also a variation occurring in the applied material over time can cause dimensional 

deviations. These deviations are inevitable and not the occurrence but only the size can 

be influenced by adjusting the working method, equipment, materials, loads or care.  

 



Sven ten Hagen          Research report  149 

When the dimensional deviations of multiple equal elements are plotted, a normal or 

Gaussian distribution is obtained.  From this distribution it’s possible to obtain the 

expected value µ (and this should be equal to the target size) and the standard deviation 

σ (see Figure 101). Δ represents the inaccuracy, a symmetric area around the expected 

value that contains 98% of the deviations.  

 

 
Figure 101 Gaussian distribution of the dimensional deviation 

 

Besides the accidental deviations that create the Gaussian distribution, there are also 

systematic deviations. Systematic deviations can for example be created in the formwork 

or by an error in the measurement equipment and they are equal for every element. 

Though most production processes are often verified and the machines and equipment 

are adjusted according to the observed systematic deviation, it’s nearly impossible to 

produce a set of elements without any systematic dimensional deviation. In Figure 101 a 

positive systematic deviation is depicted by a second Gaussian curvature. The inaccuracy 

now becomes Δ=2(|δ|+2.33σ) and still contains 98% of all the deviations. The 

probability that the deviation is outside the 98% zone is therefore only 2%. This is a 

small probability, but there are no safety factors used during the dimensional design of a 

connection to assure a proper fit. This is in contrast with the structural design where 

substantial safety factors are used. The consequence of an error is likely the cause of this 

difference (the element doesn’t fit versus a (partial) collapse). 

 

10.1.2  The effect dimensional deviations 

Occurring dimensional deviations that exceed a certain limit will affect two important 

groups: the clients/users and the manufacturers. For the clients and users too large 

deviations will result in a loss of function of the building with respect to the aesthetics, 

structure or building physics. For example unsightly connections, unsafe structures, 

draught, noise nuisance or ponds of water on the roof or floor. For the manufacturers 

(contractors and suppliers) large deviations will result in financial losses. For example the 

costs that are associated with the rejection of material, followed by replacement or repair 

and the stagnation of the work. Besides the two already mentioned groups, there’s a 

third group which is confronted with too large deviations: the persons directly involved in 

a project as supervisors, administrators, architects, engineers, project managers, 

craftsmen or planners. In many projects disagreements or huge arguments arise due to 

too large deviations, with disturbed relationships as a result.  

 

10.1.3  Responsibility 

Now that the causes and the effects of deviations that are too large have been discussed, 

the question arises: who is responsible? Contractors and producers are the obvious 
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candidates since they produce and construct the building with all the resulting deviations. 

But do they have exclusive responsibility for the obtained deviations? The sheer 

additional effort and resulting costs these parties have to make to restore undesirable 

situations make it unlikely that they voluntarily and intentionally produce deviations. It’s 

more obvious to blame multiple parties for a failing dimensional control. Creating an 

accurate and dimensional acceptable project is therefore a collective effort of all the 

involved partners.  

The ultimate goal of the partners should be: minimizing the negative results of 

dimensional deviations with respect to the functioning of the building and the costs. 

Thereby the following three propositions have to be taken into account: 

  

1. dimensional deviations are inevitable, 

2. high accuracies will result in disproportional high costs, 

3. for each connection or situation in a building it holds that deviations will impair 

the proper functioning. However, this will only become a problem if a certain limit 

is exceeded. 

 

The design process 

The first partners that play an important role in the dimensional control are the designers 

of the building (architects, structural en installation engineers). Of them it may be 

desired that they specify how large the sizes or deviations may be. It would be 

impossible for the contractor or supplier to create anything without a proper size 

specification including maximum allowable dimensional deviations. A question that arises 

is which sizes and deviations should be specified? It’s impossible to distinguish all the 

sizes in a building and fortunately this is not required. Only for a limited amount of sizes 

a project specific determination is required. In the other cases it’s sufficient to specify the 

maximum allowable deviations as provided by the standards. This implicitly ensures an 

acceptable performance of the building, or at least this is assumed.  

 

A first selection criterion for a project specific approach is the status of a size: is it a 

'partial result’ or an ‘end result’? In fact, only the ‘end results’ are of importance: 

dimensions and situations where there is a direct relationship between deviations and 

proper functioning. An example of an ‘end result’ is a connection between concrete 

sandwich elements (joint thickness and thickness variation over the length) were 

deviations endanger aesthetical, structural and building physic functions. The warpage or 

thickness of a concrete facade element can be seen as a “partial” result, which is only 

significant in combination with the allocation of the measurement points and adjustment 

of the element.  

 

A further limitation of the project specific dimensional tolerances can be obtained by 

using the sensitivity criterion. As a scale for the sensitivity, the difference between the 

initial estimated required accuracy and the initial estimated occurring accuracy can be 

used. If the difference is relatively small (it’s difficult to add an exact value to the aspect 

small, but values below 2 or 3mm can be regarded as small), the connection or situation 

may be considered as critical. For all the non-critical connections or situations the 

maximum allowable deviations as provided by the standards may be used.  

 

The next step is to verify if the critical project specific maximum allowable deviation is 

indeed technically achievable. This should be combined with a verification of the financial 

consequences due to the critical and small allowable deviations. In other words: does the 

increased performance justify the increased accuracy? 

 

Finally, it should be examined if there are alternatives for the designed connections or 

situations that are functionally equivalent, but result in less negative effects. Towards the 

end of the design stage a design becomes available with all the size specifications 

(dimensions with the corresponding maximum allowable deviations). Because of the 

relation between accuracy and costs, it’s only more than fair to present the dimensions 
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with corresponding deviations before the tender. In Figure 102 the design process is 

shown in combination with the execution process.  

 

 
Figure 102 The role of dimensional control in building design and construction 

[Wu, 2002] 

 

The execution process 

An important task for the designers of the execution process (process designer) is to 

develop a plan which results in a finished building that satisfies the requirements. The 

first step to develop this plan is to describe how the critical connections or situations can 

be realised. This means preparing an execution plan, which describes where and how the 

measurement points are allocated. Parallel to the preparation of the execution plan an 

assembly plan is developed. In the assembly plan it’s specified which points of an 

element or building section are used during the placing and adjusting. The execution and 

assembly plan together can be seen as a collection of allocation and adjustment points, 

which unambiguously fixates the location of an element or building section. When the 

product sizes are added, a full overview of the connections and situations can be formed.  

 

Although we now have a complete collection of allocation sizes, adjustment sizes and 

product sizes with their relationships, the essence is still lacking: an overview of the 

consequences of the choices made in relation to the dimensional accuracy. For each 

connection or situation, a forecast of the expected accuracy is made. This forecast is 

based on many previous and similar experiences or based on a more objective 

mathematical approach through accuracy calculations. Eventually, it’s possibly to 

determine with a certain reliability between which limits a deviation probably will remain. 

The expected value is compared with the maximum allowable values and changes are 

made concerning the construction method, equipment and care if the requirements aren’t 

met or the costs are too high.  

 

Towards the end of the design of the execution process an execution plan is obtained, in 

which the building is constructed on paper (model based). The occurring deviations have 

to be smaller than the maximum allowable dimensional deviations and the resulting costs 

should be as low as possible. What the process designer managed to do on paper has to 

be matched by the contractor on site.   
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The contractors on the building site are given work plans, execution plans and assembly 

plans, which show how and with what accuracy the allocation points, the assembly and 

the manufacturing of the elements have to be realised (with a precast structure the 

elements are produced at a factory). Also agreements are made with the subcontractors 

and suppliers with respect to the maximum allowable deviations of their products.  

 

The implementation of dimensional control is only complete if the execution process is 

constantly monitored. In other words: quality control has to be implemented. The 

purpose of measuring and verifying the structure is that the actual deviations can be 

compared with the designed and forecasted values. If there are significant differences, it 

may be possible to adapt the process without large additional costs. The described 

control measurements can also be considered as an internal justification towards the 

process designers and as an external justification from the contractors and process 

designers towards the client and designers.  

 

10.1.4  Conclusion 

There are arguments why a professional implementation of dimensional control is the 

only option for the future, in terms of quality and costs. For example, more and more 

precast elements are used at the construction site, which require little to no modifications 

and have to fit the first time, every time. In addition, the higher amount of prefabrication 

is accompanied by increasingly more complex building shapes; building layouts are rarely 

straightforward and facades aren’t flat and vertical anymore but show slopes and curves. 

Add the preferred reduced construction time, which results in more parallel processes, 

and it will be clear that acting on a basis of experience (which experience?) will only by 

coincidence lead to acceptable results. It’s likely that clients will also become more aware 

of dimensional control and include it in the contracts. Why would they take the 

unnecessary risk of dimensional deviations and all the adverse consequences? 

 

10.2  Dimensional accuracy in the standards 

With the slogan “nothing ventured, nothing gained” many standards are imposed in the 

contract documents. The NEN-collection 14 “Maten en meten” is a good example of the 

latter, which contains standards about modular coordination, dimensional tolerances and 

dimensional control. In contrast to the intentions, it appears that the standards in 

practise do not guarantee the quality assurance that was presumed by the unsuspecting 

specifications employee (bestekschrijver in Dutch). The prescribed standards are rarely 

sufficient for a proper functioning building. Often the standards provide a (legitimate) 

opportunity for (sub)contractors to exonerate themselves if problems due to dimensional 

deviations occur.  

In this section standards on dimensional accuracy will be discussed, including possible 

reduction factors. The main question is: which aspects are defined by the standards? 

 

10.2.1  NEN 2881: dimensional tolerances for structures 

The first important standard of the NEN-collection 14 is NEN 2881 “maattoleranties voor 

de bouw”. The main goal of NEN 2881 is to unambiguously specify concepts such as 

dimensional deviations, tolerances and maximum allowable dimensional deviations. 

According to the standard a dimensional deviation can be explained as the difference 

between a target size and the measured size, negative or positive. For example 7992 or 

8005mm, where 8000 is the target size. Note that the deviation of the size is defined 

including measurement inaccuracies. The tolerance of an object can be described as the 

tolerated deviation between the largest allowable size and the smallest allowable size. 

For example, a tolerance of 10mm and a target size of 8000mm results in a symmetric (a 

tolerance is often symmetric, but this is not mandatory) area of allowable sizes between 
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7995 and 8005mm. The first measured size (7992mm) is outside the tolerance area and 

actions have to be taken. In practice the term tolerance is often used inappropriately, for 

example it’s often stated that the element has a tolerance of 5mm while the measured 

length is 5mm too long (dimensional deviation).  

 

NEN 2886 until 2889 create confusion by specifying tolerances with a different method. 

These standards use a maximum allowable dimensional deviation A, equal to 50% of the 

tolerance. For example: the target size is 8000mm and the tolerance (T) is 10mm. This 

results in an area of allowable sizes between 7995 and 8005mm. In the previous 

example, the maximum allowable dimensional deviation (A) would be 5mm, resulting in 

the same allowable area of 7995 till 8005mm. NEN 2881 also specifies how tolerances 

should be added together. It’s not allowed to normally add tolerances (T) or allowable 

deviations (A), but they have to be quadratically added:       
     

    
    

  or       
  

   
    

    
 . For example two elements that are stacked on top of each other with a 

target size and height tolerance of 3300 (+3;-3)mm and 3300 (+4;-4)mm will result in a 

total target size and tolerance of 6600 (+5;-5)mm.  

 

10.2.2  NEN 2886: maximum allowable dimensional deviations for 

concrete structures 

In NEN 2886 “Maximaal toelaatbare maatafwijkingen voor gebouwen” the maximum 

allowable dimensional deviations are provided for structural and spatial dimensions. 

These values serve as boundary limit and the deviations due to the allocation of 

measurement points, adjustment and manufacturing of the elements should be smaller 

than the provided Ae-values. The Ae-values of NEN 2886 are obtained by applying a 

mathematical model on a basic project execution process, taking NEN 2887, 2888 and 

2889 into account. The results of this model are given via the term dimensional tolerance 

(Te), defined as: the tolerance of that point with respect to the location of that point in 

the building. As a result of this method, every point in the structure can be given a 

dimensional tolerance (the designated point has a certain area in which it should be 

located). But in practice there is no use for the dimensional tolerance because it’s 

impossible to determine the location a point without a reference system. To overcome 

this problem, the location of one point is determined relative to another point. Now that 

the relative location is known, it’s also possible to determine the maximum allowable 

deviation:  

 

   
 

 
     

      
     [mm] 

 

The Ae-value for the position of the two points relative to each other is dependent on the 

dimensional tolerance of both points [mm] and the mutual distance l [m]. The values for 

the dimensional tolerances of walls and floors can be found in Table 24 
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Table 16 Maximum allowable deviations for concrete structures (Ae) [NEN, 

1990] 

 
 

In 1995 a code of practice has been introduced: NPR 3685 “Maattoleranties in de bouw”. 

In this code of practise instructions and many examples are provided. Unfortunately, the 

examples are for non-professionals difficult to understand. This is partly explained by the 

complexity of the material and how the examples are elaborated. As a result, the 

examples are rarely used.  

 

10.2.3  NEN 2887: maximum allowable deviations for the allocation of 
the measurement points 

The allocation of the measurement points is described in NEN 2887 “Maximaal 

toelaatbare maatafwijkingen voor het uitzetten op de bouwplaats”. The allocation of the 

measurement points is part of the execution process and requires measuring and 

marking of points. To obtain the Au-values, two formulas are provided in the standard: 

 

1. Maximum allowable deviations for distances:             [mm] 

2. Maximum allowable deviations for perpendicular angles: 

               
   

   
 
 

           [mm] 

 

The second formula provides the maximum allowable angle deviation Au,2 (or A1 in Figure 

103)  of point 1 in relation to point 2 and 3 in Figure 103. The distance between the 

points is entered in meters. 
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Figure 103 Maximum allowable deviations for right angles [NEN, 1990] 

 

No tables with maximum allowable dimensional deviations are given, since the values are 

project specific (the value depends on the length between the points). Due to the 

introduction of more advanced tools in the last two decades, the A-values can be 

reduced. When a modern total station is used, the deviations may be reduced with 50% 

[Hoof, 1997B].    

 

10.2.4  NEN 2888: maximum allowable deviations for the adjustment of 
the structure 

In NEN 2888 “Maximaal toelaatbare maatafwijkingen voor het stellen van 

draagconstructies van gebouwen” the maximum allowable dimensional deviations for the 

adjustment process are given (see Table 17). During the adjustment process the 

elements are placed on their final location, requiring an iterative method of adjusting and 

measuring. From a limited amount of points on the element the coordinates are 

measured relative to a central point (for example three corner points of a wall element 

relative to a central point on the floor).  

 

Table 17 Maximum allowable dimensional deviations for the adjustment process 

(As) [NEN, 1990] 

 
 



156  Research report    Sven ten Hagen 

NEN 2888 dates from December 1990 and in the past 22 years a lot has changed. Total 

stations are an important cause of this change and they combine a digital theodolite with 

a digital distance meter. The first total station was introduced in 1968 (Reg Elta 14 from 

Zeiss [deHilster, 2012]), but in the last decade the total station has become the tool to 

use on the construction site. The A-values of NEN 2888 are unnecessarily large and the 

maximum allowable value of 10mm in the x-direction can be achieved without any 

instruments. The standard already contains a chapter with reduction factors and it’s 

recommended to apply them (chapter 3.3 from NEN 2888). The suggested reduction 

factors are ½√2 or ½. 

 

10.2.5  NEN 2889: maximum allowable deviations of the concrete 

element 

From al the dimensional standards, NEN 2889 “Betonelementen, Maximaal toelaatbare 

maatafwijkingen” is probably the most well known-standard. For many years only this 

standard or its predecessor (NPR 2889) was used in tenders [Hoof, 1997B]. In Table 18 

the used Ai-values of the NEN 2889 are depicted. 

 

Table 18 Maximum allowable dimensional deviations for concrete elements (Ai) 

[NEN, 1990] 

 
 

Manufacturers may individually or collectively specify smaller tolerances than the 

previous mentioned standard. An example of the latter can be found in the BELTON 

publication “Connections in precast” (see Table 19) and Facades in precast”. 
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Table 19 Maximum allowable dimensional deviations specified by BELTON 

[Bennenk] 

 
 

The Ai-values in the standard are based on a large-scale study of BFBN (Bond van 

Fabrikanten van Betonproducten in Nederland) on dimensional deviations in precast 

elements. This research was done already 35 years ago and since then the techniques 

and quality control have changed considerably. A reduction of 30% of the values for 

walls, columns and facade elements is easily achievable [Hoof, 1997B]. Elements with a 

deviation smaller than 1mm can be produced, but normal workmanship will not be 

sufficient anymore. These high accuracies will also result in a disproportional increase of 

costs.  

 

10.2.6  NEN 2890: deviation of target sizes from modular sizes of 

building elemets  

NEN 2890 “Afleiding van streefmaten uit modulaire maten van gebouwen” provides 

terms, symbols, definitions and rules for deriving target sizes from modular sizes 

according to NEN 6000. The relationship between modular and target sizes in NEN 2890 

is based on the premise that the building sections fit as much as practically possible 

within the bandwidth of the material box plan. Applying only modular elements which 

require only a low amount of scheduled processing on site also play an important role in 

the relationship between modular and target sizes. Moreover, the standard is also a good 

basis for non-project related productions (for example modular hollow core slab).  

 

In Figure 104 an example is given of a composition of building elements with similar 

spatial and functional characteristics, coordinated by the material bandwidth of the basic 

grid or designed grid. 

 

 
Figure 104 An example of modular element groups [NEN, 1990] 
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10.2.7  NEN 3682: dimensional control for structures 

It’s expected that every contractor, supplier and supervisor periodically verifies if the 

dimensions of the building or product satisfy the required accuracy. However, in practise 

too little control measurements are conducted. Moreover, the results are often poor and 

inconsistent. This applies to the measurement method, the use of equipment, the 

registration and interpretation of measurement results. The goal of NEN 3682 is to make 

dimensional control organised and accessible. This goal is achieved by giving many 

illustrative examples and methods. In Figure 105 an example is given where the 

measurement points on walls and floors should be located.  

 

 
Figure 105 Location of the measurement points at walls and floors [NEN, 1990] 

 

10.2.8  Conclusion 

With the NEN 2881, 2886, 2887, 2888, 2889, 2890, 3682 and NPR 3685 it’s possible to 

determine the maximum allowable dimensional deviations and the deviations due to the 

allocation of measurement points, adjusting and manufacturing of the element. Because 

the standards are dated, reduction factors between 30 and 50% can be applied without 

an increase of costs. In the next section it will be examined how these standards affect a 

precast high-rise structure.  
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10.3  Dimensional tolerances and deviations in a precast 
high-rise building 

In the previous sections dimensional control, tolerances and deviations have been 

discussed. It can be concluded that deviations are inevitable and that only the magnitude 

can be controlled. When a precast high-rise building is compared with a low rise precast 

building, the high-rise building distinguishes itself by the repetitive nature of the 

construction method. Because of this repetition, deviations and tolerances become 

leading in a high-rise design. How does this influence the functional requirements34 and 

how are the deviations absorbed?  

 

First the deviations will be examined. There are several methods to absorb deviations, for 

example at every level (locally) or on every n-levels (globally). During the compensation 

of the deviations it should also be known how the structure reacts. Quay walls are an 

interesting example of these aspects: in a precast quay wall, all the massive concrete 

blocks are placed relative to the previous block. The global deviations aren’t leading at 

this stage because the precast blocks are difficult to adjust underneath the water level 

and the wall will deform during the construction. This deformation occurs because the 

quay wall is constructed under an angle and levels when the ballast behind the wall is 

placed. Pre-loading the quay wall also creates additional deformations. Therefore placing 

the elements at their desired location before the ballast is placed and the wall is pre-

loaded is pointless. Since it’s difficult to determine the exact location of the precast 

elements after all the deformations have occurred, a cast in situ top beam is placed on 

top of the precast elements adsorbing al the deviations. As a result, the ships are able to 

moor to a perfectly straight quay wall at the desired location.  

 

To determine how the deviations at a precast high-rise tower should be adsorbed, it’s 

first examined at which level the deviations are larger than the tolerances. Therefore the 

deviations due to the allocation of the measurement points, the adjustment and 

manufacturing of the element will be estimated in this section and compared with the 

boundary values according to the standard. Based on these results, the functional 

requirements and the behaviour of the structure, a method will be designed how to 

absorb the deviations.  

 

10.3.1  Model scheme 

To calculate at which level the deviations are larger than the tolerances, the hatched area 

with walls 1 until 3 of Figure 106 has been chosen. This area has the largest dimensions 

and this will result in larger deviations. Because the walls are stacked in a masonry 

configuration, difficulties arise with elements that are placed above each other (different 

allocation points on the walls for even and uneven floors). Therefore walls from corner to 

corner without a masonry configuration are used in this calculation. The error that is 

created is very small since most deviations and tolerances do not depend on the wall 

length (for the deviations that do depend on the length, the dependency of the 

calculation on the wall length is very low).  

 

                                           
34 Functional requirements are the properties that the product should provide. For a structural wall 
this are for example: strength, stiffness, stability, aesthetics or building physics properties 
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Figure 106 Overview of the floor 

 

Most structures are constructed with no or very little internal walls and therefore they 

only require a few vertical allocation points (it’s advised to use at least two points with 

the largest possible mutual distance). Due to the structural walls in the Zalmhaven 

tower, every floor area requires its own vertical allocation point. It’s possible to use only 

four allocation points at the corners and place all the walls according to these points, but 

this requires a specific construction sequence and after all the walls are placed, the 

central walls cannot be measured anymore. The small additional costs of placing a tube 

in every floor centre outweighs the limitations of only four vertical allocation points in the 

corners and therefore every floor area is equipped with its own vertical allocation point. 

 

The deviations of the walls depend on the building height. The deviations of the floors are 

less interesting since they are placed between the walls and are therefore influenced by 

the walls. Furthermore, a new wall element depends on the previous element while the 

floor element doesn't. Therefore only the walls will be examined in this research on 

tolerances. 

 

10.3.2  Maximum allowable deviations of the concrete element 

The first deviations that will be calculated are due to the production of the elements: NEN 

2889. In Table 20 the used Ai-values of the NEN 2889 are depicted. 
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Table 20 Maximum allowable dimensional deviations for concrete elements (Ai) 

[NEN, 1990] 

 
 

The A-values in the standard are based on a large-scale study of BFBN on dimensional 

deviations in precast elements. This research was done already 35 years ago and since 

then the techniques and quality control have changed considerably. A reduction of 30% 

of the values for walls, columns and facade elements is easily achievable [Hoof, 1997B]. 

Elements with a deviation smaller than 1mm can be produced, but normal workmanship 

will not be sufficient anymore. These high accuracies will also result in a disproportional 

increase of costs.  

 

In Table 21 the values are depicted that will be used in this research on tolerances, 

based on Table 20 and a reduction of 30%. The coordinate system is depicted in Figure 

107. 

 

Table 21 Reduced Ai-values based on NEN 2889 

 Length (x) Height (z) Thickness (y) Squareness (x) Warpage (y) 

 [mm] [mm] [mm] [mm/m] [mm] 

Deviation at 

the bottom 

8 0* 5 0 0 

Deviation at 

the top 

8 6* 5 7 6 

* Normally the element would be adjusted at the bottom connection resulting in the 

desired height at the top of the element. In this stage the elements are placed of top of 

each other without any connection thickness, resulting in a deviation at the top.  
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Figure 107 Coordinate system of the wall [NEN, 1990] 

 

When a new section of elements is placed on top of the first wall, these new elements 

may have the same deviations. To combine these values, they have to be added 

quadratically. The deviations at the bottom of the second wall (first floor) are: 

 

                        

                      

                   

 

It can be noted that the x-direction has the largest deviations. This is because of the 

large perpendicular deviation of 7*3.05=21mm.  The deviation in the z-direction contains 

only one value because the deviation is examined at the bottom of the element (see 

Table 21). This method can be repeated for all the other walls above the first two walls.  

 

10.3.3  Maximum allowable deviations for the adjustment of the 
structure 

In NEN 2888 the maximum allowable dimensional deviations for the adjustment process 

are given (see Table 22). In this section the deviations due to the iterative method of 

adjusting and measuring will be calculated. 

 

Table 22 Maximum allowable dimensional deviations for the adjustment process 

(As) [NEN, 1990] 
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NEN 2888 dates from December 1990 and in the past 22 years a lot has changed. The 

stated A-values in the standard are unnecessarily large and the maximum allowable 

value of 10mm in the x-direction can be achieved without any instruments. NEN 2888 

already contains a chapter with reduction factors and it’s recommended to apply them 

(chapter 3.3 from NEN 2888). The suggested reduction factors are ½√2 or ½. 

 

Due to the high accuracy of the current total stations, a reduction factor of 50% will be 

used in this research on tolerances. Table 23 shows the reduced values that will be 

applied in the calculation. The coordinate system is depicted in Figure 107. 

 

Table 23 Reduced As-values according to NEN 2888 

Element shape Maximum allowable deviation for the adjustment process 

x [mm] y[mm] z [mm] 

Wall 5 4 3 

Floor 5 3 4 

  

When the wall on the first floor is adjusted, the same deviations occur as on the ground 

floor. Therefore the deviations have to be summed quadratically. The following deviations 

are obtained at the bottom of the wall on the first floor: 

 

                   

                   

                   

 

Again the largest deviations are obtained in the x-direction.  

10.3.4  Maximum allowable deviations for the allocation of the 

measurement points 

The allocation of the measurement points is described in NEN 2887. To obtain the Au-

values, two formulas are provided in the standard: 

 

3. Maximum allowable deviations for distances:             [mm] 

4. Maximum allowable deviations for perpendicular angles: 

               
   

   
 
 

           [mm] 

 

The second formula provides the maximum allowable deviation Au,2 (or A1 in Figure 108)  

of point 1 in relation to point 2 and 3 in Figure 108. The distance between the points is 

entered in meters. 

 

 
Figure 108 Maximum allowable deviations for right angles [NEN, 1990] 

 

Just as the previous two standards, the A-values can be reduced due to the introduction 

of more advanced tools in the last two decades. When a modern total station is used, the 

deviations may be reduced with 50% [Hoof, 1997B].  
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As shown in section 10.3.1, the hatched area is chosen for this research on tolerances. 

From these three walls, wall 2 will be used. In Figure 109 the location of the three 

allocation points are depicted. Normally these points are placed a certain distance from 

the ground, edge or ceiling (100 to 200mm) because it’s unpractical and difficult to 

measure the corners. For simplicity this research uses the actual corners. 

 

 
Figure 109 Location of the allocation points 

 

Above allocation point 2 another point is located, point 4. This is depicted in Figure 110 

and with these three points the location of the wall element can be determined relative to 

point 1. To measure the curvature of the element, additional points in the centre are 

required.  

 

 
Figure 110 Location of the allocation points on the element 
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The maximum allowable deviations of point 2, 3 and 4 relative to point 1 are: 

 

                      

                      

                      

 

These deviations are in the direction of the line and therefore have to be rewritten to x, y 

and z-values: 

 

 Au,1-2=6mm 

o          
   

   
       

o          
   

   
         

o              

 Au,1-3=6mm 

o          
   

   
       

o          
   

   
         

o              

 Au,1-4=6mm 

o          
   

   
       

o          
   

   
         

o           
   

   
          

 

Though the distance between Au,1-2 and Au,1-4 has increased, the allowable deviation has 

decreased. This is caused by how the deviations are calculated: the distance in this 

formula is only of minor influence. 

 

Placing and measuring points on the ground floor is relatively easy with a total station, 

but how are the main measurement points obtained at the overlying floors? A solution is 

to raise these points via a small hollow tube in the floor. A well known system that is 

capable of doing this is the MOUS system (Markeren, Oploden/ophalen van peil, Uitzetten 

van afstanden en richtingen en het maken van Sparingen). In Figure 111 it’s depicted 

how the main measurement points are raised at a cast in situ floor. There are also many 

solutions for precast floors.  
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Figure 111 Raising measurement points with the MOUS system [MOUS, 2005] 

 

Just as with the in-plane measurement points, the raising of a measurement point is 

subjected to deviations in the x, y and z-direction. Between point 1 and point 5 (same 

location as point 1 but then on the first floor) the following deviations occur: 

 

                         

                      
    

    
 
 

                 

                      
    

    
 
 

                 

 

The l23 (22.2 and 10.5m) distance used in Au,1-5,x and Au,1-5,z is shown in Figure 112. A 

longer distance results in a more accurate angle (smaller deviation).   
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Figure 112 Location of the vertical allocation points 

 

These deviations also have an influence on point 6, 7 and 8 (the same points as 2, 3 and 

4, but then on the first floor). This results in the following deviations for point 6 (left 

bottom corner point on the first floor): 

 

Au,5-6,rel1: 

                          

                          

                          

 

This process can be repeated for point 7 and 8 and all the other overlying floors. When a 

modern total station is used, the above values may be reduced with 50%. 

10.3.5  Maximum allowable deviations for concrete structures 

In the previous three sections maximum values have been calculated which can occur 

due to the allocation of measurement points, adjustment and manufacturing of the 

element. When these values are quadratic combined (the deviations may not be normally 

added to each other), the total deviation is obtained. This deviation should be lower than 

the maximum allowable deviation, provided by NEN 2886. The maximum allowable 

deviations can be calculated with the following formula: 

 

   
 

 
     

      
     [mm] 

 

The Au-value for the position of the two points relative to each other is dependent on the 

dimensional tolerance of both points [mm] and the mutual distance [m]. The values for 

the dimensional tolerances of floors and walls can be found in Table 24. 
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Table 24 Maximum allowable deviations for concrete structures [NEN, 1990] 

 
 

At the ground floor the maximum allowable deviation between point 1 and 2 (see Figure 

112) in the x, y and z-direction are: 

 

          
 

 
       

        
        

 

 
                                

          
 

 
       

        
        

 

 
                    

          
 

 
       

        
        

 

 
                                  

 

To calculate the maximum allowable deviations between point 1 and 5, the same 

formulas can be used, but the mutual distance changes. This provides in the following 

results: 

 

          
 

 
       

        
        

 

 
                                

          
 

 
       

        
        

 

 
                    

          
 

 
       

        
        

 

 
                                  

 

For the deviations the global coordinate system is used, equal to the coordinate system 

of the wall 2. For the dimensional tolerances in the previous calculations the coordinate 

system is shown in Table 24. An overview of the coordinate systems is shown in Figure 

113. 
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Figure 113 Overview of the coordinate systems 

 

An interesting aspect is that the maximum allowable deviation for concrete structures 

has the smallest values in the x-direction, while the largest deviations are encountered in 

this direction due to the allocation of the measurement points, the adjustment and 

manufacturing of the element. It’s likely that the x-direction will limit the amount of 

floors before the deviations have to be corrected. 

 

10.3.6  Calculation of the deviations at the Zalmhaven tower 

Now that the maximum allowable deviations due to the allocation of the measurement 

points, the adjustment and manufacturing of the elements are known, it can be 

calculated at which level the boundary conditions are exceeded. An important question 

that arises with the results is: how are these deviations controlled? Are the controlled on 

a local scale at every connection or only on a global scale at the calculated levels? And 

what about the traditional connections, can they control the deviations? 

 

In Table 25 the total dimensional deviations due to the allocation of the measurement 

points, the adjustment and manufacturing of the elements are shown. In and Table 26 

the maximum allowable dimensional deviations are depicted. It can be seen that due to 

the large deviation in the x-direction the maximum allowable deviation is already 

exceeded at the first wall: the walls have to be corrected at every floor. A full oversight 

of the calculation sheet can be found appendix E. 
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Table 25 Total dimensional deviation due to allocation of measurement points, 

the adjustment and manufacturing of the element 

 gf 1 2 3 4 5 6 7 8 9 10 

Height (z) 

[mm] 

0 7 9 11 13 14 15 17 18 19 20 

Length (x) 

[mm] 

9 25 27 29 30 32 33 34 36 37 39 

Thickness (y) 

[mm] 

6 11 12 14 15 16 18 19 20 21 22 

 

Table 26 Allowable dimensional deviation  

 gf 1 2 3 4 5 6 7 8 9 10 

Height (z) 

[mm] 

26 26 26 26 27 27 27 27 27 27 27 

Length (x) 

[mm] 

23 23 24 24 24 24 24 24 24 24 24 

Thickness (y) 

[mm] 

35 35 35 35 35 35 35 35 35 35 36 

 

When the x-direction deviations of the concrete wall element (Ai) are reduced with 50 

instead of 30%, only every sixth wall has to be corrected. In Table 27 the results are 

shown when all the x-direction deviations (Ai, Au and As) are reduced with 60%.  

 

Table 27 Reduced total dimensional deviation due to allocation of measurement 

points, the adjustment and manufacturing of the element 

 gf 1 2 3 4 5 6 7 8 9 10 

Height (z) 

[mm] 

0 7 9 11 13 14 15 17 18 19 20 

Length (x) 

[mm] 

6 15 16 17 19 20 21 22 23 24 25 

Thickness (y) 

[mm] 

6 11 12 14 15 16 18 19 20 21 22 

 

A 60% reduction of all the x-direction deviations is feasible with normal to accurate 

workmanship and now only every tenth35 wall has to be corrected. Though according to 

this calculation only every tenth wall has to be set at a deviation of approximately 0mm 

relative to point 1 on the ground floor, the deviation of every wall in between should still 

be checked (quality control). Due to accidental errors and the fact that the inaccuracy 

area only contains 98% of the deviations, larger deviations might occur. This will result in 

an exceeded maximum allowable value at the tenth wall and a possibility that the 

element won’t fit or that several wall sections might have to be replaced. Since open 

vertical joints are used that have no structural property, the joint thickness might be 

larger compared to a structural connection. Due to this larger joint thickness, larger 

deviations can be absorbed without any structural consequences.  

 

It may be concluded that the deviations can be controlled on a global scale: place every 

element relative to the previous element and absorb the deviations at the tenth floor. 

Due to errors or inaccuracies, the deviations might be larger than calculated in Table 27, 

but this should provide no problems because in the z and y-direction there is still plenty 

of tolerance left to absorb the deviations. In the x-direction the tolerances might in that 

case be exceeded but since the open vertical connection doesn’t contain any structural 

properties, the joint thickness can be enlarged.  

                                           
35 On the ninth floor the tenth wall is located. The tenth wall is the first wall that exceeds the limits.   
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When the tenth wall is corrected, a difference of 24mm in the x- direction, 21mm in the 

y-direction and 19 mm in the z-direction will occur between wall 4 and 5. These 

differences will create an eccentricity, resulting in an additional moment. In the y-

direction (thickness off the wall) the deviation will have the largest influence; there is a 

difference of 15mm between correcting at every wall and correcting only every tenth wall 

(see Table 27: e=21-6=15mm). Due to the enormous thickness of the wall (500mm) the 

additional 15mm will not result in a larger reinforcement ratio of the wall.   

 

To absorb the additional accidental deviations at every tenth wall, it’s recommended to 

provide adjustment possibilities. For example, the normal joint thickness in a precast 

structure is 20mm. In case a 20mm open vertical joint would be applied, it might be 

possible that due to a positive deviation in the x-direction, the open joint would be 

reduced to -4mm. Combine this with an accidental error and the element won’t fit. To 

overcome this problem, the joint thickness in increased. In Table 28 the results are 

depicted. 

 

Table 28 Joint thickness due to deviations 

Location Normal thickness  Additional thickness Total thickness  

[mm] [mm] [mm] 

Height (z: horizontal joint)  20 15 35 

Length (x: vertical joint)  20 20 40 

 

In case a positive deviation of 24mm occurs in the x-direction, there is still 16mm left for 

accidental deviations and the placing of the element. When there is a negative deviation 

on all the underlying walls, the joint thickness increases to 64mm. In the z-direction 

(there is no joint in the y-direction) an additional thickness of 15mm is required to 

accommodate deviations. The calculated deviations are a maximum value and it’s likely 

that the actual deviations will be smaller (the probability that ten walls have a maximum 

positive deviation due to the allocation of the measurement points, adjusting and 

manufacturing of the element is relatively small). 

 

In the previous calculation the deviations for wall 2 (see Figure 106) have been 

examined. Since the distance only plays a minor role in the calculation, the results of wall 

1 and 3 will be nearly identical. The deviations of the floor are not considered since they 

do not increase with the structural height.  

 

10.3.7 Functional requirements and reaction of the structure 

From the previous section it may be concluded that when every element is placed 

relative to the previous element, the deviations only have to be adsorbed every tenth 

level. But how are the deviations and tolerances influenced by the functional 

requirements and the reaction of the structure? 

 

Traditionally the deviations are controlled locally in precast high-rise buildings (for 

example Het Strijkijzer in The Hague or the Erasmus MC tower in Rotterdam): the walls 

are placed on their predestined location and the floor elements are levelled (at the 

supports or by a thin screed layer). This method is utilised because skew elements will 

create additional loads, building physic properties are jeopardized and connections might 

not fit anymore or become aesthetically unpleasant. By placing the elements relative to 

each other, the building physic and connection properties aren’t endangered. 

Furthermore, the calculation has shown that the small eccentricity at the tenth floor 

doesn’t require additional reinforcement. To prevent any unexpected deviations due to 

errors, the placement of the elements relative to each other should be monitored (quality 

control). The question remains: do the benefits of only absorbing the deviations at every 

tenth level outweigh the disadvantageous? Unfortunately the answer to this question is 
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no. The risk of unexpected abnormalities and the possible resulting repair works is 

present and due to the repetition it’s likely that errors might occur. When this is 

combined with the very small time reduction (adjusting the element relative to the 

previous element or relative to a central point with the help of a total station doesn’t 

differ considerably), the traditional method is preferred. Since the precast wall of the 

Zalmhaven tower use a wet horizontal connection, the deviations in the x-, y- and z-

direction can be adsorbed per level. If for instance a horizontal connection with welded 

steel plates would be utilised (or a cold connection which is often applied at steel 

columns), it would be impossible to absorb the deviations per level and the calculated 

method of every then levels should be applied.  

 

Aside from the functional requirements, the behaviour of the structure also plays an 

important role. Just the quay walls, which are commonly constructed under an angle, the 

Zalmhaven tower is constructed completely level. This is because of the lobby, which 

reduces the structural area at one side, creating an initial deflection due to the dead load. 

As a result, columns with a small overlength are used. If this overlength isn’t taken into 

account in the floors above, the overlength is absorbed in the connections, neutralizing 

the effect. Besides the walls, the floors are also subjected to deformations. By pre-

stressing the element, deformations due to dead load may be prevented. Any deviations 

that occur during the placement can be absorbed by a thin screed layer.  

 

10.3.8  Conclusion 

The standards for the allocation of the measurement points, the adjustment and 

manufacturing of the element are dated and reduction factors should be applied. When 

all the deviations are calculated for the Zalmhaven tower and quadratically added, the 

total deviations are obtained. When these values are compared with the maximum 

allowable deviations for a concrete structure, it can be concluded that the deviations 

have to be corrected at least every tenth level (global scale). Nevertheless, the 

deviations of the walls in between should still be checked since an accidental deviation 

may lead to an exceeded maximum allowable deviation at every tenth wall (quality 

control). By monitoring all the walls it can be checked if all the deviations are as large as 

calculated. Despite the reduced labour, this method isn’t applied in practise since it 

creates large risk with respect to unknown errors. Since the Zalmhaven tower utilises 

concrete walls with a wet horizontal connection and floor elements with a thin screed 

layer, the traditional method of absorbing the deviations per level can be applied. If a 

different connection would be utilised (welded or cold connection), the deviations should 

be accumulated and only absorbed on a global scale (for example every ten levels).  

 

10.4 Conclusion 

Dimensional control in the building industry can be defined as the operational techniques 

and activities that are necessary for the assurance of the dimensional quality of a 

building [Hoof, 1986]. By defining tolerances based on their result and sensitivity, a 

small amount of project specific tolerances can be determined by the designers of the 

building. Combined with the general tolerances for all the other connections and 

situations, the process designer is able to construct the building on paper with an 

execution and assembly plan. The task of the contractor is to match the process that was 

constructed on paper.  

Creating an accurate and dimensional acceptable project is a collective effort of all the 

involved partners and the ultimate goal should be: minimizing the negative results of 

dimensional deviations with respect to the functioning of the building and the costs. An 

important statement that should be taken into account is: deviations are inevitable and 

only the size can be controlled. 
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The standards provide rules and maximum values for occurring deviations and maximum 

allowable deviations. Because the standards were introduced in 1990, the values are 

slightly outdated and reduction factors should be applied. Reduction factors of 30 to 50% 

are realistic.  

 

When the occurring and maximum allowable deviations are calculated for a precast high-

rise building, it can be concluded that every tenth level the maximum allowable values 

(tolerances) are exceeded. By placing the intermediate nine levels relative to the 

previous level the required actions are reduced. Despite the quality control and reduced 

amount of actions, this technique isn’t applied in practise since the risk or errors and 

delays increases drastically.  

With wet connections and a thin screed layer the deviations in the x-, y- and z-direction 

can be adsorbed per level and don’t have to be accumulated. The behaviour of the 

structure should be taken into account when the elements are adjusted. If for example 

the overlength of columns isn’t considered, the effect of this action may be neutralized in 

the horizontal connections. 
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11 Project realisation 
After the structural and construction methodology design, the project has to be realised. 

The cycle time plays an important role in the project realisation and has a considerable 

influence on the total construction time and costs.  

 

The goal of this chapter is to calculate the required cycle time of the precast building 

method. Just like the structural behaviour, the cycle time of the precast building method 

will be compared with the cast in situ building method. By examining and comparing the 

results, insight is gained on how the two methods behave under identical circumstances. 

These values are mainly influenced by the structural properties (the mass and number of 

elements) and based on completed projects.  

 

Besides the cycle time, the project realisation also contains the total building time and 

costs. These aspects aren’t compared on a quantitative level since they are influenced by 

many non-structural aspects and are subjective to several assumptions. Therefore 

statement like “the total precast building time is 50% shorter than the cast in situ 

building time” or “the precast building method is 10% less expensive than the cast in situ 

building method” are difficult to support. Since the goal of this thesis is to examine if it’s 

structurally and logistically possible to construct a 200m high-rise precast tower in the 

Netherlands, the total building time of the precast building method is calculated. The 

total costs of the precast tower are not since these exact values highly depend on the 

market (currently the price for a concrete wall element varies between €80 and €400/m2, 

which is a factor of 5) and on the organisation calculating the costs (level of expertise 

and how eager is the company to attain the project?). Therefore the boundary conditions 

of the costs will be provided and the determination of the exact value is up to the reader.  

 

In section 11.1 quantitative values will be determined for the cycle time of the precast 

and cast in situ building method. Based on the results of the precast cycle time an 

estimation is made for the total building time of the Zalmhaven tower in section 11.2. In 

section 11.3 the boundary conditions for the precast cost calculation are provided. This 

chapter ends with a conclusion in section 11.4. 

 

11.1 Cycle time 

In section 8.3, the cycle time in relation to the building height and mass of the elements 

was already discussed. The examined relation only holds for the precast building method. 

The cast in situ building isn’t influenced directly by the building height (the quantity of 

elements that have to be transported is relatively low), but the amount of weather delays 

are related to the building height, influencing the cycle time. In this section the cycle 

time will be determined for both methods. Based on these values, a comparison is made 

between both methods.  

 

11.1.1 Cycle time of the precast structure 

In this section the horizontal and vertical cycle time for the Zalmhaven tower will be 

determined. During the structural analysis, only a wall reduction of 500mm to 400 of wall 

4 and 5 at level 27 was taken into account. In section 9.3.4 it’s shown that reducing the 

wall thickness of wall 1, 2 and 3 from 400 to 300 mm at level 27 and wall 4 and 5 from 

400 to 300mm at level 45 results in almost no additional deflections. Therefore these 

wall reductions will be taken into account during the calculation of the cycle time. All the 

figures in this section start at level 6 since the first 5 levels are created by a heavy load 

crawler crane (see section 4.5). 
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11.1.1.1 Vertical cycle time 

The cycle time includes the sum of activities that are required to complete a building 

layer. During the vertical cycle time, all the elements and materials are transported to 

the construction floor. The following elements and materials are transported: 

 

 structural wall elements, 

 floor elements, 

 facade elements, 

 bathroom units, 

 scissor stairs (wokkeltrap in Dutch), 

 pallets with aerated concrete blocks, 

 equipment and building materials. 

 

In appendix F a complete overview is provided of the amount of elements and materials 

that are transported per floor. Per vertical movement a constant amount of time is 

maintained for the crane related actions: 6 minutes. Within these 6 minutes, the element 

is attached, orientated for transport/storage and detached. With these aspects, Figure 

114 is created. 

 

 
Figure 114 Vertical cycle time of the Zalmhaven tower 

 

The blue line represents the total amount of crane related actions per floor. At floor 5 to 

26 this equals 89.5*6=537 minutes. From the 27th floor, every even floor has four 

elements less (see the structural design of section 4.3) and therefore the time for the 

crane related actions is reduced to: 87.5*6=525 minutes36. At the 45th floor, the pallets 

with aerated concrete blocks and the container with building materials are transported 

outside the cycle time, providing a new reduction. The new total time due to crane 

related actions is: 80.5*6=483 minutes.  

 

The red line represents the vertical transport time. At the 5th floor all the elements and 

materials are transported within 126 minutes. At the 65th floor this takes 1447 minutes 

or 24.1 hours (when the crane related actions are included, the total vertical time 

becomes 1930 minutes). At the 27th floor the transport time is reduced because per even 

floor four elements less have to be transported. Furthermore, the wall thickness of wall 

1, 2 and 3 is reduced from 400mm to 300mm and the thickness of wall 4 and 5 is 

                                           
36 Only the even floors obtain an element reduction. Therefore the average amount of elements per 
floor is 87.5 instead of 89.5. The average amount is used because the even and uneven floors 
don’t have the same amount of elements.  
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reduced from 500mm to 400mm. At the 45th floor the reduction of vertical transport time 

is slightly larger since the pallets with aerated concrete blocks and the container with 

building materials are transported outside the cycle time. Furthermore, the wall thickness 

of wall 4 and 5 is reduced from 400mm to 300mm. If these reductions at the 27th and 

45th floor were not applied, a cycle time of 1632 minutes would be obtained 

(14%higher).  

A total cycle time of 2160 minutes (3 days of 12 hours) is maintained, providing an 

utilisation ratio of 31% at the bottom and 89% at the top. It can be concluded that at the 

bottom the vertical transport system is inefficient (it's only utilised 31% of the total time) 

and could be used to help the horizontal transport system. At the top, the limit of 90% is 

almost reached. By helping the horizontal transport system at the bottom, the 

inefficiency during the start-up of the project is minimized.  

 

When the total load per floor is divided by the amount of transport movements per floor, 

the average load per movement can be calculated. In order to obtain an efficient 

transport system, this load should be as high as possible (see section 8.3). Between level 

5 and 26, the average mass per movement is only 15.3 ton. Between level 27 and 45 

this reduces to 14.4 ton because of the smaller wall thickness. Since the pallets with 

concrete blocks and the equipment are not part of the cycle time between floor 45 and 

65, the average mass increases to 15.2 ton, despite a second wall reduction. These 

average loads are very low compared to the maximum capacity of 36 ton of the hoisting 

shed. The main cause for this low number is that the floor (40 elements per floor level 

with a maximum mass of 17.9 ton) and facade (16 elements per floor level with a 

maximum mass of 14 ton) elements are transported separately. When these elements 

are transported by two, the average mass would increase considerably: from 15.3 ton to 

22.3 ton between level 5 and 26, from 14.4 to 21.2 ton between 27 and 44 and from 

15.2 to 23.5 ton between 45 and 65 on average per movement. As a result of the 

increased mass per vertical movement, the vertical cycle at the 65th floor is reduced from 

1436 to 1105 minutes (a reduction of 23%). This mass per movement can be increased 

even more when several structural wall elements are transported together.  

 

Unfortunately, transporting two elements at once also provides difficulties: how are the 

two elements lifted simultaneously from a truck without any damage? It’s possibly to 

transport the elements in a special steel structure, making sure that the elements don’t 

move during transport. A similar system was also applied at the Erasmus MC tower and 

six thin floor elements were transported at once. It should be noted that this aspect 

considers two elements of 17.9 ton, which aren’t very lightweight.  

 

Because of these difficulties (and section 11.1.1.4), this optimisation isn’t applied at the 

Zalmhaven tower yet. Without the reductions already a cycle time of 3 days is reached 

and the possible reduction to 2.5 days only provides a workweek of 5 days instead of 6. 

If the contractor wises to reduce the vertical cycle times, an innovative system should be 

designed which makes transporting two floor and wall elements at once possible. A 

second method to reduce the vertical transport time is to apply a more powerful driving 

unit with gears (higher transport speed). Since the horizontal cycle time should always 

be leading, a reduction of vertical cycle times may not lead to an increased construction 

rate. Therefore, the optimisations will be discussed in more detail in section 11.1.1.4. 

 

11.1.1.2 Horizontal cycle time 

Just as the vertical cycle time, the horizontal cycle time is composed out of the transport 

time and the crane related actions. But in contrast to the vertical cycle time, the 

horizontal cycle time isn’t affected by the building height and element mass. Therefore 

only the crane related actions provide a difference between the norm times of different 

elements. In Table 29 the average horizontal cycle time is determined.  
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Table 29 Horizontal cycle time 
Object Norm time Level 5-26 Level 27-65 

Amount Total Amount Total 

 [min] [-] [min] [-] [min] 

Wall element 24 19.5 468 17.5 420 

Facade element 24 16 384 16 384 

Floor element 20 40 800 40 800 

Bathroom unit 20 6 120 6 120 

Staircase 20 2 40 2 40 

Pallets with blocks 10 6 60 6 60 

Equipment/material 20 1 20 1 20 

Total  89.5 1892 87.5 1844 

 

The horizontal cycle time is a summation of all the norm times. The values used in Table 

29 are based on a reference project, the Erasmus MC tower [Meij, 2012] and validated 

with Zonneveld ingenieurs. At level 27, the cycle time is reduced by 48 minutes since on 

average two elements less are transported per floor (every even floor has four elements 

less). At Figure 114 there was also a reduction visible at the 45th floor (the pallets and 

container with equipment are transported outside the cycle time). This reduction isn’t 

visible in Table 29 since it’s only transported outside the vertical cycle time. 

 

11.1.1.3 Total cycle time 

When the vertical and horizontal cycle time are combined, the total cycle time is 

obtained. The largest value of Figure 114 or Table 29 determines the cycle time, as 

shown in Figure 115.  

 

 
Figure 115 Total cycle time of the Zalmhaven tower 

 

The blue lines represent the vertical cycle times and they are identical to Figure 114. The 

red lines represent the horizontal cycle times, as shown in Table 29. The green lines 

represent the remaining free cycle times. Between level 5 and 26 this is 12.4%. Between 

level 27 and 61 this increases to 14.6%. At level 62, the vertical transport time becomes 

larger than the horizontal transport time and the utilisation ratio increases to 89.3% 

(10.7% free cycle time) at the 65th floor. Due to the larger vertical cycle time, the 

construction workers have to wait 86 minutes distributed over 3 days of 12 hours per 

day. To prevent any delays, breaks can be scheduled during the time the horizontal cycle 
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has to wait, the vertical cycle could start a little bit earlier the last four floors creating a 

buffer or optimisations can be applied. 

 

11.1.1.4 Possible optimisations 

Already several possibilities have been discussed to optimise the cycle times. According 

to Figure 115, the vertical and horizontal cycle times are nearly identical at the top of the 

Zalmhaven tower. Therefore, a reduction of the total cycle time is only obtained if both 

the vertical and horizontal cycle time are reduced. 

 

Horizontal optimisation 

First several solutions will be discussed for the horizontal system. The element mass, 

transport speed and building height have no influence on the horizontal cycle time and 

therefore the amount of possible optimisation solutions is diminished. The following three 

solutions remain: 

 

 reduce the amount of elements, 

 reduce the required time for the crane related actions, 

 utilise the vertical transport system. 

 

Due to the structural properties, the wall elements are already very large (average mass 

of 24.6 ton). At level 27 it’s possible to reduce the amount of wall elements even more, 

but then elements with a length of 15m are created. These long elements are difficult to 

construct in the factory and an exemption is required for the transport. Furthermore, 

handling and storing these elements on the construction floor is very cumbersome. 

Therefore this optimisation isn’t considered.  

The length of the facade elements varies between 6 and 7.8m. Two facade elements of 

6m may be combined as one element of 12m, but then problems arise with the structural 

integrity of the concrete inner leaf (small concrete area with a large length). Therefore no 

facade elements are combined.  

Per floor level, 40 floor elements are applied with a width of 3m. The mass of the 

elements varies between 16.6 and 17.9 ton (according to the length) and it’s possible to 

transport two elements at once. The width may also be increased to 4.5m (an exemption 

is required since the element exceeds the allowed dimension of the truck), resulting in 

only 28 elements per floor with a mass varying between 25 and 26.8 ton. Since there are 

12 elements less with a total time of 12*20=240 minutes, the horizontal cycle time is 

reduced with 13%. Due to the higher load, it’s now impossible to transport two elements 

at once. The vertical optimisation is therefore no longer applicable and more vertical 

transports are created (20 double loads versus 28 single loads).  

The bathroom units and pallets cannot be reduced furthermore since every apartment 

requires its own bathroom and the mass of the concrete aerated blocks should be limited 

because of the floor capacity (the pallets should be placed near the support of the floor to 

prevent any failure).  

 

The second method to optimise the cycle time is to reduce the required time for the 

crane related actions. Since the transport time and crane related actions aren’t discussed 

separately, the total norm time has to be reduced. The current applied norm times, see 

Table 29, are already very strict: attaching the wall element (1), orientating the wall 

element for transport (2), transporting (3), orientation and adjustment at the final 

location (4), detaching (5) and returning (6) all within 24 minutes for a wall or facade 

element doesn’t leave much room for any errors or optimisation. Therefore the norm 

time will not be reduced furthermore.  

 

At the bottom of the Zalmhaven tower, the vertical transport system is very inefficient 

(it’s only utilised for 31% at level 6). Therefore several elements can be placed by this 

gantry crane. For example, when the horizontal crane places facade elements at the back 

of the layout, the vertical transport system could place the stairs, bathroom units or floor 
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elements in the front of the layout (smaller norm time). When the two stairs, four 

bathroom units and fourteen floor elements are placed with the horizontal transport 

system, Figure 116 is obtained. Between level 6 and 15, only 69% of the cycle time is 

used. 

 

 
Figure 116 Utilisation vertical transport system 

 

This method can also be applied at higher levels, but the horizontal system is able to 

assist less because the vertical transport time will become more important. Therefore this 

solution is mainly used to counteract the inefficiency37 at the start-up of the construction.  

 

It can be concluded that the easiest method to reduce the entire horizontal transport 

cycle is to reduce the amount of floors. This will result in a 13% reduction of the 

horizontal cycle time. Other methods may be applied (reducing the amount of facade 

elements or the norm time), but these solutions will be accompanied by difficulties. The 

inefficiency at the start-up of the construction may be counteracted by utilising the 

vertical transport system. 

 

Vertical optimisation 

The vertical cycle time is dependent on the height and mass. Since the horizontal cycle 

time can only be optimised by 13% without creating elements that are nearly impossible 

to construct, transport and handle, a vertical reduction larger than 18% would be needles 

(the vertical cycle time is 5% larger than the horizontal cycle time at the 65th floor). The 

following solutions can be used to optimise the vertical transport cycle: 

 

 reduce the amount of elements, 

 reduce the required time for the crane related actions, 

 reduce the transport time. 

 

By reducing the amount of elements, the average mass per transport movement 

increases, resulting in a higher efficiency. At the horizontal optimisation it was already 

discussed that reducing the amount of floor elements is the easiest method to reduce the 

horizontal cycle time. Reducing the amount of other elements provides several problems. 

When the width of the floor elements is increased from 3 to 4.5m, the amount of floor 

elements is reduced from 40 to 28. As a result, the vertical cycle time is reduced by 

11%. 

                                           
37 The construction workers have to become familiar with the process. 
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Besides reducing the amount of elements, it’s also possible to transport two elements at 

once. Because the floor width has increased from 3 to 4.5m for the horizontal cycle, it 

has become impossible to transport two floor elements at once (maximum weight of 53.6 

ton). But several wall and facade elements can still be transported simultaneously. As a 

result of the floor reduction and transporting two elements at once, the vertical transport 

time is reduced from 1930 to 1494 minutes, a 23% reduction.  

 

Per vertical movement, 6 minutes are calculated for the crane related actions. This value 

is already very low and reducing it to 5 or 4 minutes might create more problems than 

benefits (the possibility of delays increases). Therefore this value will not be reduced. 

 

The third method is to reduce the transport time by increasing the transport speed. At 

the current design of the Erasmus MC tower, a drive unit of approximately 110kW 

without gears is applied. By replacing this unit with a more powerful one, for example 

150kW, the transport speed is increased with 38%. As a result of this more powerful 

unit, the vertical cycle time is reduced with 20%. Though increasing the power of the 

driving unit is a simple solution, it doesn’t increase the efficiency (the average mass per 

movement remains identical).  

 

It can be concluded that reducing the amount of elements or increasing the amount of 

elements per movement is the only solution to increase the efficiency. Applying a more 

powerful driving unit is a simple solution, but it increases the costs. But the larger floor 

elements (exemption required for the transport) and transporting two elements at once 

(a special steel structure has to be engineered) also increase the costs. When floor 

elements of 4.5m are applied in combination with transporting two facade elements at 

once, Figure 117 is obtained. 

 

 
Figure 117 Optimised vertical and horizontal cycle time 

 

At the 65th floor, the horizontal cycle is slightly larger than the vertical cycle time, 

providing an optimal system. Between level 5 and 26, the utilisation ratio is 91%, which 

is higher than the allowable limit of 90%. Therefore the horizontal crane should be 

utilised to decrease this ratio (see Figure 116). Between level 27 and 65, the utilisation 

ratio is 88%. When the cycle time of the 65th floor of Figure 115 and Figure 117 are 

compared, it can be denoted that the cycle time is reduced with 18% due to the 

optimisations. As a result, the total cycle time of 3 days with 12 hours can be reduced to 

2.5 days of 12 hours. But does the additional free day per week outweigh the additional 

costs? It’s unlikely that this day will be used for construction (12 floors per 5 weeks) and 

this day could be used for other activities and absorbing delays. Since the original cycle 
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time already had more available free cycle time (14.6% instead of the minimum 10%), 

these actions can also be performed at the original cycle time without optimisation or the 

Sunday could be used. To make a definite conclusion, the risks should be considered. 

 

11.1.1.5 Risks, quality and costs resulting from the cycle time 

When the cycle time is considered, the aspects costs and quality should also be 

examined. It’s possible to reduce the cycle time, but does the shorter cycle time justify 

the resulting costs and quality? Another aspect which shouldn’t be forgotten are the 

risks. The cycle time shouldn’t be optimized by reducing the time for crane related 

options or buffers since this leaves less room for the construction workers to perform 

their work. Optimizing the cycle time without making it more efficient will only result in a 

higher probability of delays. Therefore the optimisation of the previous section only 

contains a floor element reduction and transporting two elements at once: this won’t 

increase the work load for the construction workers (or decrease the resulting quality) 

but it makes the process more efficient. Now only one question remains: do the benefits 

of the additional free day outweigh the higher cost of the special steel structure to 

transport two elements at once and the higher costs for the floor transport (exemption 

required)? The answer would be yes if the original non-optimized cycle contained no 

buffer to absorb any delays. But with an exemption it’s possible to work on Sunday38. 

With this additional day (Saturday or Sunday), the delays are adsorbed in the same week 

as they are created and an accumulation of delays is prevented. 

 

It should be noted that the non-optimised cycle time of two floors per five or six days is 

very short. Since the values are based on a reference project (the Erasmus MC tower) 

and other projects have been executed with similar cycle times (at Het Strijkijzer also 

two floors were constructed per six days), the risks, quality and costs shouldn’t be 

disproportional to the corresponding cycle time.  

 

11.1.1.6 Conclusion 

In the previous section the composition of the horizontal and vertical cycle times have 

been examined. An entire level can be constructed within three days, resulting in two 

finished levels per week. At the start-up, the efficiency of the construction crew is rather 

low and the vertical transport system may be utilised to counteract this. At level 62, the 

vertical transport cycle becomes leading, resulting in a small stagnation of the work at 

the last four levels. There are many possibilities to optimise the cycle times (up to 18%), 

but this results in higher costs. To prevent an accumulation of delays, every week should 

contain a buffer to absorb the delays. When a three day cycle is used, the only day left in 

the week to absorb the delays is Sunday. An examination of the costs has to determine if 

the additional costs of occasionally working on Sunday is more efficient than using very 

large floor elements which require an exemption. 

 

11.1.2 Cycle time of the monolithic structure 

The monolithic structure is created with a tunnel system. One tower crane will be 

applied, transporting the tunnel system and remaining material (scissor stairs, bathroom 

units and aerated blocks) and equipment. Since this is a non-separated system, there is 

only one cycle time (the horizontal and vertical cycle time are combined). The facade is 

placed by a crane independent system and is therefore not included in the cycle time (An 

example is the JuBi project in The Hague). This facade working platform (hefsteiger in 

Dutch) also ensures that the facade is closed quickly after the structure (6 levels below 

                                           
38 If the noise level of the construction process is higher than 60dB, an exemption is required. 
Since the hoisting shed absorbs a large part of the noise and they will only work on Sundays 
sporadically, acquiring an exemption should be possible.  
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the construction level). It’s also possible to use a second crane for the facade, but this 

drastically increases the weather dependency. 

 

11.1.2.1 Total cycle time  

Before the cycle time can be calculated, the construction sequence of the tunnel system 

has to be determined. In Figure 118 the construction sequence of the tunnel system is 

shown.  

 

 
Figure 118 Construction sequence of the tunnel system 

 

Fist area 1 is created on day 1. On day 2, the tunnel system of area 1 is removed and 

placed at area 2A. Simultaneously, two tunnel sections with an end wall are placed at 

area 2B. With a foldable steel wall formwork in area 1, its now also possible to cast the 

two 500mm thick walls (this formwork section has to be transported via the door 

openings to the next area). On the third day, the tunnel section of 2A is transported to 

3A and the two sections of 2b to 3B. At the fifth day section 4A is transported to the new 

floor level. Because the current floor level still has to be finished by the two 5B areas, a 

cycle time of 5 days is maintained. Per level the following actions relating to the tunnel 

section take place: 

 

 removing tunnel system, 

 transporting tunnel system, 

 placing and adjusting tunnel system, 

 placing reinforcement, ducts and pipes, 

 pouring concrete, 

 finishing concrete. 

 

These actions have to take place within approximately 8 hours because the concrete has 

to dry for the next cycle. It’s possible to remove the tunnel system the next day because 

the concrete is covered from the elements and heated. To achieve all these actions within 

8 hours, the amount of construction workers on the building site will be considerably 

higher than at the precast construction method.  

 

The previous mentioned actions only include the load bearing structure. The staircase, 

aerated concrete blocks and other materials required for the finishing stage still have to 

be transported by the tower crane. Because of the wet construction method, these 
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materials have to be placed at a lower level. Since the concrete is poured with a concrete 

pump and the facade by a crane independent system, the tower crane is available to 

transport these materials after the tunnel system is transported. 

 

It’s also possible to create one entire bay per day. Because the tunnel system has to be 

removed, the internal walls have to be casted at a later stage with foldable formwork (to 

create a proper connection between the wall and the floor, the floor section above the 

wall isn’t casted by the tunnel system). On average, it requires one week to complete 

one building layer with a tunnel system formwork. To operate this building method only 

one tower crane is required.  

 

11.1.2.2 Possible optimisations 

The process itself can’t be optimized anymore because the heated concrete requires 

approximately 16 hours to become stiff enough to remove the formwork. Within the 

remaining 8 hours all the other actions have to be executed. The only solution to 

optimize the construction speed is to use multiple cycles: by using two cranes and two 

tunnel systems it’s possible to create two bays per day with the last mentioned method. 

Per level, another day is required to cast the internal walls. As a result, two levels can be 

completed per week. Since this reduces the amount of repetition and increases the 

amount of cranes, tunnel systems and construction workers, this optimisation isn’t 

applied very often. 

 

11.1.2.3  Risks, quality and costs resulting from the cycle time 

Traditionally one layer per week is constructed when a tunnel system is used39. When 

two tunnel systems, construction crews and tower cranes are used, the complexity of the 

small construction floor will increase considerably. This has a negative influence on the 

risks, quality and costs. On the other hand, reducing the construction time will result in 

less interest loss and more revenues at an earlier stage. In collaboration with the 

contractor a decision has to be made (how much personnel and equipment does he have 

available). Since this building method isn’t protected from the environment additional 

buffers preventing an accumulation of delays becomes important. Because the 

environment isn’t protected from the building method either it may be more difficult to 

work during the weekends and late hours.  

 

11.1.2.4 Conclusion 

With a tunnel system, it takes one week to construct a new level. By using two cranes, 

construction crews and two tunnel systems it’s possible to create two bays per day, 

resulting in two levels per week. This optimisation isn’t applied very often because of the 

large amount of construction workers on the small area (450m2 of gross floor area has to 

be finished within 8 hours). Therefore this optimisation isn’t considered. Within this week, 

only the load bearing structure is finished. The facade and all the materials for the 

finishing still have to be transported to all the underlying levels. To prevent a high crane 

utilisation ratio, a crane independent system can be applied for the facade and the 

concrete pouring.   

 

11.1.3 Comparison cycle times 

Now that the cycle time has been determined for the precast and monolithic structure, 

they can be compared on a quantitative level.  

 

                                           
39 An example is 100 hoog in Rotterdam. One level with 563m2 and five bays was finished in one 
week. 
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The first difference between the methods which can be distinguished is the facade: in the 

precast building method the facade is included in the cycle time, while this is excluded in 

the cast in situ building method. Furthermore, all the materials and elements are placed 

at the desired location while the wet construction method of the tunnel system requires 

that all the materials are placed at a structurally completed level.  

 

The precast building method has a cycle time of 2160 minutes (3 days of 12 hours). 

When this is compared with the cast in situ method of 2400 minutes (5 days of 8 hours), 

a difference of only 10% is obtained. But where the cycle time of the precast method can 

be incorporated in double shifts, the cast in situ method can’t because the concrete has 

to harden. Therefore the precast cycle time may only be 10% lower, the construction 

time per level is reduced by 50%.  

 

The previous comparison is based on the total cycle time, including non-structural 

aspects. When only the structural cycle time is compared, the value of the precast 

building method is reduced from 2160 to 1800 minutes (now only the walls, floors and 

load bearing facade elements are considered). The cycle time of the cast in situ method 

remains 1800 minutes since this process can’t accelerate (the concrete has to harden). 

As a result, the structural cycle time of the precast building method is 25% lower than 

the in situ building method. The reduction of the total construction time per level remains 

50%.   

 

Besides the shorter structural cycle time, the risk of weather delays also plays an 

important role. Due to the conditioned construction area at the precast building method 

no weather delays are incorporated (this was also done at the Erasmus MC tower). At the 

tunnel system it’s very plausible that due to the weather conditions the concrete cannot 

be casted or the tunnel system cannot be transported. Therefore this building method 

has a higher risk of not accomplishing the designed cycle times.   

 

11.1.4 Conclusion 

With the precast building method a cycle time of one floor every three days can be 

achieved. This cycle time can be reduced by optimizing the vertical and horizontal cycle 

time. The optimisation ensures that two levels can be completed in five days, resulting in 

an additional buffer to prevent an accumulation of delays (all the delays should be 

absorbed in the same week to prevent any delays in the next cycle). This optimisation is 

accompanied by additional costs, but to create a buffer at the six day cycle also 

additional costs are required (working on Sunday). Therefore the exact value of the 

exemptions will determine which cycle time is favoured.  

 

The cast in situ building method with a tunnel system requires five days of eight hours to 

complete a level. Due to the nature of this building method, only the load bearing 

structure is finished within these five days. By utilising a crane independent system for 

the facade, the structure may be weather proof several layers below the construction 

level. The construction speed can’t accelerate because the concrete has to harden to 

remove the tunnel system the next day. To reduce the cycle time a second tunnel system 

in combination with tower crane and crew is required. Unfortunately this results in an 

overcrowded construction area which is prone to delays. Therefore is optimisation isn’t 

recommended and not considered in this thesis.   

 

When the cycle times of both systems are compared it may be concluded that the cycle 

time of the precast method is only 10% shorter than the cast is situ building method. 

When the total construction time per floor is considered, this difference increases to 

50%. The reduction of the total construction time is considerable larger because the cycle 

time of the tunnel system can’t be incorporated in two shifts while this possible with the 

hoisting shed. When only the load bearing structure is considered, the difference between 

the cycle times increases from 10 to 25%. This larger difference is created by the fact 
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that a large part of the finishing stage is included in the cycle time of the precast building 

method. To finish the facade at the tunnel system, a crane independent system is 

advised, excluding it from the cycle times. It can be stated that due to prefabrication, the 

construction method has obtained a smaller lead time (time before the next action can be 

executed) which also requires less personnel. As a result of the shorter lead time a 

shorter construction time per level is created. 

 

11.2 Precast building time 

In the previous section it was determined that a constant cycle time of 2160 minutes (3 

days of 12 hours) could be achieved. Therefore two floors per week are constructed. 

Besides the super structure, several other aspects have to be executed before the 

Zalmhaven tower is completed. In this section all the aspects which define the total 

construction time will be examined and determined. 

 

11.2.1 Aspects determining the total construction time 

Before the foundation can be constructed, the current building has to be demolished and 

the site has to be prepared. For example: cables, utility ducts and sewerage have to be 

connected, the measurement points have to be placed and utilities for the construction 

have to be placed (equipment containers, toilets, fences, site office and so on). In this 

thesis it’s assumed that these actions are already finished when the construction of the 

Zalmhaven tower starts. 

 

After all the preparations are finished, the following aspects have to be constructed or 

executed: 

 

 construction of the diaphragm walls, 

 creating a 1m thick foundation slab, 

 constructing the first 6 levels with the crawler crane, 

 erecting the hoisting shed, 

 construction of level 6 to 65 with the hoisting shed, 

 climbing back of the hoisting shed, 

 disassembling of the hoisting shed, 

 execution of the finishing stage. 

 

During the first three stages weather delays are taken into account because these actions 

aren’t protected from the elements. After the hoisting shed is completed no weather 

delays are incorporated since the hoisting shed with guided vertical transport is hardly 

affected by wind, rain and low temperatures.  

 

The resulting total construction time of these aspects is shown in Figure 119. The entire 

process from creating diaphragm walls to disassembling the hoisting shed requires 60 

weeks.  

 

 
Figure 119 Total construction time 

 

A complete overview of the schedule and the determination of every aspect are provided 

in appendix G. Several interesting aspect can be observed in Figure 119: 
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 During the first 24 weeks most of the actions take place consecutive: the first 5 

levels can only be constructed when the foundation is finished and the hoisting 

shed can only be assembled when the 5th level has been completed. Of course 

several smaller actions can be performed simultaneously (assembling the crawler 

crane during the construction of the foundation or the assembling of small truss 

sections to one large truss while the 5th level is created), but the main actions 

have a sequential nature. Since these actions aren’t protected from the 

environment, weather delays are incorporated. 

 The finishing stage can only start when the hoisting shed is assembled. This is 

because the hoisting shed provides a weather proof occlusion at the top floor. By 

applying massive floors with integrated ducts and reinforcement for the 

diaphragm action, sandwich elements and prefabricated bathroom units, it’s 

estimated that 6 levels under the hoisting shed the finishing stage is completed 

(see section 4.4). Because of this incredibly high finishing speed the finishing 

stage isn't leading.  

 The total process of assembling, disassembling and climbing back of the hoisting 

shed requires 8 weeks, which is 27% of the time required to construct level 6 to 

65. This value is considerably high because a special system (hoisting shed) is 

required to reach the short cycle times.  

 

The previous building time is an example of what is possible with the precast building 

method and the previous values should not be mistaken for facts.  Unlike other aspects, 

the building time between the precast and cast in situ building method isn’t compared 

because there are too many aspects influencing the relation. Providing an exact 

comparison would therefore be difficult to support and substantiate. Since the goal of this 

thesis is to examine if it’s structurally and logistically possible to construct a 200m 

precast tower in the Netherlands, the relation between the two building times isn’t 

examined any further.  

 

11.3 Costs 

The costs are an important aspect of the feasibility of a project. The costs (one of the 

three main control factors) often determine the building method. Unfortunately the costs 

are subjected to large fluctuations and only represent the current market status. 

Therefore it’s difficult to obtain valid conclusions when the basis may change the day 

after tomorrow. Since the focus of this thesis lies on the structural and logistically 

feasibility, it has been decided not to calculate the costs of the Zalmhaven tower with a 

precast building method. Determining the costs is therefore left to the knowledge of the 

reader and the market circumstances at that point of time. To facilitate this calculation 

several boundary conditions will be provided for the precast structure: 

 

 70 diaphragm walls with a dimension of lxwxd=63.2x3.3x1.5m3 are required.  

 A concrete slab with a volume of 900m3 is required for the foundation. Since all 

the diaphragm walls are located underneath the structural walls, the 

reinforcement ratio is limited. 

 In total 1209 concrete elements with a concrete strength class of C90/105 are 

used. Because of this high strength class only 117kg reinforcement per cubic 

meter of concrete is required at the bottom. These walls are subdivided as 

following: 

o 243 elements with a thickness of 500mm and a total area of 4941m2, 

o 410 elements with a thickness of 400mm and a total area of 10705.5m2, 

o 556 elements with a thickness of 300mm and a total area of 14548.5m2, 

o 66 elements with a thickness of 200mm and a total area of 1494m2 

(partition walls between the stairs). 
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 In total 2624 floor elements with a thickness of 320mm are required. These 

elements are subdivided as following: 

o 1312 elements with a length of 7.3m, 

o 1312 elements with a length 6.8m. 

 1008 facade elements with a total area of 23538m2. These elements are 

subdivided as following: 

o 252 load bearing facade elements (lxh=9x3.05m2) with an inner leaf 

thickness of 300mm, 

o 252 load bearing facade elements (lxh=6x3.05m2) with an inner leaf 

thickness of 300mm, 

o 252 non-load bearing facade elements (lxh=7.8x3.05m2) with an inner leaf 

thickness of 200mm, 

o 252 non-load bearing facade elements (lxh=7.2x3.05m2) with an inner leaf 

thickness of 200mm. 

 
With these boundary conditions an estimation can be made for the load bearing 

structure.  

 

11.4 Conclusion 

When the building height increases, the influence of the cycle time becomes more 

important. At the Zalmhaven tower the cycle time is leading (approximately 50% of the 

total precast construction time). When the precast and cast in situ building time are 

compared, an interesting conclusion can be made: while the difference in actual cycle 

time may be small (10 to 25%), the difference between the total construction time per 

level is considerably larger. The precast building method is able to construct 2 levels per 

week where the monolithic method only finishes 1 level, a reduction of 50%. It can be 

stated that due to prefabrication, the precast construction method has obtained a smaller 

lead time, ensuring that more actions can be performed in the same time span. Aside 

from shorter total construction time, the precast building method also distinguished itself 

from the cast in situ method by the level at which the finishing stage starts. At the 

precast building method the sandwich facade elements and other material (bathroom 

units or aerated concrete blocks) are placed at the construction level while these aspects 

are placed several levels lower at the cast in situ method. 

 

Besides the cycle time, the project realisation also contains the total building time and 

costs. These aspects aren’t compared on a quantitative level with the in situ building 

method since they are influenced by many non-structural aspects and are subjective to 

many assumptions. Despite the lack of a quantitative comparison, an example is 

provided of the possibilities of the precast building method. By partly integrating the 

finishing stage in the cycle times, the finishing stage isn’t leading anymore. This 

reduction is interesting since traditionally the finishing stage determines the completion 

date. A second interesting aspect is the total process of assembling, disassembling and 

climbing back of the hoisting shed. These actions require 8 weeks, which is 27% of the 

time required to construct level 6 to 65. This value is considerably high because a special 

system (hoisting shed) is required to reach the short cycle times. 

 

For the total costs of the project only boundary conditions are provided. Due to large 

fluctuations which the costs are subject to, the cost calculation would only represent the 

current market status. Therefore the determination of the exact value is left up to the 

reader. 
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12 Conclusion 
In the previous chapters many precast properties have been compared to the traditional 

building method. The goal of this thesis is to examine if it’s structurally and logistically 

feasible to construct a 202.25m precast tower in Rotterdam, the Netherlands. An 

underlying goal of this thesis is to provide an overview of the properties which 

characterise a precast high-rise building with respect to an identical cast in situ building. 

By providing this overview more awareness is created on which aspects should be 

considered during the initiation and design phase.  

 

By examining the Zalmhaven tower and creating a structural and logistical design it can 

be concluded that heights up to 200m are achievable in precast concrete. During the 

structural design of a precast structure the following aspects should be taken into 

consideration: 

 

 The stiffness reduction is marginal. As a result of the large precast concrete 

elements in a masonry configuration, a high concrete strength class and a large 

building slenderness, the stiffness reduction of the precast structure is smaller 

than 4% compared to the cast in situ variant. 

 No strength reduction is encountered as a result of the connections. Due to the 

high dead load of the structure the horizontal connections behave as stiff as the 

surrounding concrete. 

 The shear stiffness of the horizontal connections has a marginal influence on the 

stiffness of the building. This effect is created by the high slenderness of the 

building, making the normal stiffness governing. 

 The vertical connections have a marginal influence of the stiffness of the building. 

The large dowel elements above and below the vertical connection take up the 

shear force originally transferred by the vertical connection, making this 

connection ineffective with respect to the building stiffness. 

 The distribution of shear force is considerably influenced when the masonry 

element configuration is utilised. As a result of the open vertical joint, the shear 

force has to be transported to the over- and underlying dowel elements. Locally 

the structural area is reduced by 50%, requiring more shear reinforcement. 

 The deviations of the stacked precast elements do not accumulate. The horizontal 

wet connections in combination with a thin screed layer on the floors are able to 

absorb the deviations in x-, y- and z-direction. 

 An optimal element configuration results in a time reduction during the execution 

phase. Designing all the elements with respect to the maximum load capacity 

ensures that the transport efficiency is optimal. When the element thickness is 

reduced over the height while maintaining the same dimensions, no significant 

reductions are obtained. When the lower mass creates opportunities to combine 

elements, a considerable time reduction can be expected. 

 

Aside from the previous structural characteristic aspects of precast concrete, several 

other aspects concerning a high-rise design should be regarded: 

 

 Using the Eurocode doesn’t result higher loads for the Zalmhaven tower. With the 

transition from the TGB standards to the Eurocode, the method to calculate the 

wind load has changed considerably. Nevertheless, the wind load on the 

Zalmhaven tower remains more or less identical. 

 The building vibrations induced by wind load aren’t governing at the Zalmhaven 

tower. With the introduction of the Eurocode the vibration calculation has been 

revised extensively. According to the extensive calculation method, the 

Zalmhaven tower meets the requirements with ease.  
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Four aspects should be considered during the design of the transport system of a precast 

structure: 

 

 Precast concrete is able to maintain a high amount of actions within a short time 

span. The precast elements require fewer actions since they only have to be 

assembled on the building site. Furthermore, the amount of wet concrete is 

reduced considerable, decreasing the lead time between actions. A cycle time of 

two layers per week is feasible 

 The highest efficiency per transport movement is obtained when the maximum 

load is transported at every cycle. The non-linear relation between mass and 

transport speed and the crane related actions per transport movement ensure 

that the efficiency is optimal at high loads. 

 The cycle times become independent of the building height when a separated 

transport system is applied. This relation is beneficial for high-rise buildings, but 

only holds when the horizontal cycle is governing. 

 A hoisting shed with vertical guided transport system reduces the weather 

dependency significantly. The construction floor is protected from the environment 

and the vertical transport is able to operate at high wind speeds.  

   

During the initiation phase when the building method is determined the previous aspects 

should be taken into account. These aspects can be reformulated as following: 

 

 By prefabricating the elements, the building only has to be assembled on site. As 

a result of this assembly process, the construction time at the site is reduced 

considerably. Furthermore, fewer different disciplines and personnel are required 

in combination with a cleaner building site.  

 With prefabrication, the construction process is shifted from building site to 

factory. The conditions in the factory are better and this part of the building 

process becomes less dependent of the weather. The controlled environment also 

provides better working circumstances and a higher quality of the elements. This 

also holds for the hoisting shed. 

 Because all the elements are prefabricated and only a small wet connection is 

required, the lead time between actions of a precast structure is very small. 

Therefore a large amount of actions can be performed in a short time span. Cast 

in situ concrete is limited by the hardening time of the wet concrete.  

 With prefabrication, actions can be combined. Sandwich facade elements or floor 

elements with incorporated ducts and reinforcement are a good example of this 

aspect, reducing the required amount of actions per object. As a result of this 

integration, the construction and finishing time at the construction site are 

reduced.  

 By reducing the construction time at site, the interest costs are reduced and 

revenues are obtained at an earlier stage. Therefore a precast structure may be 

economically more attractive. By outsourcing the work to subcontractors at a 

factory the financial risks are reduced as well. 

 

Besides the benefits of introducing connections in the structure, they also create 

limitations. The research of this thesis has shown that the characteristic disadvantageous 

with respect the reduced stiffness and accumulation of deviations of a precast structure 

aren’t governing. From this feasibility study it can be concluded that there are 

opportunities for precast buildings passing the psychological limit of 200m.  
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13 Recommendations 
During this thesis not every aspect could be analysed and several assumptions have been 

made. Furthermore, several aspects have been encountered which require further 

optimisation. It’s recommended to examine the following subjects in more detail:  

 

 Precast concrete in the masonry configuration has been used as structural layout 

because of its structural properties and the reduced amount of work. 

Unfortunately the masonry configuration increases the amount of different 

elements and creating an optimal element configuration with the openings and 

wall intersections is relatively complex. Research by Keulen [Keulen, 2012] has 

shown that a normal layout with a continues vertical connection over the height 

(indented non-reinforce mortar connection) is nearly as stiff as the masonry 

configuration. It should be examined if the higher repetition factor and simplified 

layout are more beneficial than the slightly higher stiffness, reduced labour and 

different connection details40. 

 The structural analysis has been performed by a linear elastic calculation with a 

smeared stiffness for the horizontal connection. The peak values at the vertical 

connections are likely caused by this schematisation and it should be analysed if 

the peak values are smoothened when a non-linear calculation method is used 

with the actual connection properties. Furthermore, the effect of the exact 

calculation on the other results should be examined. 

 AxisVM was chosen as FEM program, but it’s unknown how the programs and the 

corresponding optimisation techniques influence the results. It’s recommended to 

examine the actual behaviour with experiments and validate the AxisVM results. 

 During the literature study an extensive analysis was made of progressive 

collapse. The available time of this thesis was too limited to continue this analysis 

and isn’t considered in the design. It should be examined how the new 

consequence class influences a precast structure: is it still possible to create 

simple and fast connections and how do the measures to mitigate risks influence 

the design? 

 In this thesis a hoisting shed is applied. To increase the economical feasibility of 

this production system it’s recommended to utilise techniques already applied in 

self climbing system. It’s also advised to make the system modular to make it 

reusable. These aspects haven’t been validated with companies providing these 

systems and it’s recommended to analyse the possibilities and solutions more 

thoroughly. 

 A very high concrete strength class (C90/105) was applied at the Zalmhaven 

tower to absorb the stiffness reduction of the precast connections. Since the 

reinforcement design resulted in low reinforcement ratios at the bottom of the 

structure and the stiffness isn’t governing, the concrete strength class should be 

optimized. It’s recommended to examine how this optimisation influences the 

results.  

 The structural damping of buildings is determined by the possibility to dissipate 

energy. By introducing connections, it’s predicted that more energy could be 

dissipated, providing a more pleasant living environment. It should be examined 

how precast concrete influences the damping behaviour of high-rise buildings.  

                                           
40 Tension ties in the floor are required to prevent the unreinforced connection to open up when 
loaded by tension. 



Sven ten Hagen          Research report  191 
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14 Evaluation and level of accuracy 
The last chapter of this thesis contains the evaluation of the results. Within the 

evaluation the level of accuracy is an important aspect since it determines how applicable 

and useful the obtained results are.  

 

First of all, it should be stated that the design for the structure and construction 

methodology are based on the boundary conditions and preferences (point of view) of 

the designer. Different boundary conditions or preferences may lead to considerably 

different results.  

 

With these aspects in mind and the results of the previous chapters, it may be concluded 

that the structural design is in the preliminary design phase. Some aspect may be 

slightly further (the amount of FEM analyses, reinforcement calculation and tolerances), 

but the results aren’t optimised yet. Furthermore, several aspects of the preliminary 

phase are still missing (economical viability and a global risk analysis). Because the 

design is still in the preliminary design phase, it might be interesting to compare the 

results of this design with a different precast design. A trade-off matrix41 could be used 

to compare the different concepts.  

 

The design of the construction methodology is approximately at the same level of 

accuracy. Several aspects are still unknown, for example the dimensions of the steel 

trusses and load bearing capacity of the hydraulic jacks of the hoisting shed. On the 

other hand, important aspects required for the design have been determined: the 

transport and climbing speed of the hoisting shed or the transport of elements via the 

road. 

 

Aside from the global design result more aspects should be evaluated. For example the 

correctness of the calculated results. The structural examination is based on a FEM 

analysis and this complex method is susceptible to errors. Therefore multiple actions 

have been taken to validate the results: 

 

 the loads applied at the structure haven been compared with the results obtained 

at the foundation, 

 the obtained results have been validated with hand calculations and results of 

the original design made by Zonneveld ingenieurs, 

 the behaviour of the entire structure has been compared with small scale models 

in two different FEM programs (AxisVM and Scia Engineer). 

 

The results of the construction methodology are validated by reference projects and 

consults with experts. Because of these actions it’s assumed that the bandwidth of the 

inaccuracy is relatively low for the structural and construction methodology results (in 

appendix I a short feasibility check is provided of the hoisting shed). 

 

It may be concluded that still many aspects have to be considered before the Zalmhaven 

tower can be constructed. Therefore the obtained preliminary results are susceptible to 

changes. Nevertheless, the results which are obtained are relatively accurate and will 

only change due to new boundary conditions or an optimisation of the results. 

  

                                           
41 A variant of the Multi Criteria Evaluation (MCE). 
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Appendix A: Element configuration 
In this appendix the final element configuration of the Zalmhaven tower is depicted. More 

information on the size, mass and how this configuration is obtained can be found in 

chapter 4. 
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Figure 120 Element configuration of wall 1, 2 and 3 
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Figure 121 Element configuration of wall 4 and 5 
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Appendix B: Loads on the structure 
In chapter 0 all the loads acting on the Zalmhaven tower are discussed. In this appendix 

the exact determination will be given of the horizontal and vertical loads. The same 

division as in chapter 0 will be maintained: section B.1 will discuss the vertical loads and 

section B.2 the horizontal loads. 

 

B.1 Vertical loads 

The vertical loads consist of dead load and live floor load. The dead load is composed out 

of the following aspects: 

 

 dead load of the floors, including the screed layer and distributed floor load, 

 dead load of the structural walls, excluding the wall openings, 

 dead load of the facade. 

 

For the floors a massive slab of 320mm thick will be used, to satisfy the requirements of 

contact sounds (minimal 800kg/m2). A thin screed layer (50mm) will be applied to 

provide a smooth finish. The internal apartment walls are based on a Gyproc SoundBloc 

metal stud wall with a dead load of 0.86kN/m [Gyproc, 2012]. According to section 

6.3.1.2 of NEN-EN 1991-1-1, this may be replaced by a distributed load of 0.5kN/m2. 

When these three loads are combined, a total floor load of 9.75kN/m2 is obtained. 

 

The structural walls have a thickness of 400 to 500mm. With approximately 10% 

openings, this results in a vertical load of 9 or 11.25kN/m2 wall area. During the load 

calculation any possible optimisations (reduction of the wall thickness over the height) 

aren’t included.  

 

The Zalmhaven tower contains two load bearing facades with a dead load of 5kN/m2. The 

two remaining non-load bearing facades have a dead load of 3kN/m2. These values are 

based on the original design of Zonneveld ingenieurs. 

 

The live floor load depends on the function of the floor. According to table NB.1-6.2 of 

NEN-EN 1991-1-1, dwellings are subjected to a live load of 1.75kN/m2. When this load is 

combined with another live load (for example wind), it may be reduced by 60% (Ψ=0.4 

in table NB.2-A1.1 of NEN-EN 1990). 

 

Due to the function of the ground floor (lobby area), a live load of 5.0kN/m2
 is assumed. 

A reduction factor of Ψ=0.6 may be applied when combined with other live loads. A 

reduction factor of 0.6 is applied instead of Ψ=0.4 because this area will be used as an 

escape route during emergencies.  

 

The first two floors will be used for storage and installations, which results in a live load 

of 5kN/m2. Due to the nature of this load, no reduction factor may be applied (Ψ=1.0).  

The panorama floor on 65th floor is subjected to a live load of 5kN/m2. In contrast to the 

ground floor this area isn’t used as an escape route and a reduction factor of 0.4 may be 

applied in combination with other live loads (Ψ=0.4). 
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The previous aspects have been shortly summarized: 

 

Dwelling floor         G        Q 

Floor slab (d=320mm)  8.00kN/m2 

Screed layer (50mm)  1.25kN/m2  

Distributed wall load   0.50kN/m2  

Live load (Ψ0=0.4)      1.75kN/m2  

Total     9.75kN/m2   1.75kN/m2 

 

Lobby floor (ground floor)       G        Q 

Floor slab (d=1000mm)  25.0kN/m2  

Live load (Ψ0=0.6)      5.00kN/m2  

Total     25.0kN/m2   5.00kN/m2 

 

Installation/storage floor       G        Q 

Floor slab (d=320mm)  8.00kN/m2 

Screed layer (50mm)  1.25kN/m2  

Distributed wall load   0.50kN/m2  

Live load (Ψ0=1.0)      5.00kN/m2  

Total     9.75kN/m2   5.00kN/m2 

 

Panorama floor        G        Q 

Floor slab (d=320mm)  8.00kN/m2  

Screed layer (50mm)  1.25kN/m2 

Distributed wall load   0.50kN/m2  

Live load (Ψ0=0.4)      5.00kN/m2  

Total     9.75kN/m2   5.00kN/m2 

 

Structural walls        G         

500mm wall (10% reduction) 9.00kN/m2  

400mm wall (10% reduction) 11.25kN/m2 

 

Facade          G         

Load bearing facade   5.00kN/m2  

Non-load bearing facade  3.00kN/m2 

 

With these values, an excel calculation was created, see Figure 122. The total load of the 

AxisVM calculations can’t be used because only a part of the structure is modelled: the 

floors and the facade aren’t included. The load resulting from the floors and facade which 

are supported by the structural walls is included, but a large part of the facade is self-

bearing. This self-bearing facade, which supports approximately 26% of the floor area, 

isn’t included. This decision to exclude the floors and the facade was made to reduce the 

amount of modelling work and because the facade doesn’t provide any stability. The 

floors have a load introducing function (wind load from the facade to the structural 

walls), but due to their large structural area (the EA is relatively large) the actual 

distribution of forces is disrupted. The floors will increase the effective width of the walls, 

absorbing loads which should be taken up by the structural walls. Because of this 

decision, the excel sheet has to be used for the load calculation. 
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Figure 122 Load calculation 
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According to Figure 122, a total dead load of 964.1Mn and a total instantaneous live floor 

load of 53.1Mn is present at the foundation. The Zalmhaven tower has a total area of 

55618m2 of which 71.6% is lettable.  

 

B.2 Horizontal loads 

The horizontal loads are created by the wind. The wind load can be determined by the 

following equation from section 5.3 of NEN-EN 1991-1-4: 

 

Fw=cscd*cf*qp(ze)*Aref*n 

 

in which: 

cscd is the structural factor for taking into account the effect of wind actions from the 

 non-simultaneous occurrence of peak wind pressures on the surface (cs) together 

 with the effect of the vibrations of the structure due to turbulence (cd).  

cf is the force coefficient for the structure or a structural element. 

qp(ze) is the peak velocity pressure at the reference height. 

Aref  is the reference area of the surface. 

n is the second order effect of the structure. This is incorporated in the wind load to 

prevent a non-linear calculation during the first stages of the design. The 

estimated second order is validated at the end with a non-linear calculation (see 

section 9.4). 

 

An aspect which is missing in this calculation is the wind friction. In the Eurocode, the 

wind friction may be neglected at tall buildings since this only provides a minor 

component. For low and elongated buildings the friction should be incorporated. 

 

The structural factor cscd can be calculated with the maple sheet created in the literature 

study or the excel sheet created by TNO for Zonneveld ingenieurs. Due to simplicity and 

organized overview of the TNO sheet, this calculation method will be used. In the 

literature study, the calculation of the structural factor is discussed in detail. In this 

section, the calculation will be discussed shortly.  

 

In Figure 123 the calculation sheet o TNO is depicted. The following parameters are 

entered: the height, width, natural frequency, damping, mass, wind velocity, the 

roughness length and the vibration mode. The frequency could be calculated with formula 

F.2 of NEN-EN 1991-1-4, but this provides inaccurate results. Therefore it’s strongly 

recommended to apply the method used in the Annex A.4 of NEN 6702: 

 

    
 

 
        

 

in which:  

a  is the numerical value of the oscillation acceleration, depending on the static 

system and distribution of the mass: a=0.384m/s2
 

δ  is the numerical value of the largest deformation of the structure as a result of the 

instantaneous load combination. 

 

The calculation of the natural frequency of the Zalmhaven tower is provided in section 

9.6 and E.2.1. According to this calculation, the first natural frequency is 0.165Hz. The 

damping used in this calculation is 0.02 (concrete buildings), but the Eurocode uses a 

logarithmic decrement value of δ=0.1. This logarithmic decrement value can be 

expressed as a damping value: 

 

D=δ/2π=0.1/2π=0.016<0.02 
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The logarithmic decrement value is 20% lower than the damping value of the NEN 6702. 

But when the acceleration is calculated, the NEN 6702 uses a damping value of D=0.01 

(when fe<1Hz, see Annex A.5 of NEN 6702). The logarithmic decrement remains δ=0.1 

and now the logarithmic decrement is 59% larger than the damping value of the NEN 

6702. On this subject dr.ir. R.D.J.M. Steenbergen from TNO was consulted and he agreed 

that there are differences between the NEN 6702 and NEN-EN 1991-1-4. Because there 

is still little known on the damping of structures, it’s impossible to say which value is 

correct. The current damping values are too general and more research is required. 

Currently R. Van den Berg is starting his promotion research on this aspect in 

combination with TNO, Zonneveld ingenieurs and several other companies. 

 

For the mass, only the dead load may be used in NEN-EN 1991-1-4 (see Annex F.5 (3) 

μe). This is an interesting aspect since if there is no live load, there are also no occupants 

inside the building. Therefore no one will experience the vibrations. This peculiarity 

applies to the accelerations, but is more understandable for the building factor: the 

dynamic factor influences the load, also when there are no occupants inside. 

 

The next aspects are the basic wind velocity and roughness factor. When the 

accelerations are calculated, a basic wind velocity of 19.4m/s may be assumed for wind 

area II. This value is provided in the “NTA Hoogbouw (03-A Wind) report and represents 

the SLS wind velocity (repetition period of 1 year). When the structural factor is 

calculated, the original 27m/s has to be maintained for area II (ULS value, repetition 

period of 50 years). Therefore the acceleration value provided in Figure 123 isn’t 

representable. For the roughness length at high-rise buildings z0=0.2m should be applied 

(non-build area). Even though the structure is located in the centre of a city, the 

roughness length should remain 0.2m (this is because of the height of the building 

relative to the surroundings).  

 

The last aspect is the vibration mode. Unlike the acceleration, where bending and torsion 

is combined, the structural factor is calculated with the bending vibration mode. The 

parabolic bending mode is utilised since the deflection behaviour is dominated by 

bending. If the deflection is dominated by shear, the linear bending mode should be 

applied. 

 

Due to confidentiality, this figure cannot be displayed.  

Figure 123 Calculation cscd [TNO 2012] (acceleration isn’t representable) 

 

According to Figure 123, a structural factor of 1.111 is obtained.  

 

The next factor in the wind load calculation is the force coefficient. In Figure 124 the 

force coefficient values from table NB.6-7.6, NEN-EN 1991-1-4 are shown. The 

Zalmhaven tower has a slenderness value of h/d=202.25/30=6.7. Therefore the cpe,10 

values of zone 5D and 5E should be used: cf=0.8-(-0.7)=1.5. Due to the ac of correlation 

between the two sides, the value has to be multiplied by 0.85 (NB 7.2.2 (4). This results 

in a force coefficient of cf=1.5*0.85=1.3 

 

 
Figure 124 Force coefficient values [NEN-EN, 2011] 

 

The peak velocity pressure can be found in table NB.5 of NEN-EN 1991-1-4 or calculated 

with the maple sheet created in the literature study.  
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Aref depends on the considered area. In this thesis the wind force will be calculated per 

meter height and therefore the force will only be calculated with the width: 30m. When 

wind load is calculated per meter of height, a parabolic line is created. This is very 

difficult to enter in AxisVM and therefore Figure 125 of NEN-EN 1991-1-4, section 7.2.2 

will be used. For zstrip a height of three storeys will be maintained (9.15m). The height of 

the strip isn’t specified in the Eurocode and therefore any value could be used. A strip 

height of three storeys is a good compromise between accurate results and an acceptable 

amount of modelling work. 

 

 
Figure 125 Wind load distribution [NEN-EN, 2011] 

 

The last aspect of the wind load calculation is the second order effect. Due to the first 

order deflection of the wind, the structure isn’t loaded centrally anymore (initial skewness 

neglected) and a second order moment is created. As a result of this additional moment, 

the deflection increases. An easy method to include these actions is to multiply the wind 

load by a second order factor. It should be noted that this does not provide exact result: 

by multiplying the wind load by a second order factor, the resulting deformation may be 

equal but at the foundation the horizontal resulting force has also increased with the 

same factor. Therefore the horizontal forces are overestimated by the same value as the 

second order factor. This should be taken into account when the horizontal resistance of 

the foundation is considered. 

After the vertical loads were determined, the second order magnification factor was 

determined. In section 9.4 this calculation is shown. According to this calculation the SLS 

magnification factor is equal to 1.1 and the ULS factor is equal to 1.13. Due to 

inaccuracies in this calculation (the foundation and structural stiffness are estimated), a 

magnification factor of 1.1 is assumed.  

 

Now that all the values of the different aspects are determined, the total wind load per 

meter height can be determined. The results are shown in Table 30. 

 

Table 30 Distributed wind load over the height 

Height cscd cf qp w n qwind 

[m] [-] [-] [kN/m2] [m] [-] [kN/m] 

0-30.5 1.11 1.3 1.202 30 1.1 57.29 

30.5-39.65 1.11 1.3 1.265 30 1.1 60.29 

39.65-48.80 1.11 1.3 1.343 30 1.1 64.01 

48.80-57.95 1.11 1.3 1.409 30 1.1 67.15 

57.95-67.10 1.11 1.3 1.471 30 1.1 70.11 

67.10-76.25 1.11 1.3 1.520 30 1.1 72.44 

76.25-85.40 1.11 1.3 1.564 30 1.1 74.54 

85.40-94.55 1.11 1.3 1.604 30 1.1 76.44 

94.55-103.70 1.11 1.3 1.640 30 1.1 78.16 

103.70-112.85 1.11 1.3 1.674 30 1.1 79.78 
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112.85-122.00 1.11 1.3 1.705 30 1.1 81.26 

122.00-131.15 1.11 1.3 1.737 30 1.1 82.78 

131.15-140.30 1.11 1.3 1.765 30 1.1 84.12 

140.30-149.45 1.11 1.3 1.791 30 1.1 85.36 

149.45-158.60 1.11 1.3 1.815 30 1.1 86.50 

158.60-170.80 1.11 1.3 1.839 30 1.1 87.64 

170.80-202.25 1.11 1.3 1.923 30 1.1 91.65 

 

Because the wind load isn't placed at the facade, but as a horizontal line load on the 

structural walls per floor, the values of Table 30 have to be converted. The following 

formula is used: 

 

                
            

           

 

 

in which:  

qwind,line load is the wind line load on the structural wall 

qwind  is the wind load per meter height 

n  is the amount of walls in the considered direction 

dbuilding  is the building depth (30m). 

 

With this formula, Table 31 is obtained.  

 

Table 31 Distributed wind load per structural wall 

Area Height Force per meter 

height 

Line load x-direction 

per wall 

Line load y-direction 

per wall 

 [m] [kN/m] [kN/m] [kN/m] 

1 0-30.5 57.29 2.91 1.94 

2 30.5-39.65 60.29 3.06 2.04 

3 39.65-48.80 64.01 3.25 2.17 

4 48.80-57.95 67.15 3.41 2.28 

5 57.95-67.10 70.11 3.56 2.38 

6 67.10-76.25 72.44 3.68 2.45 

7 76.25-85.40 74.54 3.79 2.53 

8 85.40-94.55 76.44 3.89 2.59 

9 94.55-103.70 78.16 3.97 2.65 

10 103.70-112.85 79.78 4.06 2.70 

11 112.85-122.00 81.26 4.13 2.75 

12 122.00-131.15 82.78 4.21 2.81 

13 131.15-140.30 84.12 4.28 2.85 

14 140.30-149.45 85.36 4.34 2.89 

15 149.45-158.60 86.50 4.40 2.93 

16 158.60-170.80 87.64 4.46 2.97 

17 170.80-202.25 91.65 4.66 3.11 

 

With this calculation one aspect still hasn't been considered: geometrical imperfections. 

Due to deviations in the geometry of the building, the structure is loaded eccentrically. 

This aspect is comparable to the second order effect. 

  

Section 5.2 of NEN-EN 1992-1-1 provides methods to incorporate geometrical 

imperfections into the calculation. It should be noted that the geometrical imperfections 

only have to be considered in the ULS (see 5.2 (3) of NEN-EN 1992-1-1). Therefore the 

values of Table 31 still suffice for the SLS. The geometrical imperfections are calculated 

with the following equation: 
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in which: 

 o is the initial value:  0=1/300 

αh is a reduction factor for the height:                     

αm is a reduction factor for the amount of elements/floors:                

l is the height (in meters) 

m is the amount of elements/floors. 

 

With a height of 202.25m the following values are obtained: αh=2/3 and αm     . This 

results in a rotation of: 

 

                                            

 

Because of this small rotation, an additional horizontal load is created (Hi), shown in 

Figure 126. This horizontal load is obtained by multiplying the dead and instantaneous 

live floor load by the rotation (this is allowed because the rotation is small): 

 

Hi= i∙N=1.58∙10
-3∙(964144.25+53087.91)=1611kN 

 

This can be rewritten to a horizontal live load of: 

 

qi=Hi/l=1611/202.25=7.96kN/m 

 

With the same equation used at the wind load, this can be rewritten to a horizontal line 

load per structural wall: 

 

qi,x-direction=0.40kN/m 

 

qi,y-direction=0.27kN/m 

 

These values should be added to Table 31 for the ULS calculations.  

 
Figure 126 geometrical imperfections [NEN-EN, 2011] 

 

The non-linear calculation performed by AxisVM to verify the second order effects also 

took geometrical imperfections into account. Therefore the previous calculated values of 

0.4 and 0.27kN/m don't have to be added to the wind load: the values presented in 

Table 31 are the final values which have to be entered in AxisVM for the FEM calculations 

in SLS and ULS. 
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Appendix C: Modelling in AxisVM 
In this appendix the detailed background information of chapter 6 is provided. Section 

B.1 will start with the influence of the domains. Section B.2 continues with the optimal 

mesh size and section B.3 concludes the with the connections 

 

C.1  The influence of the domains 

When a structure is modelled in a finite element method program, domains are used for 

separating structural elements. For example, a single floor slab, wall element or column 

may be represented by one domain. When a monolithic structure is modelled, the entire 

structure should be made with one domain since there are no joints or connections42. 

Because of practical reasons (constructing the model), it may be more convenient to use 

multiple domains in a monolithic model. But do the multiple domains influence the 

structural properties? 

 

C.1.1 Model scheme of the investigation 

To answer this question, three structures are modelled (see Figure 127). The first 

structure contains a domain for every wall element and between these elements interface 

elements are applied. The second structure is also modelled with a domain for every wall 

element, but there are no interface elements. Without the interface elements, AxisVM 

automatically connects the domains to each other. The third structure is composed of one 

domain element, representing a wall that was cast in a continuous process.  

 

 
Figure 127 Three structure from the domain investigation 

For the three structures wall 4 (see section 4.3.2) is used without any openings. 

Maintaining the openings would make it more difficult to construct a wall with one 

                                           
42 There may be connections visible in the concrete due to the casting sequence, but these 
connections have a strength that approximates the surrounding concrete and are therefore not 
considered as a real connection. 
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domain. Furthermore, the openings should not have any effect on the results since they 

do not interfere with the behaviour between different domains. 

 

A mesh size of 750mm is used which results in four mesh elements over the height of 

one domain (only the first two structures). Because there are no openings in the three 

structures, this mesh size is relative accurate. A smaller mesh size would provide more 

accurate values, but the goal of this investigation is not to obtain an accurate shear force 

value to design and reinforce a wall element, but to find out if multiple domains influence 

the structural results. Using the same mesh size in the three structures assures that all 

the values have the same accuracy. 

 

The three structures are clamped at the foundation (Rx=Rz=1*107 kN/m/m and Ry=0 

kN/m/m) and a 2D calculation with membrane elements is used in the X-Z plane (hence 

Ry=0 kN/m/m). Concrete class C90/105 is used with Ex=Ey=29333 N/mm2 (the concrete 

is uncracked due to the high dead load of the structure). The stiffness of the horizontal 

and vertical connections of structure 1 (the interface elements) are iteratively43 

determined at kx=ky=1*1010 kN/m/m. The three structures are loaded by dead load and 

a non-uniform wind load (the wind load increases with the building height) as described 

in section 5.2 and 5.3. 

 

C.1.2 Results 

In Figure 128, Figure 129 and Figure 130 the result of the investigation on the influence 

of the domains are depicted. Based on the figures it can be concluded that the three 

structures are identical on a global scale. For example, Figure 128 shows that the first 

structure has a top displacement of 253.989mm. The second structure has a top 

displacement of 253.941mm, only 0.001% smaller than the first structure. The top 

displacement of the third structure is identical to the second structure: 253.941mm.  

 

                                           
43 The iterative method was applied since it was unknown at which stiffness the models would 
behave nearly identical. After several models with a different stiffness, this value was obtained. 
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Figure 128 Displacement ex  

 
Figure 129 Normal force ny 
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Figure 130 Shear force nxy 

 

To compare the results of Figure 129 and Figure 130 is slightly more difficult based on 

the graphical values and therefore three sections have been made per structure, see 

Figure 131.  

 

 
Figure 131 Sections 

 

In Table 32 the results are shown. It can be noticed that the maximum difference 

between the three structures is never larger than 0.066% (difference between the shear 

force of structure 1 and 3 at section 1). For the integrity of the conclusions made in this 

section, a second calculation has been made with a mesh size of 1500mm. The results 

are shown in Table 33 and it can be observed that the mesh size has nearly no influence 

on the results: the differences are in the same order of magnitude and the largest 

difference can be found at the shear force between structure 1 and 3 at section 3 

(0.094%). 
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Table 32 Section forces at a mesh size of 750mm 
Struct

ure 

 Section 1 Difference 

with 

structure 

1 [%] 

Difference 

between 

str. 2 and 

3 [%] 

Section 2 Difference 

with 

structure 

1 [%] 

Difference 

between 

str. 2 and 

3 [%] 

Section 3 Difference 

with 

structure 

1 [%] 

Difference 

between 

str. 2 and 

3 [%] 

1 M [kNm] 679077,3 - - 625984,8 - - 535475,8 - - 

 V [kN] 7180,073 - - 6839,045 - - 6382,086 - - 

 N [kN] 219463,5 - - 208412,7 - - 193521,7 - - 

2 M [kNm] 679087,9 0,002 - 625994,9 0,002 - 535548,9 0,014 - 

 V [kN] 7180,139 0,001 - 6839,123 0,001 - 6382,291 0,003 - 

 N [kN] 219463,5 0,000 - 208417,7 0,002 - 193523,4 0,001 - 

3 M [kNm] 679104,6 0,004 0,002 625860,4 -0,020 -0,021 535509,6 0,006 -0,007 

 V [kN] 7184,795 0,066 0,065 6839,054 0,000 -0,001 6381,403 -0,011 -0,014 

 N [kN] 219474,8 0,005 0,005 208413,3 0,000 -0,002 193528,8 0,004 0,003 

 

Table 33 Section forces at a mesh size of 1500mm 
Struct

ure 

 Section 1 Difference 

with 

structure 

1 [%] 

Difference 

between 

str. 2 and 

3 [%] 

Section 2 Difference 

with 

structure 

1 [%] 

Difference 

between 

str. 2 and 

3 [%] 

Section 3 Difference 

with 

structure 

1 [%] 

Difference 

between 

str. 2 and 

3 [%] 

1 M [kNm] 679029,9 - - 625835,4 - - 535444,6 - - 

 V [kN] 7177,032 - - 6838,371 - - 6375,241 - - 

 N [kN] 219477,8 - - 208414,1 - - 193535,3 - - 

2 M [kNm] 679043,8 0,002 - 625848,7 0,002 - 535521,4 0,014 - 

 V [kN] 7177,11 0,001 - 6838,984 0,009 - 6375,526 0,004 - 

 N [kN] 219470 -0,004 - 208414,1 0,000 - 193536 0,000 - 

3 M [kNm] 679099,1 0,010 0,008 625813,1 -0,004 -0,006 535518,1 0,014 -0,001 

 V [kN] 7181,781 0,066 0,065 6836,565 -0,026 -0,035 6381,231 0,094 0,089 

 N [kN] 219405,4 -0,033 -0,029 208411,1 -0,001 -0,001 193543,3 0,004 0,004 

 

C.1.3 Conclusion 

When the results are compared it can be concluded that there is a difference between a 

monolithic structure composed out of one domain and a monolithic structure with 

multiple domains (with or without interface elements). Since the differences are relatively 

small, it's acceptable to use multiple domains or multiple domains with interface 

elements for a monolithic structure. To obtain monolithic results with interface elements, 

a stiffness equal or larger than kx=ky=1*1010 kN/m/m is required. By using a high 

stiffness, the interface elements become very stiff. This high stiffness makes the 

interface elements obsolete and values are obtained which are comparable to model 2 

(no interface element, resulting in an infinite stiffness between the two elements). When 

the actual normal stiffness and a very high shear stiffness are entered in the first model 

(ky=7.33*108kN/m/m and kx=1*1010kN/m/m), the differences become larger between 

model 1 and model 2 and 3. This is unexpected because the normal stiffness is based on 

the stiffness of the surrounding concrete (see section 7.8) and this should provide 

monolithic values. It can concluded that the lower stiffness in combination with the 

interface elements provide too much deformation in the connections. Because these 

differences are smaller than 0.5% (660% larger than the largest value of Table 32), this 

less stiff behaviour is neglected.    
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C.2 Mesh size 

The mesh size is one of the important factors that determine the accuracy of the 

calculations. A large mesh size will result in a short calculation time but it may not 

provide accurate calculation results. Therefore the effect of different mesh sizes and the 

resulting calculation time have to be researched. If the calculation results converge with 

a decreasing mesh size, an optimal mesh size can be chosen. 

 

This research on the mesh size is composed out of four different parts: first an uniform 

mesh size will be used for the entire structure. The size of the mesh is the only variable 

and will be reduced in several steps. In the second part, the mesh size will be reduced 

locally and in the third part of this research, the mesh size will have a different size 

according to the height. Part 1 until 3 will be based on a 2D wall. Based on these results, 

an optimal mesh size will be determined for a 3D structure in part 4.  

 

C.2.1 Part 1: uniform mesh size 

The mesh size research will start with a uniform mesh size. Creating a uniform mesh is 

relatively easy, but compared with locally increased mesh size and a mesh size according 

to the height, it may be inefficient. First of al several assumption will be made. 

 

Assumptions 

For this research wall 4 is used, as described in section 4.3.2. The mesh size is uniform 

over the building height and will be automatically generated by AxisVM. AxisVM 10 only 

uses triangles for the mesh and Figure 132 shows how a square wall element is meshed 

with triangles.  

 

 
Figure 132 Triangular mesh in a square element 

 

In AxisVM 11 and other FEM programs (for example ATENA) it’s possible to construct the 

mesh out of quadrangles or a combination of triangles and quadrangles. Theoretically 

this should have no effect on the result, but it’s known that the mesh shape may 

influence crack direction in ATENA for example. Since all the results are obtained by first 

order linear analysis, crack formation is not taken into account and therefore the mesh 

form should have no influence on the results44. 

The differences between the meshes will be determined by the maximum top deflection 

and by three sections. The considered sections are shown in Figure 133 and they are 

located at the sixth floor. The sixth floor is chosen because of the intersections at the 

lower floors. It should be noted that there may be sections with higher forces and that 

the current three sections are only chosen for comparison purposes. In section I, the 

shear force and moments will be considered, in section II the normal force and in section 

III the moments. These three locations on the sixth floor are chosen because they often 

contain the largest forces at that level.  

 

                                           
44 This assumption is confirmed by Dr.ir. M.A.N. Hendriks from the Structural Mechanics 
Department of Civil Engineering and Geosciences. 
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Figure 133 Location of the sections 

 

To obtain accurate results, the mesh size should decrease with a factor of 2 in the 

smallest elements (the lintels) per step. Therefore the following mesh sizes will be 

examined: 1500, 1000, 750, 500, 375, 250 and 150mm. In Figure 134 it can be seen 

that a mesh size of 1500 and 1000mm contain one layer of mesh elements in the lintels. 

Between a mesh size of 750mm and 375mm there are two layers (Figure 135 and Figure 

136). When a mesh size of 250mm is observed, it can be seen that there are 4 layers 

(Figure 136) and a mesh size of 150mm results in 6 layers (Figure 137). Reducing the 

mesh size by 2 for every step would have resulted in very large steps and obtaining 8 

layers in the last step would cause a disproportionate long calculation time (8 layers can 

only be achieved by a mesh size smaller than 100mm). Therefore the mesh sizes of 

1500, 1000, 750, 500, 375, 250 and 150mm are maintained. 

 

  
Figure 134 Mesh size of 1500mm (left) and 1000mm (right) 
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Figure 135 Mesh size of 750m (left) and 500mm (right) 

 

 
Figure 136 Mesh size of 375mm (left) and 250mm (right) 

 

 
Figure 137 Mesh size of 150mm 
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Results 

In Table 34 the results are shown of the analysis with different mesh sizes. Besides the 

calculated values, the table also contains the relative difference with the previous 

calculated value. 
 

Table 34 Results of the research on different mesh sizes  
Mesh 
size 

Top deflection 
Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

Calculation 
time 

[mm] [mm] Differ

ence 

[%] 

[kN] Differe

nce 

[%] 

[kNm] Differe

nce 

[%] 

[kN] Differe

nce 

[%] 

[kNm] Differe

nce 

[%] 

[s] 

1500 379.5 - 174.9 - 148.1 - 59872.1 - 30057.1 - 5 

1000 377.9 -0.4 235.5 34.6 184.9 24.8 59491.5 -0.6 28810.8 -4.1 16 

750 378.6 0.2 296.7 26.0 189.4 2.4 59377.4 -0.2 29621.4 2.8 27 

500 378.6 0.0 296.7 0.0 193.9 2.4 59271.3 -0.2 29035.5 -2.0 107 

375 378.3 -0.1 323.3 9.3 217.3 12.1 59210.1 -0.1 28847.2 -0.6 652 

300 378.4 0.0 315.6 -2.7 215.9 -0.6 59186.2 0.0 28752.9 -0.3 805* 

250 x           

150 x           

* This calculation was done by a faster computer. 

 

A mesh size of 250mm and 150mm could not be calculated due to a memory problem in 

AxisVM. AxisVM is written as a 32-bit application and only supports 2GB of physical 

memory and 2GB of virtual memory. When a mesh size of 250mm is calculated, 1.1 

million equations have to be solved which requires more than 4GB of memory. AxisVM 

12, which will be released next year, is written as 64-bit application and will support 

more than 4GB of memory. It’s recommended to do the mesh size on a part of the 

structure, making sure that all the mesh sizes can be analysed. Based on the section 

results, conclusions can be made for the entire structure.  

 

The second column of Table 34 shows that there is only a lateral deflection difference of 

0.3% between the largest and smallest mesh size: the deflection is only slightly 

dependent on the mesh size. This small relationship can be explained by the calculation 

method of AxisVM (and most other FEM programs): the deflection of the nodes is the 

primary unknown variable and the mesh size has little influence on the deflection of the 

nodes. Creating a smaller mesh will result in more nodes and more points where the 

deflection is known, but the overall deflection will not become more accurate. The mesh 

size does have an influence on the strains, stresses and forces because they are derived 

from the deflections in the nodes. A smaller mesh will result in more nodes and as a 

result there are more points where the stain, stress and force are known. A smaller 

distance between the known points will result in a better derivation.  

The size of the element that is meshed also plays an important role. When section 1 is 

compared with section 2 and 3, large fluctuations can be seen at section 1. It’s likely that 

there is a relation between the amount of meshed elements in the domain and the 

accuracy: in the lintel the amount of meshed elements changes drastically compared to 

the domain of section 2 and 3. The observed differences between section 1 and section 2 

& 3 are also confirmed by several graphics of the normal force in the local y direction (ny) 

in Figure 138, Figure 139 and Figure 140. In these three graphics the same scale is used 

and large differences can be seen in the lintels while the adjacent walls stay merely the 

same. 
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Figure 138 Normal force in the local y direction (mesh is 1000mm) 

 

 
Figure 139 Normal force in the local y direction (mesh is 500mm) 

 

 
Figure 140 Normal force in the local y direction (mesh is 250mm) 
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A second observation that can be made in Table 34 is the reduction of the relative 

difference with a decreasing mesh size: the values are converging. The mesh size of 

300mm provides the most accurate values, but unfortunately smaller mesh sizes can’t be 

examined. Therefore the mesh size and results will also be evaluated by using a locally 

increased mesh (part 2) and a mesh size according to the height (part 3). 

 

C.2.2 Part 2: local mesh size 

Part 1 of the mesh size research shows that the deflection is almost equal for all mesh 

sizes. The forces in section II and III also change very little, but section I shows large 

variations with different sizes. To overcome this problem without decreasing the entire 

mesh size, the mesh is only locally reduced at the lintels. This is depicted in Figure 141. 

 

 
Figure 141 Local mesh reduction 

 

By locally reducing the mesh size, the calculation time remains acceptable and the 

variation at section I should become less. For part 2 of the mesh research the same 

assumptions as in part 1 are made. The only difference is the mesh size in the lintels 

(section I). To provide a smooth transition between the mesh size in the lintels and the 

adjacent walls, a transition mesh is automatically generated by AxisVM. This transition 

mesh can also be seen in Figure 141. 

 

Results 

Table 35 shows the result of the research on local different mesh sizes. The first value in 

column 1 represents the mesh size of the adjacent walls, the second value represents the 

mesh size of the lintels. Besides the results, the table also contains the relative difference 

with the previous calculated value. 

 

Table 35 Results of the research on local different mesh sizes 
Mesh 
size 

Top deflection 
Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

Calculation 
time 

[mm] [mm] Differ

ence 

[%] 

[kN] Differe

nce 

[%] 

[kNm] Differe

nce 

[%] 

[kN] Differe

nce 

[%] 

[kNm] Differe

nce 

[%] 

[s] 

500/500 378.6 - 296.7 - 193.9 - 59271.3 - 29035.5 -2.0 107 

500/375 379.1 0.1 322.4 8.7 215.5 11.1 59220.0 -0.1 29305.0 0.9 184 

500/250 379.2 0.0 319.2 -1.0 216.0 0.2 59119.0 -0.2 28635.4 -2.3 373 

500/150 379.7 0.1 330.4 3.5 208.0 -3.7 59090.1 0.0 28614.1 -0.1 650 

375/375 378.3 -0.4 324.3 1.8 217.3 4.5 59210.1 0.2 28847.2 0.8 652 

375/250 378.7 0.1 319.8 -1.4 217.8 0.2 59195.6 0.0 28494.1 -1.2 811 

375/150 x           

250/250 x           

250/150 x           

150/150 x           
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The differences between 500/500 and 375/250 at section II, III and the top deflection 

are relatively small and this is comparable to the results of Table 34. The differences at 

section I are smaller than in Table 34, but this is caused by the smaller mesh sizes that 

have been examined (500/500 versus 1500). When the values of 500/250 and 375/250 

in section I are compared, it can be concluded that the differences are less than 0.8%. In 

section II and III the differences are also relatively small: less than 0.5%. To obtain 

these slightly more accurate values, the calculation time increases with 117%.  

 

Just as with Table 34 it can be observed that the values converge. Unfortunately, smaller 

mesh sizes couldn’t be examined due to a memory problem. A second method to create a 

local reduced mesh size is to apply a smaller mesh at all the elements that contain 

openings. Compared to the previous method where only the lintels are given a smaller 

mesh, the amount of equations that have to be solved will increase. Therefore this 

method has not been examined.  

 

C.2.3 Part 3: mesh size according to height 

Commonly the largest forces occur in the lower section of the structure. To obtain 

accurate results at the three sections without a long calculation time, the wall is divided 

into two regions. The lower region has a height of 81.3m1 (approximately 1/3rd of the 

structure height) and will be meshed with small elements. The top region has a height of 

120.95m1 and will be meshed with larger elements. This method should provide accurate 

values for the lower section and reduce the required memory. Due to the large mesh size 

in the top area of the structure, this method should not be used to design lintels or 

elements at that location. Locally reducing the mesh size around the considered element 

in the top section may circumvent this problem. 

 

Results 

Table 36 shows the result of the research on different mesh sizes over the height. The 

first value in column 1 represents the mesh size at the lower region and the second value 

represents the mesh size of the top region. Besides the results, the table also contains 

the relative difference with the previous calculated value.  

 

Table 36 Results of the research on local different mesh sizes 
Mesh 
size 

Top deflection 
Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

Calculation 
time 

[mm] [mm] Differ
ence 

[%] 

[kN] Differe
nce 

[%] 

[kNm] Differe
nce 

[%] 

[kN] Differe
nce 

[%] 

[kNm] Differe
nce 

[%] 

[s] 

375/750 378.4 - 324.2 - 217.1 - 59212.9 - 28846.8 - 130 

375/500 378.4 0.0 324.3 0.0 217.3 0.1 59210.4 0.0 28847.1 0.0 367 

375/375 378.3 0.0 324.3 0.0 217.3 0.0 59210.1 0.0 28847.2 0.0 652 

250/750 378.3 0.0 320.8 -1.1 218.9 0.7 59170.4 -0.1 28682.4 -0.6 680 

250/500 378.3 0.0 321.0 0.1 219.0 0.0 59167.8 0.0 28682.8 0.0 913 

250/250 x           

150/750 x           

150/500 x           

150/250 x           

150/150 x           

 

When all the results are compared, it can be concluded that there is almost no difference 

between a mesh size of 375/750 and 250/500. The only value that increases drastically 

is the calculation time: there is a difference of 600% between the smallest and largest 

mesh size. It can be concluded that the top section has nearly no influence on the bottom 

section and this has a positive effect on the results and calculation time. When the mesh 

results of 250/750 are compared with 250/500, the calculation time increases with 34% 

while the differences are less or equal than 0.1%.  
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C.2.4 Part 4: mesh size in a 3D structure 

From the results of the previous sections it can be concluded that the mesh size 

according to the height provides the most accurate results with the shortest calculation 

time. This is important for the 3D model since the amount of equations that have to be 

solved will drastically increase compared to the 2D models.  

 

The smallest mesh size that can be applied is 750mm at the bottom (1/4th of the building 

height) and 1500mm at the top (3/4th of the building height). But this mesh size is too 

large to provide accurate local results. Therefore the mesh size will be reduced to 250mm 

around the considered element. This method is applicable since the local distribution of 

forces is highly dependent on the mesh size while the global distribution of forces is only 

slightly dependant. 

 

C.2.5 Conclusion 

A small mesh size is the key to obtain accurate results, but a small mesh also increases 

the calculation time considerably. Therefore the results of different mesh sizes have been 

analysed in order to find a mesh size that results in accurate values combined with an 

acceptable calculation time. 

 

In Table 37 the most accurate values of the first three parts are combined. With a mesh 

size according to the height the smallest mesh is obtained (250mm) at the cross-sections 

and the results can be considered as the most accurate values that can be calculated.  

 

Table 37 Results of the research on local different mesh sizes 
Mesh 
size 

Top deflection 
Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

Calculation 
time 

[mm] [mm] Differ

ence 

[%] 

[kN] Differe

nce 

[%] 

[kNm] Differe

nce 

[%] 

[kN] Differe

nce 

[%] 

[kNm] Differe

nce 

[%] 

[s] 

300 378.4 - 315.6 - 215.9 - 59186.2 - 28752.9 - 805 

375/250 378.7 0.1 319.8 1.3 217.8 0.9 59195.6 0.0 28494.1 -0.9 811 

250/500 378.3 -0.1 321.0 0.4 219.0 0.6 59167.8 0.0 28682.8 0.7 913 

 

If it would be possible to calculate an even smaller mesh size in part 3 (for example 

150/750), the values would probably still change relative to the 250/500 values. Due to 

the converging values of Table 36, it’s estimated that these relative differences will be 

smaller than 1%. This difference may be positive or negative since there will always be a 

bandwidth around which the values will deviate. Unfortunately, it’s impossible to 

calculate smaller mesh sizes due to a memory problem of AxisVM.  

 

In part 3 it was already concluded that the results of 250/750 and 250/500 are nearly 

identical. Due to the reduced calculation time, a mesh size of 250mm at the bottom 

section (1/3rd of the height) and 750mm at the top section (2/3rd of the height) is 

recommended for all the calculations at the bottom of a 2D structure. If the forces in the 

top section have to be determined, the method of part 2 is recommended.   

 

An entire structural wall was used for this analysis and the smallest mesh size which was 

examined was 250mm. A smaller mesh size couldn’t be analysed because this resulted in 

a memory problem. Therefore it’s unknown if the results converge even more at lower 

mesh values. Therefore it’s recommended to perform the mesh analysis only on a section 

of the entire model. With these result, the optimal mesh size can be determined without 

any memory problems.  

 

For the 3D structure, a mesh size of 250mm at the bottom and 750mm at the top is too 

small. Since the mesh size only has a small influence on the global distribution of forces, 

it’s allowed to use a larger mesh size, for example 750mm at the bottom and 1500mm at 
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the top. By locally reducing the mesh size around the considered elements, it’s still 

possible to achieve accurate results. 

 

C.3  Determining the connection stiffness 

The stiffness of the connections determines the behaviour of the entire structure. 

Therefore obtaining realistic values for the normal and shear stiffness is essential. In this 

section it’s explained how the values are calculated. 

 

C.3.1 Description of connection geometry  

Before the connections stiffness can be determined, there must be consensus on the 

connection geometry. Therefore Figure 142 has been created.  

 

 

 
Figure 142 Connection geometry 

 

There are three important parameters: the length, thickness and depth of the 

connection. These parameters will be used in the following sections  

 

C.3.2 Normal stiffness of the horizontal connection ky 

The horizontal connection endures large forces in a high-rise building. To prevent local 

weaknesses, fluid or thixotropic mortar with a stiffness equal or higher than the 

surrounding concrete is often applied. Under compression, this should in theory result in 

a stiffness equal to the surrounding concrete. With this assumption, enclosed air bubbles 

(up to 3% with pump grouting) are neglected. Under tension, the stiffness is reduced 

considerably since all the forces are transferred by the reinforcement. As a result of the 

large dead load of the Zalmhaven tower, no tensile stress occurs in the horizontal 

connections and only compression is considered.  

 

To calculate the normal stiffness of the horizontal connection, the following equations are 

used: 
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They can be combined as following: 

 

           
    

 
      

   

 
       

 

           
     

 
      

 

             
     

 
      

 

Since σ isn’t equal to 0, σ can be removed from equation 7. When equation 7 is 

rewritten, the following equation is obtained: 

 

  
   

 
         

 

in which: 

k is the stiffness of the connection 

A is the considered area 

E is the Young’s modulus of the mortar 

L is the thickness of the connection (tconnection in Figure 142). 

 

When the stiffness is determined for a certain area and a connection thickness of 1mm is 

taken into account the equation can be rewritten to: 

 

  
   

 
 

   

   
            

 

This stiffness of the connection is now identical to the Young's modulus of the mortar. 

When mortar with a Young's modulus equal or higher than the surrounding concrete is 

applied, the stiffness of the connection will be equal or higher than the surrounding 

concrete. 

 

In AxisVM the stiffness is entered per meter, resulting in following equation: 

 

  
   

   
                 

 

For the Young’s modulus of the mortar the same value is used as the surrounding 

concrete: Euncracked=29333N/mm2. The thickness of the connection is 20mm. As a result 

of a different wall thickness a different normal stiffness is obtained for the walls, shown 

in Table 38.  

 

Table 38 Normal stiffness horizontal connection ky 

Wall thickness A E L Kx 

[mm] [mm2] [N/mm2] [mm] [kN/m/m] 

400 400x1000 29333 20 5.87*108 

500 500x1000 29333 20 7.33*108 

 

The stiffness of the connection is based on a thickness of 20mm. The stiffness of the wall 

element is determined by AxisVM, based on the entered parameters (dimensions and 

material properties). But in AxisVM, the connection has no physical stiffness and 

therefore the stiffness of the wall element is based on a length of 3050 instead of 

3030mm. As a result, the stiffness is slightly underestimated (by 0.65%). This can be 

explained by the following example. 
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The equation for serial springs is given by:  

 
 

 
 

 

  

 
 

  

 

 

The three different values for the stiffness are: 

 

   
   

 
 

              

  
                   

 

   
   

 
 

              

    
                   

 

   
   

 
 

              

    
                   

 
 

       

 
 

  

 
 

  

 
 

        
 

 

        
                       

 

The total actual stiffness should be kactual=4.81*106kN/m/m (equal to k3), but in AxisVM 

the following is applied: 

 
 

       

 
 

  

 
 

  

 
 

        
 

 

        
                       

 

Resulting in kAxisVM=4.78*106kN/m/m, which is 0.65% smaller than the calculated 

stiffness. With an increasing connection thickness, this difference will become larger. This 

slightly lower value that is applied in AxisVM will not have a noticeable effect on the 

calculation results, since the stiffness is already considerably high. According to section 

8.1.5, a high stiffness is insensitive to small changes. This conclusion is based on the 

shear stiffness, but it also holds for the normal stiffness.  

 

C.3.3 Shear stiffness of the horizontal connection kx 

The shear stiffness is determined with the Eurocode NEN-EN 1992-1-1, section 6.2.5 and 

with a formula determined by Straman. First the shear resistance is calculated with the 

Eurocode: 

 
                                              

 

in which: 

vRdi  is the design shear resistance at the interface 

c and µ are factors depending on the interface (for smooth: c=0,2 and  µ=0,6) 

fctd  is the design tensile strength of the concrete 

σn is the minimum normal stress in the joint that can coincide with shear 

force, positive for pressure, whereby σn<0,6fcd and negative for tension. 

It’s advised to use cfctd=0 when σn is in tension. 

ρ is the area of the protruding bars divided by the connection area: As/Ai 

α is the angle of the reinforcement (see Figure 54) 

v is the stiffness reduction factor: 
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Figure 143 Shear resistance of a horizontal connection [NEN, 2011] 

 

The first part of the shear resistance formula takes the adhesion into account. Because 

the concrete elements have a smooth surface, c*fctd becomes equal to zero. The second 

part is responsible for the normal stress. In case the connection is loaded in tension, this 

value also becomes equal to zero. The third part is the contribution of the reinforcement.  

 

When a connection is loaded in compression and contains starter bars at an angle of 90˚, 

the formula can be rewritten as: 
 

                         

 

The values that are still required are the normal stress, the reinforcement ratio, the steel 

quality and the design compression strength of the concrete. According to section 8.1, an 

iterative calculation isn’t required for the variable normal force and a value of 20N/mm2 

may be applied. Two starter bars with a diameter of 25mm (B500B) are placed at a 

centre to centre distance of 400mm. Two starter bars are chosen because of the 

thickness of the walls. As a result, a reinforcement ratio of 0.49% is obtained. This value 

isn’t very high since there is almost no tension in the cross-section (see section 9.2). 

With a concrete strength class of C90/105, a design compression strength of 

fcd=60N/mm2 is obtained. With these values the shear resistance is calculated: 

 
                                                                       

 

The shear resistance is limited at 11.52N/mm2 due to the shear limit. An interesting 

aspect is the ratio between reinforcement and compression: the reinforcement is less 

than 10% of the unlimited value. Now that the shear resistance is known, the shear 

stiffness can be calculated. The formula of Straman [Straman, 1988] states that there is 

a linear relation between the shear resistance and the deformation: 

 

   
     

  

          

 

In which: 

kx is the shear stiffness 

vRdi is the shear resistance 

δx is the deformation, also known as slip. 

 

Although this research was performed on vertical connections, the mechanism remains 

equal. Tests done in this research show that the connection will fail at a deformation of 

approximately 1mm. But according to Figure 144 the relation shouldn’t be linear but bi-

linear. At first, the mortar and concrete are still connected to each other and the stiffness 

is relatively high. At a certain deformation the connection is lost and the stiffness is 

reduced.  
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Figure 144 Relation between shear resistance and deformation [Keulen, 2012] 

 

In consultation with two of the supervisors (Dr.ir.drs. C.R. Braam and Ir. D.C. van 

Keulen) this certain deformation is placed at δx,1=0.4mm. At the moment there is no 

literature available that supports this assumption, but preliminary research shows that 

this assumption is reasonable. 

 

The units of this shear stiffness are N/mm3. To go from N/mm3 to kN/m/m, the stiffness 

has to be multiplied by the thickness to obtain N/mm2 (or N/mm/mm). Subsequently the 

stiffness has to be multiplied by 103 to obtain kN/m/m. In Table 39 the results are shown 

for the two walls and the different slip value. 

 

Table 39 Shear stiffness horizontal connection kx 

Wall thickness Shear resistance VRdi Shear stiffness kx (s=1) Shear stiffness kx (s=0.4) 

[mm] [N/mm2] [kN/m/m] [kN/m/m] 

400 11.52 4.61*106 1.15*107 

500 11.52 5.76*106 1.44*107 

  

C.3.4 Normal stiffness of the connection between perpendicular walls 

Just as the horizontal connection, the connection between perpendicular walls has a 

normal stiffness equal to the surrounding concrete under compression. In section 7.7 it is 

explained that the connection is modelled by a spring (kN/m). Therefore the values 

obtained in C.3.2 have to be multiplied by the connection length. The results are depicted 

in Table 40. 

 

Table 40 Normal stiffness perpendicular connection under compression 

Wall thickness Normal stiffness ky Connection length Spring stiffness ky,s,c 

[mm] [kN/m/m] [m] [kN/m] 

400 5.87*108 0.5 2.93*108 

500 7.33*108 0.4 2.93*108 

 

When the connection is loaded by tension, which occurs only occurs at the top of the 

perpendicular walls, the normal stiffness is reduced considerably. The distribution of 

forces is shown in Figure 145. 
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Figure 145 Distribution of forces in the perpendicular connections 

 

To calculate the stiffness, fib Bulletin 43: “Structural connections for precast concrete 

buildings” is used. For this elaborate calculation, a calculation sheet of ingenieursstudio 

DCK is utilised which is slightly adapted, shown in Figure 146. According to this 

calculation, the stiffness is reduced to ky,s,t=4.01*106kN/m (a reduction of 99%). This is 

noticeable lower than the values of Table 40. This tension stiffness is based on 16 bars 

with a diameter of 25mm.  

 

Due to confidentiality, this figure cannot be displayed.  

Figure 146 Calculation sheet tension stiffness [DCK, 2012] 

 

C.3.5 Shear stiffness of the connection between perpendicular walls 

Just as the normal stiffness of the previous section, the shear stiffness has to be 

multiplied by the connection length. For the shear stiffness under compression the results 

are shown in Table 41. 

 

Table 41 Shear stiffness perpendicular connection under compression kx,s,c 

Wall 

thickness 

Connection 

length 

Wall shear 

stiffness 

kx,w,c (s=1) 

Wall shear 

stiffness 

kx,w,c (s=0.4) 

Spring shear 

stiffness 

kx,s,c (s=1) 

Spring shear 

stiffness 

kx,s,c (s=0.4) 

[mm] [m] [kN/m/m] [kN/m/m] [kN/m] [kN/m] 

400 0.5 4.61*106 1.15*107 2.30*106 5.76*106 

500 0.4 5.76*106 1.44*107 2.30*106 5.76*106 

 

When the connection between the perpendicular walls is loaded by tension, the shear 

stiffness is reduced. According to section C.3.3 only the reinforcement resistance 

remains. Due to the large reinforcement ratio (3.9%), the shear stiffness decreases only 

with 11%. The results of the calculation are shown in Table 42.  
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Table 42 Shear stiffness perpendicular connection under tension kx,s,t 

Wall 

thickness 

Shear 

resistance VRdi 

Wall shear 

stiffness kx,s,t 

(s=1) 

Wall shear 

stiffness kx,s,t 

(s=0.4) 

Spring shear 

stiffness kx,s,t 

(s=1) 

Spring shear 

stiffness kx,s,t 

(s=0.4) 

[mm] [N/mm2] [kN/m/m] [kN/m/m] [kN/m] [kN/m] 

400 10.25 4.10*106 1.02*107 2.05*106 5.20*106 

500 10.25 5.12*106 1.28*107 2.05*106 5.10*106 
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Appendix D: Influence of the connection 

properties 
In chapter 8 the influence of the connection and element properties is discussed. The 

analysis of the horizontal and vertical connection are based on multiple models and the 

total analysis is provided in this appendix. 

 

Section D.1 examines the influence of the shear stiffness of the horizontal connection and 

section D.2 considers the influence of the vertical connection.  

 

D.1 The influence of the shear stiffness of the horizontal 

connection 

The shear stiffness of the horizontal connection depends on the concrete strength class, 

reinforcement ratio and normal stress (see section 7.8.3). The first two aspects are 

considered constant over the building height, but the normal stress deviates over the 

building height and width. Since no variable stiffness can be entered in the FEM program, 

the values have to be entered manually with an iterative process. In this section it will be 

examined if this is required. However, first the influence of the shear stiffness on the 

total structure will be analysed by investigating five models with a different shear 

stiffness in part 1. The iterative method is examined in part 2. 

 

D.1.1 Model scheme of the investigation part 1 

The investigation starts with modelling five walls with a different constant shear stiffness 

value over the height. Based on these five walls, the preliminary influence of the stiffness 

can be determined. Consequently a sixth wall will be modelled with the actual shear 

stiffness values via an iterative process. The results of this wall will be compared with the 

other five walls.  

 

For this investigation wall 4 is used with openings. To obtain accurate values, a small 

mesh size is required. In section 7.6 it's shown that a mesh size of 250mm in the first 

81.3m (approximately 1/3rd of the building height) and 750mm in the remaining 

120.95m results in accurate values while the calculation time remains acceptable. 

 

The five structures are clamped at the foundation (Rx=Rz=1*107kN/m/m and 

Ry=0kN/m/m) and a 2D calculation with membrane elements is used in the X-Z plane. 

Concrete class C90/105 is used with Ex=Ey=29333N/mm2 (the concrete is uncracked due 

to the high dead load of the structure). For the lintels a Young's modulus of 

Ex=Ey=14667N/mm2 is used since it's very likely that the lintels are cracked. 

 

The shear stiffness of the first wall is kx=6.41*105kN/m/m. This value is based on a 

normal stress of 0N/mm2, a slip value of s=1.0mm and a reinforcement ratio of 

ρ=0.0049 (two bars of Ф25-400). The second wall is modelled with a shear stiffness of 

kx=2.14*106kN/m/m, based on a normal stress of 5 N/mm2. At the third wall a normal 

stress of 10N/mm2 is used to obtain a stiffness of kx=3.64*106kN/m/m. The fourth 

structure has a stiffness of 5.76*106kN/m/m, induced by a normal stress of 20N/mm2. 

Actually, a normal stress of 20N/mm2 should result in a shear stiffness of 

6.64*106kN/m/m, but the calculation value of the shear stiffness is limited at 

11.52N/mm2 (0.5*ν*fcd). The used stiffness of 5.76*106kN/m/m represents a normal 

stress of 17N/mm2. For the normal stiffness of the four walls ky=7.33*108kN/m/m is 

used, representing the stiffness of the surrounding concrete. The fifth wall is modelled as 

a monolithic wall and has no interface elements. The stiffness values are combined in 

Table 43. 
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Table 43 Parameters for the shear stiffness investigation 
Wall number Shear 

stiffness  
Normal 
stiffness  

Young's 
modulus  

Slip value  
 

Representative 
normal stress  

 [kN/m/m] [kN/m/m [N/mm2] [mm] [N/mm2] 

1 (low) 6.41*105 7.33*108 29333 1.0 0 

2 (medium low) 2.14*106 7.33*108 29333 1.0 5 

3 (medium high) 3.64*106 7.33*108 29333 1.0 10 

4 (high) 5.76*106 7.33*108 29333 1.0 20* 

5 (monolithic) - - 29333 - - 

* This value is limited at 17N/mm2
 due to a shear limit. 

 

The section forces are calculated with a deformation value of 1mm. The top deflections 

are calculated with a deformation value of δ=0.4mm, resulting in shear stiffness values 

that are a factor 2.5 higher than the values of Table 12 (see section 7.8.3). 

 

The five structures are loaded by dead load and a non-uniform wind load (the wind load 

increases with the building height) as described in 5.2 and 5.3. The differences between 

the walls will be determined by three sections and the top deflection. The considered 

sections are shown in Figure 147 and they are located at the sixth floor. The sixth floor is 

chosen because of the intersections at the lower floors. It should be noted that there may 

be sections with higher forces and that the current three sections are only chosen for 

comparison purposes. In section I, the shear force and moments will be considered, in 

section II the normal force and in section III the moments. These three locations on the 

sixth floor are chosen because they often contain the largest forces at that level. 

 

 
Figure 147 Location of the sections 

 

D.1.2 Results of part 1 

In Table 44 the results are shown of the different shear stiffnesses. The location of the 

three sections can be found in Figure 147. Besides the calculated values, the table also 

contains the relative difference with the previous calculated value. 
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Table 44 Section results of the investigation on different shear stiffnesses of 

part 1 
Wall number Top deflection 

Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

 [mm]  [%] [kN]  [%] [kN/m] [%] [kN]  [%] [kN/m]  [%] 

1 (low) 409.463 - 317.574 - 236,223 - 59196,370 - 26007,110 - 

2 (medium low) 395.849 -3.3 322.450 1.5 221.497 -6.2 59128.640 -0.1 27045.870 4.0 

3 (medium high) 393,238 -0.7 323,848 0.4 219,247 -1.0 59123,020 0.0 27298,610 0.9 

4 (high) 391.521 -0.4 324.658 0.3 218,164 -0.5 59123.980 0.0 27438.370 0.5 

5 (monolithic) 351.476 -10.2 274.209 -15.5 174.185 -20.2 58977.220 -0.2 27783.000 1.3 

 

Besides the section forces, the maximum and minimum shear and normal stresses have 

been determined in Table 45. The stresses have been determined in the horizontal 

connection at the same level as section 2 and 3.  

 

Table 45 Normal and shear stress results of the investigation on different shear 

stiffnesses of part 1 
Wall number Maximum normal 

stress* σhor,max 

Minimum normal 

stress σhor,min 

Maximum shear 

stress τhor,max 

Minimum shear 

stress τhor,min 

 [N/mm2] [%] [N/mm2] [%] [N/mm2] [%] [N/mm2] [%] 
1 (low) -5.66 - -29.95 - 4.09 - -4.48 - 
2 (medium low) -5.72 1.1 -29.15 -2.7 4.42 8.1 -4.55 1.6 
3 (medium high) -5.77 0.9 -28.93 -0.8 4.51 2.0 -4.64 2.0 
4 (high) -5.79 0.3 -28.79 -0.5 4.58 1.6 -4.73 1.9 
5 (monolithic) -6.27 8.3 -28.54 -0.9 5.49 19.9 -6.39 35.1 

* At the lintels a small tension stress occurs, but this value is not taken into 

consideration because there is no vertical connection above the lintel. 

 

From Table 12 it can be noticed that there is a large difference in stiffness between 0 and 

5N/mm2 of normal stress. This deviation results in a relative larger difference in Table 44 

and Table 45 at wall 2. Besides this, a decreasing trend can be seen at all the values in 

Table 44 and Table 45: as the shear stiffness becomes higher, the results converge (wall 

5 excluded). This phenomenon was also observed by Falger during his research on 

different connections [Falger, 2003, p86]. Increasing the shear stiffness of the horizontal 

connection has more effect when the current shear stiffness is relatively low.  

 

Table 45 contains negative values at the minimum shear column. Normally there would 

only be positive shear values, but the openings in the wall create local negative areas. 

This phenomenon is discussed in more detail in section 9.1. In this table it can also be 

observed that a lower shear stiffness results in large values for the maximum normal 

stress and smaller values for the shear stress. This can be explained as following: due to 

the smaller shear resistance the bending resistance becomes more important and the 

bending forces increase, resulting in larger values for the normal stresses at the outer 

fibre.  

 

Table 44 and Table 45 also show that there is a large difference between a precast wall 

with a high stiffness and a monolithic wall. In Table 44 the largest deviations can be 

found at the top deflection and at section 1 (the lintel). When wall 5 and 6 are compared 

on a larger scale, it can be concluded that generally the lintels endure larger forces in a 

precast structure than in a monolithic structure. When Table 45 is considered, the largest 

differences can be found at the shear stress. 

 

Now that the walls have been modelled with a constant shear stiffness, it can be 

concluded that there is little difference between a medium low and high shear resistance 

of the horizontal connection. But what happens when the shear stiffness deviates over 

the building height and width? 
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D.1.3 Model scheme of the investigation part 2 

To answer the question of the previous paragraph, the same model scheme will be used 

as in part 1, but now the shear stiffness will be related to the normal stress. To achieve 

this, the connection (one entire concrete element) will be placed in a class depending on 

the normal stress. Per wall element the average normal stress is determined and 

consequently placed in the associated class. The error that is made by placing the entire 

wall elements in a specific class is relatively small since the average normal stress is 

used (the higher normal stress resulting in a higher shear stiffness on one side of the 

element compensates the lower shear stiffness on the other side). The different normal 

stress classes can be found in Table 46. The interval between 0 and 10N/mm2 is divided 

into two classes because the results change faster at low shear stiffness values. 

 

Table 46 Normal classes for part 2 

Average normal stress σaver  Calculation value normal stress σcalc Shear stiffness kx  

[N/mm2] [N/mm2] [N/mm2] 

0-5 2.5 1.39*106 

>5-10 7.5 2.89*106 

>10-20 15 5.14*106 

>20-30 25* 5.76*106** 

* This value is limited at 17N/mm2
 due to a shear limit. 

** Maximum shear stiffness due to shear limit at 17N/mm2. 

 

D.1.4 Results of part 2 

In Table 47 the results are shown of the different shear stiffnesses. Next to every result 

the relative difference with the previous calculated result is provided. 

 

Table 47 Section results of the investigation on different shear stiffnesses at 

level 6, part 2 
Wall number Top deflection 

Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

 [mm]  [%] [kN]  [%] [kN/m] [%] [kN]  [%] [kN/m]  [%] 

1 (low) 409.463 - 317.574 - 236,223 - 59196,370 - 26007,110 - 

2 (medium low) 395.849 -3.3 322.450 1.5 221.497 -6.2 59128.640 -0.1 27045.870 4.0 

3 (medium high) 393,238 -0.7 323,848 0.4 219,247 -1.0 59123,020 0.0 27298,610 0.9 

6 (depending on σ) 393,251 0.0 328,809 1.5 222,059 1.3 59139,710 0.0 27391,100 0.3 

4 (high) 391.521 -0.4 324.658 -1.3 218,164 -1.8 59123.980 0.0 27438.370 0.2 

5 (monolithic) 351.476 -10.2 274.209 -15.5 174.185 -20.2 58977.220 -0.2 27783.000 1.3 

 

Besides the section forces, the maximum and minimum shear and normal stresses have 

been determined in Table 48. The stresses have been determined in the horizontal 

connection at the same level as section 2 and 3.  

 

Table 48 Normal and shear stress results of the investigation on different shear 

stiffnesses at level 6, part 2 
Wall number Maximum normal 

stress* σhor,max 

Minimum normal 
stress σhor,min 

Maximum shear 
stress τhor,max 

Minimum shear 
stress τhor,min 

 [N/mm2] [%] [N/mm2] [%] [N/mm2] [%] [N/mm2] [%] 
1 (low) -5.66 - -29.95 - 4.09 - -4.48 - 

2 (medium low) -5.72 1.1 -29.15 -2.7 4.42 8.1 -4.55 1.6 

3 (medium high) -5.77 0.9 -28.93 -0.8 4.51 2.0 -4.64 2.0 

6 (depending on σ) -5.77 0.0 -28.84 -0.3 4.56 1.1 -4.69 1.1 

4 (high) -5.79 0.3 -28.79 -0.2 4.58 0.4 -4.73 0.9 

5 (monolithic) -6.27 8.3 -28.54 -0.9 5.49 19.9 -6.39 35.1 

 

When Table 47 is studied in detail, it can be observed that the values of wall 6 with a 

stiffness that depends on the normal stress are nearly equal to wall 3 and 4. At the top 

deflection, section 2 and 3 the differences is always smaller than 0.4%. At section 1 (the 



232  Research report    Sven ten Hagen 

lintel) the difference is slightly larger, but never bigger than 1.8% (local differences 

smaller than 2% are considered to be acceptable). In Table 48 the normal and shear 

stresses are depicted and here wall 6 always remains between the values of wall 3 and 4. 

The maximum error is 1.1 or 0.9%, depending on which wall it is compared with. A shear 

stiffness between that of wall 3 and 4 will probably approach results of wall 6.  

 

The results of Table 47 and Table 48 are determined at the sixth floor. Are the values of 

wall 6 still located within that of wall 3 and 4 if a different location is examined? To 

answer this question the section forces, normal stress and shear stress have been 

determined again at the twenty-sixth floor (still within the mesh zone of 250mm). The 

results are shown in Table 49 and Table 50. 

 

Table 49 Section results of the investigation on different shear stiffnesses at 

level 26, part 2 
Wall number Top deflection 

Umax 

Shear force at 

section 1 

Moment at 

section 1 

Normal force at 

section 2 

Moment at 

section 3 

 [mm]  [%] [kN]  [%] [kN/m] [%] [kN]  [%] [kN/m]  [%] 

3 (medium high) 393,238 - 442,262 - 353,492 - 44399,110 - 28511,820 - 

6 (depending on σ) 393,251 0.0 439,926 -0,5 351,462 -0,6 44416,300 0,0 28428,400 -0,3 

4 (high) 391.521 -0.4 441,153 0,3 352,703 0,4 44404,660 0,0 28324,060 -0,4 

 

Table 50 Normal and shear stress results of the investigation on different shear 

stiffnesses at level 26, part 2 
Wall number Maximum normal 

stress* σhor,max 

Minimum normal 
stress σhor,min 

Maximum shear 
stress τhor,max 

Minimum shear 
stress τhor,min 

 [N/mm2] [%] [N/mm2] [%] [N/mm2] [%] [N/mm2] [%] 
3 (medium high) -7,16 - -21,39 - 3,13 - -2,56 - 

6 (depending on σ) -7,15 -0,1 -21,41 0,1 3,14 0,3 -2,51 -2,0 

4 (high) -7,17 0,3 -21,40 0,0 3,15 0,3 -2,48 -1,2 

 

Compared to Table 47, the differences between the values have decreased in Table 49. 

The maximum difference is -0.6% between wall 3 and 6 at section 1. In Table 50 all the 

differences, accept the minimum shear stress, have decreased compared to Table 48. 

The maximum difference is -2.0% between wall 3 and 6. It can be concluded that the 

location has nearly no influence on the difference between wall 3, 4 and 6. The 

differences have even become smaller. This can be explained by the fact that the tension 

and compression stresses are larger near the bottom of the structure. A Large difference 

between tension and compression results in more different load classes, making it more 

susceptible to differences.  

 

When all the result are considered, it can be concluded that there are differences 

between a wall with a constant shear stiffness and a wall with a shear stiffness that 

depends on the normal force. These differences are relatively small (≤2.0%) and the 

results of a wall with a constant shear stiffness are acceptable. Therefore the elaborated 

iterative method to design a wall with a normal stress dependent shear stiffness is not 

required. 

 

D.2 The influence of the vertical open joint 

The vertical connection plays an important role in the stiffness of traditional precast 

buildings. Since a masonry configuration is utilised, the vertical connection may be left 

open, reducing the amount of connections which have to be made. But what is the effect 

of this vertical open joint with respect to the deflections and distribution of forces? 

 

 

 



Sven ten Hagen          Research report  233 

To answer this question, multiple models will be analysed. First three closed 2D walls will 

be examined to understand the distribution of forces: 

 

1. a closed 2D wall with an open vertical joint, 

2. a closed 2D wall containing a vertical connection with a high stiffness, 

3. a closed 2D monolithic wall. 

 

Consequently, the openings will be added to the three walls. Based on the results, it will 

be determined whether or not the open vertical joint will be used structurally.   

 

D.2.1 Model scheme 

For the first three models wall 4 is used without any openings (see section 4.3.1). By 

removing the openings, disruptions created by the openings are prevented, resulting in 

the actual behaviour of the vertical open joint. For the last three models also wall 4 is 

chosen and the openings are maintained to obtain the actual behaviour. 

 

The mesh size for the six models is dependent on the building height: at the bottom a 

mesh size of 250mm will be used and at the top 750mm. In section 7.6 it was 

determined that this size provides accurate results with an acceptable calculation time. 

 

The six structures are clamped at the foundation (Rx=Rz=1*107 kN/m/m and Ry=0 

kN/m/m) and a 2D calculation with membrane elements is used in the X-Z plane (hence 

Ry=0 kN/m/m). Concrete class C90/105 is used with Ex=Ey=29333 N/mm2 in the three 

closed models. This concrete class is also applied at the three models with openings, but 

due to the large forces in the lintels, the Young’s modulus has been reduced in the lintels 

to Ex=Ey=14667 N/mm2. The normal and shear stiffness is equal for all the models 

(except the monolithic model, which is modelled without interface elements, see section 

7.5): ky=7.33*108 kN/m and kx=5.76*106 kN/m (see section 7.8.2 and 7.8.3). The 

stiffness of the vertical connection is discussed in the following section. All the models 

are loaded by a non-uniform wind load (the wind load increases with the building height) 

and dead load as described in 5.2 and 5.3. 

 

To compare the models, local and global results will be examined. The top deflection and 

shear distribution provide the global results. Locally the moment, shear and normal force 

of several critical sections will be examined and compared. In Figure 148 the location of 

the sections in the closed wall are shown. The location of the sections in the wall with 

openings is identical to Figure 147. 

 

 
Figure 148 Location of the sections at the closed walls 

 

D.2.2 Stiffness of the vertical connection 

To determine the stiffness of the vertical connection, it must first be known if the 

connection in under compression or tension. One might expect that wind load on the 

facade will result in compression in all the vertical connections, but due to the load 
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introduction of the floors, a different phenomenon occurs. In the monolithic model of 

Figure 149, it can clearly be seen that the left hand side of the neutral axis is under 

compression while the right hand side is under tension. This is unexpected, but a 3D 

control model in which the floors are modelled shows approximately the same 

distribution, see Figure 15045. In the precast model of Figure 149, the division between 

tension and compression is less easy to distinguish. Therefore it’s very difficult to model 

the exact behaviour of all connections.   

 

 
Figure 149 Load introduction of the floors in a precast (left) and monolithic 

(right) 2D model 

                                           
45 In this control model the neutral line is slightly shifted to the right because of the force 
coefficient of the wind load (wind pressure and suction). 
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Figure 150 Load introduction of the floors in a 3D control model 

 

To resolve this problem, an extreme case has been used for the stiffness of the vertical 

connections: it’s assumed that all the vertical connections are loaded with a large 

compression force. According to the results of this extreme case, an upper boundary can 

be formed (under tension the stiffness will be lower). Therefore the actual behaviour will 

always be more moderate. 

 

With a large compression force, the vertical connection obtains a normal stiffness equal 

to the surrounding concrete: ky=7.33*108kN/m and a shear stiffness of 

kx=5.76*106kN/m (see section 7.8.2 and 7.8.3). 

 

D.2.3 Results of the closed 2D walls 

In Table 51 the results are shown of three walls with a different stiffness for the vertical 

connection. The location of the three sections can be found in Figure 148. Besides the 

calculated values, the table also contains the relative difference with the previous 

calculated value. 

 

Table 51 Global and local section results of different vertical connections at the 

closed wall 
Properties vertical 

connection 

Top deflection 

Umax 

Moment at 

section 1 

shear force at 

section 2 

Normal force at 

section 3 

 [mm]  [%] [kNm] [%] [kN]  [%] [kN]  [%] 

1: Open joint 260.193  722119,6  1766,531  27488,21  

2: High stiffness 258.121 -0.80 721886,3 -0,03 1322,164 -25,15 27685,27 0,72 

3: Monolithic 253.944 -1.62 722302,4 0,06 1106,522 -16,31 27820,56 0,49 

 

Table 51 shows that the high stiffness of the second model only reduces the deflection 

slightly. Since this is an upper boundary value, the difference will be even smaller. The 

moments at section 1 and the normal force at section 3 also change very little. At section 

2, a large reduction of shear force is visible. This can be explained by the fact that the 

second model and the monolithic model are capable of transporting shear force via the 

vertical connection. As a result, the shear force is reduced in the elements above and 

below the vertical connection. This phenomenon is depicted in Figure 151. 
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Figure 151 Distribution of shear force in model 1 (left), model 2 (centre) and 

model 3 (right) 

 

The increase of shear force due to the vertical open joint is clearly visible in model 1 of 

Figure 151. The second model with a high stiffness still shows a slight increase around 

the vertical connections, but it’s considerable less than the first model. Since this is an 

upper boundary limit, the reduction of shear force will be less in the actual model. In the 

third (monolithic) model, the distribution of shear force isn’t affected by the vertical joint.  

 

Based on the three models it can be concluded that the vertical connection has nearly no 

influence on the stiffness and the distribution of normal force and moments. Though, by 

using the connection structurally, the shear force may be reduced up to 25%.  

 

An interesting aspect is the difference in top deflection between the three models without 

openings: the precast wall with open vertical joint only deflects 2.5% more than the 

monolithic wall (see Table 51). When the deflections of the wall with openings are 

considered (see Table 52), it can be observed that the deflection increases to 13%. This 

difference in deflection between the closed wall and wall with openings can be explained 

by the behaviour of the wall on the openings. By adding openings, the distribution 

between shear and bending and also the internal flow of forces changes (see section 

9.1).  

 

The results of the monolithic wall differ considerably from that of the two other models 

due to the monolithic properties. It can be stated that the monolithic schematisation will 

result in non-realistic results when used for a precast structure. 

 

D.2.4 Results of the 2D walls with openings 

In Table 52 the results are shown of three walls with openings and a different stiffness 

for the vertical connection. The location of the three sections can be found in Figure 147 

Location of the sections.  
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Table 52 Global and local section results of different vertical connections at the 

wall with openings 
Properties 
vertical 
connection 

Top deflection 
Umax 

Shear force at 
section 1 

Moment at 
section 1 

Normal force at 
section 2 

Moment at 
section 3 

 [mm]  [%] [kN]  [%] [kNm] [%] [kN]  [%] [kNm]  [%] 

Open joint 361,772  323,067  215,400  59213,09  29083,15  

High stiffness 359,158 -0,72 276,425 -14,44 185,871 -13,71 59140,56 -0,12 28963,06 -0,41 

Monolithic 319,588 -11,02 274,209 -0,80 174,185 -6,29 59202,80 0,11 29279,67 1,09 

 

The results in Table 52 show that when the openings are included, the small differences 

between model 1 and 2 encountered in the previous section remain. It can be stated that 

with or without openings the vertical connection has nearly no influence on the top 

deflection, normal force at section 2 and the moment at section 3. The shear force and 

moment in section 1 (the lintel) remain considerably high. This difference can be 

explained by the shear force distribution: the shear force has to be transported around 

the open vertical joint into the dowel elements. Because of the open vertical joint the 

structural area is locally reduced by 50% and the dowel elements absorb up to 25% 

more shear force. The distribution of shear forces is shown in Figure 152 and when 

compared to Figure 151 many disruptions can be distinguished. In section 9.1 the cause 

of these differences will be examined in more detail. 

 

 
Figure 152 Distribution of shear force in model 1 (left), model 2 (centre) and 

model 3 (right) with openings 

 

Based on the results it can be concluded that the behaviour of the vertical connection in 

the three walls with openings remains identical to the walls without openings. The 

vertical connection has nearly no influence on the stiffness, normal force and moments of 

the walls. The only aspect which is influenced is the distribution of shear force. 
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Appendix E: Results of the FEM analysis 
In this appendix the complete results of the FEM analysis are provided, corresponding to 

chapter 9. 

 

E.1 Distribution of forces 

One of the main functions of the stability structure is to transport the present forces to 

the foundation. This can be live or dead load. But how do these forces flow through the 

structure? This section will start with a simplified 2D wall. This wall will then be extended 

with openings and re-examined. Finally, the 3D structure will be investigated. The level 

of detail is slowly increased to be able to understand the effects. 

 

E.1.1  Model scheme 

In Figure 153 normal (ny) and shear (nxy) force are shown due to wind load in the x-z 

plane. The normal force is calculated in the local y-direction and this corresponds with 

the global z-direction (vertical). The shear force is calculated in the local x-direction 

which corresponds with the global x-direction (horizontal). The layout of Figure 153 is 

based on wall 4 without any openings (wall 4 is discussed in section 4.3.2). Table 53 

shows the parameters that are used for the connections of the precast structure. 

 

Table 53 Connection parameters for the precast structure 

Connection type Shear stiffness Kx Normal stiffness ky 

 [kN/m/m] [kN/m/m] 

Horizontal connection 5.76*106 7.33*108 

Vertical connection 0 0 

 

The normal stiffness is equal to the surrounding concrete (C90/105) and the shear 

stiffness is based on a slip of 1mm and an average stress of 25N/mm2 (see section 7.8 

for more details on the stiffness calculations). The monolithic structure is based on the 

same wall, but the interface elements are removed. In section 7.5 it was determined that 

using multiple domains for a monolithic structure has nearly no influence on the results. 

The wind load is placed in the positive x-direction (from left to right) and the forces are 

equivalent to the values calculated in section 5.3. The dead load of the structure and the 

live floor load is obtained from section 5.2 and placed at every floor. In all the 

calculations a mesh size of 250mm is used for the bottom and 750mm for the top section 

(see section 7.6), unless a different size is specified. 

 

To examine the distribution of forces, eight different models will be analysed. From the 

eight models, the first model contains a 2D precast wall without openings. The second 

model contains the same 2D precast wall, but now the openings are added. The third and 

fourth model are identical to the first two models, except that they’re modelled in 3D. 

The remaining four models are identical to the first four models, but now monolithic 

properties have been applied (the interface elements are removed). 
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Figure 153 Normal (left) and shear (right) force due to wind load 

 

E.1.2 Normal force in the simplified 2D wall  

In Figure 154 the normal force in a precast and monolithic structure are depicted due to 

wind load. On a global scale, the normal force of a precast structure is comparable to a 

monolithic structure, but slight deviations can be seen at the bottom of the precast 

structure.  

 

The monolithic structure still contains separate domains, but the interface elements are 

removed from the structure. A monolithic structure should actually be constructed out of 

one domain, but then it would be difficult to place the loads. In section 7.5 it was 

determined that multiple domains have a negligible effect on the results of a monolithic 

structure. 

 

The red colour in Figure 154 represents tension and the blue colour compression. The 

distribution of forces is comparable to what one would expect when a clamped beam is 

loaded with a more or less uniform load (the wind load increases over the height). It 

should be noted that Figure 154 doesn’t represent an actual load case since there is only 

wind load and no dead load. When tension does occur in a load case, the stiffness will 

decrease considerably. 

 

When a smaller area is considered, the normal force for a precast structure slightly 

deviates from that of a monolithic structure, as can be seen in Figure 155.  
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Figure 154 Normal force in the simplified precast (left) and monolithic (right) 

model 

  

 
Figure 155 Detailed view of the normal force in the simplified precast (left) and 

monolithic (right) model 
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The deviations are concentrated at the bottom of the vertical connections, while there are 

only small interruptions at the top of the vertical connections visible. This observation is 

confirmed by a section line of the horizontal connection, depicted in Figure 156. When 

the mesh size is increased from 250mm to 1000mm, the small deviations at the top of 

the vertical connections disappear, but the large differences at the bottom remain (see 

Figure 157). A second observation which can be made in Figure 156 and Figure 157 is 

that the width of the deviations is reduced and the absolute peak values increase with a 

smaller mesh size: the deviations are constrained within one mesh element. This 

phenomenon is depicted in Figure 158 and Figure 159.  

 

 
Figure 156 Normal force in the horizontal precast connection, mesh size is 

250mm 

 

 
Figure 157 Normal force in the horizontal precast connection, mesh size is 

1000mm 
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Figure 158 Detailed view of normal force in horizontal precast connection, mesh 

size is 250mm 

 

 
Figure 159 Detailed view of normal force in horizontal precast connection, mesh 

size is 1000mm 

 

Local deviations at the vertical connections may be expected by a small rotation of the 

elements with respect to the surrounding elements and the compression force should be 

in the same order of magnitude as the tension force. This additional force is calculated at 

approximately 20kN/m for an element with the dimensions wxh=3x3,05m2. But when 

Figure 158 is inspected, it can be observed that the compression force is larger than the 

tension force: 780,6kN/m of tension versus 1645.6kN/m of compression, resulting in a 

difference of more than 50%46 (this is at a mesh size of 250mm, a mesh size of 1000mm 

results in 63% difference). Because of this large difference and the high values, it's likely 

                                           
46 These values are obtained by first calculating the mean tension force at the connection: 
(4474.911/15)*7.2=2148.0kN/m or (4463.304/15)*7,2=2142.4kN/m. Than the peak value is 
subtracted from the mean value to obtain the compression or tension force: 2148.0-
1367.358=780.6kN/m or 2142.4-3787.971=-1645.6kN/m. 
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that the deviations are caused by a different phenomenon: the interface elements. The 

location of the interface elements and how AxisVM retrieves the results from the 

postprocessor (how the results are extrapolated from the calculation unit to the graphical 

unit) are the likely cause of this difference. In Figure 160 it can be seen that the interface 

elements are placed on the left side of the vertical black line: they are part of the left 

domain. When the interface elements are placed in the right domain, the peak values 

change. Furthermore, the location of the horizontal interface element also affects the 

peak values. The fact that the peak values always remain within one mesh element make 

it very plausible that the interface elements and the mesh elements are the cause of the 

variations.  

 

 
Figure 160 Location of the interface element 

 

It can be concluded that the normal force diagram in the local y-direction (ny) of a 

precast structure slightly deviates from a monolithic structure due to the location of the 

interface elements and how AxisVM retrieves the results from the postprocessor. The 

differences between a precast and a monolithic structure are only local and the global 

flow of forces remain scomparable. 

 

When the normal force due to dead load is observed, the same deviation as with the 

wind load can be seen in Figure 161. Figure 162 shows a detailed view of the connection 

and the peak values are always located within one mesh element. Furthermore, the peak 

value is always located at the side of the interface element. When the interface element 

is moved to the right domain, the compression peak also moves to the right. Therefore it 

can be assumed that the precast and the monolithic wall behave nearly identical when 

they are loaded by dead load. Besides the deviations, the models behave as expected. 
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The compression lines are horizontal and towards the bottom the forces increase. At the 

bottom also a compression arch becomes visible. 

 

 
Figure 161 Normal force due to dead load in the simplified precast (left) and 

monolithic (right) model 

 

 
Figure 162 Detailed view of normal force in the horizontal connection due to 

dead load, mesh size is 1000mm 
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E.1.3 Shear force in the simplified 2D wall 

When the shear force (nxy) of a precast structure is compared with a monolithic 

structure, it can be observed in Figure 163 that they appear to be comparable on a global 

scale. Locally, small deviations occur due to the open vertical joints.  

 

 
Figure 163 Shear force due to wind load in the simplified precast (left) and 

monolithic (right) model 

 

The green and blue areas represent a negative shear force. The wind force is applied in 

the positive x-direction (from left to right) and the sign of the shear force corresponds to 

the opposite direction. At the edges and some vertical connections, small positive shear 

force areas can be found at the precast structure (yellow and red areas in Figure 164 and 

Figure 165). These areas are mainly located at the right hand side of the wall and are 

created by the direction of the forces and the lack of supporting elements.   
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Figure 164 Detailed view of the shear force in the simplified precast (left) and 

monolithic (right) model 

 

 
Figure 165 Detailed view of the shear force in the simplified precast model  

 

When Figure 165 is studied in detail, it can be noticed that there are large compression 

zones between two vertical connections. This phenomenon can be explained by the lack 

of horizontal stiffness of the open vertical joint: the open joint cannot take up any 

horizontal forces and the shear force has to be directed to the surrounding elements. 

Furthermore, compression diagonals become visible in Figure 165. Since the forces are 

relative low compared with the vertical normal forces of Figure 154, the diagonals 

disappear when the two main forces are shown (n1 and n2). 

 

Insight in the flow of forces can also be provided by sections. In Figure 166 the bottom 

section is made at the horizontal connection and the top section is made halfway the 

open vertical joint. In Figure 167 the two sections of the precast structure are shown on 

a larger scale.  
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Figure 166 Shear force sections of the simplified precast (left) and monolithic 

(right) model 

 

 
Figure 167 Detailed view of the shear force section in the simplified precast 

model 

 

The bottom section of the precast structure shows a shear diagram that is comparable to 

the monolithic structure (the values are in the same order of magnitude), but there are 

three peak values located at the vertical open joint. At the top section made halfway the 

element the same diagram is slightly visible. The distribution clearly shows that the 

vertical open joint has no shear stiffness and the values at the dowel element are less 

severe (the peak values are more gradual). This distribution of shear force is also clearly 

visible in Figure 165: the blue area is very concentrated at the horizontal joint and 

diffuses to a larger area between the elements. The question arises: why does this 

distribution occur? To answer this question, the underlying behaviour is examined. In 

Figure 168 it’s depicted how the two elements without a vertical connection introduce a 

shear force in the dowel element. Since a linear calculation is utilised, the distribution of 

forces isn’t spread out. When this is combined with a smeared stiffness, which is able to 

take up tension forces, a considerable part of the forces will be transferred at the last 

possible point, i.e. the intersection of the two connections.  
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Figure 168 Behaviour of the elements 

 

As a result of these two aspects, a very large peak force is created in this connection 

point, shown by the bottom section of Figure 167 (the high values are contained within 

one mesh element). Between the top and bottom horizontal connection the values spread 

out, creating the curved blue lines of Figure 165. When the values at the connection 

point are analysed in more detail, it can be concluded that in the last 5% of the 

horizontal connection, 11% of the shear force is contained. 

 

When a non-linear calculation would be applied in combination with the actual connection 

behaviour (by using a smeared stiffness a lot of mechanism which play an important role 

in the actual behaviour of the connection are neglected, for example the distribution of 

tension forces by the nearest starter bar), the shear concentration would be less severe 

in the top and bottom connection point. Therefore these values may be smoothened, but 

these two connection points will always contain a higher shear force compared to the 

surroundings.   

 

It can be concluded that on a global scale the shear force of a precast structure is 

comparable to that of a monolithic structure. When they are compared on a local scale, 

deviations can be seen due to the open vertical joint. As a result of the calculation, local 

peak values may be expected around the vertical joints. Since they are created by the 

calculation, the peak values may be smoothened.  

 

E.1.4 Normal force in the actual 2D model 

When the openings are added to the simplified 2D wall of the previous section, Figure 

169 is obtained (loaded only by wind). Compared with Figure 154, the global flow of 

forces in both models remains equal. Because of the reduced structural area, the values 

of the normal force have slightly increased in Figure 169. Near the bottom of the wall, 

the largest differences can be found as a result of the large openings in the lobby area.  
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Figure 169 Normal force in the precast (left) and monolithic (right) model 

 

To observe the flow of forces in more detail, a smaller section is depicted in Figure 170. 

In the top left corner of the both walls it can be seen how the tension force is 

concentrated between two rows of openings. In the right bottom corner it can be 

observed that the compression force is concentrated within the three columns. In Figure 

170 it can also be noticed that the line between tension and compression isn’t centred. 

This difference can be explained by the higher amount of openings at the right hand side 

of the wall (reduced structural area). 
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Figure 170 Detailed view of the normal force in the precast (left) and monolithic 

(right) model 

 

When the precast wall is compared with the monolithic wall, small local differences can 

be seen around the open vertical joints. In section E.1.2 this differences was already 

encountered and this is most likely caused by the location of the interface elements and 

how AxisVM retrieves the results from the postprocessor. When Figure 170 is compared 

with Figure 155 it can be noted that the amount of deviations around the vertical open 

joints has decreased. This is most likely caused by wall openings, which create larger 

forces and therefore the deviations are more difficult to distinguish. 

 

When the same scale as in Figure 154 is used, it can easily be seen where the forces 

have increased due to the reduced structural area. In Figure 171 three areas can 

distinguished: near the lobby in the right bottom corner, at the left bottom corner and 

around several lintels. As a result of the openings, the amount of local peak values also 

increases compared with the simplified wall.  
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Figure 171 Detailed view of the normal force in the precast model 

 

When the normal force from only wind load in a precast 2D wall is compared with a 

monolithic wall, it can be concluded that they are approximately identical on a global 

scale. Just as the simplified 2D wall there are small differences due to the location of the 

interface elements and how values are determined by the postprocessor.  

 

If the structure is only loaded by dead load, a normal force diagram as depicted in Figure 

172 may be expected. Just as the simplified wall, there are small differences between the 

precast and monolithic wall because of the postprocessor and the locations of the 

interface elements. When Figure 172 is compared with Figure 161, it can be observed 

that the values locally increase due to a reduced structural area. Above and underneath 

the openings a normal force reduction can be seen because these openings cannot 

transport any forces.  
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Figure 172 Normal force due to dead load in the precast (left) and monolithic 

(right) model 

 

A second observation that can be made is that the lines (orange/yellow and green/blue) 

are not straight. Because of the large openings in the lobby, the stiffness is reduced and 

the forces have to flow around it. The stiffness reduction also provides an initial 

horizontal deformation. Actions have to be taken to provide a level structure when it's 

loaded by dead load, for example slightly longer columns or elements.  

 

E.1.5 Shear force in the actual 2D model 

In Figure 173 the shear force as a result of wind load is depicted. On a global scale it's 

difficult to find any differences between the precast and monolithic wall and the two 

diagrams are more or less comparable with the simplified walls (see Figure 163).  
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Figure 173 Shear force due to wind load in the precast (left) and monolithic 

(right) model 

 

When a smaller area is considered, the differences between the precast and monolithic 

wall become more visible, see Figure 174. The vertical open joint is unable to take up 

any shear forces and the surrounding walls have to be activated. Just as with the 

simplified wall, large negative shear force areas can be found in the elements between 

the vertical joints.  
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Figure 174 Detailed view of the shear force in the precast (left) and monolithic 

(right) model 

 

In the simplified wall the entire element height is available to transport the shear force. 

In Figure 175 it can be seen that at some location there is only a lintel available. As a 

result, large negative shear areas are created in the lintel. Because of the direction of 

these forces around the lintels, small positive shear areas arise near the lintels (yellow 

areas). 

 

 
Figure 175 Detailed view of the shear force in the precast model 

  

When the shear force is determined at a section, it can be noticed that the round shear 

shape of Figure 166 is not present anymore in the monolithic wall. The openings are the 

cause of the disruptions. When the precast wall is observed, even more disruptions can 

be distinguished, see Figure 176.  
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Figure 176 Shear force sections of the precast (left) and monolithic (right) 

model 

  

In Figure 177 a more detailed section is depicted of the precast wall. The middle section 

shows that halfway the element, the vertical open joint transports no shear forces. When 

a section is made close to a horizontal connection (the lowest section line in Figure 177), 

the shear forces increase around the open joint. The open vertical joint still doesn't 

transfer any shear forces, but the element placed on top does and therefore the shear 

forces decrease rapidly near the open vertical joint. This can be seen in more detail in 

Figure 178. 

 

 
Figure 177 Detailed view of the shear force section in the precast model 
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Figure 178 Shear force section near the horizontal connection in the precast 

model 

 

From the previous observations it can be concluded that on a global scale the shear force 

of a precast structure is comparable to that of a monolithic structure. When they are 

compared on a local scale, deviations can be seen due to the open vertical joint. In 

section E.1.3 it was already discussed that these peak values are created by the 

calculation and that they may be smoothened for the reinforcement calculations. 

Compared with the simplified 2D wall, the lintels will also introduce negative and positive 

shear areas. The size of the overlap between the elements determines how large these 

peak values are. 

 

E.1.6 Normal force in the simplified 3D model 

The previous sections have shown that introducing openings in the structure has a 

considerable effect on the local scale. While the global forces only change slightly, locally 

peak force areas are created. To understand how the forces flow through a three 

dimensional building, first a simplified 3D model without openings will be examined. 

Subsequently, the openings are added, creating a model that approximates the actual 

structure. 

 

In Figure 179 the normal force in the local y-direction is shown due to wind load. When 

the distribution of forces is compared with Figure 154 (2D wall without openings), it can 

be concluded that the simplified 3D model has lower tension and compression forces. 

This difference can be explained by the flanges of the 3D model, which take up a part of 

the normal force. Also small disturbances can be seen at the top of Figure 179. The 

values are relatively low (between -0.2 and 0.2kN/m) and are probably caused by the 

calculation. Besides these two aspects, the figures are nearly identical. 
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Figure 179 Normal force in the simplified precast (left) and monolithic (right) 

3D model 

 

In Figure 180 it’s clearly visible that the flanges contribute to the distribution of forces.  
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Figure 180 Side view of the normal force in the simplified precast (left) and 

monolithic (right) 3D model 

 

In Figure 181 a more detailed view of the 3D model is depicted. This figure clearly shows 

how the left flange is under tension and the right flange under compression. The central 

flange is not activated due to the location of the flange. Just as with the simplified 

precast 2D model, the precast 3D model contains disruptions around the vertical 

connections. They are induced by the calculation and may be neglected (see section 

E.1.2).  
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Figure 181 Detailed view of the normal force in the simplified precast (left) and 

monolithic (right) 3D model 

 

When the normal force resulting from dead load is examined, the results of the precast 

and monolithic 3D model are nearly identical on a global scale. On a local scale small 

deviations can be observed at the precast structure in Figure 182. These deviations were 

also present at the simplified 2D model and they are likely caused by the interface 

elements. When the values of Figure 182 are compared with Figure 161 (the 2D model 

without openings), it can be stated that as a result of the larger structural area, the 

normal force values have decreased.  
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Figure 182 Normal force due to dead load in the simplified precast (left) and 

monolithic (right) 3D model 

 

When in Figure 183 the normal force as a result of the dead load is examined in 

perspective an interesting aspect can be noticed: wall 4 and 5 receive a higher normal 

force than wall 1, 2 and 3. This is unexpected since the floors are supported by wall 1, 2 

and 3. This phenomenon is probably caused by the larger thickness of wall 4 and 5 

(500mm versus 400mm) and the fact that the stiffest elements attract the largest forces.  



Sven ten Hagen          Research report  261 

 
Figure 183 Side view of the normal force due to dead load in the simplified 

precast (left) and monolithic (right) 3D model 

 

It can be concluded that the simplified precast and monolithic 3D model are nearly 

identical. Due to the interface elements small deviations occur in the precast model. The 

simplified 2D and 3D model also share many similarities, but due to the larger structural 

area of the 3D model, the absolute values decrease. The stiffest elements in the 

structure attract the largest forces and therefore wall 4 and 5 receive a large normal 

force when loaded with dead load. 
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E.1.7 Shear force in the simplified 3D model 

In Figure 184 the shear force per meter as a result of wind load is shown. The 

distribution of forces between a precast and monolithic model is comparable on a global 

scale, but the precast model contains many deviations on a local scale. Just as with the 

simplified 2D model in Figure 163, these deviations are created by the open vertical joint. 

Therefore the under and overlaying dowel elements are activated, creating areas with 

larger forces.  

 

 
Figure 184 Shear force due to wind load in the simplified precast (left) and 

monolithic (right) 3D model 

  

The amount of deviations is furthermore increased by how the 3D precast model is 

created. In Figure 185 open slots can be seen where wall 1, 2 and 3 intersect wall 5. 

These openings have a width of 400mm, increased with two times the joint thickness 

(30mm). The simplified 2D precast model had no physical openings; only an interface 

element with a stiffness equal to 0kN/m/m was modelled. Due to these differences, 

locally larger forces are encountered in the precast 3D model compared to the monolithic 

model. In Figure 185 also compression and tension diagonals become visible. Since the 

force values of diagonals are relatively low compared with the normal force in the local y-

direction (previous section), the diagonals disappear when the two main forces (n1 and 

n2) are depicted.  
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Figure 185 Detailed view of the shear force in the simplified precast 3D model 

 

When the values of the simplified 3D model are compared with the simplified 2D model, 

a sign difference that can be distinguished. In Figure 184 the shear force has mainly 

positive values while in Figure 163 there are mainly negative values. This difference is 

created by a different local coordinate system relative to the global system. When the 

values of the monolithic 3D model are compared with the 2D model, they have 

approximately the same order of magnitude (the values of precast 3D model are slightly 

larger due to how it's modelled).  

 

Because of the connection between the perpendicular walls, the flanges (wall 1, 2 and 3) 

also obtain a shear force. In Figure 186 the two 3D models are shown in perspective, but 

the distribution of forces is difficult to differentiate. Therefore several sections have been 

made.  
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Figure 186 Side view of the shear force due to wind load in the simplified 

precast (left) and monolithic (right) 3D model 

 

In Figure 187 two sections are made at wall 5. In the monolithic model a shear 

distribution is shown that is comparable to an I-profile beam. The following shear stress 

formula holds for in I-profile: 

 

    
    

  
               

 

At the end of the wall, the shear stress will be 0N/mm2. Between the end and wall 1 or 3, 

the shear stress increases parabolically due to the increasing static moment of inertia. At 

wall 1 and 3, the shear stress reduces considerably because of the increasing wall 

thickness. Unfortunately, this isn’t shown because the walls don’t have a physical 

thickness in the model. Though, according to the shear stress formula, the reduction at 

the flanges should be there. Between wall 1 and 2 or 2 and 3, the shear stress 

continuous to increase in a parabolic shape. The difference between the value left and 

right of wall 1 (this also holds for wall 3) is caused by the static moment of inertia. 

Between the end and wall 1, wall 1 isn't included in the static moment, resulting in a 

lower shear stress. Wall 2 doesn’t have any effect on the shear stress distribution since 

it’s located at the neutral line.  
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Figure 187 Shear stress section at wall 5 of the simplified precast (left) and 

monolithic (right) 3D model  

  

 

 
Figure 188 Shear force section at wall 3 of the simplified precast (left) and 

monolithic (right) 3D model 

 

 
Figure 189 Shear stress distribution of an I-profile without rounded edges 

[Abspoel, 2008] 

  

When the shear stress distribution of the precast model in Figure 187 and Figure 188 are 

examined, approximately the same lines can be distinguished. Though, as a result of the 

open vertical joints and how it's modelled, larger stresses occur at the precast model. An 

important difference between the precast and monolithic model can be observed in 

Figure 187: in the precast model there is almost no difference between left and right 

hand side of wall 1 (or 3). In the monolithic model all the perpendicular walls are 
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connected at every floor. At the precast structure this was impossible with the masonry 

configuration and at every even floor, wall 4 and 5 continue. At every uneven floor, wall 

1, 2 and 3 continue. Therefore wall 4 and 5 are only connected to wall 1, 2 and 3 at a 

small cross-section. This reduces the static moment of inertia, creating a smaller 

difference between the left and right hand side of wall 1 and 3.   

 

When the precast and monolithic simplified 3D models are examined, it can be concluded 

that they are comparable on a global scale. However, due to the open vertical joints and 

how the model is created, they differentiate considerably on a local scale.  

On a global scale the shear force of a simplified monolithic 3D model is comparable to 

that of a simplified 2D model. This is because the flanges only have a small effect on the 

shear force. On a local scale the difference become more present. For example: near the 

flanges large differences occur due to the thickness of the wall and the static moment of 

inertia. This conclusion also holds for the precast 3D model, but due to how the model is 

created, the local differences between the 2D and 3D precast model increase.  

 

E.1.8 Normal force in the 3D model 

In Figure 190 the normal force due to wind load in the 3D model is shown. When this 

figure is compared with the normal force in the 2D model with openings (see Figure 

16947), it can be concluded that the distribution of forces is nearly identical. The only 

difference which can be observed very clearly is the location of the neutral line. In Figure 

169 this line was located on the left side of the centre because of the large openings on 

the right hand side. In Figure 190 this line is located at the centre since wall 5 contains 

more openings on the left hand side. Furthermore, when the absolute normal force 

values of the 3D model and the 2D model are compared, it can be noted that the 3D 

model includes lower values. This difference is created by the flanges of the 3D model, 

which contribute in the force distribution. 

                                           
47 In Figure 169 wall 4 is displayed. Due to the location and orientation of this wall, it’s impossible 
to use the same wall in the 3D model in this perspective. Therefore wall 5 is displayed in Figure 
190. The difference between these two walls is marginal. 
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Figure 190 Normal force in the precast (left) and monolithic (right) 3D model 

 

When the distribution of forces in the precast model is compared with monolithic model, 

only small differences can be distinguished. For example the edge disturbance around the 

open vertical joint. In section 8.1.5 this aspect was already discussed and may be 

neglected as it is created by the calculation. 

 

In Figure 191 a more detailed view is depicted of the normal force. The precast and 

monolithic 3D models loaded by wind are shown in perspective in Figure 192. 
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Figure 191 Detailed view of the normal force in the precast (left) and monolithic 

(right) 3D model 

 

 

 
Figure 192 Side view of the normal force in the precast (left) and monolithic 

(right) 3D model 

 

When the normal force as a result of dead load is examined, Figure 193 is obtained. 

Compared to Figure 182 (3D model without openings), the absolute values of the normal 

force have increased due to the reduced structural area. Another difference that can be 
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distinguished is the lack of visible deviations around the vertical open joint of the precast 

structure. This also occurred at the 2D precast wall with openings (Figure 169) and the 

openings are the likely cause of this difference.  

 

 
Figure 193 Normal force due to dead load in the precast (left) and monolithic 

(right) 3D model 

 

When the normal force as a result of dead load is observed in perspective (Figure 194), it 

can be noted that also in the 3D model with openings the two walls in x-direction take up 

the largest forces. This was also encountered in 3D model without openings and the 

difference in stiffness of the walls (500mm versus 400mm) induces this behaviour.  
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Figure 194 Side view of the normal force due to dead load in the precast (left) 

and monolithic (right) 3D model 

 

When all the models are compared, it may be concluded that the results of the 3D model 

are a combination of the 2D wall with openings and the 3D simplified wall without 

openings. No new phenomena occur in the distribution of forces and the models behave 

as expected. 

 

E.1.9 Shear force in the 3D model 

In Figure 195 the shear force is depicted in a precast and monolithic 3D model. The 

precast and monolithic model are comparable on a global scale, but locally differences 

occur due to the open vertical joint and how the precast model is created (the staggered 

connection).  

 

When both models are compared with the previous models, it can be observed that the 

3D model shows a distribution based on a combination of the 2D model with openings 

and the simplified 3D model without openings.  
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Figure 195 Shear force due to wind load in the precast (left) and monolithic 

(right) 3D model 

 

In Figure 196 a more detailed view of the shear force in the precast wall is depicted. The 

compression and tension diagonals, already examined in section E.1.7, are clearly visible. 

It can also be observed that the shear force increases drastically around disruptions. At 

the lintels, the shear force is considerably higher because all the forces have to be 

transferred by a small area. Therefore reinforcement design of the lintels will be based on 

the high shear force (the disruptions aren’t created by the calculation, but will also be 

present in the actual design). The other large red areas are often located at a turning 

point of the compression diagonals or above/beneath an opening. It’s difficult to tell 

whether they are created by the simplified liner calculation or if they are the actual 

behaviour of the structure. Since the red areas are always located at a corner point of an 

element, there will likely be a relation between the linear calculation method48 and the 

peak values. To provide a definitive answer, more research is required on the behaviour 

of the linear calculation method of AxisVM and precast elements. 

 

 

                                           
48 At a linear calculation, the forces are often transferred at the last possible location. 
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Figure 196 Detailed view of the shear force in the precast 3D model 

 

E.1.10  Conclusion 

With the 8 different models, insight is gained in the behaviour of the precast distribution 

of forces. By slowly increasing the level of detail, it was possible to analyse the effects of 

several properties of the model. Based on the results, several conclusions can be made: 

 

 Due to the location of the interface elements and how AxisVM retrieves the results 

from the postprocessor, disruptions occur around the vertical open joint in the 

precast model. Since these disruptions are created by the calculation, they may 

be neglected in the design. By neglecting these disruptions, the simplified precast 

2D wall has a similar distribution of forces compared with the simplified monolithic 

2D wall. 

 When the shear distribution of a precast wall with open vertical joints is compared 

with a monolithic wall, an interesting difference can be observed: due to the lack 

of stiffness of the vertical open joint, the over and underlying dowel elements are 

activated and receive a higher shear force than the elements in the monolithic 

wall. As a result of this higher shear force in the dowel elements, shear 

reinforcement is required in the lower section of the model.  

 The introduction of shear force into the dowel elements isn’t linear and a large 

peak force is located at the connection point between the horizontal and vertical 

open joint. In the last 5% of the connection length, the element transfers 11% of 

its shear force. Furthermore, this peak value is always contained within one mesh 

element and the shear force value increases when the size of the mesh element is 

reduced. Between the two horizontal connections, the shear force spreads out in 

the dowel element. This distribution of shear force originates in the underlying 

behaviour of the elements and is concentrated by the linear calculation and 

smeared stiffness. It’s known of linear calculations that a large portion of the force 

is often transferred at the corner (last possible location without redistribution) and 

by neglecting important mechanisms of the connection (non-smeared stiffness 

and starter bars) the forces remain concentrated. Therefore this peak value may 

be smoothened in the actual design. A non-linear calculation in combination with 

the actual connection behaviour should determine the exact reduction of this peak 

value. 

 By adding openings to the simplified wall, the structural area is reduced. 

Therefore the forces in the structure will increase. This phenomenon can clearly 
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be distinguished at the normal force in the local y-direction (ny) and shear force 

(nxy). For example: due to wall openings, all the shear force has to be transferred 

via the lintels to the other elements, resulting in high shear force values in the 

lintels. 

 When the perpendicular walls (flanges) are added to the 2D model, a 3D model is 

obtained. The increased structural area ensures a reduction of the normal forces. 

The shear force isn’t affected considerably by the perpendicular walls since most 

of the shear force is taken up by the 2D wall (web). 

 In the shear force diagrams, locally high peak force areas can be distinguished. 

Since all these areas are located at an edge, they are most likely an edge 

disturbance created by the calculation. Therefore the peak force areas may be 

smoothened during the reinforcement design. 

 The floors are supported by wall 1, 2 and 3 because this results in the shortest 

floor span. Nevertheless, the largest normal forces are encountered in wall 4 and 

5. This can be explained by the different stiffness of the walls: wall 4 and 5 have a 

thickness of 500mm, which is 100mm more than wall 1, 2 and 3. The larger 

thickness provides a higher stiffness and the stiffest elements attract the largest 

forces.  

 

Besides the conclusions, there also remains one aspect which acquires more attention: 

peak values. During the analysis of all the models, many disturbances have been 

encountered. For all the disturbances a likely cause has been identified, but it should be 

examined if they are the main reason for the peak value or if other aspects also 

contribute. Due to the limited time of this thesis, a more thorough analysis has not been 

performed, but for future examinations it’s recommended to do so.   
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E.2 Calculation sheets of the natural frequency, structural 

factor, acceleration and reinforcement 

In this appendix, the calculation sheets required for the first natural frequency, structural 

factor, acceleration and reinforcement are combined.  

 

E.2.1 Calculation sheet for the first natural frequency 

Due to confidentiality, this calculation sheet cannot be displayed.  

 

E.2.2 Calculation sheet for the structural factor and acceleration 

Due to confidentiality, this calculation sheet cannot be displayed.  

 

This calculation uses the SLS basic wind velocity of 19.4m/s and may only be used to 

calculate the acceleration. To calculate the structural factor cscd, the ULS basic wind 

velocity of 27m/s should be applied, see section B.2. 

 

E.2.3 Calculation sheet required reinforcement area 

Due to confidentiality, this figure cannot be displayed.  

Figure 197 Vertical reinforcement 

 

Due to confidentiality, this figure cannot be displayed.  

Figure 198 Horizontal reinforcement 

 

In Figure 197 and Figure 198 the reinforcement area of the wall element of section 9.7 is 

determined. This is done with the help of a column program of Zonneveld ingenieurs. 

Since the reinforcement should be divided along the height of the column (see Figure 197 

or Figure 198) and not at the edge, the reinforcement is placed manually in the program: 

5 bars with a centre to centre distance of 200mm are placed along the height. In the 

actual design of section 9.7 the reinforcement is placed with a smaller centre to centre 

distance (for example 125mm), but this cannot be entered in the program. Nevertheless, 

the difference should be negligible due to the very small moment. The forces entered in 

the program work as shown in Figure 197 and Figure 198. 
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Appendix F: Dimensional control 
This appendix provides the calculations sheet required to calculate at which level the 

tolerances of the Zalmhaven tower are exceeded. This appendix corresponds to section 

10.3. It should be noted that all the deviations are calculated respectively to the bottom 

of the element. Because in this examination the elements are placed on top of each other 

without a joint, the deviations in height only occur at the top of the element.  
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Figure 199 Dimensional deviations 
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Figure 200 Division of deviations and tolerances 
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Appendix G: Cycle time 
In this appendix an overview is provided of the transported elements and the resulting 

vertical cycle time. This appendix corresponds to section 11.1. 

 

 
Figure 201 Vertical cycle time of level 6-26 
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Figure 202 Vertical cycle time of level 27-44 
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Figure 203 Vertical cycle time of level 45-65 
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Appendix H: Construction time 
In section 11.2 a short overview is provided of the construction time. The determination 

of the total construction time is provided in this appendix. 

 

The following aspects have to be considered when the total construction time is 

determined of the Zalmhaven tower: 

 

 construction of the diaphragm walls, 

 creating a 1m thick foundation slab, 

 constructing the first 6 levels with the crawler crane, 

 erecting the hoisting shed, 

 construction of level 6 to 65 with the hoisting shed, 

 climbing back of the hoisting shed, 

 disassembling of the hoisting shed, 

 execution of the finishing stage. 

 

The diaphragm walls are the first step of the construction process. Elements with a 

length of 63.2m, a thickness of 1.5m and a width of 3.3m are applied (see section 4.4). 

A diaphragm rig is able to construct one element every 2 days49. After these 2 days, a 3rd 

day is required to finish the diaphragm wall (placing reinforcement and pouring 

concrete), but the diaphragm rig can already start with the next wall element. In total 70 

diaphragm elements are required. Since creating half a diaphragm wall provides 

problems (the diaphragm wall filled with bentonite has to stay open during the night) this 

process will continue 16 hours per day. Creating diaphragm walls is a relative low noise 

process and creating diaphragm walls during the evening isn’t uncommon. Creating 70 

diaphragm walls requires 70 days or approximately 12 weeks of 6 days. 

 

The 1m thick foundation slab is constructed after the diaphragm walls are finished. 

Constructing the formwork and reinforcement requires approximately 2.5 weeks. This 

process can’t be executed simultaneous with the construction of the diaphragm walls 

because the area is too small, the diaphragm process isn’t very clean and the freedom to 

move around the rig is limited considerably because the rig may topple over. At Friday 

the entire slab is casted in a continues process and during the weekend the slab hardens.  

 

Simultaneous with the construction of the slab, the crawler crane for the first 5 levels 

(ground floor until level 5) and the hoisting shed is assembled. When the construction 

process is up to speed, 2 floors per week can be created with the hoisting shed. Since the 

first 5 levels are constructed by the crawler crane and there are several disruptions, a 

construction speed of 1 level per week is maintained.  

 

At level 5 the hoisting shed is assembled. Within two weeks the load bearing structure of 

the hoisting shed is assembled. The load bearing structure exists of many smaller truss 

sections, which are already combined to several larger sections at ground. To finish the 

hoisting shed, an additional week is required. Since double shifts are applied, 6 days per 

week, the total amount of hours is equal to 6 normal working weeks. At the Erasmus MC 

tower, the construction of the hoisting shed started at 26th of October 2010 and the 

hoisting shed was finished at 11 December 2011 (approximately 6 weeks of 36 hours). 

 

Depending on the time of year the previous actions are executed, delays have to be 

incorporated. Since a considerable amount of concrete has to be poured it’s not advised 

to perform these actions during the winter. Unfortunately, it’s not always possible to 

choose the desired starting date and delays have to be incorporated. Per year 25 days 

are lost due to frost and high wind speeds (low construction height). The entire 

                                           
49 These values are obtained in a consult with Robert Schippers from MOS Grondmechanica in 
Rhoon.  
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construction process until the completion of the hoisting shed requires 24 weeks (46% of 

52 weeks), resulting in 12 lost days due to the weather. Within the previous mentioned 

processes, one week can be absorbed. The buffers within the processes are too small for 

a second week and this week is added to the construction time. 

 

When the hoisting shed is finished, the construction of level 6 to 65 will start. Because 

the construction workers have to become familiar with the process, the efficiency isn’t 

optimal at the lower levels. When the vertical gantry crane assists the horizontal gantry 

crane, only 69% of the cycle time is required (see section 11.1.1.4). Therefore 

0.31▪2160=670 minutes or 11 hours remain to absorb possible delays. Therefore no 

additional time is included in the construction process for the first few levels: the 60 

levels are constructed in 30 weeks.  

 

After the hoisting shed has reached and constructed level 65, the roof of the hoisting 

shed is removed, which takes approximately 4 days. Than the hoisting shed starts to 

climb back and the remaining facade elements are placed over jacking anchors. When 

the hoisting shed travels 8 floors per day, the hoisting shed will be at level 5 in 8 days. 

Combined with the 4 days of the roof, 2 weeks are required to climb down. Travelling 8 

layers in 12 hours results in 1.5 hours per level. Of this time 30 minutes is reserved to 

remove the jacking anchors (see section 4.5.4) and to place the remaining facade 

elements. As a result, the hoisting shed will travel 3.05m/hour or 5.1cm/minute on 

average. Since the automated climbing systems of Peri GmbH are capable of reaching a 

stroke speed of 50cm/minute, the average speed of 5.1cm/minute should be no problem.  

The climbing system should be especially designed to climb back since most systems 

contain safety measures preventing the system to move downwards (for example if the 

hydraulic pressure is lost, the automatic climbing system may not fall down). Peri GmbH 

provides systems which are capable of climbing down. 

 

At the ground level again 3 weeks are required to disassemble the hoisting shed. The 

total process of assembling, disassembling and climbing back requires 8 weeks, which is 

27% of the time required to construct level 6 to 65. This value is considerably high 

because a special system (hoisting shed) is required to reach the short cycle times. A 

tower crane requires a shorter assemble and disassemble time and in combination with a 

longer construction time of the building, this value is significantly reduced. 

 

Simultaneous with the construction of the levels by the hoisting shed, the completed 

floors are finished by multiple finishing crews (afbouwploegen in Dutch). The finishing 

stage starts when the hoisting shed is assembled at level 5. The finishing stage has to 

wait on the hoisting shed because it provides a weather tight occlusion at the top floor. 

By using massive floors with integrated ducts and reinforcement for the diaphragm 

action, sandwich elements and prefabricated bathroom units, it’s estimated that 6 levels 

under the hoisting shed the finishing stage is completed. To reach these high speeds, 

multiple finishing crews are required. 6 levels equals 3 weeks, but in Figure 204 5 weeks 

are incorporated. These two additional weeks are required to install the elevators and 

installations. Since these actions only take place at certain levels, these two weeks can 

also be used as buffer for the finishing of the floor levels. 

 

With the previous examination of the construction time, no (national) holidays are 

included. Since a cycle time of 6 days is used, the Sunday has to be used in case the 

construction stops at the national holiday. Otherwise this delay will accumulate to the 

next week.  

 

The total construction time is shown in Figure 204. It can be observed that it requires 60 

weeks to construct the Zalmhaven tower, which is incredible short. For example, Het 

Strijkijzer with a height of 132m was completed in 2 years. Figure 204 also shows that 

the finishing stage isn’t leading: the finishing stage is completed at the same time the 

hoisting shed is dismantled.  
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Figure 204 Total Construction time 
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Appendix I: Feasibility check of the hoisting 

shed 
The structural design is based on large precast elements with a mass up to 34.7 ton. To 

transport these heavy elements to the construction floor, a hoisting shed is used. By 

utilising the hoisting shed, a separated transport system is created which isn’t dependant 

on the building height. Furthermore, the weather dependency is reduced considerably. 

But are the boundary conditions on which the design of the hoisting shed is based 

feasible and realistic? To asses this question the boundary conditions have been re-

examined: 

 

 Large steel trusses were used at the Erasmus MC tower hoisting shed because a 

distance of 38m had to be spanned. At the Zalmhaven tower the distance 

between the supports is only 7.8m, reducing the weight of the supporting 

structure significantly. The dimensions of the steel structure aren’t determined, 

but with the reduced span, the dimensions will decrease.  

 With the reduced span, the hoisting shed has an estimated weight of 300 ton. 

During the construction a large part of the live floor load will not be present, 

compensating the weight of the hoisting shed. Within six floor levels, the live load 

is already larger than the weight of the hoisting shed.  

 As a result of the hoisting shed the building area increases with 3%. Therefore 

more wind load will be endured by the structure. Since the wind load is non-linear 

distributed over the building height, the total horizontal force on the structure 

increases with 6 instead of 3% when the highest floor is constructed. Because of 

the larger load, the deflections will increase with approximately 6%, resulting in a 

total deflection of 341mm in the x-direction. This value remains within the limit of 

umax=h/500=405mm. Also the forces on the structure increase due to the larger 

area: the moment at the foundation increases with 6%. To prevent a higher 

reinforcement ratio as a result of the execution phase there are two solutions: 

reduce the safety factors or reduce the wind load. Since the Zalmhaven tower is 

located in an urban environment it’s not advised to reduce the safety factor. A 

better solution is to reduce the wind load because the higher loads are only 

governing when the top floors are constructed (time span of 2 weeks). According 

to the NEN 670250 the wind load may be multiplied by t=0.57 (t=1 year and 

=0.0). This reduction is larger than the 6% higher moment and the construction 

phase isn’t governing. 

 The hoisting shed is supported at ten locations. When the load is equally 

distributed, every support obtains a dead load of 30 ton. Due to the wind load, 

this value will increase. Since the anchors have a maximum load capacity of 10 

ton, multiple anchors have to be used, possibly distributed over several floor 

levels. This requires a high amount of accuracy because if one of the anchors is 

located slightly lower than designed, it will not bear any load. It’s possible to use 

a different support system, for example the special notches used at the Delftse 

Poort. With this system, the hoisting shed was supported on one level at the four 

corners. Every support had a load capacity of 100 ton, which would be more than 

sufficient for the Zalmhaven tower. The final hoisting shed design has to indicate 

which method is preferred.  

 The transport load capacity and speed of the Zalmhaven tower hoisting shed are 

derived from the Erasmus MC hoisting shed. Therefore the obtained values can be 

considered as realistic and feasible.  

 After the top floor has been constructed, the hoisting shed climbs back via the end 

faces of the structural walls. In order to climb back, the roof has to be removed. 

This method was also considered at the Erasmus MC tower hoisting shed. Because 

                                           
50 At this moment there is no national annex available of NEN-EN 1991-1-6 specifying reduction 
factors during the construction phase. Therefore section 5.5.2 of NEN 6702 is used instead.  
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the surrounding low-rise buildings were completed at an earlier stage, the hoisting 

shed couldn’t be dismantled at the bottom and was eventually dismantled at the 

top floor. The process of climbing back is almost identical to climbing upwards and 

shouldn’t provide any problems. When climbing back the final facade elements 

can be placed over the end faces and the facade can be cleaned thoroughly. 

 

The previous boundary conditions do not provide any problems because they are mainly 

based on reference projects from the Netherlands and Japan. Therefore the boundary 

conditions and the resulting hoisting shed design should be realistic and feasible. 

Nevertheless, the final design has yet to be made and many aspects have to be 

considered and designed. The economical feasibility of this design has to determine 

whether or not the hoisting shed will be applied at the Zalmhaven tower.  

 


