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Scope of Flow Slide Study

Introduction

Flow slides occur around the globe in deltic areas, along rivers and during dredging activities,
like sand fill construction or sand mining. Many of these flow slide failures, which may involve the
movement of millions of cubic meters of soil, pass and have passed unnoticed by mankind because
they take place under water, according to Terzaghi (1956).

However, if flow slide failures cause changes in the morphology of rivers and coastlines, they
do become known. Sometimes even uncomfortably, when they bring damage to our flood
protection works, newly reclaimed land or other structures. The province of Zeeland in The
Netherlands has a rich history in - sometimes destructive - flow slides, as mentioned by Lindenberg
(1986a).

In the next few paragraphs, the general idea of what a flow slide is will be discussed, followed
by the problem definition and formulation of the main aims of this flow slide study as well as the
set-up of this Volume 1: Literature Review.

The Cause of Flow Slides

Generally, it is assumed that the cause of flow slide failures lies in the liquefaction of (part of)
a sloping body. However, this explanation can be made plausible only when loose to very loose
fine sand layers are encountered in the subsoil, over substantial depths. This is likely to be the case
in areas where young marine sands have been deposited relatively fast and along (former) river beds
where erosion and sedimentation of sand are continuously taking place.

Sometimes, flow slide failures are encountered in areas where the above does not hold, or at
least does not give a credible explanation. Therefore, there is a tendency toward developing
alternative explanations for the exact mechanisms, leading to flow slide failure. One of those
alternative mechanisms may be the development of active banks, after initial oversteepening at the
toe of a slope.

Because the actual mechanism, leading to flow slide failure, is not fully understood, the term
"flow slide" is used to refer to the consequences of the failure, rather than to the cause of it. The
distinctive features of flow slide failures are large soil displacements, very flat resulting subaqueous
slope angles and embankments which have caved in. The fact that the term "flow slide" always
has been related to the consequences of the failure, has lead the attention away from the actual
causing phenomena. Thus, the misleading thought that liquefaction can be the only mechanism
to be held responsible, could strike root.
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Problem Definition and Formulation of Main Aims

Unexpected failure of subaqueous excavated slopes in the form of flow slides is considered in
this graduate study. Excavated slopes are not the same as slopes constructed by means of
hydraulic fill. Several recent flow slide failures in sand borrow pits, together with qualms in
engineering practice about not knowing exactly what fundamental mechanism causes flow slide
failure, gave cause for this study.

The knowledge that flow slide failure may be caused by either static liquefaction of (part of) a
sloping body (also called spontaneous collapse)’, or by the development of active banks, is taken
as a point of departure. Liquefaction due to dynamic loading will be left out of consideration.
Special attention will be paid to the geological circumstances of The Netherlands.

Herewith, the central problem of this flow slide study becomes: "How, from an engineering point
of view, can we understand and predict flow slide failure of excavated (or being excavated) slopes,
better?". To be able to answer the question at issue, we need to understand the fundamental
mechanisms, leading to flow slide failure. Then, the soil properties may be related to the
mechanisms and specific circumstances may be taken into account.

The main aim of this graduate study is to obtain insight in different mechanisms, possibly
triggering flow slide failure and causing its retrogressive nature. Since the extent of a flow slide
can be very large, and seems hard to predict, the prediction of the potential for failure will be the
pith of the study, not the consequences of failure (Volume 1: Literature Review). The possible ways
to model failure potential are investigated and their prediction values are evaluated on the basis of
case histories (Volume 3: Case History Study / Appendix). With the insights obtained, an effort
has been made to formulate a practical guideline for flow slide analyses, which should lead to
improvements in engineering practice (this Volume 2: Directive for Engineering Practice).

Set-up of this Volume 2: Directive for Engineering Practice

As stated in the above, one of the main aims of this graduate study was to formulate a practical
guideline for engineering and consultancy practice. This is how the report lying before you should
be looked upon. Chapter 1 serves as an introduction to soil properties and phenomena, related to
flow slide failure. The main aim of this chapter is to offer the reader some basic knowledge and
to avoid semantics in the following chapters.

Chapter 2 describes the recommended static liquefaction potential analysis for engineering
practice. It may serve as a directive in future analyses of the stability of subaqueous (to be)
excavated slopes, as well in slope design as in failure reconstruction. Chapter 3 comprises a
qualitative discussion on construction aspects and the dangers of the development of active banks.
This chapter is meant to familiarize the reader with the possible contribution of active banks to flow
slide failure. Conclusions and recommendations are summarized thereafter.

i Static liquefaction occurs as a result of contraction of the soil under a monotonically increasing shear stress level
(see Chapter 1)



1 Liquefaction Potential Modelling

§ 1.1 Introduction

Flow slides may be caused by the static liquefaction of sand in a sloping body. The soil tendency
to decrease in volume, when subjected to monotonically increasing shear stress, is a necessary
condition for static liquefaction to occur. If soil has no tendency to decrease in volume, the soil
has no static liquefaction potential. So, in order to be able to predict whether static liquefaction
may occur - and hence whether there is a chance of a flow slide occurring - it seems logical to try
to determine the susceptibility of the soil to static liquefaction, first.

The determination of the susceptibility of granular soils consists of two parts. Part one concerns
the description of the soil behaviour by some constitutive law. Part two concerns the formulation
of a stability criterion to test the soil behaviour. Given the in-situ conditions, static liquefaction
potential may be predicted by subjecting the predicted soil behaviour to the stability criterion.
Different approaches to liquefaction potential modelling may differ in their way of predicting the
soil behaviour or in their formulation of a stability criterion.

§ 1.2 Methods Based on the Theory of Steady-State Soil Mechanics
§ 1.2.1 Introduction

Instability and failure are two different aspects in the behaviour of soil. However, instability may
lead to failure. Therefore, in the steady-state approach, the point from where typical stress states
may cause instability, is taken as the criterion for liquefaction potential.

The common statement of the group of researchers, that follow the steady-state theory, is that,
even before any research is done on the contractive behaviour and the development of excess pore
pressure, something may be said about the susceptibility of soils to liquefaction. They state that
the analysis to determine static liquefaction potential is an ordinary stability analysis, not a
deformation problem. Their approach bears no relation between soil deformation and the change
in void ratio or settlements that may occur. The steady-state shear strength is the residual shear
strength of soils, after continued deformation. Poulos (1981) defined the steady state of
deformation as follows:

"THE STEADY STATE OF DEFORMATION FOR ANY MASS OF PARTICLES IS THAT STATE IN WHICH
THE MASS IS CONTINUOUSLY DEFORMING AT CONSTANT VOLUME, CONSTANT NORMAL
EFFECTIVE STRESS, CONSTANT SHEAR STRESS, AND CONSTANT VELOCITY. THE STEADY STATE
OF DEFORMATION IS ACHIEVED ONLY AFTER ALL PARTICLE ORIENTATION HAS REACHED A
STATISTICALLY STEADY STATE CONDITION AND AFTER ALL PARTICLE BREAKAGE, IF ANY, IS
COMPLETE, SO THAT THE SHEAR STRESS NEEDED TO CONTINUE DEFORMATION AND THE
VELOCITY OF DEFORMATION REMAIN CONSTANT.".
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The steady-state line is an approximately straight line in the void ratio - (log) stress plane, that
connects all combinations of void ratios and stresses, measured during the steady state of
deformation. In the following paragraphs, use and verification of the steady-state theory, with
respect to static liquefaction potential prediction, will be clarified. The development of the work
by various researchers, as studied here, is presented in the table below:

1936 1985 1987 1992 1995
CASAGRANDE PouLos SLADEN KRAMER LADE D1 Prisco
CASTRO D'HOLLANDER SEED MATIOTTI

FRANCE KRAHN Nova

§ 1.2.2 A Liquefaction Evaluation Procedure by Poulos et al.

Poulos et al. (1985) state that liquefaction and flow slides may occur when the driving shear
stress is greater than the minimum shear resistance of the soil, or steady-state shear strength, only.
According to Poulos et a/. (1985), the undrained steady-state shear strength, S,,, is a function of
the soil properties (grain-size distribution and particle shape) and the in-situ void ratio, only. They
state that as long as the driving shear stress, 7, is smaller than S,,, the soil has no liquefaction
potential. Since S,, is the minimum strength a saturated contractive soil can have in undrained

shear, no volume decrease tendency or excess pore pressure will develop. It is reasoned that no
strength reduction, due to loss of effective stress, will occur.

Poulos et al. (1985) probose aliquefaction evaluation procedure in their paper that will be clarified
here. The procedure is based on concepts from earlier work of Casagrande. The evaluation
procedure consists of five steps:

1] Determine in-situ void ratio,

2] Determine steady-state void ratio as a function of effective stress,

3] Determine undrained steady-state strengths for ‘undisturbed’ specimens,

4] Correct the measured undrained steady-state strengths to the in-situ void ratio, and
5]  Calculate in-situ driving shear stress and factor of safety.

The determination of the in-situ void ratio is, as in all other liquefaction evaluation procedures,
the most sensitive step. It is very difficult to determine the in-situ void ratio, because disturbance,
i.e. decreasing the in-situ void ratio®, of the soil, during sampling, transportation to a laboratory
or reconsolidation to in-situ stresses, is practically inevitable. Poulos et a/. (1985) propose either
fixed piston sampling, freezing of the ground and coring, or sampling in test pits to obtain the most
accurate results possible.

A very small increase in density - or decrease in void ratio - may convert a sample from a state in which it is
liquefiable to a state in which it is not.
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Next, the steady-state void ratio, as a function of effective stress, is determined by conducting
five or six, strain-controlled?, undrained triaxial tests, on reconstituted specimens. The specimens
are tested under an initial void ratio - effective stress combination, well above the steady-state line.
During the test, the contractive sample will follow a stress-strain path, showing a peak stress at
a certain strain, and a stress fall thereafter, accompanied by large strains. The logarithm of the
measured resulting minor principal stress is plotted against the corresponding void ratio.

The best fit through the points, obtained by the tests, is called the steady-state line. For stability

analyses, it is convenient to plot the steady-state line in terms of the undrained steady-state shear
strength. The following equations are used:

S, =4 cosd,

sing, = == = S
’ 33: * qs (630 - Au:) + q.r
_ Ois ~ O35

qs = )

in which the factor a,, - 05, = the principal stress difference at the steady state from the triaxial test,
,, = effective minor principal stress at the steady state, 6,, = effective minor principal stress (or
confining pressure) at the start of shear (after consolidation), Au, = pore pressure induced in the
specimen at the steady state of deformation, and ¢, = steady-state friction angle (in terms of
effective stress). The quantities g,, d;, and Au, are obtained directly during the triaxial tests.

Step 3 comprises the determination of the in-situ steady state, by conducting a series of
consolidated undrained triaxial tests performed on ‘undisturbed’ samples, from the zone being
evaluated. The resulting stresses and void ratios should be close to the steady-state line. The
points may fall little above or below the steady-state line. Sufficient tests are needed to determine
the average in-situ steady-state strength, reliably.

Thereafter, the in-situ shear strength is estimated. The procedure is presented in Figure 1. The
trend of the in-situ steady-state line is assumed to be parallel to the steady state line, constructed
from the tests on the compacted specimens. The shear strength, corresponding with the in-situ
void ratio on the assumed steady-state strength line, through a particular steady-state point of one
of the ‘undisturbed’ tests, is the estimated in-situ undrained steady-state strength.

The final step is to calculate the driving shear stress in the soil. This may be done by

‘conventional limiting equilibrium approaches. |f its average value is less than the estimated in-situ
undrained steady-state strength, in all zones along the trial surface, then, it is postulated,

liguefaction cannot occur.

Poulos etal. (1985) propose strain-controlled tests, but Sladen et al. (1985) report no significant difference between
steady state parameters determined by stress or strain-controlled tests. Hence, they conclude that, for practical
purposes, the critical state and steady state may be assumed one and the same for sands.

5
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Figure 1 Undrained steady-state shear strength determination after Poulos et a/. (1985)

The factor of safety against liquefaction is defined as:

S.S'Il

1 rd

According to Poulos et al. (1985), the entire mass is in unstable equilibrium, when the value of
F, is less than 1, or 7, > S,,. When this is the case, liquefaction and a flow slide may thus be
triggered by any disturbance. They do add, however, that the disturbance must be large enough,
and of sufficient duration, to indeed trigger liquefaction.

§ 1.2.3 A Collapse Surface Definition in the Void Ratio - Stress Space by Sladen et al.
Introduction:

The basis for the liquefaction failure analysis of Sladen et a/l. (1985), lies in large-scale flow slides
during the hydraulic placement of an artificial island berm in the Beaufort Sea. However, the idea
holds for excavated slopes as well.

Their main interest was to develop a method for back analysis of the slides. As such, it has a
nature different from the steady-state method discussed before. Sladen et al. (1985) point out
several shortcomings of the original reasoning of steady-state followers, and classify the original
approach suitable for design purposes (as opposed to back analysis purposes), only. According to
Sladen et al. (1985), the steady-state method makes no claim to explain the following observed
features of the liquefaction phenomenon:

First, failure actually occurs at shear stress levels very much higher than the steady-state shear
strength, as is evidenced by the extremely flat post-failure profiles encountered. Second, it
incorrectly predicts deep failure planes to be more critical than shallow ones. Therefore it cannot
explain the retrogressive nature of the liquefaction process. Third, no comment is made on the
influence of the in-situ stress state on liquefaction potential.
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In their work, Sladen et al. (1985) take the conclusion that the failed hydraulic fills must have
been in a stress state where a very small undrained disturbance could lead to excess pore pressures
and loss of shear strength, as a point of departure. They assume that this stress state relates to
the peak deviator stress, measured in triaxial tests, and that this stress state may have developed
under drained conditions. Because they consider liquefaction an equilibrium problem, they further
state that the steady state is a condition of Mohr-Coulomb shear failure. As such, it follows that
the effective normal stress and shear stress in the steady state are uniquely related by the angle
of internal friction in the steady state.

Construction of the collapse surface:

The observation that the peak strengths, measured in undrained triaxial tests on loose samples,
fall on a straight line in the ¢ - p’ stress plane, and that the position (not the slope!) of this line
changes only with the void ratio, has given rise to the concept of a collapse surface in the three-
dimensional void ratio-stress space.

To determine the shape of the collapse surface, a series of undrained load-controlled triaxial tests
have been conducted, at different void ratios, according to the method proposed by Castro et al.
(1982). The results (peak and steady-state stresses) of the tests were corrected for membrane
penetratioh. Plotting the corrected results in the g - p’ - e space yielded the collapse surface, as
presented schematically in Figure 2 on page 8. - (i N :

Use of the éollapso surface:

Sladen et al. (1985) state that for (spontaneous) liquefaction to occur, the so‘lltstate has to reach
the collapse surface (under drained conditions), before the shear stress suddenly exceeds the steady-
state strength. ‘ ‘ ' g

' As it is possible to formulate the collapse surface in terms of'parameters', directly analogous to
- a'Mohr-Coulomb failure criterion, these parameters may be used in limiting equilibridm analysis to
evaluate quulefaction potential®, To apply the proposed method as a design tool, it is only
necessary to know the steady-state shear strength of a soil and the slope of the collapse surface.

' Knowing the slope geometry and the likely range of ¢, itis possible to estimate the steady-state
shear strength prior to failure, and hence its state in the void ratio - shear stress - normal stress
space, in back analysis.

10 Eor convenience it is assumed that the intermediate principal stress has no influence on shear strength, which can

then be described in terms of a relationship between major and minor effective stress at failure, when applying
data obtained from triaxial tests to limit equilibrium.

7
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E

Figure 2 Schematized collapse surface according to Sladen et a/. (1985)

§ 1.2.4 An Instability Line Definition in the Stress Surface by Lade

Definition of the instability line:

According to Lade (1992), commonly two criteria for failure of soil are employed in interpretation
of results of triaxial tests. The first predicts failure when the principal stress difference, or deviator
stress, (o, - 0;), reaches a maximum. The second predicts failure when the principal effective stress

ratio, (0,”/0,’), reaches a limiting value.

Lade (1992) prefers to refer to the steady state as the u/timate state. He formulates the ultimate-
state instability definition as follows:

"THE CONDITION OF MAXIMUM STRESS DIFFERENCE DOES NOT CORRESPOND TO A
TRUE FAILURE CONDITION, BUT RATHER TO A CONDITION OF MINIMUM STRESS
DIFFERENCE AT WHICH INSTABILITY MAY DEVELOP INSIDE THE TRUE FAILURE SURFACE.
...INSTABILITY MAY BE INDUCED ANYWHERE BETWEEN THE (0, - 03) ..., CONDITION AND

THE TRUE FAILURE SURFACE DESCRIBED BY (0,703 ") "+

The line connecting all tops of a series of effective stress paths, in the ¢ - p’ plane, from
consolidated undrained triaxial tests on loose soil provides the lower limit of the region of potential
instability. This line represents Lade’s instability line. Lade (1992) found from experiments that
it is a straight line through the ultimate-state point. Because the ultimate strength of loose soils
is very low, Lade (1992) states that, for practical purposes, the ultimate-state point can be assumed

to be the same as the origin of the g - p’ plane.
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As the void ratio of the sand decreases, the instability line moves up and away from the origin,
and it crosses the failure line at a point corresponding with the steady-state, or critical-state, value
of p’. The instability line may be described as a linear function in the ¢ - p’ plane with slope ¢, and
intercept ¢; with the ¢ axis. In his further analysis, Lade uses average values found by Sladen et
al. (1985): ¢, = 17° and ¢; = 20 kPa, which he considers typical values for loose sands.

Construction of a region of potential instability in a subaqueous slope:

The method of analysis of potential instability of a slope, proposed by Lade (1992), comes down
to the following steps:

11 Determine the failure line and the instability line for the given soil and void ratio, both in
effective strength parameters, using consolidated undrained triaxial compression tests with
pore pressure measurements,

2] establish the approximate states of stress in the slope from effective stress analyses, using
a conventional slope-stability procedure and several slip surfaces,

3] compare the stresses with those required for potential instability, and

4] determine the region in the slope (if any) that may become unstable.

As an approximation, circular slip surfaces may be evaluated to determine the stress state in a
slope. Taking the Mohr-Coulomb failure criterion as a point of departure and assuming that along
a slip surface the factor of safety is constant, the stress states along a given circle are located on
a straight line given by:

/ / /
AL tand = ¢} + o tang,
" F

For cohesionless soils ¢’ = ¢, = 0. It may be observed that, for some circles in the slope, this line
is located in a region of potential instability. To determine at which points on each slip circle the
stress state enters the region of potential instability, the following criterion is evaluated and plotted
as a function of the distance to the toe of the slope:

/

Ci

= & tang,

a

Plotting and connecting the calculated points of each of the slip circles in the slope, generates
the region of potential instability. See for Lade's example Figure 9.

It is stressed that instability is not produced along a particular slip surface, but rather, in a volume
of soil within the slope. Hence the term region of potential instability. The region of potential
instability is specific to the slope inclination and soil parameters of the given soil type. The relative
magnitude of the potentially unstable region increases with slope height. Lade (1992) further finds
that the region of potential instability diminishes for a particular (low) slope hight, because then the
stresses do not reach up into the critical stress region, between the instability line and the failure
line,
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§ 1.2.5 Parametrie Verlfication Study of Kramer et al.

Kramer et al. (1987) performed an extensive series of laboratory experiments to verify the validity
of the steady-state liquefaction predictions. Also, they performed a parametric study to determine
the effect of variations of the main parameters on the static liquefaction resistance. In short, they
conclude that:

1] At relative densities greater than those corresponding to the steady-state line (see Poulos
et al. (1985)), the soil will exhibit dilative behaviour (see also Lindenberg et al. (1981)),
and there will be no potential for liquefaction. For soils that do display contractive
behaviour, the static liquefaction resistance is found to decrease with decreasing relative
density. Hence the potential for the initiation of liquefaction increases with decreasing
relative density, or increasing in-situ void ratio, )
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Chapter 1: Liquefaction Potential Modelling

2]  The deviator stress under undrained conditions, required to initiate liquefaction, can be seen
to increase as the confining pressure is increased. So, the static liquefaction resistance
decreases with decreasing confining pressure and the potential for the initiation of
liquefaction increases with decreasing confining pressure'’,

3] The static resistance of a sand decreases as the level of initial shear stress increases.
Consequently, the potential for the initiation of liquefaction can be seen to increase with
increasing initial shear stress level and may be very high at high levels of initial stress. This
leads to the conclusion that the increase in shear stress, required to initiate liquefaction,
should be seen as the difference between the static liquefaction resistance and any initial
shear stress.

§ 1.3 The Classical Dutch Approach
§ 1.3.1 History of Dutch Flow Slide Research

In fact, there have been two factors of influence on the Dutch approach to liquefaction potential
modelling in the Dutch soil mechanics history. First, a lot of practical data were available, mainly
from liquefaction induced flow slides in the province of Zeeland. Second, several fundamental
research programs conducted by Delft Geotechnics and Delft Hydraulics have brought insight in the
basic phenomena.

Wilderom (1979) made an extensive inventory of the geometric characteristics of the
geomechanical instabilities which, occurred in the province of Zeeland, and have been recorded since
the second half of the 19th century. Lindenberg (1985) used Wilderom's result to sketch the state-
of-the-art in flow slide consultancy. g

Within the framework of Applied Research of the Ministry of Public Works (TOW), Begemann
et al. (1977) and Lindenberg et al. (1981) studied the critical void ratio of sand, to verify the
relationship between the initial void ratio of a sand body and its potential for liquefaction, as stated
by Terzaghi (1925) (see also Volume 2: Chapter 1).

Large scale model tests on simulated flow slides have been conducted between 1973 and 1976
to stimulate the understanding of the flow slide phenomenon. In 1987 pore water pressure
development during liquefaction and lateral spreading of liquefied soil was studied. The best flow
slide recordings, yet, have been made in 1988, during the study of the construction of sand bodies
under water. Bezuijen et al. (1988) and Mastbergen et al. (1988) reported on these tests.

§ 1.3.2 Critical Density Research and the Prediction of Undrained Sand Behaviour
Original definitions of critical density:
We can classify the classical Dutch liquefaction potential modelling as an attempt to find a

correlation between pore pressure response and volume change tendency of dry soils. The basis
for this approach lies in the research on the critical density of sand.

' On the other hand, the critical void ratio can be observed to decrease with increasing confining pressure.
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The concept of critical density or critical porosity was first introduced by Casagrande in 1936.
He supposed, based on the results of direct shear tests, that the final density attained by all samples
of the same type of sand, with different initial densities, would be identical.

Two years later, in 1938, Casagrande formulated another definition of the critical density of sand
because the former turned out to be unsuitable as a basis for criteria related to liquefaction and flow
slide sensitivity. This second definition of Casagrande was based on ordinary drained triaxial tests.
It was defined as the initial density for which, at the instant of applying the top deviator stress, no
volume deformation of the sample occurs, in relation to the initial density. Casagrande’s second
critical density appeared smaller than the first. He concluded that the critical density is a function
of the normal stress level (confining pressure).

In 1948, Geuze introduced an even safer critical density criterion because he supposed that the
volume decrease at the start of a triaxial test would lead to high excess por~ pressures under
undrained conditions. Geuze conducted ordinary drained triaxial tests with constant (g, + o;,) and
measured the maximum (negative) volumetric strain, which he plotted against the initial porosity
of the sample. He found an upper and lower limit to the
critical density, as shown in Figure 4, and stated that only the
lower limit can provide a save criterion.

Definition of dry critical void ratio:

ot upper

> L_.a 3 A

Geuze's definition of critical density, which will be referred.”
to as "critical void ratio" from this point on, has been used in
Ty T
the classical Dutch approach to liquefaction potential modalling .w;;w ) .

e~ om el Mom s

~ b

as the dry critical void ratio. This dry critical void ratio i Figue 4 After Lindenberg o al. (19811
determined by conducting a series of ordinary drained triaxial T )
tests - usually 3 to 6 - with samples of different initial void ratios. In order to eliminate any volume
deformation other than caused by dilatancy or contractancy (see Volume 2: Chapter 1), the average
normal stress Ya(a,’ + 20,’) is kept constant. This, in fact, means that during the tests the stress
path o, = -%a,’ is run through. :

Definition of wet critical void ratio:

As well as there is a critical void ratio for samples subjected to drained triaxiai testing, there is
one for samples subjected to undrained triaxial testing. This critical void ratio was referred to as
the wet critical void ratio by Begemann et al. (1977) and Lindenberg et al. (1981). Itis defined as
the void ratio of the sample which just not liquefies under undrained loading, but hardens and further
behaves as predicted by the steady-state theory (see Figure 5b).

e =

It appears that the wet critical void ratio is somewhat higher
than the dry critical void ratio. This difference lies in the fact
that, in order to liquefy, pore pressures must develop in the |
sample. Pore pressures develop due to a volume decrease |
tendency, for which a void ratio just above the no-volume- .
change-at-all limit (dry critical void ratio) is required.

Figure 5 After Begemann et al. (1977)
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Chapter 1: Liquefaction Potential Modelling

The undrained triaxial tests are supposed to describe the in-situ behaviour of the soil best, but
Lindenberg et al. (1981) stated in their paper that the wet critical void ratio, obtained from such
a test, is an inaccurate criterion as a basis for liquefaction potential prediction. The statement was
mainly based on intuitional motives. It was pointed out that there are some problems and difficulties
with undrained testing which make the results less reliable. Disadvantages of undrained tests that
were pointed out were the risk of performing tests on insufficiently saturated samples and the
problem of membrane penetration during testing (see also Lade et al. (1977)), both leading to lower
excess pore pressures, and hence a higher prediction of the wet critical void ratio.

§ 1.3.3 Liquefaction Potential Modelling

Lindenberg et a/. (1981) tried to avoid the problems and difficulties with undrained triaxial testing
by calculating the stress path development during undrained testing, based on the results of drained
tests. Calculation appeared possible and conducted more reliable results. For this reason the results
of drained triaxial tests are used to predict undrained behaviour.

First, the strain measured during the drained triaxial tests is corrected for membrane penetration
(see Stoutjesdijk et al. (1994c)). The correction depends on the relative density of the sample and
the particle size. The relative density is determined from the in-situ void ratio and the maximum
and minimum obtainable void ratios.

Second, relationships between relative shear stress and normalized shear strain (dilatancy curve)
and between isotropic stress and volume strain (decompression curve) are derived from the
corrected drained triaxial test results (see Stoutjesdijk et a/. (1994c)). These two curves together
are used to predict the undrained behaviour.

§ 1.3.4 Elastoplastic Modelling of the Soil Behaviour
The stress-strain behaviour of the soil is described by means of an elastoplastic model, as

explained by Stoutjesdijk et al. (1994c). In this model de, is presumed equal to zero. See for a
definition sketch Figure 7. The isotropic stress, o’,,, is derived as:

de, - é - (do! - v* - (do! + da))) = 0
do;=v'(d0;+d<l);) : o:=v' (o;+o;)
S S /_l.1 o .l /
Twol = 3 (0, 0,+°,)-§ (1 +v) (g, + 0)

where v’ represents a not purely elastic Poisson’s ratio'?.

12 The ratio of the magnitude of the induced diametral strain to the imposed longitudinal strain.
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Figure 6 Definition sketch for the elastoplastic model used

The constitutive relations for elastic deformations that are used are:

dY:y = é -drer

det = = - (do, - v - (doy + dop)

by | —

—

de) = = - (o) - v - (doy + do)

where:

E=3-(1-2v) K,

G - E =3-(1—2v).Ks
2 (1 +v) 2 (1 +v)

K, represents the bulk modulus of the soil. The constitutive relations for plastic deformations
that are used are:

d&, = de + de'; = % (€pot, D 95

Jd |1 s Ot )
dy? = Jdy? ) + (d€ - dE? = = | — - : ds
¥ ra)” + g 2 |G g - (Sy ["wuo]
S

max

where s represents the relative shear stress and G’ represents a dimensionless plastic shear modulus.
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Chapter I: Liquefaction Potential Modelling

Algebraically the stress-strain relations can be formulated in terms of small variations in the
following form:

afyxy €, € G (11:xy
dey = e, €5 €| - doy
de, c; Cg Cg do,

Herein the coefficient matrix C is called the ‘flexibility matrix’. It contains the superposed elastic
and plastic strains. For calculation routines of the coefficients c¢,..c,, reference is made to
Stoutjesdijk et al. (1994c), pp. 66-71.

§ 1.3.5 The Stability Criterion

When stability is evaluated, small changes in shear stress are presumed. In an undrained
situation the change in volume is equal to zero, and shear deformations can occur only. In case
of a one-dimensional problem (infinite slope) it is presumed that de, = 0. Therefore de, must be
zero too. From the remaining system of equations the following stability criterion can be derived:

.
&Ny = ;i dt,,
The eigenvalue \ of the matrix C is used as the criterion for stability. It represents a complex

of stresses, stress-strain relations and equilibrium conditions and has a unique value in each
situation. If X is smaller than zero, this indicates instability: the soil has liquefaction potential.

The stability evaluation procedure has been implemented in a computer program (sLiQ2D). To
run this program, at least the following parameters must be established:

1]  geometry of the sloping sand body,

2] in-situ void ratio,

3] minimum and maximum void ratios (from laboratory tests), and

4] drained triaxial test results. Further an estimation must be made of general parameters.

§ 1.4 The University of Karlsruhe Approach
§ 1.4.1 Introduction

In this paragraph the approach, which has been developed at the University of Karlsruhe in
Germany, will be clarified. This approach comprises two major features: The description of soil
behaviour by means of a so-called hypoplastic constitutive law and the formulation of a stability
criterion for slopes, based on the ideas of Hill.

A noteworthy thesis that has been written on the subject is Raju’s "Verfllssigung lockerer
granularer Korper - Phdanomene, Ursachen, Vermeidung" (1994). Problems with the stability of
banks in the Lausitzer Braunkohlerevier, in the former German Democratic Republic, gave cause for
the study, mainly. The work presented by Raju comprises not only the coupling of a hypoplastic
model and Hill's stability criterion, but also the verification of stability predictions by means of
laboratory tests. The essence of hypoplastic soil behaviour modelling and the idea behind Hill’s
stability criterion will be discussed in more detail in the next few paragraphs.
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§ 1.4.2 Hypoplastic Modelling of the Soil Behaviour
Hypoplasticity as opposed to elastoplasticity

The conventional way to describe the mechanical behaviour of plastic deformable materials, such
as soils, is the theory of elastoplasticity, like used in the aforementioned Dutch approach to
liquefaction potential modelling. This theory is dependent on the development of stress paths during
homogeneous deformation of the material and uses failure lines or surfaces as criteria for failure,
unlike the theory of hypoplasticity.

The stress path dependency of the elastoplastic theory may be considered a major shortcoming
in elastoplastic failure modelling. Large deformation is, inevitably, inhomogeneous. During the
course of large deformations inhomogeneity, such as shear banding, bulging, internal buckling, etc.
set on. Hence, useful stress-strain relations around the point of failure, needed as input for
elastoplastic models, can hardly be extracted accurately from triaxial tests.

According to Kolymbas et al. (1995), hypoplastic models do not discriminate between elastic
and plastic stains, but attempt to describe soil deformation on the basis of soil characteristics, only,
by describing the evolution of the stress rate as a function of the stain rate. Hypoplastic models
are assumed to describe soil behaviour not only well until failure, but also thereafter. Hence, both
small deformations, as well as large deformations, may be predicted.

Another reason why hypoplastic models may be assumed to be superior to other models,
especially when loosely packed granular materials are considered, is the fact that the contribution
of the changing void ratio and stress-level to the stress development, pycnotropy and barotropy,
respectively, are incorporated (Wu (1994)).

The formulation of the hypoplastic constitutive law

According to Kolymbas et al. (1995), he was the first to publish a hypoplastic constitutive law,
in the year of 1977. The hypoplastic model consisted of one single tensorial equation, with a limited
number of constants, which sought to describe the mechanical soil behaviour, without recourse
to yield surfaces, etc.

Since its first publication, some improvements have been suggested. Wu accounted for non-
feasible stress states, like tensile stresses'®, in 1992. He also introduced pycnotropy into the
hypoplastic model. Pycnotropy accounts for the fact that granulates have the exclusive property
that their void ratio does not depend uniquely on pressure, i.e. on the isotropic stress. Deformation
parameters like stiffness, friction angle and dilatancy angle of loose granulates, depend on the void
ratio. Thus, the outcomes of deformation experiments are not unique, but depend on the initial void
ratio of the specimen.

13 The capability of cohesive soils to support tensile stresses can be described by hypoplasticity if an appropriately

internal stress is introduced, as will be shown in future publications (Kolymbas (1995)).
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In 1994, Wu further introduced barotropy into the hypoplastic model. Barotropy accounts for
the fact that the stress level has an important effect on the material response (friction angle), in
contrast with the general assumption in soil mechanics, that normalized stress-strain curves coincide
for various stress levels e.g., in a triaxial test.

See for derivation and calculation of the parameters Raju (1994), pp. 10-12. Raju’s result is a
hypoplastic model, which may be integrated numerically, that describes the soil behaviour from four
basic soil parameters, only. These are the strength of the granular material, the friction angle, the
void ratio in the residual state (according to Raju approximately equal to the void ratio corresponding
to the lowest possible density) and the void ratio after cyclic compaction (according to Raju
approximately equal to the void ratio corresponding to the highest possible density), respectively.
Three additional pycnotropy and barotropy constants must be determined from Oedometer and
Triaxial tests.

§ 1.4.3 The Stability Criterion Suggested by Hill
Introduction to the 2nd order theory of stability:
Raju (1994) states that static liquefaction is not just a problem of equilibrium, or 1st order

problem. Moreover, it is a stability problem of a system in equilibrium, or 2nd order problem. A
simplified stability problem, of systems that are all in equilibrium initially, is indicated in Figure 7.

o - _o 0

stable indifferent unstable

Figure 7 Stable (a), indifferent (b) and unstable (c) equilibrium situations

When the bullet is subjected to a small disturbance, it will return to its initial position of
equilibrium without setting any energy free, in case a. The system is called stable. In case b the
bullet will display, generally, large displacement, but again it will not set any energy free. In this
case the system is called indifferent. In case c, the bullet will also display large displacement.
However, the bullet will now convert potential energy into kinematic energy, unlike in case b,
causing a growing displacement. The system is now called unstable.

.From the above, it can be stated that a situation of equilibrium is stable when an infinitely small
disturbance leads to an infinitely small displacement. Based on this statement, Hill suggested a
stability criterion, saying that the nett work must be equal to zero (indifferent) or greater than zero,
in order to not have a stable system. He defined nett work as the increase in internal energy minus
the work employed by external forces.

Hill’s suggestion may be clarified by considering a simple mass-spring system. When the mass
is thought to be brought off balance, the work employed by the external force (gravity) is equal to
the weight of the mass, integrated over the displacement. Because the weight of mass is a
constant, we also say the work employed by the external force is equal to the gravity force times
the displacement. The work employed by the spring is equal to the spring force, integrated over
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the displacement. However, the spring force increases (normally) linear with the displacement.
The resulting work employed by the spring is therefore bigger than the work employed by the gravity
force and we speak of a second order problem of equilibrium. In this case the system is always
stable.

Mathematical formulation of the stability criterion for slopes after Hill:

The use of Hill’s criterion in the stability modelling of saturated slopes of loosely packed granular
material under static loading, was suggested by Gudehus in 1993. For the mathematical formulation
of the nett work the following expression is derived in Raju (1994):

. Ov
A’E =fVTga—de>0

where the Tg is known as the first Piola-Kirchhoff stress matrix (the stress state is related to the
original geometry), acting on an arbitrary volume V, which is subjected to a displacement field
characterized by éu = vét. The nett work is calculated and evaluated according to a procedure
displayed in Enclosure | on page 41. The preparations for stability analyses come down to the
determination of the geometry (see ? for a schematic presentation) and in-situ void ratio (to test
the stability criterion), the determination of the material parameters in a laboratory and calibration
of the hypoplastic model.

X2

Figure 8 Definition sketch for Raju’s analysis

The calculations of the nett work are repeated for all values of the angle J, between 0 and slope
angle 3, to cover the whole geometry. For a more detailed description, reference is made to the
work of Raju (1994), pp. 27-30.

Conclusions of Raju’s parameter analyses and experiments:

After an extensive series of calculations, Raju finds that the nett work is positive for all possible
angles, 9, corresponding with a stable slope, above a certain kritische Porenzahl, which is purely
based on Hill's stability criterion. For h, = 45 m, h, = 40 m and # = 30°, ¢, appears to be equal
to a value of 0,68. For the same geometry, higher in-situ values of the void ratio indicate that the
soil has liquefaction potential (on the basis of this analysis).
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Raju’s critical void ratio should not be confused with the critical void ratio, used in the other
approaches to liquefaction potential modelling, which is based on the volume change tendency of
soils, when subjected to shear stress. Sensitivity analyses further lead to the following conclusions:

1]

2]

3]

e,, decreases little with increasing stress level (overburden), indicating a higher susceptibility
to liquefaction,

e, increases with increasing friction angle, which indicates a lower susceptibility to
liquefaction, and

the stability decreases with increasing mobilized shear stress.

Experiments, conducted by Raju, confirm the existence of ¢,.. The general conclusions on the
susceptibility to liquefaction of slopes, expressed in terms of material properties, drawn on the basis
of theoretical modelling and laboratory experiments are:

1]

2]

3]

4]

small particles cause low permeabilities, allowing high excess pore pressure to develop,
which may lead to liquefaction,

(loosely packed) uniform particles exhibit highly contractant behaviour, which increases the
susceptibility to liquefaction,

round particles cause lower friction angles and hence to a higher susceptibility to
liguefaction, and

in-situ void ratios higher than e, indicate immediate liquefaction danger.

§ 1.4.4 Wet Critical Void Ratio Estimation with a Hypoplastic Model

Another possible advantage of a hypoplastic model lies in the prediction of the behaviour of soil
in a triaxial test. Kolymbas et al. (1995) give an example of the such a model, for ordinary triaxial
tests, with constant confining pressure, and explain how to calibrate it. The predicted behaviour
seems to comply reasonably well with actual test results.

It may be possible to simulate wet critical void ratio tests with a single tensorial equation, as
well, if small adjustments are made in the boundary conditions. Constant confining pressure implies
that ¢, = 0. Suppose d; is set to -d,, which would make the Mohr circles concentric along the stress
path. The major advantage would be the fact that with one calibration, a series of tests, with
different initial void ratios, may be conducted, to establish the point of collapse or theoretical
liquefaction.
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2 Modelling the Flow Slide Propagation

§ 2.1 Introduction

Once it has been determined that a slope has liquefaction potential, the next question will be
how the liquefaction process will propagate in the soil. From experimental observations, see
Kroezen (1982) and Silvis (1988), it is known that the liquefaction process has a retrogressive
nature, meaning that the liquefied portion of the slope grows into the sand body.

If liquefaction cannot be indicated as the reason for the occurrence of a flow slide, alternative
explanations must be sought. Torrey et al. (1988) suggest that the development of active banks
in dilatant sands may result in flow slides. The development of active banks display a retrogressive
nature as well.

It is not fully clear when or why the flow slide propagation comes to a halt. There might be a
discontinuity in the soil profile, i.e. a lower void ratio or higher permeability. Discarding these
irregularities and considering the soil a homogeneous and isotropic medium, several attempts have
been made to describe the retrogressive nature of flow sliding.

In the next few paragraphs methods based on the research of pore pressures near moving
underwater slopes and cutting forces in saturated sand, amongst others, will be presented briefly.

§ 2.2 Inverse Cutting Force Approach
§ 2.2.1 Basis of Inverse Cutting Force Approach

Meijer et al. (1976) and Van Os et a/. (1987) conducted fundamental research within the frame-
work of the Dutch dredging ‘speurwerk’. They show that the assumption of linear elastic soil
behaviour is not justified when rapid deformation is considered and recognize the role of dilatancy
in the resistance of soil against deformation. That is, when densely packed sand is considered.

Further, their analyses are based on the observations from a moving coordinate system where
the fixed coordinate x is transformed into ¢ = x - v, v being the travelling speed of the moving
coordinate system.

Van Os et al. (1987) considered the failure of densely packed sand, when forced to deform by
a cutting blade, as a continuous creation of discrete sliding surfaces, all of the same shape, where
the porosity suddenly increases from nton + An. This proposition was supported by experimental
evidence. As an approximation, the process of failure was schematized as a thin sliding zone,
moving through the soil with a speed equal to v.
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§ 2.2.2 Inverting the Results of Research on Cutting Forces in Densely Packed Sand

Verruijt (1992) introduced the idea that the failure of loosely packed saturated sand may be
described in a way similar to the force controlled failure of densely packed sand, as suggested by
Van Os et al. (1987). Now, the sudden change in porosity is assumed to be negative, which means
an decrease in void ratio. More specifically, it is assumed that there is a thin zone, of thickness
d, at the slope surface, in which the porosity is An lower than in the natural state.

Verruijt follows Van Os et al. (1987) in rewriting the storage equation'* assuming the soil
particles and the pore fluid incompressible, the external fluid supply equal to zero, expressing the
volumetric strain rate de/d¢ in terms the change in porosity, substituting Darcy's law and introducing
the moving coordinate system. The final result is:

g

Fex
a,1>/ a,+40,
A
5 !/<o,,+ Aa,,

a,+Aa,
7% AxAy

Figure 9 Definition sketch for the inverse dredging force model

A definition sketch of the failing slope is given in Figure 9. Decomposing the total stresses,
employing Terzaghi’s principle of effective stress, and writing the hydrostatic pressure component
in the following form:

p=A+ywxcosa-ywysina

14 The storage equation is known from the theory of consolidation and was originally developed by Biot in 1941.
It reads:

See also Barends (1992).
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Chapter 2: Modelling the Liquefaction Process

the equations of equilibrium can be written in terms of effective stress, as follows:

30,4 3
o T Mmvese s o0
da’

—2 4 - sino =0

™ (e ¥

when the slope is assumed to be infinitely long and all derivatives in y-direction are assumed to be
equal to zero. Integration and substitution of o’ for ¢,," and -7 for o, yields:

o +p=(y,-v,) xcosa

T =(y,-v,)xsina

Solving the rewritten storage equation in one dimension for Ap yields:

An
Yk 1-n
Collection of the expressions for stresses and pore pressure in Coulomb’s relation 7 = ¢’ tan ¢ and
some rewriting eventually yields an expression for the relative propagation velocity, v/, of the failure
surface'®:

1-n ¥Ys = Yw . tan o
— =% "sinacosall-
An Y, . tan ¢

1<

The expression found by Verruijt shows that a positive propagation velocity is possible only if
tan a < tan ¢ and An > 0. Thus, he concludes, a slope flatter that the natural slope may display
flow slide failure.

There is reason to doubt the validity of the expression derived by Verruijt, however. It predicts
an unexpected maximum propagation velocity, midway between level ground and a critical slope
with inclination (¢)'® (see also Enclosure Il). Figure 10 on page 24 was composed assuming the
values of v, = 20 kN/m’, v, = 10 kN/m’, angle of internal friction ¢ = 30°, porosity n = 45% and
porosity jump An = 5%:

§ 2.3 Mississippi Flow Slide Hypothesis

Along the southern part of the Mississippi River (below Baton Rouge), many flow slides have
taken place, during the course of history. These flow slide failures have been thought to be caused
by static liquefaction, during high discharges of the river. However, from extensive field
investigations by Torrey et al. (1988) it was concluded that, although lenses with supercritical void
ratios ex\isted, the extent of such layers was small, compared to the volume of the displaced material
in major bank failures. Also, it as emphasized that the average void ratio of the material concerned

Note that Van Os et al. (1987) used another coordinate system than proposed by Verruijt. This may be taken into
account by transforming the increment forward, x, at the failure surface into d sina.

For not densely packed soils, the inclination cannot be greater than imposed by the angle of internal friction, .
Therefore, the expression can only be valid between 0 and ¢.
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Flow Slide Failure of Excavated Subaqueous Slopes

was between the upper and lower critical void ratios (see Geuze (1948)), which made the material
not particularly susceptible to flow slide failure.

Liquefaction prop. velocity v/k [—]

15.00
Slope angle o [°]

Figure 10 Verruijt’s prediction of the propagation velocity of the liquefaction process

Therefore, an alternative failure mechanism was sought. Torrey et al. (1988) suggested that
a plausible hypothesis could be found in the work of Padfield (1978). The hypothesis comes down
to the statement that the dilative behaviour of the material is suspected to be responsible for the
flow slide failures, instead of the contractant behaviour.

In fact, two theories have been coupled. As a point of departure the theory of active banks of
Meijer et al. (1976) is taken. From this theory, the horizontal retrogression velocity, Z, of the initial
oversteepened face, caused by severe scour at the toe of the slope during high discharges, is
calculated:

kv’

/
V' Y

Z =

sin(a - ¢)}

sin¢

Herein are: k the permeability, v’ the effective unit weight, v, the unit weight of water, A3 the
slope angle and ¢ the angle of internal friction. With estimated values of the void ratios in the
undisturbed bed of 0.67 and at the free surface 0.75, the volumetric strain, v’, is assumed 0.048.

The vertical velocity, ¥, at which the base of the viscous carpet of grains, which is formed at
the toe of the active bank, is calculated from the fall velocity of a single grain at infinite dilution,

W, and the particle volume concentrations in the dispersion, C,, and the deposit, C,;:
C, W
V= ch , BC =€ -G
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The resulting prediction of the tangent of the run-out angle of the active bank is calculated as
the vertical propagation velocity in proportion to the horizontal retrogression velocity, calculating
the fall velocity of a grain, W,, at concentration C, as W, (I-C)", with n = 4:

g < ¥ o G W -CYr
zZ Z AC
Unfortunately, the resulting slope angle appears very sensitive to variations in Cy, while the value
of C, must remain a guess, in absence of experimental evidence. It has been tried to avoid this
difficulty by estimating the horizontal travelling distance of the grains falling of the oversteepened
face. From this analyses the encountered low run-out angles can be calculated.

Another noteworthy finding of Torrey et al. (1988) is that, from the relation found for the
prediction of the horizontal travelling distance of the upper most grains in the fluidized carpet, it
appears that the production of the active bank is an important parameter. The formation of the
fluidized carpet is implicit in this relation.

The horizontal travelling distance of the grains varies linearly with the height of the active bank.
In small scale tests, the horizontal travelling distance, in proportion to the production of the active
bank, is such that the run-out angle is closer 30° than to the flat slope angles as were observed
by Torrey et al. (1988). From this, they conclude that small scale tests are inappropriate to model
flow behaviour.
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3 Lateral Soil Displacement Modelling

§ 3.1 Introduction

Beside studies that concentrate on the prediction of liquefaction potential and the propagation
of flow slide mechanisms into a slope, a small number of studies have been directed toward the
prediction of the displacement of soil as a result of flow slides. Information of this type may be
useful when a prediction of the extent of a possible failure is requested. All relations presented here
are purely empirical and based on regression analyses of field data.

§ 3.2 Calculations of the Rickgriffweite

On the basis of observations on 37 liquefaction induced flow slide failures, which occurred in
the Lausitzer Braunkohlerevier (mine tailings dams) in Germany, Vogt et a/. (1991) suggested an
empirical expression to predict retrogression of the top of a slope, as a result of the failure. In their
analysis, they distinguish the following factors of influence (soil properties and soil model parameters
are recognized but not used in this analysis):

- Circumstantial factors of influence:
O the nature and intensity of the initiation of liquefaction
O the direction of the (groundwater) flow (p = parallel, s = perpendicularly)
O the liquefied soil flow condition (u = undisturbed, b = disturbed)
- Geometric and geohydrological factors of influence:
O the slope angle, 8, and slope height H,
O the height of the phreatic surface, H,,, within the slope

From regression analyses, they found that the cave-in distance, x,, is (mainly) a function of the
initiation, slope angle, height of the slope and height of the phreatic surface. They derived the
following expression:

a exp[—b (& - l.O]z] = 1 ]
H, 2 tanf

Under normal initiation conditions, & equals 1.0. Under severe initiation, like fast changes in
groundwater level or dynamic initiations, 6 may vary between 1.2 and 1.8. The other variables
should be picked from the table on page 28, depending on the flow direction and flow condition.
The correlation coefficient, r, for the data interpreted and the number of flow slides related to the
flow direction and flow condition, f, are presented as well.

x, =6H,
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Direction/condition a b r f
p/u 26.910 3.823 -0.872 11
p/b 13.977 3.838 -0.957 15
s/u 9.694 3.831 -0.931 5
s/b 5.769 4.340 -0.864 6

They also give an expression for the critical ratio between the height of the phreatic surface and
the slope height, based on previous research by Forster:

H \* 0.439
n =08 [=*| =08 0403 12 (_1—]
H, tanf

It is emphasized that |, is the relative density, based on porosity, instead of void ratio!

§ 3.3 Empirical Prediction of Liquefaction-Induced Lateral Spread

Another empirical model, which predicts the amount of horizontal ground displacement, is
presented by Bartlett et a/. (1995). Disadvantage of this method, with respect to this graduate
study, is the fact that it is based in the induction of liquefaction by earthquake loading. Probably,
the horizontal ground displacement as a result of static liquefaction-induced slope failure, will be
considerably less.

The empirical model presented, was developed from multiple linear regression analyses of U.S.
and Japanese case histories of lateral soil displacement (spread). Bartlett et a/. (1995) observed
two typed of lateral spreads. First, lateral spread towards a free face (e.g. incised river channel
or abrupt subaqueous topographical depression). Second, lateral spread down gentle ground slopes,
where a free face was absent.

The free-face component of the model reads:
log(DH) = - 16.366 + 1.178 M - 0.927 logR - 0.013 R
+ 0.657 logW + 0.348 logT, + 4.527 log(100-F, ) - 0.922 D50,

The ground slope component of the model reads:
log(DH) = - 15.787 + 1.178 M - 0.927 logR - 0.013 R
+ 0.429 logS + 0.348 logT,; + 4.527 log(100-F,;) - 0.922 D50,

In the regression formulae, M represents the moment of magnitude of the earthquake, R the
horizontal distance to the nearest seismic energy source or fault rupture in kilometres, ¥ the free-
face ratio 100 H/L (H = height of the free face; L = horizontal distance from the channel), S the
ground slope in percent, T, the thickness of the liquefied layer in meters (15 = SPT (N value),
F,; the average fines content and D50,5; the mean grain size. A step-by-step explanation of the
application of the lateral spread model is given by Bartlett ez a/. (1995).
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Conclusions & Outlook

Perhaps, the most conspicuous conclusion that must be drawn from this literature review, is the
fact that, during the cause of liquefaction and flow slide research history, far more effort has been
put into the clarification of the potential of liquefaction of soils than into the description of flow
slides.

This may be inspired by the idea of that prevention is to be preferred over curing. Besides, one
may reason that the knowledge of the potential hazards, caused by flow slides, is only useful for
risk evaluations. Probabilistics have barely been introduced into the modelling of liquefaction and
flow slides.

A more fundamental reason lies in the fact that the process of retrogressively moving liquefaction
fronts is too complex to model satisfactory, as yet, and requires more knowledge of the behaviour
of soils, heavy viscous fluids and its relation to the known soil parameters, than available today.
Hence, available models are very empirical in nature, and not very powerful.

Within the modelling of liquefaction potential, wide differences of opinion are present. The
followers of the steady-state approach consider the question of whether liquefaction will occur a
mater of equilibrium, whereas others find it a stability problem (definition of Hill). These differences
may rest on the differences in aims of the researchers.

The steady-state theory offers a more simple approach than deformation-based theories (stability
approach). It may be useful for practical application. On the other hand, the stability approach,
together with a sophisticated soil behaviour model, offers good opportunities to describe the
potential for liquefaction from a more scientific perspective. However, the latter requires extensive
soil investigations and expensive parameter determination techniques, but can be very attractive
for computer implication. The decision of the employment of one of both approaches may be based
on risk and turnover.

Little research has been conducted to explain and predict the propagation of flow slide
mechanisms (i.e. liquefaction and active banks) and the extent of soil displacement as a result of
possible flow slides. This is the result of the fact that this type of information is of less use to
engineering and consultancy practice and (even) more arbitrary than information on the susceptibility
to flow slide failure.

In accordance with the original plan, with a lack of substantial field data however, this graduate

study proceeds with a directive for engineering practice and a case history study of flow slides in
sand borrow pits in The Netherlands.
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Enclosure I: Course of the Stability Analysis of Raju (1994)
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Figure 11 Flow diagram of slope stability calculation after Raju (1994)
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Enclosure Il: Discussion on Inverse Dredging Force Approach

As mentioned in chapter 2, there is reason to doubt the model, based on the inverse
interpretation of dredging forces, because of the unexpected outcome: the liquefaction propagation
velocity increases for slopes with an angle smaller than half the angle of internal friction. Thereafter,
it predicts the liquefaction propagation velocity to decrease.

A substantial explanation of this phenomenon cannot be given at this point. However, it is felt
that it may not be allowed to exchange o, for a negative value of 7. In this case, the liquefaction
propagation velocity would increase for increasing slope angle, for the complete range between level
ground and the angle of internal friction:

v 1-n Y = Yy . tan o
- T — sin o cos a |1 +
k An Y. tan ¢

The following graph was composed assuming vy, = 20 kN/m®, v, = 10 kN/m’, angle of internal
friction ¢ = 30°, porosity n = 45% and porosity jump An = 5%:

Liquefaction prop. velocity v/k (-]

15.00
Slope angle o [°]

Figure 12 Verruijt's prediction of the propagation velocity of the liquefaction process
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Preface

Although flow slides have been studied intensively for along time, the fundamental mechanisms
leading to this kind of soil (structure) failure are still, at least partly, a mystery.

In September, 1995, Fugro Ingenieursbureau b.v. in Leidschendam suggested to study
subaqueous slope failures resulting in a flow slide, within the framework of my graduate study
program. | accepted in December, 1995, and started my research, conducted in partial fulfilment
of the requirements for the degree Master of Science in the Delft University of Technology, on
February 1st, 1996.

The report lying before you contains the results of a recommendation study to improve
engineering and consultancy practice by furthering the understanding of the fundamental material
properties and associated mechanisms, suspected to lead to flow slide failure. Apart from this
Directive for Engineering Practice, a Literature Review (Volume 1) and Case History Study /
Appendix (Volume 3) have been prepared, as part of the graduate study program.

| wish to extend my sincere thanks to J.L. Lindenberg', J.W. Heijting?, J.D. van Rheenen?®,
I. Herle*, V.H. Torrey®, J. Brouwer® and J. de Koning for their effort to help me further knowledge
of theory and practice related to flow slide problems.

This graduate study program has been supervised by a graduate committee. The following
advisors were seated in this committee:

A. Verruijt Delft University of Technology
K. d’Angremond Delft University of Technology
G.L.M. van der Schrieck Delft University of Technology
M.Th.J.H. Smits Fugro Ingenieursbureau b.v.

| wish to thank my graduate committee for its assistance.

Leidschendam, 12 September 1996,
Tim Helbo.
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Summary

Several recent flow slide failures in sand borrow pits, together with uncertainties in engineering
and consultancy practice with regard to the fundamental mechanisms causing this type of failure,
gave cause for this study. The main aim of this study was formulated as: "How, from an
engineering point of view, can we understand and predict flow failure of excavated (or being
excavated) slopes, better?".

Generally, the term "flow slide", in Dutch often disputably indicated with "zettingsvioeiing", is
used to refer to the consequences of failure rather than to the fundamental mechanisms, causing
failure. In fact, the resulting failure profile, i.e. flat subaqueous slopes and caved-in embankments,
may be established by different fundamental mechanisms:

First, 'static liquefaction’ of part of a subaqueous slope, subjected to a monotonically increasing
shear stress level, may cause a spontaneous collapse of the grain skeleton. A large part of the slope
liguefies and flows in a manner resembling a heavy viscous fluid. This type of flow slide failure
should be referred to as ‘settlement flow’ or in Dutch as ‘zettingsvi/oeiing’, only, relating it to its
fundamental mechanism. Static liquefaction is a result of shear-induced undrained negative volume
strain (contractancy) of fine loosely packed saturated granular material. The decrease in void ratio
induces excess pore pressures which reduce the effective stress level.

Second, a flow slide failure profile may be the result of an alternative mechanism, which plays
an important role in the mining of sand. It is known as 'active bank development’ or in Dutch as
‘bressen’. Active banks are initiated, purposely, in fine sands to set on the flow of sand towards
the suction pipe entrance. In fine granular material, sustaining active banks may develop, which
virtually propagate away from the suction pipe entrance at angles, which are not restricted to the
angle of natural repose. The resulting slope angle is likely to depend on the equilibrium flow of the
density current towards the suction pipe entrance.

The potential for static liquefaction may be evaluated on the basis of two criteria: 1] The in-situ
void ratio must be below the critical void ratio of the sand considered, taking the dependency of
the critical void ratio on the confining pressure into account, (thus no negative volume strain will
be the result of shear induced plastic deformation); 2] The in-situ shear stress level must be lower
than the residual shear resistance of the soil (thus no plastic deformation can occur to begin with).
On the basis of both criteria, the potential for static liquefaction may be excluded. However, the
latter criterion is less useful as in-situ shear stress levels are hard to determine and, locally, the
residual shear resistance may be exceeded during sand mining. The susceptibility is greatly
influenced by the permeability of the soil and sharpness of the particles.
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The soils at four case history sites were evaluated on their potential for static liquefaction, as
far as possible. It was concluded that non of the soil masses were potentially susceptible on the
basis of these analyses, but also that more specific data are needed to make the evaluation method
more reliable. To be able to exclude the potential for settlement flow, it is necessary to establish
the critical void ratio (in relation to confining pressure), maximum and minimum void ratios of the
sand considered and an indication of the in-situ void ratio (based on the interpretation cone
resistances and/or undisturbed sample testing). On the basis of static liquefaction potential analysis,
used in the current study, flow slide failure which occurred in case histories could not be explained.

On the other hand, if the potential for settlement flow has been excluded, flow slide failure may
still occur as a result of the development of active banks. Advice towards the prevention of flow
slide failure as a result of active bank development should be pointed at restrictions to the mining
activities. A useful advice may be to excavate an embankment, which must be protected against
flow slide failure, by non-hydraulic means, before allowing hydraulic sand mining in the area.

Combination of the main conclusions, that were drawn from the case history and a literature
review, has lead to the thought that purely liquefaction-induced flow slide failure is not as common
as we may think. In fact, flow slide failures resulting of static liquefaction are thought to be a rarity,
let alone those induced by human activities. An explanation for flow slides should thus be sought
in alternative explanations, as was attempted in this study.




Contents
Preface
Summary
Scope of Flow Slide Study . . . . oo vt i i vttt it s s aim s st s e e s 1
IMEPOAUBEION. « « o v 5« 2 5 o 5 6 5 6 § % 4 s 018 o0 w & 8 s 3 8 G 65 i@ s W 3 o0 8 B0 T s s B8 @@ o w5 @ 1
The Cause of FlIow Slides . . . . . v ittt i i e et e et et e e e e e e o 1
Problem Definition and Formulation of Main Aims . . .. .. ... ... .. 2
Set-up of this Volume 2: Directive for Engineering Practice . .................... 2
1 Clarification of Flow-Slide Related Parameters and Mechanisms . .................. 3
1.1 Definition of the Packingof Sands . . ......... ... iy 3
1.2 IN-Sitth Void BAtIO . & i 5 s s 6 55 56 56 06 5 6 o6 56 w8 9 5 8 516 86 o o o 898 smesoswse 4
1.3 Maximum and Minimum Void Ratio . . . ... ... ... i 4
1.4 Relative DENSItY o . orv v s v o s a6 s 66 5 6 w6 v 8 6 6 5 8 o 6 @ s 8 808 6 8 8 8 63w sio e s ws s 5
1.4.1 Description and Use of Relative Density . .. ..........c ... 5
1.4.2 Difference between Void Ratio and Porosity Based Relative Density . . . ... .. 6
1.4.3 Estimation of Relative Density from Cone Penetration Tests . ............ 6
1.5 Critical Void RAtion i « « s o s 505 0 s o6 5 6 moo 5 % 6 % 8 6@ 66 o @ Wi d @8 & o 6@ 68w bws 7
1.5.1 Dry Critical Void Ratio . . . . . . v i ittt i e et e s e e e 7
1.5.2 Wet Critical Void Ratio . . . . .. . i it it e e e s e e s 7
1.5.3 Other Appellations of the Critical Void Ratio . . ...................... 8
1.6 Dilatant and Contractant Deformation Behaviour . . .. ... ..... ... 8
1.7 Static Liquefaction . . o . v v e v cmensmsosssmamsimsams wmassidsosdninmsess 8
1.8 Active Bank Development (Bressen) . ... .. ...t 9
1.9 Density CUIEBNTS ¢ o 5 o m v v v e o s o s o s s o s s w68 08 @ 8 5 o @ 8% 5 & @ ¢ w & 65 a0 10
2 Recommended Static Liquefaction Potential Analysis ... ....... ... .. .. 13
2.1 Introduction . . ... ... e B A BE AT M AR P A S WA R B EE W e 13
2.2 General Considerations . . . .« .o v vt ittt e e e e e e e 13
2.2.1 Field Investigations . . . . . i v v i vt i it it e e e e 14
2.2.2 Geography and Geology . . . . v v vttt it i e e e 14
2.2.3 Slope Geometry and Formation . . .. ... .. i 16
2.3 Static Liquefaction Potential Analysis . ... ... ... 16
2.3.1 Critical Void Ratio Criterion . . . . ..o v i it ittt ittt it e e s s 16
2.3.2 Shear Resistance Criterion . . . . . .. oo i it i ittt it et n oot 22

2.4 Resume of Recommended Step Analyses . . . . .. oo vt i vttt i i it 22



Flow Slide Failure of Excavated Subaqueous Slopes

3 Phenomenological Considerations on Active bank Development ... ............... 25
3.1 Introduction and Objective of this Chapter ... ....... ... ... ... .. . . .. 25
3.2 Basic Mechanisms Related to Active Bank Development . ............... ... 26
3.3 Hypothesized Development of Active Banks . . ............ ... ... ... ... 26
3.4 Hypothesized Active Bank Induced Flow Slide Failure Mechanism . ............ 28
3.5 Recommendations to Suction Operations . . . . . . o v vt ittt v e 29

Conclusions Q& OUHIO0K « v s s v v v v emv ve b s s msds oo s smsmonsiaasssssvsonss 31

BEFEIEIHGEE « v v 5 5 5 5 6 wite 36 5 6 5 8 v 9 E 5 8 G657 H 85 8 9 8 H I W F W 5K I8 SE G E S @ 5w HE W LS 35

INAER & o s w5 0 5 0 55 0 ¢ m ¢ % 5 5 6o @ W3 @ 5w s aa B I N FE BE HE B L W6 MW B GBS H 39

List Of FIQUIES . . v v o v e v vt et v smnmononsssnsnsnetsonososasosnososnsasas 41

Erap A -DUEh CIOBEEIT » 1w r mow 6w o8 555 0 0w o & 5% 0w Ko BE % 85N EE DB SR 43

Enclosure |: Active Bank Development Sketches . ... ........ ... . 45

4 MTETTR kD o ol



Scope of Flow Slide Study

Introduction

Flow slides occur around the globe in deltic areas, along rivers and during dredging activities,
like sand fill construction or sand mining. Many of these flow slide failures, which may involve the
movement of millions of cubic meters of soil, pass and have passed unnoticed by mankind because
they take place under water, according to Terzaghi (1956).

However, if flow slide failures cause changes in the morphology of rivers and coastlines, they
do become known. Sometimes even uncomfortably, when they bring damage to our flood
protection works, newly reclaimed land or other structures. The province of Zeeland in The
Netherlands has a rich history in - sometimes destructive - flow slides, as mentioned by Lindenberg
(1986a).

In the next few paragraphs, the general idea of what a flow slide is will be discussed, followed
by the problem definition and formulation of the main aims of this flow slide study as well as the
set-up of this Volume 2: Directive for Engineering Practice.

The Cause of Flow Slides

Generally spoken, it is assumed that the cause of flow slide failures lies in the liquefaction of
(part of) a sloping body. However, this explanation can be made plausible only when loose to very
loose fine sand layers are encountered in the subsoil, over substantial depths. This is likely to be
the case in areas where young marine sands have been deposited relatively fast and along (former)
river beds where erosion and sedimentation of sand are continuously taking place.

Sometimes, flow slide failures are encountered in areas where the above does not hold, or at
least does not give a credible explanation. Therefore, there is a tendency toward developing
alternative explanations for the exact mechanisms, leading to flow slide failure. One of those
alternative mechanisms may be the development of active banks, after initial oversteepening at the
toe of a slope.

Because the actual mechanism, leading to flow slide failure, is not fully understood, the term
"flow slide" is used to refer to the consequences of the failure, rather than to the cause of it. The
distinctive features of flow slide failures are large soil displacements, very flat resulting subaqueous
slope angles and embankments which have caved in. The fact that the term "flow slide" always
has been related to the consequences of the failure, has lead the attention away from the actual
causing phenomena. Thus, the misleading thought that liquefaction can be the only mechanism
to be held responsible, could strike root.
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Problem Definition and Formulation of Main Aims

Unexpected failure of subaqueous excavated slopes in the form of flow slides is considered in
this graduate study. Excavated slopes are not the same as slopes constructed by means of
hydraulic fill. Several recent flow slide failures in sand borrow pits, together with qualms in
engineering practice about not knowing exactly what fundamental mechanism causes flow slide
failure, gave cause for this study.

The knowledge that flow slide failure may be caused by either static liquefaction of (part of) a:

sloping body (also called spontaneous collapse)’, or by the development of active banks, is taken
as a point of departure. Liquefaction due to dynamic loading will be left out of consideration.
Special attention will be paid to the geological circumstances of The Netherlands.

Herewith, the central problem of this flow slide study becomes: "How, from an engineering point
of view, can we understand and predict flow slide failure of excavated (or being excavated) slopes,
better?". To be able to answer the question at issue, we need to understand the fundamental
mechanisms, leading to flow slide failure. Then, the soil properties may be related to the
mechanisms and specific circumstances may be taken into account.

The main aim of this graduate study is to obtain insight in different mechanisms, possibly
triggering flow slide failure and causing its retrogressive nature. Since the extent of a flow slide
can be very large, and seems hard to predict, the prediction of the potential for failure will be the
pith of the study, not the consequences of failure (Volume 1: Literature Review). The possible ways
to model failure potential are investigated and their prediction values are evaluated on the basis of
case histories (Volume 3: Case History Study / Appendix). With the insights obtained, an effort
has been made to formulate a practical guideline for flow slide analyses, which should lead to
improvements in engineering practice (this Volume 2: Directive for Engineering Practice).

Set-up of this Volume 2: Directive for Engineering Practice

As stated in the above, one of the main aims of this graduate study was to formulate a practical
guideline for engineering and consultancy practice. This is how the report lying before you should
be looked upon. Chapter 1 serves as an introduction to soil properties and phenomena, related to
flow slide failure. The main aim of this chapter is to offer the reader some basic knowledge and
to avoid semantics in the following chapters.

Chapter 2 describes the recommended static liquefaction potential analysis for engineering
practice. It may serve as a directive in future analyses of the stability of subaqueous (to be)
excavated slopes, as well in slope design as in failure reconstruction. Chapter 3 comprises a
qualitative discussion on construction aspects and the dangers of the development of active banks.
This chapter is meant to familiarize the reader with the possible contribution of active banks to flow
slide failure. Conclusions and recommendations are summarized thereafter.

d Static liquefaction occurs as a result of contraction of the soil under a monotonically increasing shear stress level
(see Chapter 1)




1 Clarification of Flow-Slide Related Parameters and Mechanisms

§ 1.1 Definition of the Packing of Sands

For many reasons it is necessary to define arelationship between the volume occupied by pores
and the volume occupied by particles. As will be discussed in this chapter, many such relationships
have been proposed.

Void Ratio: The term "void ratio" (e) is used in most Anglo-Saxon literature. It has been defined
as the ratio of the volume taken by the pores over the volume taken by the solids:

e = Yoors [-1

V:olids

In this report, all theory and experiments will be explained in terms of void ratio.

Porosity: The term "porosity" (n) is mostly employed in Germany and surrounding countries.
Also, most of the Dutch engineers are taught geomechanics in terms of porosity. It has been
defined as the ratio of the volume taken by the pores over the volume taken by the pores and solids
together. It may be-expressed as follows:

n = [———V’“"’

leidr b3 Vpore.r

(-]

Often n is expressed in percent. In this report, some theory and experiments will be explained in
terms of porosity, in addition to the explanation in terms of void ratio.

Density: The term "density" (y) is often employed in road construction environments. It is
defined as the unit (m’) weight (kg or kN) of the soil. Depending on whether or not the pores are
(partially) filled with water, "density" is preceded by the adjective "wet" or "dry". It may be obvious
that "density" does not make an unequivocal parameter to express the pore volume ratio, unless
also the rate of saturation is considered. The term "density" will not be used in this report except
when speaking of "relative density” (see page 5).

Figure 1 on page 4 serves to explain the difference between void ratio and porosity once more.
Also from this graph, one may easily derive that void ratio and porosity may be expressed in terms
of the other as follows:

& n . = € Ty
e-[l-n][] ’ ¢ [l+e][]
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Figure 1 Pore and solid volumes relative to a reference volume

§ 1.2 In-Situ Void Ratio

The in-situ void ratio obviously expresses the packing of the sand in undisturbed circumstances.
The in-situ void ratio is an important parameter in any evaluation of static liquefaction potential.
It is, however, very difficult to estimate the in-situ void ratio of a particular soil body for a number
of reasons.

First, most in-situ void ratio determination methods® involve disturbances of the original packing.
Especially in liquefaction analyses, where loosely packed sands are involved, this may lead to
inaccurate results. Second, any sampling method obviously leads to very local estimations of the
in-situ void ratio.

Pushed fixed piston sampling with thin-walled tubes leads to acceptable results in most cases,
when carried out with particular care. A description is given by Poulos et a/. (1985). Other in-situ
density measurement methods, which may be considered, are sampling of frozen soil and nuclear
measurement methods.

§ 1.3 Maximum and Minimum Void Ratio

Knowledge of the maximum and minimum void ratios is very important for different reasons.
First, the range between maximum and minimum void ratio appears in the definition of relative
density (see page 5). Second, the range between maximum and minimum void ratio may give an
indication of the (wet) critical void ratio and the possible fall in void ratio, when soil is loosely
packed.

The maximum and minimum void ratios of a particular sand may be influenced by many factors,
of which grading is the most important one. When the voids between the skeleton, formed by a
certain fraction, are perfectly filled with another fraction, the skeleton of which is perfectly filled

8 A description of the most widely used methods of in-situ void ratio determination is given by Veldhuis (1992).
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with again another fraction, the minimum void ratio may be obtained. On the other hand, if a sand
is more narrowly graded, the maximum void ratio may be obtained.

Not only the grading has a great influence on the maximum and minimum void ratios, also the
sharpness of the particles has. The sharper the particles, the higher the maximum obtainable void
ratio may be, due to a high internal friction as a result of a larger contact area. The area of contact
also grows with the decreasing size of the particles. Therefore, the smaller the particles, the greater
the opportunity for building a loose arrangement of particles.

The maximum obtainable void ratio of uniform spheres is 0.91 and the minimum obtainable void
ratio is 0.35 (see Volume 3, Appendix 5). The most loosely packed state and the second densely
packed state are represented graphically in Figure 2 and Figure 3.

Figure 2 Loosely packed uniform spheres Figure 3 Densely packed uniform spheres

§ 1.4 Relative Density
§ 1.4.1 Description and Use of Relative Density

As stated in the above, various properties of sands influence the maximum and minimum void
ratio possibly obtainable. Therefore, the void ratio in-situ, or any other absolute void ratio, cannot
be compared with that of other sands when deformation problems are studied. For this reason,
an absolute void ratio value may be made relative to the range of possible densities.

This relative number is known as "relative density". It is obvious that arelative density is bound
to a state in which a is sand considered. Relative density may be associated with the in-situ void
ratio, critical void ratio or any other void ratio. It has been defined as:

e ~ ¢
Dr,y, - 100% [u] (%

emu _emln
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§ 1.4.2 Difference between Void Ratio and Porosity Based Relative Density

It is important to remember that relative density has been defined in terms of void ratio. It is,
however, possible to express relative density in terms of porosity too. Once relative densities have
been calculated, it is not obvious on the basis of what parameter the calculations were made.
Comparing relative densities, calculated from porosities and void ratios, leads to erroneous results,
which may be more than 30% off. The error grows with increasing state porosity and decreasing
minimum porosity. The difference is expressed in the following formula (see also Figure 4, which
is based on sands investigated by SCW (1979)):

1 -n_.
Dr c._ Dr . [

state, void ratio ~ “n-e state, porosity n-e 1 - n
state

1.35
1.30
1.25 3
1.20 1
1.15 1

1.10 1

Difference Factor [—]

1.05 1

1.00 A1

0.95 T T T T T T T
0 10 20 30 40 50 60 70 80 90 100

Relative Density by Porosity [%]

Figure 4 Difference factor between relative densities based on porosities and void ratios

§ 1.4.3 Estimation of Relative Density from Cone Penetration Tests

Several investigators have tried to estimate the relative density from cone penetration tests.
They found that the relative density depends on cone resistance as well as on the effective stress.
In this report the formula of Jamiolkowski et al. (1988), which is identical to that of Baldi et al.
(1986), is used. With the cone resistance, g,, in Mpa and the mean effective stress o', in kN/m’,
they estimate the relative density with:

1000
Dr,_, = 100% |-L m— %

in 051
’

293 205 o,

Jamiolkowski’s formula does not account for the compressibility of sands. Therefore, an
extension to the existing theory has been developed by Juang et al. (1996). Their approach uses
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a weighted scheme that relates the compressibility, measured by friction ratio and expressed as
a fuzzy number, to the existing base relations. The effect of compressibility is not suspected to
play a major role in the determination of sands in The Netherlands. The base relation used by Juang
et al. (1996) reads:

Wl

where P, = atmospheric pressure (£ 100 kPa) and O, = an empirical constant, varying with
different compressibilities: 332, 305 and 278 for low, medium and high compressibility,
respectively. With the use of the fuzzy numbers, a weighted average of the relative density, based
on the friction ratio, is established using these values. The case history studies have shown that

the prediction of the relative density is somewhat higher than Jamiolkowski's.

Other estimating formulae are available. The difference, however, is not very big. The formula
used in this report has shown to give the lowest predictions, which is useful when approaching the
stability limit from below, as is the case in the flow slide analysis presented in Chapter 2.

§ 1.5 Critical Void Ratio
§ 1.5.1 Dry Critical Void Ratio

In essence, the "dry critical void ratio” is that void ratio at which, at the instant of pure shear
loading under drained conditions, no volume change occurs. The adjective "dry" refers to the
drained loading conditions. The "dry critical void ratio” may be determined by conducting a series
of triaxial tests at constant mean effective stress, while varying the initial void ratio. From
extrapolation of the initial void ratio and related maximum volumetric strain, the dry critical void
ratio may be estimated (Lindenberg et al. (1981)).

The dry critical void ratio is an important parameter for flow slide analysis when evaluating
liquefaction potential. Itis assumed that no excess pore pressure can develop when no (negative)
volume change occurs at the instant of loading. For static liquefaction potential analyses, the dry
critical void ratio seems to offer a safe upper limit to the in-situ void ratio (see Chapter 2).

§ 1.5.2 Wet Critical Void Ratio

The definition of the "wet critical void ratio" is different from that of the dry critical void ratio.
The wet critical void ratio is that void ratio at which, during undrained force-controlled pure shear
loading at constant mean effective stress, a sample liquefies. In this context, liquefaction is defined
after Seed (1976): a sample has liquefied when the increment in deviator stress becomes equal to
zero, or: at liquefaction the pore pressure equals the confining pressure (almost).

In other words: at the point on the stress path in the state diagram (g - p) where the vertical
stress level (o’,) becomes equal to the confining pressure (¢’;), theoretically liquefaction has
occurred. Passing this point, hardening of the sample may be experienced, which means that the
soil no longer contracts and the shear resistance picks up (limited liquefaction).
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On the other hand, the sample may still be contractant (see page 8) after the point of theoretical
liquefaction and the process of softening may continue, resulting in total collapse. Whether
liquefaction occurs depends also on the level of confining pressure. Higher confining pressures may
cause liquefaction of samples that would not have liquefied at lower confining pressures.

The wet critical void ratio may be determined by conducting a series of undrained triaxial tests
at constant mean effective stress, while varying the (initial) void ratio. However, according to
Lindenberg et al. (1981) it is very difficult to obtain accurate results. From Lindenberg’s tests it
was concluded that the wet critical void ratio exceeds the dry critical void ratio by 0.5 to 7%. The
wet critical void ratio will always be higher than the dry critical void ratio, as excess pore pressure
must be able to develop to let a sample liquefy. In other words: the sample must be contractant
(see page 8).

§ 1.5.3 Other Appellations of the Critical Void Ratio

In their papers, Begemann et al. (1977) and Lindenberg et al. (1981) use the term "wet/dry
critical density" to indicate the critical void ratios as discussed in the above. However, they express
their critical void ratios in terms of porosity. Thus one may also be tempted to speak of "wet/dry
critical porosity". To avoid semantics, it seems advisable to restrict ourselves to one term, only.
In this report "wet/dry critical void ratio" will be used.

Further confusion may be induced by the fact that the term "critical void ratio" is also used to
indicate the void ratio in the steady state of deformation (see for a definition Poulos (1981)). This
is the result of the fact that the steady state of deformation may also be called the "critical state"
in the analysis of sand behaviour (Sladen et al. (1985a)). Although the values do not differ a lot
in practice, their definition is fundamentally different. Also in this case, it seems advisable to restrict
ourselves to one term, only. In this report "steady-state void ratio" will be employed.

§ 1.6 Dilatant and Contractant Deformation Behaviour

In the late 19th century, Reynolds (1885) proved the existence of dilatancy: a (positive) change
in volume due to shear stress. When a shear stress is applied to a mass of sand, it will tend to
increase in volume, normally. Hence the void ratio of the sand will increase. This is indeed the fact
when the initial void ratio of the sand is below the dry critical void ratio, as discussed in the above.

However, if the initial void ratio of the mass of sand is above the dry critical void ratio, it will
decrease in volume, when it is subjected to shear loading. This opposite deformation reaction of
the soil is known as contractancy. This idea was originally used by Terzaghi (1925) to explain the
principle of static liquefaction.

§ 1.7 Static Liquefaction

Although flow slides had been a known phenomenon in the history of soil mechanics, it was not
until the 1920s that the forming of quicksand was suggested by Terzaghi (1925) as a possible cause
to this type of slope failure. He stated that saturated and loosely packed sand, subjected to shear
stress, would tend to decrease in volume (contractancy), creating a gradient in pore pressure. If
the permeability of the sand was low enough, he said, dissipation of excess pore pressure would
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be hindered. With the increase in pore pressure, the effective stress would decrease® and ultimately
become equal to zero (softening). At this point, the sand would loose its shear resistance
completely and liquefy. Later, the forming of quicksand as described by Terzaghi, was called
"liquefaction”.

In 1947, Bernatzik demonstrated the existence of liquefaction on alaboratory scale, as mentioned
by Raju (1994). Bernatzik had sand settled very carefully in a container filled with water. On the
loosely packed saturated sand, he carefully placed a weight, which sank into the sand after a mild
hit on the container wall. The same effect can be observed when pushing a rod into the sand.

A more contemporary description of the same phenomenon, relating it to flow slide failure, is
given by Sladen et a/. (1985a). They state that a considerable amount of controversy surrounding
the liquefaction phenomenon has been attributed to semantics, and suggest to use the following
definition'® of liquefaction:

"LIQUEFACTION IS A PHENOMENON WHEREIN A MASS OF SOIL LOSES A LARGE PERCENTAGE
OF ITS SHEAR RESISTANCE, WHEN SUBJECTED TO MONOTONIC, CYCLIC OR SHOCK LOADING,
AND FLOWS IN A MANNER RESEMBLING A LIQUID UNTIL THE SHEAR STRESSES ACTING ON
THE MASS ARE AS LOW AS THE REDUCED SHEAR RESISTANCE.".

In nature, there are different causes to shear stresses that may lead to a volume decrease
tendency. They may be of a different nature: static, quasi static (shock) or dynamic. In this
graduate study, only liquefaction as a result of static liquefaction is considered. With static, as
opposed to dynamic, a monotonous increasing level of shear stress is meant. This is the case when
a subaqueous slope with an increasing slope angle or slope hight is considered. Both the increasing
slope gradient and the increasing hight of the slope may be caused by erosion at the toe.

§ 1.8 Active Bank Development (Bressen)

As stated in the introduction to this graduate study, static liquefaction may not be the only
mechanism that can lead to flow slide failure. It is recalled that the term "flow slide" is related to
the consequences of the failure, rather than to the fundamental mechanisms. In other words: a
flow slide is not, by definition, caused by static liquefaction of (part of) a subaqueous slope.

The distinct difference between the two fundamental mechanisms, that hold the potential to
cause flow slide failure, is indicated, ironically, by the fact that the second mechanism, for which
the term "active bank development" was adopted, is based on the dilative deformation behaviour
of sand under shear loading.

The idea of active bank development originates from the dredging industry. Until the late 1960s,
it was assumed that plain suction dredging resulted in a conical pit. The sand was thought to run
down a slope at the angle of natural repose under water. It was assumed that the disintegration
and sand flow towards the suction pipe entrance were controlled by the process of suction itself.

o According to Terzaghi’s principle of effective stress, the (constant) total stress level is equal to the sum of the
effective stress and pore pressure.

19 Sladen et al. (1985) took this definition from Morris (1983). Essentially this definition was offered by Castro (1982)
except that the adjective "undrained”, with which those workers qualified "loading”, was omitted.
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De Koning (1970) first suggested that the disintegration of sand and the flow of sand towards
the suction pipe entrance were autonomous processes, which occurred, once initiated,
independently from the actual suction. His explanation of what happened was based on a series
of echo soundings of the development of the bathometry below a suction dredger.

De Koning stated that initially oversteepened slopes, caused by the penetration of the suction
pipe, take their temporary stability from cohesive forces. These forces were assumed to be induced
by the fact that the grains must be released from their (dilative) packing. Hence the void ratio must
increase, which induces negative pore pressure. Only when enough pore water has penetrated the
pores, and the negative pore pressure has been reduced, a slide may occur.

The released material was assumed to be transported to the suction pipe entrance in a density
current (see next paragraph). With the transportation of the released material away from the toe
of the slip surface, a new oversteepened slope is generated, and another slide may develop. The
successive slides were referred to as "active bank" (Dutch: bres).

Today, we must admit that the exact phenomena, which play a part in the complex soil
disintegration process, are still not fully understood. However, general agreement has been reached
on the fact that the soil disintegration is an autonomous process, the development of which depends
on the local soil parameters and profile, and that an active bank is a retrogressing oversteepened
slope failure'' (see Figure 5).

Figure 6 Active bank (aktive Bresche) deveiopment after De Koning (1970)

R e

§ 1.9 Density Currents

Density currents are currents induced by the difference in density (unit weight) between two
fluids. This may be the difference between salt and fresh water or between water and a mixture
of sand and water. The subaqueous flow of mixtures of water with a very high concentration of
sediments, are significant to this graduate study.

Two types of sand-water-mixture density currents should be distinguished. First, one that is
initiated by the continuous softening, resulting in liquefaction of (part of) a slope. As mentioned
above, the liquefied soil flows in a manner resembling a fluid until the shear stresses acting on the
mass are as low as the reduced shear resistance. The density of this current is so high that
settlement of individual particles is hindered (nearly) completely'?.

More fundamental research in the field of dredging technology within the framework of "Combinatie Speurwerk
Baggertechniek (CSB)" has been released, recently.

Try to mix some sand with just enough water to make the mixture a fluid, when shacking it. Observe that the
fluid is more stable when poring it than a mixture of the same sand with an over-measure of water.
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Chapter 1: Clarification of Flow-Slide Related Parameters and Mechanisms

Second, in all plain suction dredging theory, itis assumed that the disintegrated soil is transported
to the suction pipe entrance in a density current. This flow is generated at the toe of an active bank
and flows under influence of gravity to the bottom of the pit. The formation of the density flow
depends chiefly on the production of the active bank. A little further from the formation of the
current, an equilibrium will be established between gravity forces and shear resistances. By means
of sedimentation, the concentration (and hence the density) and sedimentation angle, which
influence the gravity forces, may fluctuate.

11
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2 Recommended Static Liquefaction Potential Analysis

§ 2.1 Introduction

Currently, two types of stability analyses of subaqueous slopes are common in engineering
practice. These are the reconstruction of failures that actually have occurred and the prediction
of stability for slopes to be excavated in future. The complete stability analysis comprises, amongst
others, micro stability analyses (pore pressure gradient out of the slope surface), macro stability
analyses (slip surface), flow slide analysis and wave attack analysis (see Figure 6).

([ Stabily Anohsis o Dxcoveled Suboquents Slpes |
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Figure 6 Schematic display of flow slide analysis within the scope of overall stability analysis

In this chapter and the following, a method of stability analysis will be suggested to predict the
stability of slopes with respect to flow slide failure. This method consists of two parts: an improved
static liquefaction potential analysis (this chapter) and an alternative failure mechanism consideration
(Chapter 3). The considerations in these chapters may also lead to a better understanding of the
failures that have occurred in the past. The improved static liquefaction potential analysis has been
based mainly on literature review, and was used to reevaluate four case histories. These case
history studies are included in Volume 3.

§ 2.2 General Considerations

Whether or not flow slide failure due to static liquefaction occurs, is a matter of many different
factors. The potential for flow failure due to static liquefaction failure could be looked upon as a
chain of factors. Only if all factors are in favour, one can expect flow failure to occur.

In engineering and consultancy practice, it is impossible to develop design tools that cover all
links in the static liquefaction failure chain, as yet. Many factors of in influence may be evaluated
individually, resulting in a likelihood prediction of the occurrence of static liquefaction. Some of
the factors may be predicted with reasonable probability.

13



Flow Slide Failure of Excavated Subaqueous Slopes

Two decisive (‘hard’) criteria have been established, on the basis of which the failure chain may
be broken, and the occurrence of flow slide failure, as a result of static liquefaction, may be
excluded. Evaluation of these criteria is difficult, however, which makes them more evident in a
theoretical perspective than in practice. The first, and most important criterion, on the basis of
which static liquefaction can be excluded, is the void ratio criterion:

The in-situ void ratio, in combination with the local level of confining stress, must
be below the critical void ratio at all depths.

The second criterion, which is only normative in the case that the in-situ void ratio is not
definitely below the critical void ratio, so that the soil is potentially liquefiable, is the reduced shear
strength criterion:

The maximum in-situ shear stress must be below the undrained reduced shear
resistance of the soil.

The strategy of static liquefaction potential analysis, as will be described in the following
paragraphs, will be to evaluate several important factors (‘'soft’ criteria) to point out the most
susceptible layer in the soil profile and to generate an idea of the over-all susceptibility of the soil
for static liquefaction induced flow slide failure. Thereafter, the most critical zones will be analyzed
in more detail, and an attempt will be made to develop a tool to assess the potential for static
liquefaction, in different situations with different sources of information ("hard’ criteria).

§ 2.2.1 Field Investigations

The ideal analysis starts with the interpretation of several indicative cone penetration tests and
a soil boring. From the cone resistance and the friction ratio, the location of different layers can
be established. Low cone resistances (< 5 MPa, depending on depth) in sand layers (friction
coefficient < 1.0) are suspicious. The soil boring may help to identify the texture of the possibly
susceptible layers (critical zones). If the material is homogeneous and consists of clean fine sand,
this adds to the suspicion. Field investigations may at be the start of any substantial analysis, they
should go with a study of the geological formations in the local subsoil.

§ 2.2.2 Geography and Geology

According to SCW (1979), the geohydrological and mechanical properties of a granular mass
are determined chiefly by: a) the granular material; b) the grain shape and surface roughness; and
c) the shape and location of the particle size distribution curve (i.e. average grain size and grading).
The properties of sand are furthermore determined by the geological history of the sand: the manner
of deposition and all the natural influences, to which it has subsequently been subjected (rain, tides,
surcharge, jolts and vibrations, etc.).

The geological composition of the soil profile itself, which depends on the geographical position
of the case site, can never give a decisive answer to the question whether or not the soil considered

is susceptible to static liquefaction. However, it may give a good indication.

Roughly, the geological history over the last two and a half million years, in which the sand layers
from which usually sand is borrowed were formed, consists of two main periods: the pleistocene
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Chapter 2: Recommended Static Liquefaction Potential Analysis

and the holocene. During the pleistocene period, large fluctuations in temperature, resulting in
successive ice ages alternated with periods of transgression, governed the formation of soils in The
Netherlands. The holocene period, which started about ten thousand years ago, is characterized
by a more moderate climatologic regime.

Almost all flow slides, assumed to have been caused by static liquefaction, took place in holocene
sand deposits (see Lindenberg (1985)). This has lead to the general conclusion that the failure
mechanism considered cannot occur in other sand formations (i.e. pleistocene deposits). To be able
to understand why this criterion for static liquefaction potential judgement is not without any
foundation, it is necessary to study a bit of geology.

Loosely packed sand is in an unstable equilibrium situation. This means that the soil will seize
every opportunity to compact. This process may take place very slowly, in which case the
circumstances may be considered drained. The main formations deposited during the pleistocene
period are likely to have little potential for static liquefaction, because they have been deposited
by meltwater in rough river regimes. This relatively fast deposition allows little sorting of fractions
and erosion of the particles. Hence these formations largely consist of coarse to very course graded
(sub-)angular sands and gravel.

Among the most influential loading conditions, we must consider to be the freezing and defrosting
of the subsoil, the drive of the ice formations during the ice ages, also causing high horizontal stress
levels'® (overconsolidation), and the large fluctuations in groundwater-level during transgression
periods. All these factors have helped potentially unstable soil masses to compact and become
dilative under shear loading. Of course, some of the aspects mentioned have negative effects too.
The angularity of the particles increases the shear resistance of the soil which makes it more difficult
to compact.

With the aid of cone penetration tests, the exact location of the formations in the subsoil may
be identified. To verify the geological origin of the sand from the critical zones, and to standardize
the naming of the sand, classification of the sand considered may be useful. SCW (1975) has
suggested a very thorough method of classification, which has been used to classify the sand from
the most critical zones of the case history sites (see Appendix 1 of Volume 3).

The classification method is based on the analysis of sieve data, and includes information on the
M,, (dy, of the sand fraction), the percentage of fines, the gravel content and the grading. On the
basis of classifications of different characteristic sands, found in The Netherlands, SCW has defined
areas of characteristic classifications within their sand classification triangle (see Volume 3:
Appendix 1). Fine little loamy poorly graded sand, which is possibly an estuarine deposit, should
be considered the most susceptible soil type.

13 This results in lower initial shear stress levels, which is in favour of the residual shear strength of the soil (see
second criterion). On the other hand, high confining pressures cause a decrease in critical void ratio.
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Flow Slide Failure of Excavated Subaqueous Slopes

§ 2.2.3 Slope Geometry and Formation

Analysis of the slope geometry may not bring information of the actual static liquefaction
potential of the soil, but the (design) steepness of the slopes, and knowledge of the proposed
dredging procedures, may give an idea of the shear stress levels that will be reached in the slope.
With this information, the second criterion (undrained reduced shear strength) may be evaluated.

Another point is the potential (economic) losses that are involved, should a flow slide take place.
Economic losses may involve damages to infrastructure or flood protection works. If no potential
(economic) losses are to be expected, extensive static liquefaction analysis may not be necessary.
In such a case, it might be enough to start the dredging (tactically) away form the slope and monitor
the development of the bathometry. Evaluation of the results of the soundings may give information
on the susceptibility to flow slides of the local soil profile.

On the other hand, if a flow slide would lead to (economic) losses, it is advisable to conduct
extensive in-situ testing and static liquefaction potential analyses. Because if a soil is suspected
to be susceptible to static liquefaction, a potential time bomb is waiting to blow away any structure.
It is recalled that an in-situ void ratio above the critical void ratio is not a natural state for any soil.

§ 2.3 Static Liquefaction Potential Analysis

In the next few paragraphs, the two most important criteria, on the basis of which the potential
for static liquefaction may be excluded, are discussed. An activity scheme, that may be useful to
follow the steps below, is presented in Figure 7 on page 17.

§ 2.3.1 Critical Void Ratio_Criterion

No soil formation can liquefy under static loading if not both the in-situ void ratio and horizontal
stress level are well above the associated critical void ratio of that particular soil type at the
confining pressure, corresponding the considered depth (see Castro et al. (1977) and Torrey et al.
(1988)). To exclude the potential for static liquefaction, it must be proven that no significant part
of the slope to be evaluated has such a high in-situ void ratio.

Here is where the difficulties start. It may not be too difficult to understand the criterion, but
how to prove it is false? The easiest answer would be to measure the in-situ void ratio and stress
levels through the whole area of concern, take undisturbed samples to the laboratory, determine
the wet critical void ratios at the corresponding confining pressures and compare the results.

However, both in-situ void ratio measurements and wet critical void ratio determinations are not
easy to conduct (and hence they are expensive), let alone the determination of the in-situ stress
levels. Besides, the accuracy of the tests are disputable. For these reasons it seems better to resort
to a modified criterion, which is true only if the criterion mentioned above is true. This would be
the case if we took not the wet critical void ratio as a reference, but the somewhat lower, dry
critical void ratio. Hence, this criterion is somewhat on the safe side:

e .
crit, dry > 1
4

in-situ
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Figure 7 Static liquefaction potential analysis scheme
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Flow Slide Failure of Excavated Subaqueous Slopes

Here, normally consolidated soil profiles are assumed. If the geological survey casts suspicion
on the fact that high initial stress levels are present, extra caution is needed. Also, it should be
noted that critical void ratio tests involve the reconstitution of the soil, before testing. This means
that the influence of anisotropy is discarded. It might be worth to test an undisturbed sample from
the most critical zone on its deformation behaviour under shear loading. However, the least
disturbance may cause such a fall in void ratio, that the specimen does not exhibit continuous
softening, resulting in liquefaction, any more.

Remains the difficulty of determining the void ratio in-situ. If in-situ measurements are not
available, an estimation must be made. This may be done via relations between the cone resistance
values and the void-ratio-based relative density of granular soils, together with the maximum and
minimum void ratios obtainable for the soil considered. Of all relative density prediction methods,
the formula of Jamiolkowski et al. (1988) seems to give the lowest values. The expression is given
on page 5. However, the compressibility of the sand is not accounted for, by Jamiolkowski. For
Dutch soils, this is not considered to be a significant shortcoming, because in general, Dutch sands
consist mainly of quartz, which has a medium to low compressibility. Jamiolkowski’s formula is
based on medium compressible sands, see Juang et al. (1996). Therefore, it underestimates the
relative density in-situ, somewhat, which is favourable.

Lower cone resistances and higher mean effective stress levels lead to lower predictions of the
relative density: o', = Y(o’, + 2¢°,). In normally consolidated soils, o', may be estimated with the
aid of: K, ¢’,, where K, equals approximately / - sin¢ = 0.5 (high estimation). The value of o', may
be calculated using (v, - v.) = 20 kN/m’ for sandy layers and (y, - v.,) = 15 kN/m’ for clayey layers
(high estimations). The unit weight of the pore water may be estimated to be vy, = 10 kN/m’.

To verify the sensitivity of the relative density estimation with Jamiolkowski‘s formula, a
prediction has been made for case history |, assuming (v, - v.) = 10 kN/m’ for sandy layers and for
clayey layers: (v, - v) = 5 kN/m®. The results are presented in Figure 8 on page 19 through
Figure 10 on page 20. It may be concluded that the higher values of (v, - v,) lead to an
underestimation of the relative density, but the influence is only a few percent. The difference
increases with depth.

To calculate the in-situ void ratio from the estimated relative density, the maximum and minimum
void ratios of the sand from the most critical zones must be determined. If not available, which
is mostly the case, the maximum and minimum void ratios must be estimated. Youd (1973)
investigated the factors influencing the maximum and minimum void ratios. He concluded that these
depend on the grading, C, = dy / d;p, and the angularity of the material. The maximum and
minimum void ratios both increase with more uniform and more angular material (see Figure 11 on
page 21 and Lambe et al. (1979)).

‘Having established values for the relative density and maximum and minimum void ratios, we
may estimate the in-situ void ratio. The static liquefaction potential criterion thus turns into:

e .
crit, dry > 1

ein -situ, estimated
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Alternatively, the void ratio criterion may now be written in terms of relative density, when the
critical void ratio is made relative to the maximum and minimum void ratios. Note that densities

act inversely proportional in relation to void ratios.
Drl'n-:iru. estimated

Dr

crit, dry

21

What happens if no critical void ratio test results are available? If fact, now there are two
possible options. First, it is possible to simulate critical void ratio tests with a hypoplastic single
tensorial equation model (see e.g. Kolymbas et al. (1994)) or elastoplastic deformation models (see
e.g. Stoutjesdijk et a/. (1994)). To be able to run these models, ordinary triaxial test and several
other standard laboratory test results are needed.

Second, it is possible to resort to previously conducted critical void ratio tests, which have been
described in literature. However, any estimation from literature will lead to very poor results, as
the critical void ratio should be considered a specific material constant, which may vary with the
mean particle size, the grading and angularity of the particles (possibly among other factors of
influence). No direct relation has been established, as yet, between the (wet) critical void and C,,
the angularity, maximum and minimum void ratios, or any other (combination of) material properties.
Other case histories have shown that there is no evident (quantitative) relation between the relative
density and the critical void ratio, other than that densely packed sand (Dr = 67) will not liquefy.

A direct relation between the relative density and the critical void ratio is not imaginarily,
however, as the minimum and maximum void ratios are expected to be material constants. |f the
relative density at the critical void ratio could be established, it would be a useful criterion for the
in-situ relative density. Extensive laboratory research would be necessary to be able to derive such
a relationship.
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For want of results of critical void ratio tests, the values found by Lindenberg et a/. (1981) have
been adopted to work out the case histories. Again it is stressed that estimation of the critical void
ratio from literature is by no means an accurate way to predict static liquefaction potential. This
may be evidenced by the fact that the material from the most critical zone of case history IV does
not seem to have a critical void ratio at all, as is suggested by the in-situ void ratio estimation chart
(see Volume 3, Appendix 1)

Concluding, at least the results of a cone penetration test must be available, together with sieve
analyses of the material from the most critical zone and critical void ratio test results, to be able
to do any substantial static liquefaction potential analysis. Preferably, an estimation of the in-situ
void ratio and maximum and minimum void ratio determinations should be available too.
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§ 2.3.2 Shear Resistance Criterion

If a soil mass could not be proven to be non-susceptible to static liquefaction on the basis of the
first ‘hard’ criterion (critical void ratio criterion), a flow slide may be triggered at any time. However,
not if the undrained reduced shear strength of the soil is not exceeded by the in-situ shear stress
level. The undrained reduced shear strength criterion reads:

T, ’
duced, und d
reduced, undrained

T'-in -sifu, max

The reduced shear strength is composed of the shear resistance in the steady state of
deformation and the initial shear stress level in-situ (see Kramer et al. (1987)). Thus, it may be
concluded that high initial shear stress levels have an unfavourable effect on the static liquefaction
potential. One should thus be cautious with respect to large stress combinations in the subsoil.
In The Netherlands, this pre-compression may be present at the boundary of the former ice mantle
(The soil at these locations, however, are not likely to be contractant, however. Thus the critical
void ratio criterion is normative).

This phenomenon may be understood when one realizes that, to start plastic deformation, the
peak shear strength of the soil must be exceeded, which is just beyond the shear resistance in the
steady state of deformation, for loosely packed soils (see Kramer et al. (1987). In the case of
loosely packed sands, the peak resistance is governed by the intergrain sliding friction. Therefore
also, little angular material is more susceptible to static liquefaction than more angular material.

A procedure to estimate the reduced shear strength of the material in-situ has been proposed
by Poulos et a/. (1985). The maximum in-situ shear stress level may be determined from stress
calculations, using the design pit geometry and stress history. During the construction phase
however, slope angles may be steeper (within the design profile), temporarily. At this time, the
undrained reduced shear strength may be exceeded, causing liquefaction anyway. For this reason,
evaluation of the shear resistance criterion, alone, is not sufficient.

§ 2.4 Resume of Recommended Step Analyses

In the previous paragraphs, the evaluation of factors of influence on the prediction of has been
discussed. So-called ‘soft’ criteria, like the thickness of layers in the soil profile and the geological
history of the soil, may help to judge in a specific situation. However, on the basis of these ‘soft’
criteria, the occurrence of liquefaction, possibly leading to flow slide failure, cannot be excluded.

On the other hand we have seen that there are in fact two criteria on the basis of which the
occurrence of liquefaction induced flow slide failure may be excluded. The evaluation of these 'hard’
criteria demands the establishment of the critical void ratio and reduced shear resistance,
respectively, of the material in-situ. Also, it has been argued that the only acceptable "hard’ criterion
is that of the evaluation of the critical void ratio.
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Chapter 2: Recommended Static Liquefaction Potential Analysis

Below, a summary has been given of activities that could be carried out within the framework
of static liquefaction potential analysis. |t comprises the evaluation of ‘soft’ and "hard’ criteria as
well as office, field and laboratory data. On the basis of this step analysis flow slide failure cannot

be excluded entirely, as flow slide failure may be induced by other mechanisms than liquefaction
alone (see Chapter 3).

Q

Conduct one or more (indicative) cone penetration tests at the site of concern.
Evaluate, on the basis of the geography of the site the following geological data:

expected geological formations,
probable means of deposit and grain characteristics,
loading history.

Interpret the cone penetration tests and evaluate:

the exact soil profile (stratigraphy and inhomogeneity),

the location and thickness of possibly loosely packed sand layers and, in combination with
the geological data, establish the most critical zone(s),

the normative cone resistance and friction ratio profiles,

the depths at which (special) samples must be taken, in such a way that:

l. of every significant layer the unit weight may be estimated,
. from the most critical zone(s) every 1 meter, depending on the layer thickness, a
sample is taken (at least three in total per most critical zone),

Conduct one or more a soil borings and:

take undisturbed samples, as cautiously as possible, form the significant layer(s) for in situ
void ratio determination in the laboratory,

retrieve enough material from the selected depths in the most critical zone(s) for laboratory
tests (critical, maximum & minimum void ratio).

Conduct laboratory tests and determine:

the oven dry weight of the samples from each significant layer,

the maximum & minimum void ratios,

the dry critical void ratio at (three) different levels of confining pressure, under which one
close to the expected in-situ horizontal stress to establish the dependency of the critical void
ratio on the confining pressure, and if required (optional):

extensive classification (including particle size distribution curves) of the material from the
most critical zone(s), according to the SCW (1975) proposition,

Volders & Verhoeven sharpness index,

reduced shear resistance of the soil in the most critical zone(s).

Estimate the relative density of the soil in-situ on the basis of the cone resistance and the

friction ratio, from the normative cone penetration test profile, with for example
Jamiolkowski’s relation or Juang’s fuzzy numbers.

23



Flow Slide Failure of Excavated Subaqueous Slopes

7.

Estimate the in-situ void ratio profile with depth from the maximum and minimum void ratios
and the interpreted relative density. If these values are lower than those of the in-situ
weighed samples, they may need to be adjusted to the in-situ measurements, or other
means of in-situ void ratio determination must be applied.

Plot the critical void ratios versus the confining pressure used in the critical void ratio tests
and plot, in the same graph, the estimated in-situ void ratios versus the presumed normally
consolidated in-situ stress level, for each most critical zone. The latter line must be well
above the first, for all samples, to classify the soil "susceptible to flow slide failure due to
liquefaction”.

Evaluate the reduced shear strength criterion on the basis of the design of the pit (optional).
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Chapter 2: Modelling the Liquefaction Process

The resulting prediction of the tangent of the run-out angle of the active bank is calculated as
the vertical propagation velocity in proportion to the horizontal retrogression velocity, calculating
the fall velocity of a grain, W,, at concentration C,, as W, (1-C,)", with n = 4:

tana = e ———Co W, - G
z Z AC
Unfortunately, the resulting slope angle appears very sensitive to variations in C,, while the value
of C, must remain a guess, in absence of experimental evidence. It has been tried to avoid this
difficulty by estimating the horizontal travelling distance of the grains falling of the oversteepened
face. From this analyses the encountered low run-out angles can be calculated.

Another noteworthy finding of Torrey et al. (1988) is that, from the relation found for the
prediction of the horizontal travelling distance of the upper most grains in the fluidized carpet, it
appears that the production of the active bank is an important parameter. The formation of the
fluidized carpet is implicit in this relation.

The horizontal travelling distance of the grains varies linearly with the height of the active bank.
In small scale tests, the horizontal travelling distance, in proportion to the production of the active
bank, is such that the run-out angle is closer 30° than to the flat slope angles as were observed
by Torrey et al. (1988). From this, they conclude that small scale tests are inappropriate to model
flow behaviour.
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§ 3.2 Basic Mechanisms Related to Active Bank Development

Active banks may develop in clean non-cohesive low permeable granular materials, that are
densely packed, and stretch over reasonable depths, only. An active bank is always initiated by
an unstable oversteepened face, which may have been formed by severe local scour in the outer
bend of rivers (see Torrey (1988)) or dredging activities (De Koning (1970, 1981) and also Brouwer
et al. (1989, 1992, 1995)).

De Koning (1970) first stated that active banks should be seen as successive slides, which are
delayed by virtual cohesion. The cohesive forces, that give the sand mass a temporary shear
resistance, and even the potential to resist tensile stresses, are induced by negative pore pressures
as a result of dilatancy. The rate of increase in pore volume depends on the groundwater flow
towards a critical slip surface. Once enough water has flowed towards the pores, and the virtual
cohesion has diminished in such a way that the shear resistance is lower than the gravity induced
shear stress level, a slice slips from the oversteepened face, leaving again an oversteepened face
in which the same process continues.

Meijer et al. (1976) and Van Os et al. (1987) also formulated the process of successive sliding,
using a moving coordinate system. Hence, a force controlled continuous failure mechanism is
simulated, not a spontaneous and autonomous one.

Torrey (1988) considers an active bank as an oversteepened face, of which the granular material
rains off, particle-wise, and is transported away from the toe of the active bank in a density current,
successively. Again, negative pore pressures, caused by dilatancy, initially prevent the individual
particles to come off. The rate of retrogression depends on the permeability and the necessary
volume strain (An effect) to loosen the particles. This is in complete agreement with the basic
mechanisms considered by De Koning, Brouwer, Meijer & Van Os.

An important feature of active bank development is a density current that may or may not
develop at the toe of the active bank. Whether a sustaining active bank develops, depends on
whether the material coming off the face of the bank is transported away from the toe. If it settles
near the toe, the height of the active bank will diminish and the mechanism will come to a halt.
Whether a density current develops from the toe of the active bank, heavily depends on the
production (and hence on the height of the face and the packing and grading of the material).

§ 3.3 Hypothesized Development of Active Banks

All mechanisms mentioned above are thought to play a vital role in the development of sustaining
active banks, as we will see. Now, lets hypothesize, following De Koning (1981), on what may
actually happen when a suction pipe is lowered into a sand formation, in order to mine sand in a
sand borrow pit. Suppose we separate the life-cycle of an active bank into four stages:

the penetration of the suction pipe,

the successive sliding of the initial suction hole walls,
the development of a sustaining active bank,

the active bank propagation comes to a halt.

P WN =
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STAGE 1: A sand formation is penetrated with a suction pipe, say vertically for the sake of
simplicity. As the suction pipe is lowered onto the pit floor, water is pumped up through it. Near
the pit floor, a very strong current develops between the pit floor and the suction pipe entrance,
which causes the pit floor to erode. A small conical initial suction hole develops due to scour (see
Brouwer (1992)). The suction pipe never touches the pit floor, which makes the pit floor appear
to be ‘as soft as butter’.

Theoretically, very careful suction and low penetration rates would result in conically formed
suction pits, with slopes at the angle of natural repose, in any cohesionless sand formation.
However, the production would be very low for more fine sand, because of its low permeability.

Relatively fast penetration, in relation to the permeability of the sand, causes a cylindrical initial
suction hole, the walls of which remain stable, temporary, as a result of the delating behaviour of
the sand mass at plastic deformation. The size of the hole depends on the scouring properties of
the mixture flow between the suction pipe and the soil mass (see Brouwer (1992)). A schematic
view is given in Figure 15 on page 47 in Enclosure I.

STAGE 2: As the initial hole becomes deeper, through continuous penetration of the suction pipe,
the shear stresses in the suction hole walls increase. Depending on the geometry and soil
properties, part of the initial hole collapses as a result of geomechanical instability. The slice
liquefies instantly, filling the initial hole with a mixture of sand and water. Temporarily, other slices
are less critical, as the mixture is heavier than water. The number and extent of the slides depend
on the aggressiveness in the suction operation (penetration speed and suction).

The slip surface of the collapsed part of the wall is not stable itself because the liquefied material
is dredged before it gets the opportunity to resettle. This leads to a pattern of successive slides.
The lower end of the slip surface tends to be less steep. Therefore, the height of the successive
slides is expected to decrease. The resulting slope may be in the order of the angle of natural
repose under water (). A schematic view is given in Figure 16 on page 47 through Figure 18 on
page 48 of Enclosure I.

STAGE 3: When the successive slides, which are decreasing in height, occur further from the
suction pipe, the disintegration of the sand at the previous slip surface may become more important
than the geomechanical instabilities. The individual particles come raining off the previous slip
surface and the oversteepened face retrogresses. Itis supposed that if the retrogression of the face,
which depends on the permeability properties of the soil mass and the scouring properties of the
disintegrated sand, exceeds the development of new potential slip surfaces, no new geomechanical
instabilities will occur and a sustaining active bank may develop (see Figure 19 on page 49 of
Enclosure |).

Whether or not a sustaining active bank may develop, depends on the grading (uniformity,
permeability & dilatancy), fine content (cohesion & permeability) and angularity (raining & scour).
Supposedly, fine (low permeability & hindered settlement) clean (little cohesive) well packed uniform
(large dilatancy effect & little natural cohesion) angular (high shear resistance & heavy scour when
raining) sands are among the most likely sands to develop active banks.
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If the retrogression velocity of the oversteepened face should not exceed the propagation of the
development of critical slip surfaces at any time, no sustaining active bank can develop and the
resulting slope angle will be approximately that of natural repose under water. Maybe, this usually
happens in suction operations, when coarse sand or gravel is dredged from sand borrow pits.

STAGE 4: An active bank may cease to exist as a result of one of three main processes. First,
as stated in the above, transportation of all disintegrated sand away from the toe of the bank is
necessary for an active bank to be able to sustain. The development of a density current towards
the suction pipe entrance is vital to the continuation of the active bank. As soon as material settles
near the toe of the retrogressing face, its height will diminish and eventually the disintegration
process will stop, resulting in an angle of natural repose. Obviously, fine material may form a
density current more easily than coarse material. However, not only the particle size is considered
to be important, but also the production of the active bank. A high bank production will keep the
disintegrated material in suspension.

Second, even if a density current develops, the propagation of an active bank may come to a
halt as a result of local disturbances. Inhomogeneity, in any form, are considered to be the reason
for these disturbances, always causing a sudden overproduction. A clay layer, for example, may
mark the end of an active bank: the active bank will propagate underneath it until the layer fails,
blocking the density current from the active bank, if not all clay is transported away by the density
current. Also, differences in packing may cause sudden overproduction. The resulting slope profile
of an active bank, which stopped as a result of a local disturbance, will display an equilibrium slope
angle, at which the density current flowed towards the suction pipe, with an angle of natural repose
under water, at the location of the fatal disturbance.

Third, an active bank may cease to exist because its production exceeds the pump capacity of
the suction dredger (see Brouwer (1992)). If not all material, which is transported from the active
bank to the suction pipe entrance in a density current, is pumped up by the dredger, it will inevitably
settle near the suction pipe. This sedimentation process will cause an upward pressure gradient
in the density current, resulting in a lower flow velocity and hence in a sedimentation process,
moving toward the active bank. Resedimentation of the disintegrated sand will diminish the height
of the active bank, and eventually cause the active bank to silt in (see Figure 19 on page 49 of
Enclosure 1). The resulting slope angle may have any value between O (horizontal) and the angle
of natural repose.

Overproduction is (mainly) caused by the three dimensional nature of an active bank. According
to Brouwer et al. (1992, 1995) active banks develop in sectors around the suction pipe as a result
of inhomogeneity. With increasing radius, the effective area of the active bank increases. Hence
the production of the sector increases too (see for an example plan view of a sand borrow pit
Figure 20 on page 49 in Enclosure ).

§ 3.4 Hypothesized Active Bank Induced Flow Slide Failure Mechanism

Obviously, in coarse material, a sustaining active bank nor a density current will ever develop.
Take for example gravel: on a very small scale successive slides may be observed, but immediate
settlement prevents active bank development. Therefore, a conically formed suction pit will be the
result of gravel suction. However, with increasing fineness (relative to the scale of the processes
and forces), other mechanisms, like active bank development, may set on.
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As long as the capacity of the pump of the suction dredger exceeds the total production of the
active bank, the active bank may continue to exist. It will probably move away form the suction
pipe at an angle which is equal to an equilibrium angle of the density current (gravity against friction
for stationary flow)'®. On the other hand, if the density current may flow from the active bank
towards and beyond the suction pipe, resedimentation may not occur (at the same rate) as before.
This also results in the fact that the active bank is more likely to sustain.

An active bank may simply continue under a layer of overburden material (loam or clay). As soon
as the hole underneath the undermined clay is big enough and the shear stresses in the overburden
layer exceed its shear resistance, it will slide. By blocking the density current, the slide will stop
the active bank. The resulting subaqueous slope angle will be equal to the equilibrium slope angle,
at which the density current flowed towards the suction pipe entrance.

Herewith, the formation of the damage profile of a flow slide failure, as defined in the
Introduction to this study, has been explained. This makes active bank development a plausible
mechanism leading to what is often called "flow slide failure".

§ 3.5 Recommendations to Suction Operations

If the potential for static liquefaction has been excluded, it would be useful to engineering
consultancy practice to be able to predict the potential for active bank induced flow slide failure.
Unfortunately, at this stage, it is impossible to do so in a quantitative way. The potential for flow
failure may be expressed in terms of likelihood, considering the soil profile, soil properties and
construction method. As the prediction of the development of active banks remains a difficulty,
advise shall be given in terms of pit formation limitations.

Sometimes, it is proposed to start dredging tactically from the middle of the future pit contours.
Together with regular survey of the bathometry of the pit, average resulting slope angles may be
established, as well as the potential for liquefaction induced failure. However, if static liquefaction
has been proven to be out of the question, and th risk of active bank induced flow slide failure is
to be reduced to a minimum, it seems advisable to start near the edge of the permitted profile.
Possible active banks will then be stopped as a result of overproduction, when careful suction is
applied: the disintegrated soil must accumulate near the suction pipe entrance.

Another, even safer possibility, is to excavate the permitted slope profile by other means of
dredging, for example with backhoes or special slope suction dredgers. From the initial canal, or
any other point within the future pit contours, suction may be commenced without running the risk
of active bank induced flow slide failure of the constructed embankment, as long as suction is
restricted to a level no deeper the than the depth of the initial canal (see Figure 13 on page 30).

b De Koning proposes to describe the flow of the density current with the theory of Chézy, which says that for
equally formed streams, the flow velocity is proportional to the square root of the hydraulic radius and the slope
gradient: U = C -v/(R+i). This would mean that with increasing hydraulic radius (thickness of density current),
which is the case when moving in the direction of the suction pipe as a result of three dimensional effects, the
slope gradient must decrease at constant flow velocity.
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To be profected
embankment

Non-hydraulic excavantion

Molerial to be removed
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Figure 13 Initial non-hydraulic slope formation before hydraulic sand mining

Finally, it may be possible to increase the stability of the most critical slopes with the aid of
groundwater suction around the pit. The imposed gradient in groundwater flow from the pit into
the slope may help to increase the micro stability. When the desired subaqueous slope angles have
been established, the ground water suction may be released. This method may lower the risk of
active bank development, but does not exclude it. Besides, for deep sand borrow pits, this may

be an expensive solution.
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Conclusions & Outlook

The subject of study has been the failure of subaqueous excavated slopes. This graduate study
has been a quest for the mechanism leading to unintended failures, retrogressing into the
embankment and resulting in extremely flat subaqueous slopes. It has been a quest through
different fields of science: geomechanics, dredging technology, river mechanics, geology, road
construction, and hydraulics.

The main conclusion that may be drawn, is that many flow slide failures (presumably) have been
wrongly imputed to a spontaneous collapse of loosely packed soils, resulting in liquefaction of a
large part of the slope, in the past. Hypothetically, this failure mechanism belongs to the possible
causes of flow failure accidents, but in reality its occurrence is not very plausible, in most cases.

To confirm the statement above, an answer has been sought to the question of what may happen
instead, if liquefaction cannot be indicated to be the actual cause of flow slide failure. The answer
has been found in the process of active bank development, also known as retrogressive (slip) failure.
With this mechanism the very flat slopes, after failure, may be explained. However, a dispute
remains on the exact origin of the (virtual) run out angle of the active bank. See for a schematic
presentation of the scope of slope failures in general, and the position of possible flow slide failures
therein, Figure 14 on page 33.

In this chapter, all conclusions that may be drawn from the previous chapters are summarized.
This chapter is concluded with recommendations toward engineering consultancy and further study.

Conclusions in general:

1. A flow slide is generally known as a reference to a failure type of subaqueous slopes, which
involves large soil displacements, causes the embankments to cave in and results in very flat slope
angles after failure.

2. The term "flow slide" itself does not hold an explanation for the actual failure mechanism.
It refers to the consequences of the failure rather than the fundamental mechanisms.

3. Flow slides may be caused by different failure mechanisms:

a. Static Liquefaction of (part of) the subaqueous slope;
b. Active bank development from the toe of the subaqueous slope.

Conclusions with respect to liquefaction induced flows slide failure:

4. Static liquefaction is the result of continuing softening behaviour of a contractant soil mass,
being exposed to a monotonic level of shear stress.
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5. The potential for static liquefaction is governed by the potential fall in void ratio, the extent
of the contractant body, the level of shear stress, the in-situ stress level, and whether or not the
loading conditions may be considered undrained.

a. A void ratio above the dry critical void ratio is, by definition, not a natural state.
Therefore, soil that has a void ratio above the dry critical void ratio finds itself in
an unstable equilibrium.

b. Soil will always tend to decrease its void ratio, as long as it is above the dry critical
void ratio. In this process it is hindered by its internal friction properties.

6. In a significant part of a subaqueous slope, the combination of void ratio and confining stress
must be well above critical-void-ratio line, which may be established from critical void ratio tests.
Soils that are not definitely supercritical, often dilate after initial contraction and fall back into a
hardening regime: no full liquefaction develops.

7. There appears to be a critical shear strength, which must be exceeded before plastic
contractant deformation can occur. This critical shear stress is always a little higher than the shear
stress needed to break the individual particle contacts. The reduced shear strength, which should
be looked upon as to the sum of the initial shear stress level and the constant shear resistance in
the steady state of deformation, is a safe limit to the maximum allowable shear stress.

8. The shear loading of the contractant soil may gradually increase with the steepening or
lengthening of the slope and, at some point, exceed the peak shear resistance.

9. Well graded soils have low permeabilities but high shear resistances and lower potential falls
in void ratio. Soils consisting of angular particles have high shear resistances, caused by larger
contact surfaces, but also have higher potential falls in void ratio (difficult to compact). The
influences of soil properties are very difficult to quantify, as their part may be dual.

10. The most influential soil properties are directly related to their geological history and means
of deposit. In engineering consultancy, geological considerations must play a prominent role.

11. If excess pore pressures develop high enough to liquefy alarge part of the slope, the liquefied
front is thought to propagate very fast through the soil mass, depending on the (in)compressibility
of the pore fluid. Thus, liquefaction induced slides must take place in a relative short period of time.

Conclusions with respect to active bank induced flows slide failure:

12. An active bank may take the form of an oversteepened face, which retrogresses as individual
particles rain off. The oversteepened face can exist through virtual cohesion, induced by the dilatant
behaviour of the soil, under shear loading.

13. The main soil properties that govern the development of active banks are the d;, value and
grading, both having their effect on the permeability as well as the packing. Also the angularity
of the sand is important.

14. An active bank may be initiated by dredging activities as well as natural processes like
scouring, by creating an oversteepened face in dilatant soil.

15. The initiation of active banks, when used for sand mining, is fairly well controllable.
However, the process of disintegration of soil thereafter, is not. Until now, no prediction method
has been found, based on a scientific explanation of the physical phenomenon of active bank
development, on the basis of which safe design slope angles may be established. Some suggest
an empirical value of = 1:8.
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16. Depending on the permeability (packing and grading), lack of inter-granular connections,
homogeneity and extent (height) of the soil mass in which an active bank develops, failure occurs
at a low rate, relative to the failure rate of a liquefied body. Also, unlike static liquefaction failure,
active bank induced failure may seem unstoppable.

17. The subaqueous angle of repose (= 1:3 to 1:4), which is mostly applied in the design of
sand borrow pits, is not valid in general. Depending on the mining procedures, processes may be
set on which may lead to arbitrary flat slope angles.

18. The active bank development is regularly disturbed by inhomogeneity in the soil, which cause
discontinuities in the production of the bank. A local slide may cause an active bank to stop. The
result may be a slope at the subaqueous angle of repose, locally. The more inhomogeneity, the
more likely the eventual slope angle will approach the subaqueous angle of repose.

SLOPE FAILURE TYPES

[NATURAL CAUSES]

micro instability &
shear wave loading

heavy scour in
river bends

[ HUMAN ACTIVITIES |

Figure 14 Scope of possible flow slide failure as a result of natural causes and human activities

Recommendations:

1. The potential for static liquefaction is not hypothetical. A static liquefaction analysis is needed
in the design of sand borrow pits, especially when trigger mechanisms are likely to lie in wait (e.g.
gradients in ground water flow or (traffic) vibrations). This is best done by comparing the measured
or estimated in-situ void ratio to the associated critical void ratio of laboratory tested samples, from
the most critical layers (taking into account the effect at increasing confining pressure).

2. The dry critical void ratio may serve as a safe and practical upper limit to the maximum
allowable void ratio.

3. |f structures near the boundary of the sand borrow pit are to be protected against flow slide
failure as a result of static liquefaction, a good option is to create a hidden dam of compacted
material, before mining. Compaction may be achieved with vibrations by means of deep compaction
methods or a series of explosions.

4. If structures near the boundary of the sand borrow pit are to be protected against flow slide
failure as a result of the development of active banks, a good option is to excavate a channel near
the structure mechanically.
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5. The mechanism of active bank development needs to be understood and be mathematically
described. Then, it may be possible to be more precise in sand borrow pit design and slope angle
prediction as well as in suction directions.

6. An attempt should be made to find a direct relation between the relative density and at the
critical void ratio and the critical void ratio, as a function of material properties at a fundamental
(individual grains) level, i.e. grading, maximum and minimum void ratio and angularity.

7. Further research in the field of stress path prediction in triaxial tests, with a tensorial equation
(hypoplastic modelling), may be useful. It may lead to a way of numerically predicting the (wet)
critical void ratio from standard laboratory tests.

8. To employ the thorough classification method, proposed by SCW (1975), the following sieve
sizes should be added to the analysis: 710 um, 180 pum and 90 um.
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English-Dutch Glossary

Active bank Bres

Confining stress/pressure Steunspaning/-druk [g, = 03]

Density Dichtheid

Density current Dichtheidstroom

Deviator stress Deviatorspanning [g] (hoofdspanning g, - steundruk o;)
Fluidization Fluidisatie

Liguefaction Verweking tot visceuze vloeistof (verlies schuifweerstand)
Mean effective stress Gemmiddelde hoofdspanning [p = Ya(o, + 20))]
Porosity ' Porositeit [n]

Retrogression Teruggang/achteruitgang

Softening Verweking (afname schuifweerstand)

Stress path Spanningspad (in triaxiaalproef)

Hardening Verharden (toename schuifweerstand)

Void ratio Poriéngetal (e)
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Enclosure |: Active Bank Development Sketches

FRgure 16 Initial suction hole in the pit floor

Figure 16 Start of slip failure of initial hole wall
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Figure 17 Slip failure of initial hole - continued

e B
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’

Figure 18 Slip failure of initial hole - continued
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Enclosure I: Active Bank Development Sketches

Qe

Figure 19 Active bank propagation and sedimentation near the suction pipe entrance

Figure 20 Plen view of the pit bathometry: sectorial active bank development
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1 Static Liquefaction Potential Analyses on four Case Histories

§ 1.1 Introduction

In chapter 2 of Volume 2 a method of analysis has been introduced, for evaluating flow slide
failure(s) (potential) as a result of static liquefaction. In this appendix, four case histories from
engineering consultancy practice will be evaluated, accordingly, as far as the limited available data
allowed for. The case histories | & Il involve actual flow slide failures. Case histories lll & IV
concern sand borrow pits, of which the designs have previously been evaluated for static
liquefaction potential, that are not yet in (full) use.

§ 1.2 Geography & Geology

All case history sites are situated along historical streams. The formations found are likely to
have been deposited by these streams. Only case history site Il has been covered with ice during
the ice ages. The others are situated just below the farthest ice limit. On the basis of their
geographical location and knowledge of geological history (Geological Survey of The Netherlands),
the following formations are expected:

Holocene Deposits Jl

O Driven medium to coarse o River clay. {
periglacial deposits with gravel.

o Fluvio-glacial layer of fine to
medium fine sands, locally with
gravel.

o Post-glacial river valley fill of fine
horizontally layered sands (terrace).

Site Pleistocene Deposits

Case history |

o Post-glacial river valley fill of fine [No holocene deposits]
horizontally layered sands (terrace).

Case history |l

Case history |l

o Driven medium to coarse
periglacial deposits sand with
gravel. Interlayered with fine sands
(River Rhine and River Meuse
terrace).

o Post-glacial river valley fill of fine

horizontally layered sands (terrace).

O Fine to medium holocene sands,
interlayered with clayey sand
layers.

Case history IV

o Fine and coarse fluvio-periglacial
deposits and coversands.

[No holocene deposits]
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From the table above, we must conclude that in none of the case histories holocene formations
are expected to be present, that could lead to static liquefaction failure, except in case history lll.
This means we must concentrate on local irregularities in the general geological profile.

§ 1.3 Geometry

It is no use discussing the geometries of the case history sites | and I, in which failure occurred.
To the north of the site of case history lll lies a canal with heavy navigation. However, there is no
large economic hazards in this case. To the south of the site of case history IV lies an important
railway connection. Traffic vibrations may trigger liquefaction of susceptible slopes. As the most
hazardous slope is the one near the existing railway, the cone penetration tests along this track were
studied with extra care.

§ 1.4 Static liquefaction Potential Analysis
§ 1.4.1 Qualitative Interpretation of Cone Penetration Tests and Soil Borings

On the basis of available cone penetration tests (see Figure 5 on page 12 through Figure 18 on
page 25), the exact location of the formations are determined. The cone penetration record was
scrutinized for low cone resistances in sand layers. Also the possibilities for drainage (impermeable
layers) were investigated. Field classifications of the borings were used for a first judgement on
static liquefaction potential, from a sand property point of view (grain size, grading, cohesiveness).
Altogether, this led to the identification of the most critical zones in the soil profiles (see Figure 1).

Case | REF | CPT1|CPT2 [ CPT3 [CPT4 [CPT5S| B1 | B2 | B3 | Most Critical Zone
surface at: [ +11.02| +10.93 | +11.03
s i JJ JJ WP o 9.00 m
o ndd s Rt
i f‘ﬁﬁfg SRR
10— 'J- P - 10.00 m
-15 E L
.J.J.Jr’ﬂﬁ
surface atf: | +0.16 | +0.05
0o — WP - 290 m
no|l-s J:r‘j"j{% B [ror N
10 — we - 7% m
surface at; | +#3.23 | +3.40 | +3.15 | ¢3.22 | +3.02
WP 4 100 m
® reeq rrr:?f ] J&ﬁf.':':':':':':':':':':':'
mo|-s — oy e I ,.r':‘IrE ] ﬁ.:.:.:.;.:.;.:.;.:.:.:.
10 W - 600 m
surface at: P
O R i e B s e I SRARARRARARE
-10 —

Figure 1 Most critical zone identification diagram
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The conclusions, that we may draw from the interpretation of the cone penetration tests and
soil borings, are summarized per case history, below:

Case I: Loosely packed layers are suspected between NAP + 5.00 m and NAP. This conclusion
is based on low cone resistance values (in the order of 5 to 10 MPa), although these are not
extremely low. Fine sand layers with (supposedly) low permeabilities are present between the
depths of NAP - 0.50 m and NAP - 8.560 m, as well as below NAP - 14.5 m. Sensitive layers with
thicknesses of more than 5 meter are present. All layers may drain in both upward and downward
direction. If liquefaction occurs, it will probably be in the zone ranging from NAP + 5.00 m to a
depth of NAP - 10.00 m. A sample from boring B1 at NAP - 1.00 m will be used for further analysis.

Case /l: Loosely packed layers are suspected between NAP - 2.50 m and NAP - 8.00 m. This
conclusion is based on low cone resistance values (in the order of 2 to 4 MPa), although these are
not extremely low. A fine sand layer with (supposedly) low permeability is present at a depth of
NAP - 7.0 m. No sensitive layers with thicknesses of more than 5 meter are present. The fine sand
layer may drain in both upward and downward direction. If liquefaction occurs, it will probably be
in the zone between NAP - 2.50 m and NAP - 7.50 m. A sample from boring B2 at NAP - 6.50 m
would have been used for further analysis, but no test data were available.

Case lll: Loosely packed layers are suspected between NAP + 1.00 m and NAP - 8.00 m. This
conclusion is based on low cone resistance values (in the order of 4 to 10 MPa), although these
are not extremely low. Fine sand layers with (supposedly) low perm_e'abi'lities are present between
NAP + 1.00 m and NAP - 8.00 m. Sensitive layers with thicknesses of more than 5 m are present,
incidentally. Drainage of the fine sand layers is mostly prevented in both upward and downward
direction. If liquefaction occurs, it will probably be in the zone ranging from NAP + 1.00 m to a
depth of NAP - 8.00 m. Samples B5/3 at NAP - 5.65 m and B6/5 at NAP - 6.38 m will be used for
further analysis (no sufficient data is available from B6/1).

Case IV: Loosely packed layers are suspected between VP - 1.00 m and VP - 7.00 m. This
conclusion is based on low cone resistance values (in the order of 2 to 4 MPa), although these are
not extremely low. Silty fine sand layers with (supposedly) low permeabilities are present between
VP - 1.20 m and VP - 4.70 m. No sensitive layers with thicknesses of more than 5 meter are
present. All layers may drain in both upward and downward direction. If liquefaction occurs, it
will probably be in the zone between VP - 1.00 m and VP - 6.00 m. A sample from boring B2/1
at VP - 3.00 m will be used for further analysis.

§ 1.4.2 Laboratory Classification of Samples from the Most Critical Zones
To get a little more objective insight in the properties of the sands in the critical zones, some

standard laboratory tests must be conducted. Not all information necessary was available for all
case histories. Therefore, some interpretations of alternative test performances have been used.
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The sieve data, of the samples to be investigated, were not fully adaptable to the SCW (1975)
classification method, which has been used. The interpreted sieve curves, as well as the sand
triangle classification parameters, are shown in Figure 2. Note that of case history Il no sieve

analyses were available. All other samples are within Ishihara’s (1986) limits of most liquefiable
soils.

The tested samples are drawn in the SCW sand classification triangle, as shown in Figure 3 on
page 5. We must conclude that only the first sample of case history lll and the sample of case IV
lie in the fine-sand region. All other tested samples are more coarse.

When comparing the location of the tested samples to the general locations of eight characteristic
sandy deposits for The Netherlands (see Figure 19 on page 26), the sand from the critical zones
of case histories | & Il (sample B6/5) seem likely to be coarse river sand deposits. The sand from
sample B5/3 of case history Ill seems likely to be a fine river sand deposit. The sand from case
history IV is likely to be a coversand These findings are in accordance with the geological survey.
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1000

N %(355-2000)

Figure 3 SCW sand classification triangle with data of case histories

The appellations of the sands, according to the SCW classification procedure, are mentioned
below. Note, again, that classification of sample B2 of case history |l was not possible, as no sieve
data were available.

Case |-B1: Very coarse sand, very little loamy, little gravel, poorly graded.
(M;;, = 387; G = 1.98) (I = 10) (g = 3.4) ([Dg/D,lss = 1.6)
Case Illl-B5/3: Medium fine sand, very loamy, little gravel, moderately graded.
(My; = 223; G = 0.98) (I = 38) (g = 0.0) ([Ds/D)olss = 2.1)
Case Ill-B6/5: Very coarse sand, loamy, little gravel, moderately graded.
(M, = 407; G = 1.83) (I = 31) (g = 0.0) ([Dso/D,o)ss = 1.8)
Case IV-B2/1: Medium fine sand, very loamy, little gravel, well graded.

(M;; = 1566; G = 0.62) (I = 59) (g = 0.1) ([Dg/D,o)ss = 2.4)
§ 1.4.3 Angularity Determination

Although it is not difficult to determine the Volders & Verhoeven sharpness index, it was not
done on any of the samples of any of the case histories. Nor microscopic analyses were performed.
In general, the angularity of granular materials are not often investigated because angularity is
considered to be very difficult to quantify, objectively and standardized. Also, angularity is not often
used in investigations of relationships between other properties of sands, in literature. Nevertheless,

5
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angularity is suspected to have a decisive influence on plastic deformation behaviour (see also the
fundamental research of Niekerk (1995)).

For further analysis, we will assume that all sands investigated may be classified as "sub-
angular”, on the basis of the fact that they are suspected to have been deposited relatively fast.
This information is necessary for estimation of the maximum and minimum void ratios.

§ 1.4.4 Estimation of Maximum and Minimum Void Ratios

Also the maximum and minimum void ratio determination is not a difficult laboratory test,
although different standardized procedures have been established. The results may differ as much
as 5% (see Bowels (1992)), depending on the operating laborant.

Youd (1973) investigated the factors influencing the maximum and minimum void ratios. He
established a general diagram in which the relationship between the coefficient of uniformity of the
sieve curve, C, and the angularity (expressed in roundness, R) of the particles, on the one hand,
and the maximum and minimum void ratios on the other, are represented. The parameters necessary
in the present cases, are given in the following table (the value of C, of case history II-B2 is
estimated to be 1.5, which is fairly uniform):

Site C, (from sieve curve) R (estimated qualitatively) €., (Youd) ... (Youd)
Case history | 1.6 sub-angular 0.47 0.87
Case history |l 1.5 sub-angular 0.48 0.88
Case history 1I-B5/3 o241 sub-angular 0.67 1.05
Case history lI-B6/5 1.8 sub-angular 0.52 0.84
Case history IV 2.4 sub-angular 0.39 0.76

The maximum and minimum void ratios, which are added in the table above, have been derived
from Youd’s diagram (see Figure 4 on page 7).

§ 1.4.5 Critical Void Ratio Determination

Again we are having trouble determining accurate values for specific material properties. This
time, however, not completely unexpected, as critical void ratio tests are quite laborious and not
usually performed. Drained critical void ratio tests were conducted only on the samples of case
history lll. According to Lindenberg et al. (1981), the wet critical void ratio will be within the range
of 0.5 to 7% above the dry critical void ratio.

For all other samples, nothing else was left to do but to estimate the critical void ratio from
previously conducted tests on other sands. Here, the findings of Lindenberg et al. (1981) are used.
 They conducted critical void ratio tests at a confining pressure of 50 kPa, which corresponds to
a depth of 3 - 5 m for normally consolidated soils. Obviously, this way an arbitrary value is
obtained, without any relation to the sand investigated. Further analyses should be looked upon
as educational rather than quantitative. Wet critical void ratios, used as criteria in further analyses,
are presented in the table on page 8.
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Site Coir, diy +0.5% limit (AT + 7% limit
Case history |-B1 - - 0.79 5
Case history 11-B2 - - 0.79 -
Case history |1I-B5/3 0.98 0.98 - 1.05
Case history 11I-B5/3 0.74 0.74 - 0.79
Case history IV-B2/1 - - 0.79 -

§ 1.4.6 Estimation of the In-situ Relative Density from Cone Penetration Tests

Several workers have searched (and found) relations between the relative density, related to the
in-situ void ratio, and the cone resistance values. They found a dependency of the relative density
on the cone resistance and the vertical effective stress.

To calculate the vertical effective stress, a unit weight of 20 kN/m’ and 15 kN/m’ for sand and
clay layers, respectively, were assigned on the basis of NEN Codes (1993). Low estimations of
the unit weight lead to higher estimations of the average in-situ relative density in the most critical
zones. The results are given in the following table: '

===
Site I Estimated Low Relative Density (%]
Case history | ) 40
Case history || 30
Case history Il ; 40
Case history IV 40
3|

See for the estimation of the development of the in-situ relative densities with depth, calculated
by means of Jamiolkowski’s formula, on the basis of all cone penetration tests available per case
history, Figure 20 on page 27 through Figure 23 on page 28. To verify the estimations, other
formulae were employed, all of which predicted relative densities in the same range, but little higher.
Also the compressibility of the sands was taken into account, by considering the friction ratio, using
fuzzy numbers. This second analysis yielded the following ranges of relative densities for the most
unfavourable combinations of ¢’,, g. and R,.

" Case | Case Il Case Il Case IV . "

|| 40% - 50% 33%-37% 30% - 45% 28% - 37% "
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§ 1.4.7 In-situ Void Ratio Determination

In none of the case histories, in-situ density measurements were performed. Therefore, it was
tried to approximate the in-situ void ratio from the estimated maximum and minimum void ratios
and in-situ relative density, based on the definition of the relative density. The results are given
in the table below:

Site Estimated High In-situ Void Ratio [-]
Case history | 0.71
Case history |l 0.76
Case history Ill - B5/3 0.90
Case history Ill - B6/5 0.71
Case history IV 0.61

A graphical presentation of the procedure is given in Figure 24 on page 29 through Figure 28
on page 31. On the left y-axis, the maximum obtainable void ratio is plotted. On the right y-axis,
the minimum obtainable void ratio is plotted. The line connecting both represents the range of
obtainable densities between the relative loosest packing (0) and relative densest packing (100),
on the x-axis.

The values of the maximum and minimum obtainable void ratio’s may differ as much as 5%.
These boundary values to the maximum and minimum void ratios, as well as the estimated wet
critical void ratios, have been plotted in the charts.

§ 1.5 Static Liquefaction Potential Evaluation

Now that all aspects of the static liquefaction investigation have been completed, we may
proceed to the interpretation of the findings. In the following paragraph, an enumeration will be
given per case history.

Case history I:

o The zone most critical to static liquefaction is very probably situated in a pleistocene layer. The
cone resistances found in the most critical zone, which consisted of medium fine to medium coarse
river deposits and not definite potentially susceptible sands, were not extremely low, as should be
expected in truly static liquefiable sands, at that depth.

o The sieve curve was interpreted from an alternative sieve analysis. However, the coefficient of
uniformity is not likely to be lower than the estimated value of 1.6. Therefore, the values for
maximum and minimum void ratios are probably lower than estimated, which, in turn, leads to a
lower approximation of the in-situ void ratio.

o The adopted value for the wet critical void ratio was based on findings on other sands. These
sands are not very likely to have the same wet critical void ratios as the sand considered. The
sands, on which the wet critical void ratio criterion has been based (Lindenberg et a/. (1981)), are
likely to be more uniform and less angular. Possibly, the actual wet critical void ratio of the sand
considered is higher, which would make the soil less susceptible to static liquefaction.

9
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O The approximated in-situ void ratio is below the (assumed) wet critical void ratio, but the confining
pressure used to establish the critical void ratio was lower than the expected horizontal stress level
at the depth from which the sample was taken (= 10 m). However, on the basis of this analysis,
static liquefaction seems out of the question. The cause of failure should be sought in other
phenomena, like active bank development.

Case history Il:

o The zone most critical to static liquefaction is very probably situated in a pleistocene layer.
Moreover, the critical zone is very thin. The cone resistances found in the most critical zone, which
was not classified, but probably river deposited, were not extremely low, as should be expected
in truly static liquefiable sands, at that depth.

o No sieve analyses were performed. However, the coefficient of uniformity in not likely to be lower
than the estimated value of 1.56. Therefore, the values for maximum and minimum void ratios are
probably lower than estimated, which, in turn, leads to a lower approximation of the in-situ void
ratio.

o The adopted value for the wet critical void ratio was based on findings on other sands. These
sands are not very likely to have the same wet critical void ratios as the sand considered. The
sands, on which the wet critical void ratio criterion has been based (Lindenberg et al. (1981)), are
likely to be more uniform and less angular. Possibly, the actual wet critical void ratio of the sand
considered is higher, which would make the soil less likely to be susceptible to static liquefaction.
o The approximated in-situ void ratio is below the (assumed) wet critical void ratio. On the basis
of this analysis, static liquefaction seems out of the question. The cause of failure should be sought
in other phenomena, like active bank development (see also the failure profile presented in Figure 29
on page 32).

Case history ll:

o The zone most critical to static liquefaction is probably situated in a holocene sand layer. The
cone resistances found in the most critical zone, which consisted of medium fine to medium coarse
not definite potentially susceptible sands, were not extremely low, as should be expected in truly
static liquefiable sands, at that depth. Sample B5/3 seems the most critical one, judging by
classification and dry critical void ratio test result. Note that the actual dry critical void ratio was
not determined. The laboratory tests indicated the dry critical void ratio to be higher than 0.74.
o The adopted value for the wet critical void ratio has been based on the findings of Lindenberg
et al. (1981), who found that the wet critical void ratio is between 0.5 and 7% above the dry critical
void ratio. Possibly, the actual wet critical void ratio of the sand considered is higher, because it
is likely to be less uniform and less angular than the sands investigated by Lindenberg et al. (1981),
which would make the soil less likely to be susceptible to static liquefaction.

0 The approximated in-situ void ratio is not definitely above the (assumed) wet critical void ratio.
On the basis of this analysis, static liquefaction is not very probable.

Case history IV:
o The zone most critical to static liquefaction is very probably situated in a pleistocene layer. The
cone resistances found in the most critical zone, which consisted of silty fine to medium fine sands,

were not extremely low, as should be expected in truly static liquefiable sands, at that depth. The
soil profile displays great inhomogeneity (interlaterment with cohesive soils), which makes static

10
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liquefaction less probable.

O The adopted value for the wet critical void ratio was based on findings on other sands. These
sands are not very likely to have the same wet critical void ratios as the sand considered. The
sands, on which the wet critical void ratio criterion has been based (Lindenberg et a/. (1981)), are
likely to be more uniform, thus the maximum and minimum void ratios are likely to have been higher.
Hence, the actual wet critical void ratio of the sand considered will be lower than Lindenberg'’s,
which would make the soil more likely to be susceptible to static liquefaction.

O The approximated in-situ void ratio is below the (assumed) wet critical void ratio. On the basis
of this analysis, static liquefaction is not probable.

§ 1.6 Conclusions

The evaluation of the four case histories presented here has been performed, unfortunately
forced, at a very low level. A lack of necessary data, like critical, maximum and minimum void
ratios, meant that many parameters had to be estimated.

Nevertheless, the application of the proposed method of analysis (see Volume 2, Chapter 2) to
the case histories has proven to be sound, although the results, in the four studied case histories,
are indicative only. In all case histories in which failure did occur, it seems not likely to have been
caused by static liquefaction. Possibly the development of active banks has lead to extensive failure
in these cases. This thought is strengthened by the stair-like failure profiles encountered (see also
Figure 29 on page 32).

The results may be useful as an indication of the likelihood of occurrence of static liquefaction
and hence a possible flow slide. The occurrence cannot be excluded however, because no accurate
measurements of the critical void ratio and in-situ void ratio were available. Thus, the critical void
ratio criterion could not be evaluated.

11
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Figure 17 Cone penetration test results of CPT 3 at the site of case history IV
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2 Combined Permeability & Fluidization Tests

§ 2.1 Introduction and Aim of the Tests

As one may conclude from the previous appendix, knowledge of the critical void ratio is vital
in static liquefaction potential analyses. Also, one may conclude that determination of the critical
void ratio in a triaxial apparatus, both ‘wet’ and ‘dry’, is very difficult.

When studying Van der Schrieck’s lecture notes (1996), my attention was drawn to a graph in
which the porosity of different sands were plotted against their permeabilities. The research from
which this graph is derived, showed the critical void ratio to be approximately equal to the void ratio
(and permeability) at the fluidization limit, increasing with lower permeabilities or a smaller particle
size. The original tests were conducted within the framework of research on the cutting forces in
sands.

At first glance, fluidization and the liquefaction problem may not seem to be related to the same
mechanisms, completely. One may expect that fluidization, which may be established at any void
ratio in any sand, as long as the head difference applied is large enough, is the result of high pore
pressures lifting the grains. Liquefaction, on the contrary, may be seen as a continues process of
softening, as a result of induced pore pressures.

However, the two are not that different, if fluidization is looked upon as the opposite of
liquefaction. In other words, instead of grains moving toward a denser packing, causing a rise in
pore pressure, the pore pressure is increased deliberately while monitoring the development of the
equilibrium void ratio, closely, until the grain skeleton structure is lost.

The aim of the test series conducted within the framework of this graduate study program was
twofold. First, it was meant to verify that an estimation of the (wet) critical density may be derived
from a simple permeability test. Second, it was meant to work out a relative simple test procedure,
as opposed to the current test procedures in static liqguefaction analyses, to estimate the critical
void ratio as well as the maximum and minimum void ratios. This last additional information would
be useful for estimating the in-situ void ratios from CPT-approximated relative densities.
Unfortunately no samples were available from the case history sites that were studied.

§ 2.2 The Permeability Apparatus

In fact, for the combined permeability & fluidization test, an ordinary permeability apparatus is
used. The only adjustment made, was the extension of the head measuring tubes, to accommodate
the high head differences. The diameter of the test cylinder was 60 mm, which made the inside
area equal to 2,827.43 mm’ (= 2.827 * 10° m’). A schematic view of the apparatus used is given
in Figure 30 on page 34.
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Tap water penetrates the specimen from below. The sixth head measuring tube indicates the
pressure at the bottom of the specimen. The top of the apparatus serves as an overflow from which
the water runs off to the sink. The first head measuring tube indicates the height of the water-level
at the top of the test cylinder, which equals the hydrostatic pressure in the specimen.

123456

=

Figure 30 Schematic display of the permeability test apparatus
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Appendix 2: Combined Permeability & Fluidization Tests

The four remaining head measuring tubes are connected to the test cylinder at different distances
apart. Multiple head measuring tubes allow for differentiated permeability measurement which
enables one to evaluate the uniformity of the void ratio over the height of the specimen and a mean
permeability value.

§ 2.3 Description of the Test Procedures

A combined permeability & fluidization test is divided into two phases. Phase | is conducted to
establish the permeability-void ratio path between the local maximum and minimum void ratios.
Phase Il is conducted to find the fluidization /imit and permeability properties at fluidization. Each
combined permeability & fluidization test was carried out in a series of steps, which will be described

in this paragraph.

STEP 1: A weighted quantity of granular material must be carefully deposited in the test cylinder
layer by layer, avoiding any disturbances. Itis important to patiently let the individual particles settle
layer by layer to avoid separation of the different fractions, as much as possible. If the material
contains a high percentage of fines, it is advisable to mix some sand with a little water first, before
pouring it into the test cylinder, if necessary through a funnel. Else, the finer particles may adhere
to air bubbles and remain at the water surface. During sedimentation, the water level in the test
cylinder must be high enough to prevent scour when adding a sand stream. Preferably, it must be
low enough, at all times, to not overflow the test cylinder top. To establish the maximum void ratio,
a constant upward gradient may be imposed on the settling sand.

STEP 2: A first estimation of the maximum obtainable void ratio is made by measuring the hight
of the specimen in the test cylinder, after all particles have settled. Now, the weight of the material
in the cylinder as well as the volume it takes are known. With the assumption that the specific
volumetric weight of the particles, p,, equals 2.650 kg/m’ (Van Niekerk (1995) found deviations of
less than a few percent on eight characteristic Dutch sands), the void ratio may be calculated from:

W .
= 4. specimen  [hoim3)

max, sed

lex,.nd

Ymu, sed
i, ed = 1 Py [-]

STEP 3: After measuring the maximum void ratio obtainable through very careful sedimentation,
the specimen is fluidized by increasing the head difference. After full fluidization, the head
difference is decreased gradually until all particles have settled again. At this time, the time needed
to let the pore pressures return to hydrostatic level is measured. This period is called the relaxation
time of the system. When hydrostatic pressure is reached, the maximum hight of the specimen
is measured again to see whether an even looser packing was possible, than was established by
sedimentation. The calculation procedure equals the one, mentioned above.

e

STEP 4: At this point, the actual permeability test commences. To the specimen a head difference
of approximately 10 cmwc is applied. When the flow through the specimen is stationary (the
relaxation time serves as an indication here), the amount of water flowing through the specimen
during a certain time is measured, several times. A measuring glass and a stop-watch were used.
After several measurements, indicating a stationary flow, the head differences at different spacings
along the test cylinder are noted down, as well as the height of the specimen.
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STEP 5: Next, the specimen is compacted by carefully rapping and vibrating the test cylinder at
equal distances apart, starting at the lower end of the cylinder, to decrease the void ratio as uniform
as possible over the height of the specimen. Any noticeable events, like excess pore pressures
during rapping, are noted down. If the head difference excesses 15 cmwc, the head difference must
be adjusted back to approximately 10 cmwc, to avoid turbulent flow. The steps 4 and 5 are
repeated until it is not possible to compact the specimen any further.

STEP 6: To estimate the minimum void ratio obtainable, a negative head difference is applied and
the test cylinder is given a final vibrating session. The minimum void ratio is calculated from the
minimum height of the specimen in the same manner as the maximum void ratio, as mentioned
above. A smaller test cylinder diameter gives less accurate results concerning the permeability.
However, lower void ratios are obtainable because the vibrations have more impact.

STEP 7: At this point, the actual fluidization test commences. Gradually, a head difference of
approximately 20 cmwc is applied to the specimen. Light rapping of the test cylinder may help the
individual particles to rearrange. When the flow through the specimen is stationary, the permeability
and the void ratio are measured as mentioned above.

STEP 8: Next, the head difference is increased very carefully cmwc by cmwec. After each step,
the permeability and void ratio are measured again, as well as the head differences along the
specimen. Meanwhile, the specimen is scrutinized for any particle movement. When the fluidization
limit is approached, piping may be noticed and the upper part of the specimen may partially liquefy.
Full fluidization appears suddenly all along the specimen and is easily noticed.

STEP 9: Lastly, the resistance of the particles in full fluidization is measured. For this purpose,
the whole specimen is fluidized to a maximum allowable height (without spilling any of the
specimen). Then again, the permeability and head differences along the specimen are measured.
A void ratio measurement is not significant at this stage.

§ 2.4 Selecting the Materials to be Tested

Grading of the specimen and angularity of the individual particles (of the main fractions) are
suspected to be important parameters to influence the maximum, minimum void ratio and the void
ratio at the fluidization limit (see following paragraphs). Therefore, it is important to have an
indication of these parameters. The main aim of the research conducted within the framework of
this graduate study was not to evaluate de exact influence of the parameters mentioned above.
Therefore, it was decided to test materials with different attributes, but within Ishihara’s (1986)
boundaries for most liquefiable sands, in order to establish significant differences in fluidization
behaviour, qualitatively.

Three essentially different sands were tested. Unfortunately, no samples were available from
the case histories, discussed in Appendix 1. The first sand is referred to as "Rutten Sand". This
sample was taken from fill sand from a road construction site along highway A15, The Netherlands.
With respect to the other sands tested it was well graded with a typical high percentage of fines
(see Appendix 3). On the basis of microscopic analyses, it was classified as "highly spherical, sub-
angular”. Its VVS angularity index was measured a value of 66.047 (see Appendix 4).
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The second sand tested is referred to as "Scheveningen Sand". It originates from the beach at
Scheveningen, The Netherlands. As was to be expected, this sand is more uniform than the Rutten
Sand. Sieve analyses indicated that in fact the Scheveningen Sand was a mixture of different
sands, judged by particle size and colour. To test the individual permeability and fluidization
behaviour as well as the influence of uniformity, the two main fractions of the Scheveningen Sand
(350 & 250 um) and the different-coloured 175 um fraction were tested separately. The finer
fraction may actually be dune sand while the coarser fractions may be brought to shore during
recent beach nourishments. The Scheveningen Sand was selected because of its uniformity and
expected roundness. On the basis of microscopic analyses, it was classified as "highly spherical,
sub-rounded". Its VVS angularity index was measured a value of 51.696 (see Appendix 4).

The third sand tested is referred to as "Silver Sand", because of its white colour. Itis not known
what the origin of the sand is. Most likely it was taken from a bounty beach of some tropical island
in the Pacific Ocean. Silver sand was used because of its supposed angular nature, with respect
to the aforementioned sands. Although on the basis of microscopic analyses it was classified as
"lowly spherical, sub-angular", the VVS angularity index was measured a value of 47.706 (see
Appendix 4). Obviously, the dominant fractions were less angular than the fractions judged through
the microscope.

§ 2.5 Hypothesis on the Material Behaviour During Testing

As was proven by the test series, the maximum obtainable void ratio is not equal to the void ratio
at fluidization. When gradually increasing the head difference over the specimen, the void ratio
seeks to find an equilibrium such that the head difference over a particle balances its weight and
the intergrain sliding friction. With the increasing void ratio and pore pressure gradient, the internal
friction reduces to a level at which only the intergrain sliding friction forces contribute to the
equilibrium. The weight is balanced by the pore pressure gradient. This can be understood when
one realizes that the effective stress as well as the pore pressure at the bottom of the specimen
are larger than close to the top of the specimen.

At this point the steady state (also: "critical state") or state of deformation at constant void ratio
has been approached. The effect of delation has been reduced to zero and the remaining friction
angle is represented as the sum of the intergrain sliding friction (¢,) and particle rearrangements (see
Figure 31 on page 38). This state, by definition, is not the same as the state at which a specimen
has the critical void ratio, but the two are very close at this point. If the head difference is increased
just a little, the intergrain sliding forces are exceeded and total collapse occurs because the pore
pressure gradient is kept at a constant level. With the recognition of the intergrain sliding friction,
also the influences of grading and angularity has been clarified. The above is in accordance with
the statements of Poulos et a/. (1985).

§ 2.6 The Test Results

Figure 32 on page 39 shows the interpretation of the combined fluidization & permeability tests.
The over all test results are presented in Figure 33 on page 41 through Figure 44 on page 46. The
maximum and minimum obtainable void ratios in the permeability test cylinder are indicated as well
as the linear trend on the logarithmic scale. The trends are assumed to be parallel. The last
measured void ratio before fluidization has been indicated with a dotted line.
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As we may conclude from Figure 32 on page 39, the fluidization limit displays some features
that would have been expected of the critical void ratio too. The relatively well graded, fine and
most angular Rutten Sand has the highest fluidization limit at approximately 0.82. The
Scheveningen Sand has the lowest fluidization limit at approximately 0.72. The Silver Sand
fluidization limit is in between the two at approximately 0.78.

Rapping the test cylinder lightly, while increasing the head difference, is considered to help the
individual particles to rearrange. In accordance with the idea that the (wet) critical void ratio is
approximated from below, no excess pore pressures were noticed while rapping.

Unfortunately, no critical void ratio test results were available to substantiate the agreement
between the fluidization limit and the (wet) critical void ratio. Therefore no statement on the
usefulness of this test can be made at this point. Although these tests take considerable time, they
are relatively easy to conduct. The influence of in situ stress levels on the critical void ratio is not
accounted for in this type of test.
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Figure 32 Interpretation of the combined fluidization & permeability test resuits
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§ 2.7 Discussion and Validity of the Test Results

There are several factors that may have had their influence on the outcome of the combined
fluidization & permeability test. Because all these factors of influence have been reasonably
constant during the tests, comparison on the test results is considered possible. The validity of the
absolute values must be doubted seriously.

1. The head difference was controlled by a very fine tunable valve connected directly to the tab.
However, pressure fluctuations in the tab water were inevitably imposed on the specimen. It would
have been better to use a buffer tank in which the water level may be controlled very easily.

2. Water from the tab contains a considerable amount of air and has a low temperature. During
the test, the tab-water warms up. As the water warms up, it can contain less air and air bubbles
are formed in pores of the specimen. The influence of the air bubbles has not been quantified.

3. To get a clearer picture of the influence of different soil properties, more parameters must
be varied. Amongst these are the particle size, gradation, angularity and the percentage of fines.

4. To establish a more precise fluidization limit, the head difference must be lowered and the
particles must be allowed to settle again, after fluidization has occurred. From that point on, the
head difference may be increased again until fluidization occurs. A couple of cycles may help to
determine the exact void ratio at fluidization.

5. Darcy’s law holds only for stationary flow. Non-stationary flow conditions like turbulence and
piping cause inaccurate calculations of the permeability. The influence of non-stationary flow
conditions on the fluidization limit has not been quantified.
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Test 7: Rutten Send.

Deift fy of T gy, Soll Mechanica L y. July 2, 1988
Specific vohumetric weight op greins: [ 2850 hgm’
Diameter of toet cylinder: O 60 mm
Arsa of et cyfinder: A 2827 mm’
Waight ot stert. Wen 299 gram
Waight st end: W 825 gram
It weight: w, 1224 grem
Maximum height of epecimen ofer sedimentntion: [ S R0 om

> 13308 kgpm®

Maximum porosity sfier sedmentation: | W—_—, L T R
Meximum void reto ofer sodmentaton: O e 0.6784 -
Maximum height of spacimen sfier fuidzation: N 0 N2om

e woight sfier [ 13854 g’
Maximum porosity sfisr Suldizstion: Mo s am %
Maximum vold retie sfier fuldization: [ S 08851 -
Minimum height of specimen: L™
DMinirmam volsmotric wight Mo
Minirmem poroeity. LY
Mindmum void rego: O
Agprozimats relaxstion Sms © steedy fow Tt

Otecharge: Mesg:
M. 1 2 3 4 6 8 7 @8 0 0 T nN K K KN N N e
1 8 ® e W 13 33 68 78 1068 18 2
2 © = ® 0 13 33 62 87 122 18 M2
I R R e 190 13 33 68 89 140 183 02
« 0 0 B 10 13 34 74 108 163 179 286
8 % B W= 100 13 20 @4 01 110 WO W2
¢ B M B 10 13 39 @8 87 139 180 A7
T RN o i3 a1 84 10 B2 B A
s N MmN 240 13 32 100 10 N6 B2 W2
T ®x 8 S 190 13 32 104 168 WO W1 B2
0 @ a a a 120 13 33 187 178 T3 RO A3
"N ¥ Rk 08 200 13 3¢ 108 7S WO N3 B/
12 R _8_8 180 13 44 117 184 B3 B3 A9
i w21 122 100 248 /O e

Figure 33 CP&F test results (a): Rutten Sand
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Qe Py Py Py P n e  Obsevations

1 020 003 003 004 003 4885 008 Excessppwhen compacting/ fines in suspension

2 028 002 002 003 002 4721 089 Excessppwhen compacting/ fines in suspension

3 028 002 002 002 002 4547 083 Excesspp/fines in suspension/akr bubbles on top

4 020 002 002 002 002 4473 081 Finesinsuspension

§ 020 001 002 002 002 4360 0.77 Finesinsuspension/head adusted

6 019 0.01 001 001 001 4262 074 Longpause

7 020 001 001 001 001 4139 071 Longpause/rapped

8 030 001 001 001 001 4160 071 Repped

9 032 001 001 001 001 4160 071 Repped

10 034 001 0.01 0.01 001 4180 072 -

1 038 0.01 0.01 0.01 001 4221 073 -
12 045 002 001 002 002 4492 082 -
13 483 021 018 02 020 Full fluidization

Notice: - T T T
In a small cylinder the dry maxi porosity was . This value app: dto be |

fower then the wet maximum porosity: 47,868% (void ratio: 0.918).

Permeability ve. Porosity Graph - Rutten Snad

8

PO

Porosity [%)
8

k2

0.001

0.010

Permeebiiity [cm/s]

Figure 34 CP&F test results (b): Rutten Sand
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Combined Permeability & Fluidization Tests,
Test 3: Scheveningen Sand.
Detft University of T gy, Soill M L June 28, 1988.
Specific veumetric weight op graina: [, 2850 hgim’
Diamoter of teet cyfinder: ™) @ mm
Arsa of test cyfinder: A 2827 md”
Woight ot start: Wene 1600 gram
Wibight ot ontt. Weae 240 grem
Inpatt weight W, 1351 gram
Mazimaam heigit of specimen sfter sedimentsion: LS 2 om
woight sfter [ 14332 kgpm®
Maximum poresity sher sodimentston: Mo ond £ %
Masimum void reto sfisr sodimantation: L orer -
Maximum height of epecimen sfter fuidization: N ot R0 em
gt s MO 14523 sgim’
Maxisum porosity sfter fuldizstion: [ ——— 45198 B
Maximum void reto efisr Rudization: [ Sy 0.8248 -
Minimum haight of specimen: Nesn 288 om
Minimum volumetric weight o 1670.7 hghm”
Minimum poresity: [ 38958 %
Minkmum veid reSo: Coun 0.6082 -
Approximate relexstion tme ® steedy flow Tonn 26 min
Discherge: Moot
] 5 8 7 8 8 10 mn N
L) © 6 8 8 ' M 13 88 04 19
[ ] 84 04 84 B4 B4 85 13 62 w3 0
[ ] e 08 08 8 8 8 13 68 10 143
L) 8 8 B2 M B M 13 84 10 182
e [ ] 13 81 120 179
s L 13 38 89 128
54 84 8 13 43 112 188

1 43 100 WO
13 a4 N2 W8
13 44 117 108
13 45 128 WO
13 48 127 W7
13 48 128 W0
13 B2 128 108
13 68 138 100
13 77 146 X0
72 12% 174 28
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Figure 35 CP&F test results (a): Scheveningen Sand
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Qrew Py

Py

140 012 012
140 012 omn
142 010 009

141 008 O
142 008 O
0®1 o008 O
080 005 O
070 008 0
081 005 O
080 005 O
088 005 O

118 005 O

131 005 0

o7
08
]
04
04
04
04
04
o4
08

145 004 008
185 007 007

322 013 0

13

138 068 067

Ps
o1
0.10
0.08
0.00
008
0,08

0.03
0.03
0.3
0.03
0.04
0.08
0.05
0.07
0.13

0.74

P n
012 4408
011 4400
009 4276
008 4148
008 40.10
005 3908
37.30
004 23685
004 3797
004 3739
004 3701
004 3325
005 39.08
005 3949
007 4184

e  Obsevations:
0.81 Excess pp when compactng
0.70 Excess pp when compacting
0.75 Excess pp when compacting
0.71 Excess pp when compacting
087 Excess pp when compacting

0.64 Excess pp / piping / hasd adjusted

0.60 No excess pp / piping
0.50 No excess pp / piping
059 -

060 -

060 -

062 Piping

064 Piping / s bubbles
065 Negstive pp

0.72 Upward moving front

0.13 456890 084 Negative pp / upper 10 cm bqrfled

0ee

Full fudzstion

Permeability vs. Porosity Graph - Scheveningen Sand

— e

0.001

0.010

Permeability [cm/s)

Figure 36 CP&F test results (b): Scheveningen Sand
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Queen Py Py Py Pres n e  Obsevations
1 30 018 017 016 018 4664 088 Excess ppwhen compacting/ piping
Test 4: Send, 0.35 fraction (uniform, round). 2 184 012 012 013 013 4478 081 Excessppwhen compacting/ head adjusted
Delft University of T jogy, Soll Mechanics L y. June 28, 1988. 3 104 010 010 009 010 43.00 0.75 Excess ppwhen compacting
4 1902 008 007 007 007 4110 070 -
- _ S e R R SR . 5_117 007 008 006 007 3900 068 HeadNo 6 /fluctuates /head adjusted
Spectic voumetic welght op grains: Mo 2050 kgim® 6 104 007 005 005 008 3048 065 -
7 107 008 005 005 008 3060 066 -
Dismeter of teet oylinder: Ou 0 mm & 120 008 006 005 005 3090 068 -
Arsa of tost cylinder: Am 2027 vt 9 148 008 005 005 005 4010 067 Negative ppwhen rapping the cytinder
10 158 008 005 005 008 4050 068 -
Weight ot stert: Woun 1971 gram 11 173 008 008 008 008 4120 070 -
Weight ot end: W o7 gom 12 180 007 007 007 007 4225 073 -
gt walght Wo 1324 gram 13 238 008 008 000 009 4338 077 Ai-bubble blow outs at top of specimen
Mazimum height of specimen sfer sedmentsion: [ 2 om 14 1867 091 0990 098 096 Full fuidzation
wolgh? ol [ —— 1410 kv’
Mezimum peroety sfter sedmentsten: [ 049 % T v e - -
Maximum veid rofie sftar sodimantston: O vt osons ¢ Permeability vs. Porosity Graph - Scheveningen 0.35 |
Maximum height of epecimen sfier fusdzaton: | W 3 om |
‘weight after o 14082 kgm* “ |
Mesimum poroslty sfter udizston: [ Y- 1Y it +4-t- + |
M void rotio efis: udiaston: S et 08045 - = i et S 51t |
Dt Pl of epocimen. L 2 om °5- '
rimm voumerio welght o 1014.7 bgm’ = = H
Mindrrum peroelty: Mo 0087 B | I I 18 156 " J‘
Minimum void rete; - o041 - = - |
“l D, (e o |
Approzimate relessten me 1 steedy flow: Toem 26 min - = L o a i
. ) R (. .
Discharge: Hosd: e = 1
B I A S « i
M. 1 2 3 4 8 6 7 0 0 10 Tme b Mm M A N K R - L - - '
1 183 180 100 180 180 © 12 65 117 188 28 25 X3 E A 118 R ‘
2 118 17 114 118 16 © 12 48 B1 124 188 188 X0 = j I . 114 I
3 120 10 110 112 118 118 ] 12 B1 109 182 26 BI N0 0 i )
4« 2 2 0D ™ 120 12 82 133 194 285 28 200 [ 1
g 70 @ 73N & @ 12 43 7 137 182 11 24 1 | 1 L
T T ee e« ] 12 41 88 138 W3 22 B2 T
7 8 @ & 64 & ®© 12 42 102 148 194 N7 PI a8l el _
s mwnmn © 12 48 118 109 220 285 24 | R -
9 @ ® ¥ ® ) 12 49 127 187 B7 24 BB i 1o B
10 925 8 M B ™ © 12 81 133 184 287 N0 A7 S B J4- i ] ]
N 2 W W 122 12 84 134 277 W6 2 ~ i . [ i : A E
12 2 2™ ™ 120 12 88 137 186 277 Ne 00 g | 2 Jlos |
13 142 145 138 140 143 12 ] 12 84 138 107 778 N0 2 [ s 44441t ; 4
T — o 78 14 108 20 A8 R0 o 1] ] . |
']
0.001 0.010 0.100 1000
Permaability [cmvs]
Figure 37 CP&F test results (a): Scheveningen 350 um Figure 38 CP&F test results (b): Scheveningen Sand 350 um
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Combined Permeabliity & Fiuldization Tests,
Test S: Schw gen Sand, 0.25 fraction (1 round).
Delft University of Ti gy. Soll ica L y. June 28, 1988,
Spacific vohumetric weight op graina: [, 2850 bgim’
Dismeter of toet Cylinger: [ @ mm
Area of tost cylinder: Ay 2527 mm®
Waight ot start: W 1630 grom
Waight ot ond: Woy 47 gram
Input weight w 133 gram
Meximaam height of specimen sfer sedimentation: | ——, D em

ofter [ - 14288 hppm”
Meximusm porosity sfier sedimentation: [ So——, 48080 %

void ratio sfter [ S—_— 0.8540 -

Masimum height of apecimen ofer Ruldizsten: | N B em

ofer [ 146 g’
Mexivum poresity sfisr Mudizaton: [ - 40080 %
Maximum veid rstie sfter fuidization: [ W 0.0540 -
Minirnam holght of epsciman: Nesn 208 om
Minimum velumotris weight Mo 1884.2 hgm”
Minkvaam poroelty: Nes ST R
Minirmum veid ratisc Oa 0.602 -
Approimete relexstion Sms (o tteedy fiver , 9 £8 min

Oleshargs: Hosdt

M. 1 2 3 4 B 8 7 B 0 10 Tme K M b AN W N Nea
1 202 200 200 202 22 23 180 13 38 @3 88 116 127 220
2 200 20 189 200 22 208 180 13 40 70 88 127 142 321
3 200 200 199 202 100 2@ 100 13 40 73 109 136 152 36
4 200 199 204 201 200 185 180 13 40 76 108 144 182 N0
8 189 20 20 2 180 13 43 88 127 174 198 N2
8 138 1R 1R 1M IR 10 180 13 38 73 100 138 181 /S
7 130 131 129 134 127 130 180 13 37 76 107 196 180 280
= =t e s
T 7% 1% 19 18 1B 180 13 30 @8 123 180 192 289
D 163 184 182 104 104 104 180 13 42 97 140 188 18 228
10 189 101 169 188 180 180 13 47 112 182 26 281 28
11 160 160 161 180 182 120 13 48 120 101 773 28 W
12 182 180 18 1R 1R 120 13 48 130 192 M4 N2 WO
13 173 174 174 T3 120 13 668 131 193 74 VO 22
14 63 % 80 M 6 L] 13 B8 118 160 218 280 38
16 160 188 189 188 180 120 13 B0 114 168 245 280 00
18 130 142 134 133 140 130 137 © 13 88 142 197 224 228 N0
17183 183 142 142 143 141 L] 13 68 143 200 208 23 N4
18 172 170 180 178 180 ] 13 77 150 204 270 27 W7
== == =
™ %0 30 ™ 8z 138 187 27 AT N1 e

Figure 39 CP&F test results (a): Scheveningen 250 um
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Que Py Py Py Poge n e  Obsevations:
112 0.1 0.10 0.13 011 4578 084 Excess pp when compacting / instantanious liq

1

2 112 010 000 011 010 4458 080 Excessppwhen compacting / instantanious kiq
3 112 009 008 010 000 43270 078 Excessppwhen compacting

4 111 008 008 000 008 4261 074 Excessppwhen compacting

8 11 007 0.08 007 007 4100 070 Excesspp when compacting / head adjusted
6 074 008 008 008 008 3960 066 Litis excesspp

7 072 002 005 005 004 3865 0863 -

@ 076 005 004 005 005 3044 0.8-2 Unexpected compaction

@ 091 005 004 005 005 3823 062 Unexpected compaction

0 105 005 004 005 005 3823 062 -

11 134 005 005 005 005 23844 062 -
12 136 005 005 005 005 3865 063 -
13 146 005 005 005 005 23007 064 -
14 152 008 007 007 007 3080 068 -
15 160 008 008 007 008 4070 060 -
18 229 010 000 008 0.09 4261 074 Piping
17 240 010 000 009 000 4334 076 -
10 280 012 011 011 012 4560 084 -

—_———
19 685 03 0 035 035 Full fiuidzetion

Permeability vs. Porosity Graph - Scheveningen 0.26

0.001 0.010 0.100 1.000
Permeabliity [cm/s]

Figure 40 CP&F test results (b): Scheveningen Sand 250 um




Appendix 2: Combined Permeability & Fluidization Tests

- B e T e Qe Py P2 Py P n e  Obsevations;
Combined Permeabiilty & Flvidization Testa 1 067 008 008 007 008 4768 001 Excessppwhen compacting/ instantanious
- . N 2 068 0085 005 005 005 4585 085 Excesspp .
T.ll?:‘ vening Send, 0.175 " l'f‘dﬂﬂ, round). 3 067 005 005 005 005 4408 082 Excesspp
Deift y of T gy, Soll Y. June 28, 1998. 4 068 004 004 004 004 4372 078 Excesspp/hesd sdjsted
. § 048 004 003 003 003 4230 074 Litle excess pp
o S 6 047 003 003 003 003 4050 068 -
Specific vehumetria weight op grains: o 2090 ppw’ 7 044 003 003 002 003 3076 088 Unexpected compacting
Diemeter of teet cylinder ™) € mm : ::\: :.3 :: :-: :'g :: :':; ;
A 10 062 003 002 002 002 23088 067 -
Weight ot start: Wome 1087 gram 11 071 003 002 002 003 3998 067 -
Woight st ent: e 528 grem 12 084 003 003 003 003 4160 071 -
Irpast weight W, 1282 grem 13 089 003 003 003 003 4180 072 -
14 137 008 005 005 005 4351 084 Rspped/piping
Meximum height of specimen sfier ssdmantstion: L] 33 om 16 164 007 008 008 008 4735 000 Piping/fukdzed partly when rapped / start fluid
£ il " - 1374 wgam’ 16 104 008 008 007 008 4780 082 Piping/ very near fludzation kmit
Mecrmum porosity sRsr esdmentston. [ e— L SE-2 9 17 779 042 040 043 042 Full fluldzation
Moxirmum void retio sher sedmentation: [ N—— 0.0297 -
Meximam height of epecimen ofter fudizston: PN 0 27 em T_ T
<o MO e 1388.8 hgym® P ve. P ] -
Maximum porosity sfter fuldizaton: [ aeT s ity y Graph 0.176 mm
Maximum veid retio sfier Mddization: [ S——— 0012 - “ 73
Minirmem height of specimen: Moo J AB4om [~ 1 ) L B
Minkram velumetio weight o, 15008 bppv’ i m———p - -t
Minbram porosiy” e BT n . 4 e S B A i [ 1
Minimum void reSs: Ounn 0.6508 - _a e o S 2 %
) = e stk wlat o
Agproximats relaxstion Eme 1o stsedy fow, Tetm £ 10 min —+- = 4 L
4
Discherge: Moatt: — > ) ) e
M 1 2 3 4 5 8 T 8 8 10 Tme b M N AN N N N L o S N o ) (9
1 ™ ® o n 8 ® 92 12 AT ee &8 ns 132 W7 —42 ] () )
2 N0 RN R R 1 12 40 78 104 140 185 NS 13 N i
3 ™M B BR 2 12 41 82 13 1B 171 3 |~ =T 1
4 ®© T ® ® 0O "N 120 12 40 87 123 @8 W9 W4 T 1T 1T T1T1
s 6 & W= & 8 W & 122 12 18 78 107 144 188 27 40 T [ I O i ¢
¢ 58 57 ST 57 87 120 12 38 . 88 124 168 181 288 hJ S (S S e N
— e == = e e e -
7 64 64 D 6 0 R 0 20 12 38 80 127 174 106 24 ]
s & @ & & @ 92 12 40 100 143 187 21 WS =TT
0 @ @ & © e D 12 40 108 182 212 M0 RS 2 o i
10 74 74 T4 T4 120 12 41 15 169 A7 WO AS N [
M = B s s s 1220 12 42 124 124 22 WS AS 5 O] o
12 S 0 & S 0 6 8 © 12 48 124 B4 BS BT A3 S| i -1
3 OB MR MRS L] 12 48 120 07 W3 B/ B4 s -1 4 o
“ B RO RR © 12 63 18 M8 AS B3 N4
15 ™ RN R L] 12 72 145 B8 U3 20 RS E
10 210 22 23 70 2 120 12 77 148 200 W4 24 N0
== P e e e —_—— e ———— —
17 40 48 ] 84 131 182 23 218 208 e 1
0.010 0.100 1,000
Permaabliity [cm/s]
Figure 41 CP&F test results (a): Scheveningen 175 um Figure 42 CP&F test results (b): Scheveningen 175 um
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Combined Permeablity & Fiuidization Tests,
Test 8: Siiver Sand (angular).
Deift University of T gy. Soil Mechanics L y. July 2, 1988,
Specific volumetric weight op grains: [ 2080 kg’
Diamotsr of test cylindsr: Do 60 mm
Areo of teet cyfinder: Ay 2827 m’
Waight st start: W 1630 gram
Waight ot end: Weae 346 gm
Inpat wolght W 1285 gram
Maximum height of epscimen sfer sedimentstion: [ S—_— 28 am
Mesimum volumetric weight sfier sedimentston; [ —_— 1380.4 kg’
Maximum perosity sfier sodimentaion: [ Sy az e

void rato after [ W—_— 0.088 -

height of epecimen sfter Now e 27 om

weight after MO 2 13008 by’
Meximum poroeity efter fidizetion: s ot 4758 %
Maximum void retio sfier fidizstion: [ 08087 -
Minimum height of specimen: N B3 om
Minimum velumetric weight MO 1008.9 hgim
Minimum porosity: N 30300 %
Minimum veid ratie: Co 0.6801 -
Approximets relsxstion Sme to steedy flow. Voo 26 min
Discharge: Hesdt

M. 1 2 3 4 8 6 7 8 0 10 Tme [ T Y Negme
1 ™mm ™ 300 12 & 70 83 1221 138 28
2 20 290 3 12 39 78 108 147 164 N2
3 140 148 144 1@ 180 12 40 08 128 172 192 3
4 188 197 188 20 12 40 08 142 197 3 a7
8 74 T8 T8 73 180 12 3.0 a8 07 120 139 208
T Fen R 0. 12 32 02 103 138 144 &8
7 208 200 208 20 12 43 118 177 281 200 21
e M ™ ™M 20 12 48 120 187 28 N0 24
® 210 210 23 8 180 12 B4 139 100 22 04 06
10 179 182 178 179 120 12 88 138 1901 284 208 31.0
S 70 a0 F] 122 178 218 213 28 e

Figure 43 CP&F test results (a): Silver Sand
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Queen Py P2 Py Puam N e  Obsevations:

1 079 008 007 008 008 4723 000 Excessppwhen compacting
2 080 005 008 008 008 4503 082 Excessppwhen compacting
3 o8t 005 004 005 005 4340 077 Excessppwhen compacting/ sir bubbles on top
4 082 004 004 004 004 4228 073 Arbubblesontop
§ 042 004 003 003 003 4045 068 Arbubbles ontop/head adjusted
6 041 003 004 002 003 398 068 Longpause
7 088 003 003 003 003 4107 070 Longpause/rapped
8 007 003 003 003 003 4167 071 Repped/piping
O 123 005 005 005 005 4377 078 Rapped/ piping/ fuxdized
10 149 008 008 005 006 4468 081 Many sk bubbles in specimen
11 1050 054 053 055 054 Full Fluidzstion
Wi PO - |
Permeability vs. Porosity Graph - Silver Sand |
“ |
= I THIEN |
—- -— “+1 |
2 e s S R B ‘
o [ 1] Y g .
4“4 — . T, . N _— | S
(]
! - 44 PR IS o
- L 17T
—~d42 .- SERNSEYE s
3 S e 1 11] L0
E — il I ) |
s~ 1 1 o)
38 |- e 4 L
.| —- L aptld
M
0.001 0.010 0.100 1.000
Permaabliity [cm/s]

Figure 44 CP&F test results (b): Silver Sand




3 Sieve Analyses on Permeability & Fluidization Test Samples

To learn more about the composition of the samples testes in the permeability apparatus, sieve
analyses were performed on all three main samples, within the framework of this graduate study.
The sieve series NEN 480 were used, comprising the following sieves:

63 um

90 um
125 um
180 um
250 pm
500 um
710 um
1.0 mm
2.0 mm

The sieve curves are presented in Figure 45. The full sieve analyses data are presented in
Figure 46 on page 48 through Figure 48 on page 49.

Grain Size Distribution Curves | ‘
_ . —_—r T ﬁ*,
A7 T
" 71 |
@ ,'/J ;
/1]
zr 1 ‘
I - T !
80 y ‘,’/
l’] !
0 // /// = o o 1] i
- 7 SRR 1) I
10 ya y’} ————— 88ver Send == : ‘
o b = 1T T 11f ' N
001 0.10 100 1900 .

Fgure 46 Sieve curves from analyses on CP&F tested samples
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§I‘}—gAn_a]y§g§ on Sands Used in Combined Permeability & Fluidization Tests.

Sive Analysis 3: Rutten Sand
Delft University of Technology, Soil Mechanics Laboratory, June 25, 1996.

Weight Sand + Jar 586.11 gram
Weight Jar 161.58 gram
Weight Sand 424.53 gram

Sive Weight Sive + Sand Weight Sive  Weight Sand % of Total Comected %  Cumulative %

1.400 378.84 378.29 0.55 0.13 0.13 99.87
1.000 369.14 364.36 478 1.13 1.13 98.74
0.710 384.08 380.00 408 0.96 0.88 97.78
0.500 401.61 392.87 8.74 2.08 2.08 95.72
0.350 374.70 340.78 33.92 7.99 8.00 87.72
0.250 442.19 375.13 67.08 15.80 15.82 71.80
0.175 498.87 368.47 130.40 30.72 30.76 41.14
0.125 456.33 351.89 104.44 24.60 24.63 16.51
0.090 349.44 286.88 62.56 14.74 14.76 1.75
0.083 346.52 342.42 4.10 0.97 0.97 0.78

- 351.23 347.91 3.32 0.78 0.78 0.00

Sum Percentages 100 100

Figure 46 Sieve data of CP&F tested Rutten Sand

Sive Analysis 2: Scheveningen Sand
Delft University of Technology, Soil Mechanics Laboratory, June 25, 1986.

Weight Sand + Jar 919.28 gram
Weight Jar 161.52 gram
Weight Sand 757.76 gram

Sive Weight Sive + Sand Weight Sive  Weight Sand % of Total Comected %  Cumulative %

1.400 378.53 378.35 0.18 0.02 0.02 99.98
1.000 3685.01 364.34 0.67 0.09 0.09 © 99.89
0.710 390.95 390.14 0.81 0.11 0.11 99.78
0.500 408.31 393.02 13.29 1.75 1.75 98.03
0.350 519.99 340.95 179.04 23.63 23.64 7439
0.250 720.64 375.29 345.35 45.58 45.59 28.80
0.175 561.35 368.63 192.72 2543 2544 335
0.125 373.98 351.89 21.99 2.90 2.90 0.45
0.080 289.67 287.02 285 0.35 035 0.10
0.063 343.01 342.47 0.54 0.07 0.07 0.03

- 348.14 347.92 0.22 0.03 0.03 0.00

Sum Percentages 100 100

Figure 47 Sieve data of CP&F tested Scheveningen Sand
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Appendix 3: Sieve Analyses on Permeability & Fluidization Test Samples

Sive Analysis 4: Silver Sand
Delft University of Technology, Soil Mechanics Laboratory, July 2, 1996.

Weight Sand + Jar 710.00 gram
Weight Jar 276.00 gram
Weight Sand 434.00 gram

Sive Weight Sive + Sand Weight Sive WeightSand % of Total  Comected %  Cumulative %

1.400 378.30 378.30 0.00 0.00 0.00 100.00
1.000 364.34 364.30 0.04 0.01 0.01 99.99
0.710 300.77 380.01 0.76 0.18 0.18 99.82
0.500 397.29 392.97 432 1.00 1.00 98.82
0.350 374.97 340.88 34.09 7.85 7.85 90.97
0.250 568.00 375.35 192.66 4439 44.38 46.58
0.175 549.62 388.62 181.00 41.71 41.70 488
0.125 372.12 351.83 20.19 4.65 465 0.23
0.090 287.01 288.95 0.08 0.01 0.01 0.22
0.063 343.17 34233 0.84 0.19 0.19 0.02

- 347.87 M7 0.10 0.02 0.02 0.00

Sum Percentages 5 100 100

Figure 48 Sieve data of CP&F tested Silver Sand

49



Flow Slide Failure of Excavated Subaqueous Slopes

50



4 Angularity Analyses on Permeability & Fluidization Test Samples

§ 4.1 Introduction and Aim of the Tests

Itis suspected that the shape of the particles effects the fluidization limit and (hence) the critical
void ratio, considerably. One way to quantify the angularity (or roundness) of the particles is to
measure the time different fractions need to travel through a standard-sized mildly sloping rotating
cylinder. This test is called the ro/ability test (see SCW (1979)).

Other attempts to quantify the shape of particles, objectively, have made use of the flow
behaviour of particles. The sharpness index is related to the time different fractions need to flow
out of a standardized funnel and made relative to the times measured for glass beads (0) and stone
crusher sand (100), in the same apparatus (Volders & Verhoeven, see SCW (1979)).

Less objective, but a lot quicker, are microscopic analyses. In the next two paragraphs,
microscopic analyses and determination of the Volders & Verhoeven sharpness index of the samples
used in the combined permeability & fluidization tests, will be discussed.

§ 4.2 Microscopic A_nalysis of the Particle Shape
Powers (1953) categorized different particle shapes considering sphericity (high or low) and

angularity (very angular, angular, sub-angular, sub-rounded, rounded or well-rounded). On the basis
of this categorization, the tested sands were identified with a 25 x 0.6/4.0 microscope, as follows:

Sand Sphericity Angularity Remarks Categorization
Rutten Sand Medium-sized fraction | All fractions a little Contains many High sphericity,
spherical. angular. organic (black) sub-angular.
Other fractions less particles.
spherical. Conglomerates of
particles.
Different colours. HS 40
Scheveningen Sand Main fractions seem Mostly sub-rounded No organic High sphericity,
spherical. particles. material. sub-rounded.
Different colours. HS 60
Silver Sand A little flat particles. More angular than No organic Low sphericity,
other sands. material. sub-angular.
Sub-angular particles. White transparent
colour. LS 40
=)
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It appeared very difficult to judge the total sharpness of the sands as the share of each fraction
could not be quantified through the microscope. Therefore, it was decided to quantify the angularity
with the method proposed by Volders & Verhoeven (see next paragraph).

The sand collected at the Scheveningen beach appeared to consist of three main fractions, which
differed in size and colour. These fractions were analyzed separately:

Sand Sphericity Angularity Remarks Categorization
Scheveningen 0.35 Spherical. Sub-rounded No organic High sphericity,
particles. material. sub-rounded.
Different colours. HS 60
Scheveningen 0.25 Spherical. Sub-rounded No organic High sphericity,
particles. material. sub-rounded.
Different colours. HS 60
Scheveningen 0.175 Little spherical. Sub-rounded No organic Low sphericity,
particles. material. sub-rounded.
Different colours. LS 60

The general conclusion, that must be drawn from this microscopic particle shape analysis, is that
all particles have approximately the same shape. No extreme round or extreme angular materials
were tested. To be able to be more specific on the influence of angularity, it may be advisable to
test specimens on their fluidization limit with the same grading, but with more differently shaped
particles.

§ 4.3 Volders & Verhoeven Sharpness Index

The sharpness index proposed by Volders and Verhoeven is related to the times five separated
fractions need to flow out of a standardized funnel. The weighted average is made relative to the
times measured for glass beads (0) and stone crusher sand (100), in the same apparatus. The
following fractions, from over dry soils, are tested in quantities of 120 and 80 grams, when available
(see Figure 49) for a schematic display of the VVS apparatus):

63 um - 125 um
125 ym - 250 pum
250 ym - 500 pm
500 um - 1.0 mm
1.0 mm - 2.0 mm

If less than 120 grams, but approximately 80 grams is available, quantities of 80 and 60 grams
are tested. If less than 60 grams is available, the whole quantity is testes twice.

Each tested fraction is inserted into the standardized funnel in an identical way through an

insertion funnel. Next, the slide gate is opened and the time is measured, which is needed to let
the material flow into the receiving dish.
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Appendix 4: Angularity Analyses on Permeability & Fluidization Test Samples

\_/——— Insertion funnel

Stand

—<——— Standardized container

——— Slide gate

’ ; ;<—'Receiving dish

Figure 49 Schematic display of the Volders & Verhoeven sharpness index apparatus

The outflow time is made relative to the times needed for glass beads and stone crusher sand,
before averaging for the successive tests per fraction (notation after Van Niekerk (1995)):
AOT,, - AOT,,
AOT, - AOT,,

VVSI = 100%

in which AOT,, is the average outflow time for the weighted quantities per fraction, glass beads
and crusher sand (same weight quantities), respectively.

Next, to each fraction a weight is assigned, U, such that more weight is assigned to the finer
fractions:

U. =

i

1 1 [ 0.4343 I

LL, UL,||log(UL) - log(LL)

Together with the fraction size, %, determined from sieve analyses, the overall sharpness index
for the materials can be determined as follows:

VVS = E (%i Ul)
> (% + U | VVSL)

fori=1.5
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For the three sands used in the combined permeability & fluidization tests, this procedure lead
to the following sharpness indices. Note that now the Rutten Sand appears to be the most angular
sand, which might be caused by the angularity of the finer fractions, and the Silver Sand is the least
angular material:

Sand VVS sharpness index
Rutten Sand 66.047
Scheveningen Sand 47.706
Silver Sand 51.696

54



e

5 Theoretical Maximum and Minimum Void Ratios of Spheres

The theoretical maximum and minimum void ratios are derived by considering the three-
dimensional stacking of uniform distributed spheres. First, a repetitive unit is sought. Next, the
volume of the box, defined by the moduli in three dimensions of the repetitive unit, is determined.
The void ratios are calculated by dividing the box volume minus the volume of the spheres in the
repetitive unit by the volume of the spheres, which is 4/3 * = * R’ per sphere, with R the radius of
a sphere. For the loosest and the two densest packings the void ratios are thus determined (see
also Figure 50).

Loose Dense [ Dense II

3 "
Plane AR |2 v

l
) 7}
Height

Ri Ri

Figure 50 Schematic plan view of loosely and densely packed uniform spheres
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Loosely packed: The repetitive unit for the most loosely packed state contains one sphere. Each
sphere is situated at right angles to its neighbours. The moduli of a repetitive unit in three
dimensions are all equal to 2R. This leads to the following calculations:

Vbax, unit & (2R)3
4
V:pheres = 5 T R3
Vv = V. 6
e, =l —shre .3 _ ) 2091 [-]

spheres n

Densely packed I: The repetitive unit for the first densely packed state contains two spheres.
Four spheres in the base plane are situated at right angles to their neighbours. The centerpoints
of the spheres in the next layer coincide with the top of the square-based pyramid with constant
rib, which has its base points at the centerpoints of the surrounding spheres in the base layer. The
moduli of a repetitive unit in the base plane are equal to 2R. The height of the unit equals two times
the height of the pyramid, 2H, which is 2RV2. This leads to the following calculations:

Viox, unic = @R? 2H = 8 R* |2

8
theru = 5 n R®

V, .~V 3,2
em1='m,+&£=_§ -1=035 []

spheres

Densely packed ll: The repetitive unit for the second densely packed state contains three spheres.
Three spheres in the base plane are situated with their centerpoints in a equilateral triangle. The
centerpoints of the spheres in the next layer coincide with the top of the tetrahedron, which has
its base points at the centerpoints of the surrounding spheres in the base layer. The moduli of a
repetitive unit in the base plane are equal to 2R and Di, which is RV3. The height of the unit equals
three times the height of the pyramid, 3H, which is RV(4/3). This leads to the following calculations:

me:-___mﬂ‘fwvwz R _.035 [
T

min, /I
spheres
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Appendix 5: Theoretical Maximum and Minimum Void Ratios of Spheres

Apparently, the two densely packed states have the same void ratios. The most loosely packed
state and the second densely packed state are represented graphically in Figure 51 and Figure 52.

Figure 61 Loosely packed uniform spheres Figure 62 Densely packed uniform spheres
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