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6. Data Collection

6.1 GeneraI

In chapter 5, we have refreshed some of the theory that we need for designing structures like
breakwaters and closure dams. In practice, however, it is not only important to master the
theory, but it is equally important to assess the physical presence of certain phenomena that
are known from theory. For each subject, attention is paid in this chapter to the availability
and if necessary the collection of relevant data on the prevailing hydraulic, geotechnical and
other conditions.
For design purposes, we are sometimes interested in extreme events, specifically, when we
try to establish the loading conditions for the Ultimate Limit State. In many cases it is not
possible to use direct observations since our records are toa short to make a sensible
assessment of extreme events. In that case we have to rely upon an indirect approach, in
which we use data that have been recorcled over a sufficiently long period. In this respect
specific reference is made to series of meteorological data (wind direction, wind speed,
barometric pressure, temperature, rainfall, visibility, humidity) that have been collected even
in remote areas over a much longer span of time than wave heights, tidal currents and river
discharges. Meteorological stations, airports, hospitals and even missionary outposts may
come up with a surprising wealth of data. Calculation and calibration can then transtorm such
data into the required data.

6.2 Hydrographic Data

6.2.1 Bathymetry

Betore starting a design job, it is essential to have proper maps of the seabed or riverbed
available. In most cases, hydrographic charts are useful but their scale is such that the
information is not detailed enough. The same applies for standard river navigation charts.
Another problem is that the datum of those charts is often related to tidallevels (MLWS or
similar) and that the datum needs not be the same for the whoIe chart. This can pose
serious problems when quantities of dredge or fill material have to be determined on the
basis of such charts. The advantage is that for most regions in the world such reliable charts
have been available tor at least 200 years. The hydrographic departments in several
countries preserve those old charts. They can provide very valuable information about long
term morphological developments in the region.

In practice, it means that most projects require specific maps to be made. Nowadays a
hydrographic survey poses not toa many problems. One needs a survey launch, equipped
with echosounder, (D)GPS positioning, a reliable radio tide gauge and a data logger. Wh en
the sea is rough and the survey launch makes considerabie movements due to waves, one
may add a swell compensatory as weil. With the aid of modem software, a plotter without
much human input can draw the maps. Because the data are available in a digital form, it is
also possible to use them for all kinds of arithmetical exercises, such as calculating volumes
to be dredged or filled, but also to asses erosion or accretion in between subsequent
surveys.

It is wise to pay attention to the type of echosounder used. When a high frequency (210 kHz)
is used tor the measuring beam, the depth indicated is the top of a soft layer. When lower
frequencies (30 kHz) are used, the beam penetrates into the soft mudlayers. By using a dual
frequency instrument, one can obtain an impression of the thickness of such layers of soft
mud.

~1



6.2.2 Tldes (See also chapter 5.2.1.)

aVertical tides

The tidal constants for most important harbours in the wond are known. They are publtsbeo
annually eitherby a nationalhydrographicoffice or bythe BritishAdmiralty'.
For minor ports, one has to rely on national or local authorities,and the reliabilityof data
provided maynot always be as good as required.
Setting up a local observation point and performing hOurlyobservations of the water level
during a period of one month can obtain a provisional insight Application of harmonie
analysis techniques easily leads to areasonabie estimate of the most important tidal
constants. Onlywhen one is interested in the long periodiccomponentsa longerobservation
period is required.

b Horizontal tides

Tidal currents are sometimes indicated on hydrographicmaps. The accuracy is mostly
insufficient tor design or planning purposes. Some hydrographicdepartments issue flow
atlases2• 3 with more comprehensive information. Dedicated flow measurements can
generally notbe avoided. They are howevertime consumingsincethey have to be continued
for at least 13 hours. It is therefore advisable to analyseflow phenomena by mathematical
model and to use field measurementsmainly to calibratethe model.

6.2.3 Stonn surges

Tidal water level variations can be predicted accurately. In excess of the tidal variations,
there may be meteorological effects that influence the water levels. Since meteorological
effects can not be predicted long in advance, one must take them into account on a
statisticaI basis. lf no direct observations are available, one may use recorded wind
velocities, barometric pressuresand hurricaneor cyclonepathsto estimate the probabilityof
extreme water levels.

6.2A Waves

There are few places in thewond where long seriesof wave observationsare available.This
is simply the case because reliable instruments forwave recordingdid not exist until recently
(say 1970). The oldest observationsof waves were carried out on board of ships that had a
voluntary arrangement with a meteorological office to carry out certain observations.
Although the observations of waves were visual observations,the accuracy is acceptable
since the officers were weil trained and could compare the observed state of the sea with
standard pictures provided by the met office. These observationswere collectedand sorted
according to locations spread over the oceans. In this way, the first wave atlases were
editect . More recently,a largecollectionof similar datahas beenassembiedand edited5,6. A
disadvantage of these data sets is that the oceans have been divided into relatively large
areas, sa that detailed informationcloseto the shore is still not readilyavailable.

A1thoughdirectmeasurement of wave heights in the preparationphase of a projectwill never
provide the required long term data, it is still useful to have such direct observations,were it
only to calibrate the calculationmethods used to transforrn indirect observations into local
wave data,

Modem methodstor wave measurementare
• electric (resistanceor capacitor type) wave gauges,mountedon a platformor a pile,
• accelerationtype gauges,mounted in a floatingbuoy;
• pressure gauges, mountedon the seabed
• invertedechosounder,measuringthe distancetrom sea bed to water surface;
• remote sensing techniques (trom satellite).
A problem is that one wants to measure wave heights in relatively deep water, 50 that
shoaling or breaking does not (yet) affect the measured heights. This makes all pile or

6-2
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platform mounted gauges relatively expensive, unless use can be made of an existing
facility. Pressure gauges are not recommended because the actual wave pressure at battom
level is not only a function of the wave height, but also of the ratio between wave length and
water depth. One of the most popular instruments is the (Dutch) Waverider Buoy, fabricated
by DataweIl, Haarlem. This device measures the vertical acceleration of the water surface,
and transforms this by double integration into avertical motion. This makes the observation
of swell (T> 20 s) difficult and not fully reliable. Remote sensing techniques are still in an
experimental stage, but the prospect is good, certainly because observation of remote wave
fjelds can result in timely waming for bad weather.

6.3 Meteorological data

Although meteorological phenomena do not play a direct role in the design of hydraulic
structures, they are important in an indirect way. In the previous paragraphs, we have
discussed the importance of barometric pressures and wind data as generators of surges
and waves. In a similar way, precipitation plays a major role in the generation of river
discharges. Wind plays a direct rele, when one considers forces on ships and structures or
the effect on spray of breaking waves.

Other factors may be important as weil, though their role is not so obvious. In this sector, we
must mention visibility, which is important because any marine operation is seriously
hampered by fog. Temperature and humidity are important to equipment (cooling, corrosion),
but also tor hardening concrete.

Data are generally available in the national meteorological offices; measuring instruments
are easily available in the market

6.4 Geotechnical data

Required geotechnical data for a breakwater or closure dam certainly include all data
required to assess the bearing capacity of the subsoil, bath during construction and later on.
Stability of the works shall be ascertained during all phases. Further, one wants to predict
settlements as a function of time; in order to ensure that the required crest level is available
permanently. In many cases, the works will be accompanied by substantial dredging, so that
soil properties for this purpose must also be known. In case erosion or scour is expected to
occur, it is necessary to establish the resistance of the existing seabed against this threat.
Tabte 6-1, Required soit data for the evatuationof the geotechnicatlimit states (after the
CURlRWS Manualj7gives a good impression of the geotechnical failure mechanisms and
their relation with basic geotechnical data.

Geotechnical limit statcs
Macro Macro- Micro-
instability failure instability Geotechnical infonnation

Slip Lique- Dynamic Settle- Filter-
failure faction failure menls erosion Name Symbol

A A A A A Soil profile
A A A A A Classification/grain size 0
A A A B A Piezometric pressure I'
B B B A A Permeability k
A B B A B Dry/wet dcnsity p"p_.p_.Y=fl!:

A B Relative density, pcrosity 11ft..
A B B C Drained shear strength 1".<1>
A C Undrained shear strength s
B A Compressibility C,.C

A A Consolidation cocfficient I"

B B A A Moduli of clasticity as
B A A A In situ stress a

A B A Stress history OCR
B A A B Stress/strain curve es

A: Very imponant B: Important C: Less important

TéiJIe 6-1, Requi~ldk tor !heiauation of !hegeotechnicc6n~es------~--------~.,~.------------~



This means that for a major project always a general geological analysis must be carried out
to obtain a proper understanding of the geophysical and hydro-geological conditions. The
most important aspects that require attention are:
• Geological stratification and history
• Groundwater regime
• Risk of seismic activities.

Basic data can be obtained from the national geological services and in more genera I terms
from scientific libraries and universities. Most of the available information will refer to land,
and little to estuaries and sea. Such basic geological data will provide a general insight in
what can be expected in the area of interest Mostly it is insufficient for engineering purposes,
so that in any case additional soil investigations have to be carried out These investigations
may comprise of the following methods:
• Penetration tests (CPT or Spn to establish in-situ soil properties;
• Borings to take samples at various depths for further analysis in the Laboratory;
• Geophysical observations.

Those specific investigations are expensive and difficult, because they must be done at sea,
under the direct influence of tides, waves and currents. This makes any penetration test or
boring to a time consuming and risky affair. Therefor there is a tendency to limit the number
of such local tests. This imposes the risk that discontinuities in between the measuring
locations will not be recognised.
That is the reason to combine such local observation with a geophysical survey. The
geophysical survey uses electro-resistivity, electro-magnetic and seismie techniques to
obtain a continuous image of the soil conditions in the tracks sailed with a survey vessel.The
disadvantage is that there is mostly no direct link between measured data and the
geotechnical soil properties. Combination of geophysical survey and point measurements
eliminates the disadvantages of both. The geophysical data ensure that no discontinuities
are overlooked, while the boreholes and penetration tests provide the link with the actual
engineeringpropertiesof the soil.

bie 6-2, In situ test methods and their perceived applicability (after CURlRWS publication
169, ives a complete viewof the available in-situtest methodsand their applicability.

Si1c-invcstisation mcthods
Geophysical mcthods Penetranonrncthods Boring»
(Section C. I) (Scction C. 1.2) (Scction c.1.:1)

Conc Piezo Stand. held Prcss. Dilaio Undisi.
pcnctr. conc penerr. vanc meier meter samples Moni-

Elect r, Elcct ro- lest ICsi tesl test test lest Disl. +Lab. ring
Seismie rcsist. magnetic nucle ur (CPT) (CPTV) (SPT) (VST) (PMT) (DMT) samples tests wclls

Suil proliJc C C C A A A B B A A A
Classilkation B B B R B B A A
Piczometric pressure A R A
Pcrmcability B B C A C
Dry/wel dcnsily A C C C c A
Rclativc/dcnsity B B B C c- A
Friction anglc B B B c C C A
Undr. shear Slrcnglh B B C A B B A
Compressibility C C c C A
Ratc of consul idat ion A A A C
Moduli of clusticity A B B B B B ti A
In-situ stress C C C B B A
Stress history OCR C C C B R B A
Slrcss/strain curve C B B C A

Ground condinons
Hard nx:k A A A A A A C
Suft mek-lil). cie. A A A C C C A C A A A
Gravel A B A A C C B B A C A
Saod A A A A A A A B A A C A
Sill A A A A A A B B B A A A A
Clay A A A A A A C A A A A A A
Peut-orgun ies C A A A A A C B B A A A A

: High applicabiliry B="noderdle applicability C: Limited applicability

TabIe 6-2, 1"mrl-est1I1etoodsand theirperceiv~icability /------ _/_-



6.5 Construction MateriaIs, Equipment, Labour

6.5.1 Construction Materials

The most important construction materials for closure dams and breakwaters are quarry
stone and concrete.

A Quarrystone
Quarry stone is natural rock, obtained trom quarries. Basically, there are three or four
different types of quarries:
• Commercial quarries forthe production of omamental tiles (marbie, etc.)
• Commercial quarries tor the production ot fine aggregates for concrete, road

construction, etc.
• Commercial quarries tor the production of large size rock tor hydraulic engineering
• Dedicated quarries tor the same

It is evident that the quarries tor omamental stone are not relevant tor our purpose. The
quarries for the production of aggregates are in genera I not suited to supply the size ot stone
required for large hydraulic engineering projects. The fine material can be used, however, as
filter material.
In some parts of the world, where a regular demand exists for larger size stone, some
quarries have specialised in this field. They offer stone in standard weight categories, mostly
according to the national standards of their customers. Such quarries exist tor instance in
Belgium, Germany, Norway, Sweden and Scotland.
The relevant properties are generally known and listed in catalogues.
The situation is different it a large project is to be executed in an area where no such
quarries exist In that case, a rock formation has to be found that can be used to open a
dedicated quarry, specifically tor the project. The tollowing data should in anycase be
obtained:
• Specific weight and density of the material
• Durability in air and in (sea) water
• Resistance against abrasion
• Strength (tensile and compressive)
• Maximum size that can be obtained and distribution curve.

In general, these data are so important that it is worthwhile to employ a specialised group ot
geologists to find a suitable location tor a quarry. It is even recommended to carry out one or
more test blasts before a final decision is taken to open a quarry. Apart trom the technical
data on the rock, it is necessary to be sure that the quarry operation can be started trom a
social, environmental and legal point ot view. Since quarry stone and quarries are quit~
essential for any major hydraulic engineering project, more details are provided in Annex 1. •

B Concrete

Specifically when a large project is to be executed in a remote area, it is essential to be sure
of the quality and availability of other construction materials as weil. For closure dams and
breakwaters, it is hardly possible to avoid the use of concrete. It is therefore recommended
to collect data on the availability and quality of cement, aggregates, water and reinforcing
steel. It is also essential to study the climatological conditions to see if special measures are
required tor curing the tresh concrete.

In this respect it is also important to know of any local codes and standards, and if the
obligatory sections thereot are not intertering with our own quality assurance.



6.5.2 Equipment

There is a large mutual influence between the design of a breakwater or closure dam and
the construction method. In the same way, the equipment to be used depends largelyon the
construction method and vice versa.

In a similar way, during the design stage, questions of maintenance and repair shall be
discussed. Do we rely upon regular inspection and maintenance, or do we opt for a more or
less maintenance tree structure?

This leads all to the main question whether we will try to use locally available equipment, or
whether we mobilise the required heavy equipment trom elsewhere? In case we want to use
local equipment it is necessary to obtain a detailed insight in quality, capacity and cost of
such equipment In case we decide to mobilise the equipment, the questions are how we
can get the equipment to the location, and whether there are any restrictions on (temporary)
import Local conditions play a rele like temperature (cooling of engines), dust (capacity of air
filters), quality of fuel and lubricants, etc.

6.5.3 Labour

When planning a large project, it is also essential to know whether there is a skilled local
labour force, and whether it is allowed to employ skilled and partly skilled expatriate labour. In
many cases special facilities are to be provided for the accommodation of personneJ. Such
facilities shall be available right trom the start of the actual construction. Poor working and
living conditions will have a strong negative influence on the quality of the work.
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7. Stability of randomly placed Rock Mounds

7.1 Introduction

A1though the stability of individual stones on a slope under wave attack is certainly not the
only criterion for the proper functioning of a rubble mound breakwater, it is a subject that
deserves a lot of attention. This is because many breakwaters failed due to a defective
design in this respect

7.2 Historie Review

7.2.1 General

As indicated in chapter 3, breakwater design was for many years a question of trial and error.
It was short before WW 11that lribarren in an attempt to understand the influence of rock
density developed a theoretical model tor the stability of stone on a slope under wave attack.
lribarren continued his efforts throughout the years until his final publication on the subject at
the PIANC conference of 1965 in Stockholm.

In the mean time, in the USA, the US Arrny Corps of Engineers had developed a keen
interest in the stability of breakwaters, and long series of experiments were carried out by
Hudson at the Waterways Experiment Station in Vicksburg.

Where lribarren focussed on a theoretical approach, assisted by same experiments, Hudson
concentrated on collecting a large data set trom hydraulic model experiments to derive
conclusions trom an analysis of those data. In bath cases, experiments were carried out
using the then standard techniques, i.e. by subjecting the models to regular, monochromatic
waves.

The experiments comprised the construction of an infinitely high slope, covered with stones
of a particular weight and density. The slope was then exposed to a wave train with waves of
a particular height and period, starting with lowwaves and increasing the height in steps, until
loss of stability of the stones was observed. It must be kept in mind that loss of stability is not
a clearly defined phenomenon. There is an amount of subjectivity involved, in particular
because the loss of the first stones may not de attributed completely to the wave action, but
at least partly to the accidental position of the stone after construction. In the fOllowing, the
work of lribarren and Hudson will be explained in more detail.

7.2.2 lribanen

lribarren 1,2,3,4,5,6 considered the equilibrium offorces acting on a block placed on a slope.
Since the considerations of lribarren referred to forces, the weight of the block W is
introduced as a force, and thus expressed in Newton. (It is goed to realise that in literature,
one finds the block size indicated by weight or by mass.)

The farces ac.tiJ1gon a unit, positioned on a slope under an angle ex, are (Figure 7-1 s

Equilibrium ofh5rces after lribarren):

• Weight of the unit (vertical downward)
• Buoyancy of the unit (vertical upward)
• Wave force (parallel tot the slope, either upward or downward)
• Frictional resistance (parallel tot the slope, either upward or downward, but contrary to

the direction of the wave force)

7·1



Fwave

(W- B) cos a.

-Figure 7-1, Equilibrium of trees after lribarren

lribarren resolved these forces into vectors normal and parallel to the slope. Loss of stability
occurs if the friction is insufficient to neutralise the other forces parallel to the slope.

The parameters are:

W
B
W-B
V
a.
1.1.
Pr
Pw
Ll
H
Dn
Fwave

= weight of block
= buoyancy of block
= submerged weight of block
= volume of block
= angle of slope
= friction coefficient
= density of block (rock)
= density of (sea) water
= (Pr - Pw)/ Pw
= wave height
= characteristic size of stone = V1f3

= wave force

[N]
[N]
[Ni
[mj
[-]
[-]
[krnlm1
[km/m1
[-]
[m]
[m]
[N]

lribarren assumed a set of simple relations between Fwave,Dn, H, pand 9 as follows:

and

2Fwave= Pw·g·Dn .H (7.1)

W - B = (Pr - Pw)Dn3 •••.••.••.•••.•••......................•.•.....•..•...•. (7.2)

3W = p.D; (7.3)

It must be mentioned here that these relations are subject to criticism, since they are too
simpie. It must be expected that the shape of the block and the period of the wave play a
role. Further, the relation between the wave force and the wave height and stone size point
at a dominance of drag forces, whereas acceleration forces are neglected.

Nevertheless considering the equilibrium for downrush along the slope, this leads to a
requirement for the block weight:
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W;::: /j? (JJ cosa _ sin a)3 (7.4)

For uprush, the formula changes into:

W;::: /13 (JJ cosa + sin a)3 (7.5)

N is a coefficient that depends (a.o.) on the shape of the bleek, the value must be derived
trom model experiments. The friction factor Il can be measured by tilting a container filled
with bleeks and determining the angle of intemal friction.

In Iribarren(1965), recommendations we given for values of N and Il. The most important
values are given in Table 7-1 , Coefficients fot lribarren fonnula.

Type of bleek Downward Stability Upward Stability Transition slope
between upward

(Il~ (IlCOS a + sin a)3 and downward
stability

J.L N u N cota
Rough angular 2.38 0.430 2.38 0.849 3.64
quarry stone
Cubes 2.83 0.430 2.83 0.918 2.80
Tetrapods 3.47 0.656 3.47 1.743 1.77

• Table 7-1 , eoëffldentsfcflribarren~ulat: ~,
It must be kept in mind that the coefficient N represents many different influences. At first, it
is a function of the damage level defined as "Ioss of stability". It further includes the effect of
the shape of the bleeks, but not the intemal friction, because this is accounted for in the
separate friction coefficient Finally, it covers all other influences not accounted for in the
formula.

7.2.3 Hudson

Since 1942, systematic investigations into the stability of rubble slopes have been pertormed
at the Waterways Experiment Station in Vicksburg, USA. On the basis of these experiments,
Hadson" 8. 9 proposed the following expression as the best fit for the complete set of
experiments:

Pr·g·H3W;::: 3 (7.6)
11 .KD.cota

The formula is applicable for slopes not steeper than 1 : 1% and not flatter than 1:4.

The coefficient Ko represents many different influences just like the coefficient N in the
formula of lribarren. At first, it is a function of the damage level defined as "Ioss of stability". It
further includes the effect of the shape of the blocks and the intemal friction. Finally, it covers
all other influences not accounted for in the formula.
Recommended values tor Ko have regularly been published and updated by the Corps of
Engineers in the Shore Protection Manual. Subsequent editions of this manual thus reflect
the changing insight over the years.
In the 1977 edition 10, the wave height H is defined as the significant wave height Hs, and the
values for the most common types of blocks are given in Table 7-2, Ko Values
recommended given in SPM 1977:
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Number Structure Trunk Structure Head
Type of block Of Layers Ko Ko

(N) Breaking Non Breaking Non
Wave breaking wave breaking

wave wave
Rough angular quany 1 2.9 2.3
stone
Rough angular quany 2 3.5 4.0 2.5 2.8
stone
Rough angular quany 3 3.9 4.5 3.7 4.2
stone
Tetrapod 2 7.2 8.3 5.5 6.1
Dolos 2 22.0 25.0 15.0 16.5
Cube 2 6.8 7.8 5.0

·There is a slight variation of recommèr'lded Ko value for different slopes
-Use of single layer is not recommended under breaking waves

Table 7-2, Ko Values recommended given in SPM 1977

In the 1984 edition 11, following a number of dramatic failures of rubble mound breakwaters, it
is recommended to use H1O,the average of the highest 10 percent of all waves. This is equal
to 1.27 Hs.

Number Structure Trunk Structure Head
Type of bleek Of Layers Ko Ko

(N) Breaking Non Breaking Non
Wave breaking wave breaking

wave wave
Rough angular quany 1 2.9 - 2.2
stone
Rough angular quany 2 2.0 4.0 1.6 2.8
stone
Rough angular quany 3 2.2 4.5 2.1 4.2
stone
Tetrapod 2 7.0 8.0 4.5 5.5
Oolos 2 15.8 31.8 8.0 16.0
Cube 2 6.5 7.5 5.0

·There is a slight variation of recommended Ko value for different slopes
-Use of single layer is not recommended under breaking waves

Table 7-3, Ko Values recommended given inSPM 1984

Be careful: probably too conserveiive!
A comparison between Table 7-2, KD Values recommended given in SPM 1977 and Table
7-3, KD Values recommended given in SPM 1984 shows a much more conservative design
recommendation in 1984. Not only have the values of Ko been changed, but also the
replacement of Hs by H10 is quite a dramatic change, certainly if one realises that the wave
height appears with a third power in the Hudson forrnula. This results in the opinion of many
designers in a too conservative approach!

Hudson defines the Ko value for initial damage: 0-5% of the bleeks in the armour layer. He
counts the number of bleeks trom the centre of the crest down the outer slope to a level
equal to the "no-damage wave height", HD=O,below still water level. It is important, however,
to know what happens when the wave height is larger than the zero damage wave height, in
other words, when the structure is overloaded. The Share Protection Manual gives data for
various types of armour units and various levels of over-Ioading. These data are summarised
in Table 7-4, Damage due to over-Ioading.
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Unit Damace (D) in percent
0-5 5-10 10-15 15-20 20-30 30-40 40-50

Quarry 1.00 1.08 1.14 1.20 1.29 1.41 1.54
stone HlHD=()
smooth
Quarry 1.00 1.08 1.19 1.27 1.37 1.47 1.56
stone HlHD=()
rouoh
Tetrapo HlHD=() 1.00 1.09 1.17 1.24 1.32 1.41 1.50
d
Dolos HlHD=() 1.00 1.10 1.14 1.17 1.20 1.24 1.27

Table 7-4, Damagedueto over-loading

Be careful, damage due to breaking of units not included
Damage percentage è30-40 often means fai/ure

7.2A Comparison of Hudson and lribanen fOnnulae

When comparing the fonnulae of lribarren and Hudson, the difference appears to be greater
than it in tact is. The influence of wave height, rock density and relative density is equal. The
coefficients are different, but can easily be compared. The main difference occurs in the
influence of the slope. A comparison of the two expressions within the validity area of the
Hudson fonnula (1.5 < cot Cl <4) reveals that a proper choice of coeffieients leads to a minor
difference between the two formulae only. It is evident that for very steep slopes (close to the
angle of natural repose) Hudson can not give areliabie result. It is also likely that for very flat
slopes waves will tend to transport material up the slope, which was not considered by
Hudson at all.

This becomes clearer when one takes the third
expression changes then to: , 7

FOc.t ot
Hudson: ' •

root trom bath formulae. The stability

lribarren:

K -x= ---:::D===so Vcota
H Nt;

= -----. - (7.7)
/)J) f.1 cosa± sma
H

The coefficients in the fonnulae are a sort of dustbins for all kind of unknown variables and
unaccounted irregularities in the model investigations. Variables brought together in the
Coeffieients Ko and Nare:

• Shape of the blocks
• Layer thickness of the outer ("arrnour") layer
• Manner of plaeing the blocks
• Roughness and interlocking of the bloeks
• Type of wave attack
• Head or trunk section of the breakwater
• Angle of incidence of wave attack
• Size and porosity of the underlying material
• Crest level (overtopping)
• Cresttype
• Wave period
• Shape of the foreshore
• Accuracy of wave height measurement (reflection!)
• Scale effects if any

In view of this, one can not expect a large consistency in reported values of Ko. In fact, there
is a tremendous scatter in the results, and this is no surprise. For the designer it means that
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he shall be extremely careful when applying the formulae. In the application, one must
realise what influence uncertainties have on the final result This applies for the selection of
the coefficients, but also for the choice of wave height and relative density. Small changes
have a large influence on the required block weighl

Sinee there is no basic differenee between the two formulae (as long as one applies the
Hudson formula within limits for the slope), one can work with either formula. Many designers
prefer the Hudson formula because it is a little simpier to use and because there are far
more experimental data on the coefficient Ko thanon the lribarrencoefficients.

7.2.5 Application of Hudson fonnula

The Hudson formula gives the designer a clear picture of available means to improve the
stabilityof the arrnour layer,and theireffectivity:

Increase of Pr
This can be done by selecting rock trom a differentquarry, or by producing concrete with
heavy aggregates. Becauseof the influeneeof Ll,it is very effective.

Increase W
When natural rock is used there is generally a maximum block size that can be obtained
trom a quarry. When concrete units are used, one must take into account that very large
units pose problems of structuralstrength.

Decrease s/ope
Be careful, the volume of material increasesrapidly.Toe flat slopes may leadto upward loss
of stability, not covered by the Hudsonformula. The method is only used for armour layers
consisting of quarry stone. By flatteningthe slope, it may be possible to use cheaper local
material, so that the extravolume of material is cornpensated.When concretearmour units
are used, it can easily be demonstratedthat it is alwaysmore economic to applythe steepest
possible slope (::1:1~5).

Grout smaller blocks together with asphalt
This method has been used at the breakwater in Ijmuiden, and at several locations in the
Nethertands. Special care is required to avoid uplifting of grouted layers due to pressures
building up under the armour layer.12

Increase KD by using specially shaped interlocking blocks
The most effective blocks shapes are the very slender blocks like Ooios. Because of
breakage, their use is limited to smaller sizes. This reduces the applicability. It must be
realised that special bleek shapes are costly because the higher cost of the moulds, the
labour intensive use of themoulds, the difficultieswhen handlingand stackingthe blocks.

The use of all kinds of specially shaped concretearrnour units has become quite popular.
There has been aperiod that no self-respectinglaboratoryor consultant coulddo without his
own armour unit.

This startedwith the developmentof TetrapodsbySogreah; itwas followed by (a.o.)Akmon,
Ooios, and many others. The mem of the Tetrapod was that it demonstrated that by
intertocking a Ko value could be obtained that was about twiee as high as the values tor
quarry stone, thus leadingto half theweight. The disadvantagewas the complicatedshape,
requiring an expensive mould. Since a patent protected the shape, royalties levied by the
inventor consumed partof the potentialsaving.This resulted in a Outch initiativeto developa
similar unit, and to levee no patent rights. This resulted in the Akmon unit, yielding about
equal Ko factors as theTetrapoetComplexityofthe mouldwas similar, however.

Following the developmentof the Akmon, Zwambom in S. Africa attempted to maintain the
basic shape of the Akmon, but to further increasethe porosity by making the legs more
slender. Initially, this was very promising,yieldingKo values of 20 and higher.At the same
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time, the sizes of vessels were growing, requiring longer breakwaters, extending in deeper
water with higher waves. This resulted in the design of some breakwaters (Sines, Portugal is
the most striking example) with very large unreinforced units. In a very short period
thereafter, a large number of breakwaters failed. It appeared that the mechanical strength of
the concrete was insufficient to resist the forces, specifically during rocking of the units
against each other. This had never been investigated in a model, and if it had done, it would
have had no result,becauseof scale eftects.

It has been recommendedin the mean time to adapta more conservativeapproach,and to
prevent rocking for slender units larger than 20 to 25 tons. Another developmentwas to
avoid the use of slenderunitsand to rely upon simplecubes. Althoughthe requiredweight is
larger than for the more sophisticated shapes, considerabiesavings are achieved on the
cost of moulds, the cost of casting, the storage and the handling. Most recently,Sogreah
developeda massiveblock, theAccropod®, which can be used in a single layer,provided it
is carefullyplacedina certainpattem.

An impressionof the best known blocks can be obtained trom Figure 7-2, Tetrapod, Figure
7-3, Akmon, Figure 7-4, Dolos and Figure 7-5, Accropod.

VOLUMEOF INOIVIOUALARllOURUNIT - 0.280 H)

wher.:
A-0.)02H
•• 0.151 H
e - O.~77 H
o • O.~70 H
E-0.2)SH
F _ O."'~ H

G-0.21SH
H _ O-erall dl.enslon of unit
I • 0.606 H
J-O.)O)H
• - 1.0'1 H
L • 1.201 H

Flgure 7-2, Tetrapod

VolUDe of block 0.280 h3

..Ult'l,._J ·
FigureJ-AA.roon
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VOLUME OF INOIVIOUAL ARHOUR UNIT. 0.16 C3
where:

A • 0.20 C
8 - 0.32 0
C - Overall dimension
o - 0.057 c

J
Rgure 1«'DoIos

",
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7.3 lnegularwaves, Approach of VanderMeer

7.3.1 General

Between 1965 and 1970, the first wave generators were developed that could generate
irregular waves according to a certain predefined spectrum. Model tests in the first years
were aimed at ad-hoc investigations. Several researchers attempted to overcome the
shortcomings of the Hudson approach by introducing more variables. Initially, their results did
not point in the same direction. In his PhD thesis at Delft University in 1988, van der Meer13
succeeded in presenting an approach based on irregular waves that has gradually been
accepted throughout the engineering community.

In the first place, he used a clear and measurable definition of damage. Initially, this was
expressed by the parameter

s= fn2 n50 (7.8)

inwhich
A = the erosion area in a cross section in

Dn50= (W;;J~
W&;
Pr

= average mass of arrnour stones
= density of arrnour stone

[m]

[kg]
[kg/m1 c.(O~

.G.J-cp·
For a definition sketch one is referred to Figure 7-6, Damage(S)based on ~n area (A).
The area A is often measured using a rod with a half sphere of a certain size attached to it

___ Inltlal slop.

_____ profile aft.r 3000 wm~.s

1.0r----------------------------------------,

,..•

."

SWL
0.8r------,=a __----------------~~~~----~....

81"'0s10" area. A .....'............•...........
".......'..'..............

// 2
..•..••• dellla.S_S = AID "SO..'......

0.2 ~--~ .._.--~------~--------~------+_------~
1.0

0....

dl.ta.no. C.)

Figure7pamage(S) based on~iJrea (A)
(
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The erosion in the area A is partly caused by settlement of the rock profile, partly by removal
of stones that lost stability
Since the erosion area is divided by the area of the armour stone, the damage S represents
the number of stones removed trom the cross section, at least when porosity and shape are
not taken into account In practice, the actual number of stones removed form a strip with a
width of Dn50 is between 0.7 and 1.0 times S.

If the armour layer consists of two layers of armour units, one can define limits for acceptable
damage and failure. These limits are more liberal for flatter slopes, since in that case, the
damage is distributed over a larger area. Critical values for S are given in Table 7-5,
Classification of damage levels S for quarry stone.

Slope Initial Damage Intermediate Damage Failure
(needs no reoair) (needs repair) (core exposed)

1:1.5 2 3-5 8
1:2 2 4-6 8
1:3 2 6-9 12
1:4 3 8-12 17
1:6 3 8-12 17

TabIe 7-5,ClassificationuIA I~vels S tor quany~one

At a later stage, the definition of damage has been adapted slightly. A value N is defined,
which is the number of units displaced trom one strip of the breakwater with a width of DnSQ.
The relation with S is established via the porosity. When the number of displaced units is
counted, the settlement of the mound is omitted trom the considerations of damage. The
number N is often used when studying stability of armour layers consisting of concrete units.

Van der Meer choose to express the stability in terms of HJLlDnSQ,and then investigated the
influence of several parameters that he considered relevant. We discuss these parameters
briefly.

Waveperiod
Van der Meer assumed the effect of the wave period to be connected with the shape and
intensity of breaking waves. He therefor used the lribarren parameter

ç = tan1..;; (1.9)

in which

s = 2nJ-11gr (1.10)

Using the characteristic values for irregular waves at deep water Hs and Tp or Tm,this leads
to the use of Çsop and ~ respectively.

It must be noted that the value of Hs in the expression HJLlD is measured at the location of
the toe of the structure, after elimination of any wave reflection.

Contrary to Hudson and lribarren, Van der Meer found a clear influence of the storm
duration. The longer the storm, the more damage. This can easily be explained by the model
technique. Hudson and lribarren used regular waves. A longer duration of the test series did
not change the wave attack on the structure. In an irregular wave field, a longer storm
duration leads to a higher probability of occurrence of extremely high waves. Apparently
these extremely high waves are responsible for an ongoing damage.

Van der Meer finds further a certain influence of the permeability of the breakwater structure
as a whoie. He expresses this permeability in a factor P, for which he indicates values based
on aglobal impression of the stone size in subsequent layers (Figure 7-7, Permeability
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coëfficients for various structures).

r-:=::I tig a

~
r=::l fig. b

~

110""
110CO...

o"lONO,.IOF :2
0,,50 F/DnIOC : ~

r:::::I tig. c

~
r=-=l tig d

~

0.50" = nominaJ diameter or _ stene
o"lOF : nominal diarMt8t' of filter I'I"IIIt.rial
o...aC • nominal diame'ter or -

Figure vr:Permeabilit}(á;lëfficients tor VariOU~tructures,
7.3.2 Quany Stone

After extensive curve fitting, van der Meer concludes than that for quarry stone, the stability is
ruled by:

For plunging waves: For surging waves:

H ()0.2-_.,_ = l.Op-o.!3 SI .Jcota.ç;
tillnSO I JN

The transition between plunging and surging waves can be derived by intersecting the two
stability curves, which yields:

1

;mcrit = [6.2p0.31.Jtana ]P+O.s (7.12)

Depending on slope and permeability, the transition lays between ~ =2.5 and 4.
The reliability of the formula can be expressed by giving the relative standard deviation cr/IJ.
(in percent) for the coefficients 6.2 and 1.0. These relative standard deviations are
respectively 6.5% and 8%, as compared to a reliability of the Hudson formula of 18%.

7.3.3 Concrete Bloeks

When testing armour layers of artificial material, like concrete, it makes no sense to vary the
slope of the breakwater. Since the block weight is not so strictly limited as for quarry stone
(the quarry has a clear maximum block size), it is much more effective to increase the block
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weight than to flatten the slope. This makes using the Iribarren number Ç, in a forrnula less
realistic, since this expresses the influence of both, wavelength or period and slope.

Since the mechanical strength of the concrete bleeks may play a role, it is useful to
distinguish damage due to actually displaced units (their number is indicated by Nod, and
damage due to bleeks that might break because they are reeking against each other (their
number is indicated by Nor).
The total number of moving units, Nomov = Nod + Nor.
The value of Nod is compatible with the value of S, apart from the influence of porosity and
settlement S is about double the value of Nod.

Forvarious frequently used bleeks, Van der Meer gives the stability14.He makes a distinction
between displaced bleeks and moving bleeks. The difference appears to be a reduction of
the stability number with 0.5. The scatter of data for cubes and Tetrapods is norrnally
distributed with a relative standard deviation cr/IJ.= 0.1.
Note that Dnis the nominal diameter of the unit, or the cubic root of the volume. For various
bleeks this leads to:

Cubes
Tetrapods
Dolos
Accropod

Dn= equal to the side of the cube
Dn= 0.65D id D is the height of the unit
Dn= 0.54D id D is the height of the unit (waist ratio 0.32)
Dn=0.7 D id Dis the height of the unit

Similar to the damage levels for quarry stone, damage levels can also be classified for
concrete units as in Table 7-6, Classification of damage levels Nod and Nomov for quarry
stone.

Bleek ~Iope Relevant ~tart Initial Interrnediate Failure
N-value jofDamage Damage Damagerrype needs (needs repair) (core

no repair) ~~sed~
lCube 1:1.5 Nod Q 10-0.5 ]Q.5-1.5 >2
rretrapod 1:1.5 Nod· ~ ~-0.5 ~.5-1.5 >2
< 25 ton
[Ietrapod 1:1.5 Ncmov ~ 10-0.5 ~.5-1.5 >2
>25 ton
Oolos 1:1.5 Nod p 0-0.5 ~.5-1.5 p.2
< 20 ton
Dolos 1:1.5 Ncmov p 0-0.5 0.5-1.5 r.>2
> 20 ton
!Accropod 1:1.33 p.0.5

Table 7-6, Classification of€}. I~vels Noo and Narov tor quarry.{tone

Cubes

H (N o.4 )s ~ -QI
W = 6.7 NO.3 +1.0 som

T.etrapods

H (No.4 )S omov -0.1W = 6.7 NO.3 +1.0 Som - 0.5 ....(7.13)

H
(

N o.S )s ad -0.2W = 3.75NO.2S +0.85 Som H (N0'S )S omov -0.2W = 3.75 NO.2S +0.85 Som -0.5 ....(7.14)
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Dolos

The stability of 00105 was investigated by Hol1zhausenand Zwambom (1992)15, with the
following result:

[ ]

5.26
H 3 20s0.45

N od = 6250 l1o.74~n sopW, op + E (7.15)

inwhich

Wr =Waist ratio of the dolos
E = Errorterm

The waist ratio has been made a variabie in the dolosdesign to enable the choice of a less
slender shape with less chance of breaking.Waist ratios are between 0.33 and 0.4. The
error term Erepresents the reliabilityof the formula. It is norrnallydistributedwith a mean
value equal to zero, and a standarddeviationcr(E): -

[ ]

3.32

O"(E) = 0.01936 110~~n (7.16)

Accropode

The Accropode unit is applied in a single layer at a slope 1:1.33, according to the
recommendations of SOGREAH.The recommendedplacingmethod is giveninAnnex 3, on
the basis of documentsprovidedby Sogreah.

Van der Meer finds no influenceof storm durationand wave period for these units. Instead,
he defines:

Start of damage,Nod = 0 at Hs = 3.7 (7.17)s»,

Failure, Nod >0.5at Hs = 4.1 (7.18)
Wn

The values 3.7 and 4.1 may be consideredas stochasticvariableswith a standarddeviation
~02. '
It is clear that failure occurs at a wave height that is only slightlyhigher that the wave height
which is connectedto "startof damage". In this way,a built-insafetycoefficientthat applies to
all rubble mound breakwaters is not valid for the single layer Accropod. Van der Meer
recommends thereforeto includea safetycoefficientand to use as a designvalue:

Design: Hs = 2.5 (7.19)
Wn
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7.4 Special Subjects

7.4.1 General

Wrth respect to the stability of stone on a slope under wave attack, the basic elements have
been discussed in the previous paragraphs. There are, however still some subjects that
need further attention in order to fine-tune a structural design.
These subjects will be treated here in the subsequent sections.

7A.2 Shallow water conditions

It has been indicated in chapter S. thát in shallow water, when waves are breaking, the
Rayleigh distribution is no longer valid. In deep water, the wave height exceeded by 2% of
the waves is about 40% larger than the significant wave height H2"A.= 1.4 Hs. In shallow
water, this ration may drop down to a value between 1.2 and 1.3.

When considering the effect of shallow water depth on the stability of armour units on a
slope, one can assume that the highest waves yield the most important contribution to the
damage. One could therefore re-write the Van der Meer formulae for quarry stone by using
H2"A.instead of Hs.The formulae then become:

For plunging waves: For surging waves:
(? 2 I )

H2% =8.7P0.18(S/ )0,2 1/
MJnSO / JN / Jf:

Note that ç is not changing, since the wave steepness is always measured at deep water!

If one is sure that H2"A.is reduced due to breaking, it is possible to account for this fact by
using the re-written formulae and substitute the actual value of H2"Io.It is stressed, however
that even if extensive breaking has been observed at the location of the breakwater, the
conditions may be different during the design storm as a result of higher water levels (storm
surge) or a lower bed level (erosion and scour).

7A.3 Shape of Quany Stone

Hudson indicated already by varying values of Ko, that the angularity of quarry stone has an
influence on stability. Latham et al. (1988)16 investigated the influence of the shape of
individual stones on their stability. They used designations like "fresh", "equant", "semi
round", "very round", and "tabular". As compared with "standard" quarry stone, the coefficient
in the van der Meer formula changes slightly as shown in Table 7-7, Effect of stone shape on
stability. .

Rockshape Plunging waves Surging waves
ElongatefTabular 6.59 1.28
lrreoular 6.38 1.16
Equant 6.24 1.08
Standard v.d.Meer 6.2 1.0
Semi-round 6.10 1.00
Very round 5.75 0.80

Table7-7, Effectof~one It!ape on~bility
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For a visual impression of block shapes, one is referrecl to Figure 7-8, Visual comparison of
Block shapes (from CURICIRIA Manuat).

ElongatelTabular (ET)
p,>O.015

Irregular (IR)
Pr=O.013-O.015

Equant (EQ)
Pr=O.011-O.013

Semi-Round (SR)
Pr=O.OO9-O.011

Very Round (VR)
Pr<O.OO9

Fi~, vlSuaemparison of BlockShapes (trom CUR/CIRIAManuaP)

1-- :}

Similar investigationshavebeencarrieclout byG.Burger17in hismaster's thesis. He
indicatesa relation betweenstabilityand Vdratioof the quarrymaterial.
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7.4.4 Grading of Quany Stone

When quarry stone is purchased trom a commercial block stone quarry, gradation is usually
according to national standards

Converting mass into diameter is done on the basis of the well-known D, (nominal diameter)
methoc:!:

Dn =v% (7.21) L.

In the Netherlands, such standardised grading are:

Mass

10-60 kg
10-200 kg
60-300 kg
300-1000 kg
1000-3000 kg
3000-6000 kg
6000-10 000 kg

0.16-0.30 m
0.16-0.43 m
0.30-0.49 m
0.49-0.72 m
0.72-1.04 m
1.04-1.31 m
1.31-1.55 m

If the stone is classified according to sieve diameter, one can determine Ds. Although sieving
is not a practical method for the larger stones, one can establish a genera I relation:

On= 0.8D$ ~ 7. 2J
The grading of a stone class is often defined as OàSlD15.Common values are:

Type of grading

Narrow
Wide
Very wide (quarry run or riprap)

<1.5
1.5-2.5
2.5 - 5 and more

Stability is usually investigated for normal wide grades. Very wide grades will result in slightly
more damage than narrow and wide gradings. The very wide gradings can, however easily
lead to demixing, so that it is difficult to effectively control the quality of stone delivered.

7.4.5 Stability of Toe

It is certainly not necessary to extend the armour layer over the tuil water depth right to the
seabed. The Shore Protection Manual gives some rules of the thumb, indicating that the
armour layer shall extend to about a wave height below still water level. The armour layer
shall than be supported by a toe, for which the same Manual gives an indicative stone weight
of 10% of the weight of the regular armour.

This approach is not very satisfactory, since one can imagine that the choice of a heavier
stone in the toe allows a higher position of the toe, whereas a smaller stone in the toe will
lead to a lower positioned toe.

Gerding 18 did useful work on this subject in his masters thesis. He investigated the relation
between unit weight of toe elements, toe level, and damage (Nod). His findings were
oonfirmed by the thesis work of Ms. Linda Doeters van Leeuwen\0 also varied the rock
density p, I
The final resultwasr V~. ~ r"j;~". ktop-l ni ,-r

7~7 Pte-l/j ~
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Critical values for Nod are:

Nod

0.5
1.0
4.0

Character of damage
Start of Damage
Acceptable Damage
Failure

These values apply for a standard toe, with a height of 2 to 3 D and a width of 3-5 D.
The validity range is further. ~~II..

0.4 < hlh <0.9
3 < hlDnso < 25

A definition sketch is given in Figure 7-9, Definition sketch toe stabilfty.

h

7.4.6 Breakwater Head

Figure~Definiti~etctt: stability

~ t·1
The head of a breakwater is relatively vulnerable since the curvature causes the armour
units to be less supported andlor less interlocking. In general, damage occurs on the inner
quadrants, which is understandabie if one looks at the 3D shape (Figure 7-10, Typical
damage Pattem Breakwaterhead).

Therefore, the head of a breakwater is often reinforced either by using heavier armour units
or by reducing the slope. An idea of the required measures can be obtained on the basis of
recommended Ko values trom the Shore Protection Manual.
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Wave attack

FlQure 7-10,

Neither of the structural solutions is ideal: heavier blocks are posing construction problems; a
flatter slope may cause a hazard to navigation.

7.4.7 Stability of Crestand RearAnnour

As long as the crest of the structure is so high that it prevents considerabie overtopping, the
armour units on the crest and the rear slope can be much smaller than the armour on the
front slope. The size is often determined by waves generated in the harbour basin by wind or
passing ships. Only in the vicinity of the harbour entrance, one must take into account waves
penetrating through the entrance.

In many cases, however, the crest will not be that high, and in design conditions considerabie
overtopping will take place. In some cases, the crest will be even below still water level under
such conditions.

This means a reduction in the direct attack on the front-side armour, and at the same time a
more severe attack on the crest and the inner slope. In this way, there is a relation between
the choice of crest level and the material on the crest and the inner slope.

There are insufficient data available in literature to indicate what is the critical crest level that
requires continuation of the armour layer over the crest along the inner slope to a level that is
weil below still water level. This is certainly the case for submerged breakwaters, it is
certainly not required if the crest level exceeds the significant run-up level. In between
engineering judgement and specific model tests shall bring the answer. In a limited study for
a breakwater with tetrapod armour layer, de Jong20 concludes that the worst condition for the
rear armour exists when the freeboard Re divided by the nominal diameter is between 0 and
1. (O<RJDn <1).

7.4.8 Stability of Low andSubmerged Breakwaters

- ~pal,~~.
One can discem basically two cases: a crest above still water level and a submerged crest.

LowCrest
Van der Meer derived a reduction factor for the armour size On. This reduction factor is: r-

1. '1. \
------,-. ,for 0 < Rp <O.052, (J24)
1.25 -4.8Rp

With:

R; = ~ ~ .....!7J.5} 'J 6 ,
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Application of this fonnula leads to a reduction in block size up to 80% of the original value if
the crest is at still water level. This is equivalent with a weight reduction of about 50%.

There is still research going on to distinguish damage for low crested breakwaters for front
slope, crest and rear slope. This work is not sufficiently conclusive to be included in a
textbook.

An exception is made for Oe Jong 20. He gives a special stability fonnula for a Tetrapod
armour layeron a low-crestedbreakwater.This fonnula is valid for the annour units on crest

andfrOntsl;: { (N ]0.5} ( -0.61..&..J 71-f1dn =s~;; (2.64kó +1.25)+8.6 J/i * 1+0.17e o, (J<261

Submerged Crest
When the crest is submerged, the wave attack is no longerconcentratedon the slope, but
rather on the crest itself.Van der meer re-analysedthe data of Givler and Sorensen(1986)
with the following result

1J
he ( )e -0.14N' . /' Lh = 2.1+ O,lS s •••••••••••••••••••••••••••••••••••••••••••••••••••• (7_}7)

inwhich

he = height of thecrest, measuredfrom the bottom
h =water depth,measured from the bottom
S =damage levelas definedearlier

N' (=~H, s~y,
s W p

nSO

and
s, = localwave steepness

7.5 Future Developments

In view of the relatively large scatter in the resultsof the stabilityfonnulae, and because of
the large influence of factors that are not present in the fonnulae (shape of foreshore and
others) it is still good engineeringpracticeto test a final designin a physicalmodel. In such a
model test, the structure must be exposed to wave loads higher than the design wave.
Preferably, the test shall be continued till failure of the structure,so that the safety margins
can be judged. Such model tests are quite labourintensive,and thereforequitecostly.

To overcome this problem it is possible to continue the kind of work that van der Meer
started. Bygeneralisingmodel investigationsit mustbe possibleto further improveand refine
the design fonnulae. Thiswill certainlybe done.

" ;....~~ Another development is a change in the type of modelstudies.By the increasingcapacity of
~~ computers it will become feasible to solve the Navier Stokes equations and calculate the

4 ~te:~ .m?vement in front of and in rubble moundstructures.At the moment this is already
. ~n a 10 approach, by solving the longwaveequations.This method is described by

van Genf1 in his PhD thesis. The model ODIFLOCS is available at Delft University of
~ Technology. Van Gent has calculatedthe reshapingof berm breakwatersusingthis model.
~

The next step wil! be a 20 approach, and progress in this direction is being made. This
opens the possibilityof studying the behaviourof rubblemoundstructureswith the aid of a pc
or workstation.
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8. DynamicStability

8.1 Introduction

In chapter 7, stability of bleeks on a slope was studied under the condition that the units
would be stabie. In principle, no movements were permitted. We have seen that this requires
heavy bleeks. Obtaining such heavy bleeks in quany stone is not always possible because of
geological limitations of the quarry. Casting the bleeks in concrete is complicated because
very large units are rather sensitive to breaking.

It has therefore been studied whether it would be possible to allow slight movements of the
armour stone, so that the shape of the outer slope can adapt itselt to the prevailing wave
conditions. It is evident that asteep slope will tend to become more gentIe. To maintain the
overall function of the breakwater, including the required crest level, one will have to provide
extra material. That is the reason that this type of breakwater is often called Berm Breakwa
ter, since the extra material is placed in a berm on the front side of the structure.

Application of extra material is only feasible when the cost of this mate rial is not too high.
This is the case when the quany is not too tar away trom the construction site of the break
water. Concrete units are never used in berm breakwaters, they are too costly and their sen
sitivity to abrasion is too large.

An added advantage of a berm breakwater is the tact that a wider gradation of material can
be used. It prevents expensive sorting operations in the quany. The wider gradation plus the
tact that the maximum stone size is limited makes it easier to bring the stone demand for the
design in accordance with the yield curve of the quany. In the most simple form, the quany
yield is split into maximum three categories: filter material, core material and berm material.

A1lowingthe waves to reshape the outer slope eliminates Öle need to bring this slope under a
specific angle. The contractor can dump the stone by truck and level it with a bulldozer,
leaving Öle slope under the angle of intemal repose. This again represents an important
saving on construction cost One must ascertain, however that a sufficient volume of mate
rial is used per running metre of cross section.

8.2 Seaward profiles

SWL

0.5 tana,
\
':--...
\ One ct tt-.!WOIines

gMIS me intersectJon
wrth !he inIIiII sIope
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Model tests on
slopes, which
are not stati
cally stabie,
have indicated
that a typical
profile is
formed ac-
cording to Fig
ure 8-1,
Schematised
profile for and
gravel
beaches
(From: van der
Meer 1990).



The characteristic dimensions can be expressed in terms of wave parameters:

/0 =O.041H,T.~ D~" (8.1)

Is = Ir = 1.8 Ie;- (8.2)

h, = 0.6 Ie;- (8.3)

As can be seen from Figure 8-1, Schematised profile for sand gravel beaches, the lntersec
tion point of the profile with the still water level determines the position of the newly formeel
slope. From this point, an upper slope is drawn under 1:1.8 and a lower slope under 1:5.5.
The horizontal distance Ic determines the position of the crest on the upper slope, the dis
tance Is determines a transition point on the lower slope. The actual slope in the zone of
wave attack is a curved line through the three points. Below the (Iower) transition point, a
very steep slope develops under the angle of natural repose <p. If the original slope was al
ready steep, the steep lower slope continues until the bottom. If the original slope was gentie,
the steep part continues until a level ht below SWL. From the newly formed crest, the equilib
rium profile connects to the original slope at a distance Ir(the run-up length).

The position of the intersection point with SWL is not known beforehand, but can be found
easily when one realises that the volume of erosion should be equal to the volume of accre
tion.

An example of slope development based on the formulae is shown in Figure 8-2, :/nfluence
of wave climate on a berm breakwater profile,.
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FlQure8-2, Influenceof~e&nate onaLm LakwaterRoo'e

When designing a berm breakwater, the designer can by trial and error change the width
and height of the berm in such a way that the core is always protected by at least a double or
triple layer of arrnour material. The trial and error work is made easier by the use of the soft
ware package "BREAKWAï ofWL IDelft Hydraulics.
In principle, two types of initial cross sections are useel, one with a berm at crest level, and
one with a berm slightly above MSL. In the latter case, the berm level is chosen at such a
height that trucks can safely drive over the berm.
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8.3 Longshore transport of stone

When a statically stabie breakwater loses armout units from the cross section, it is not rele
vant in which direction the units are moving since they are already accounted for as damage.
When armour units of a berm breakwater are moving out of their place, it is assumed that
they find another, more stabie position within the same cross section. This assumption is not
correct when the wave approaches the structure under an angle. In that case, the armour
unit may be transported over a certain distance along the breakwater. lts place may be filled
by another unit, originating from a profile a Iittle further upstream. In the end, this process can
not continue, since there will be a section which is eroded continuously. In that range, no
equilibrium profile is possible anymore.

That is the reason that one should not accept considerabie longshore transport along a berm
breakwater. Burcharth and Frigaard2,3 did some research in this respect, and they state that
longshore transport remains within reasonable limits if the armour size for berm breakwaters
is not taken too small. They recommend the following limits:

Trunks exposed to steep waves: HS s4.5 (9.4)
WnSO

Trunks exposed to oblique waves: HS s 3.5 (9.5)
WnSO

Breakwater Heads: _H....::_s_ s3 (9.6)
WnSO

Van der Meer has carried out similar tests and concludes that the number of stones trans
ported per wave along the breakwater S(x) is maximum for wave angles between 15 and 35
degrees. The transport is (according to van der Meer4):

S(x) =0 for Ho Top < 105 (9.7)

and

S(x) = O.00005(HoTop -105Y (9.10)

inwhich:

Ho = H. . and Top= T,~ g (9.11)
WnSO DnSO

8.4 Crest and rear slope

One of the design principles of a berm breakwater is simplification of the cross section.
Therefore, the armour on the crest and the rear slope is the same as on the front slope.
Since we have seen in the previous paragraphs that HJilDnSO should be in the order of 3 to
3.5, this applies for the armour on the rear slope as weil.

From model investigations by van der Meer and Veldmerï', it appeared that the crest level
determines the damage to the inner slope, with a slight influence of the wave steepness as
weil.



Start of damage: Re s~ = 0.25 (9.12)
Hs

Moderate damage: Re s~ = 0.21 (9.13)
Hs

Severe damage: Re ~ 0-Sop = .17 (9.14)
Hs

8.5 Head of benn breakwater

It is evident that wave attack on the roundhead of a berm breakwater shows similarities with
wave attack by oblique waves. As stated in~~-'~;~itis recommended to keep the value of H/ilD
limited to less than 3.

It is further a wise measure to supply an extra buffer of armour stone at the roundhead when
longshore transport is expected. The extra quantity in the buffer can either be created by in
creasing the height or the width of the berm. The buffer must, however, not become an ob
struction to safe navigation.
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9.1 Introduction

The problemof the stabilityof monolithicbreakwaters has not been solved in a satisfactory
and generallyaccepted way yet Researchefforts are underway, but have not resulted in a
generally applicable theory. Nevertheless, monolithic breakwaters are being built, and
designers do use practicalformulae. In this chapter, we will discuss a theoreticalapproach
and a practicalmethod developedin Japan.As the stabilityis a joint effect of wave laadand
subsoil resistance,same soil mechanicswill be discussedas weil. Next to the stabilityof the
monolithic breakwater, also some other aspects of wave structure interaction will be
discussed.

Becauseof the intense interest in manycountries,a rapid developmentof the knowledgeof
monolithic breakwaters must be expected, compatible with the evolution around rubble
mound breakwatersbetween1988 and 1993. For the reader it means that alwaysthe most
recentsoureesof literatureshall be consultednext to this studybock.

9.2 Wave forces and their effect

9.2.1 Quasi statie forces

In Chapter 5, lhe formula tor the pressuredistributionunder a wave accordingto the linear
wave theory has been given. On the basis of this formula, Sainflou1 (1928) developeda
method to calculate pressureson avertical wall by non-breakingwaves. Rundgren2 (1958)
carried out a series of model experiments and concluded that Sainflou's method
overestimatesthe wave force for steepwaves. Rundgrenthen used and modifiedthe higher
order approach as proposed by Miche3 (1944). This Miche-Rundgren method gives
satistactoryresults for steepwaves, whereas the original Sainflou-methodis best suited for
longand lesssteepwaves.

The main and important aspect of the Miche-Rundgren approach is the definition of a
parameterho,which is a measurefor the asymmetryof the standingwavearoundSWL. This
leads to pressure diagrams as shown schematically in Figure 9-1, Schematic Pressure
Distribution for non-breaking waves. • ;'\}

In this figurewd and P1 are givenby:

wd=pgh, and

PI - (1 ~ r ) cos~r-Yr) (9.1)

~1



The Shore Protection Manuar' gives design graphs for the calculation of hoas a function of
wave steepness, relative wave height (HIh) and reflection coefficienl It also gives graphs to
calculate integrated pressures and resulting tuming moments for crest and trough of the
wave.

This leads to a relatively simple load diagram (Figure 9-2, Load and Equilibrium Diagram,), in
which the horizontal hydrostatic forces on the front and rear wall have been omitted because
they eliminate each other. For stability, one must consider the resistance against translation
and the resistance against rotation. It is stressed here that the resistance against rotation can
not be taken simply as the sum of the moments around point A Long before the structure
starts rotating, the pressure under point A has reached a value that leads to failure of the
subsoil or failure of the corner of the caisson.

A

F Hwave

FUpllft

Rgure 9-2, Lead and Equilibrium Diagram

Since these formulae have been derived for regular monochromatic waves, it is necessary to
combine them with spectral theory and arrive at a statistical distribution of wave farces and
overtuming moments. It can then be decided what frequency of exceedance is accepted
during the lifetime of the structure. In this way, the design loads can be established.

The loads defined 50 far are called quasi-statie forces, because they fluctuate with the wave
period of several seconds and do not cause any (direct) dynamic effects.

9-2



9.2.2 Dynamic forces

In 9.2.1, we restricted ourselves to the forces by non-breaking waves. When waves are
breaking, we know, however, that impact or shock pressures occur in the vieinity of the water
surface. The duration of those pressures is very short, but the (Iocal) magnitude is very large.
The quasi statie pressures are always in the order of pgH, but the impact pressures can be 5
to 10 times higher. An example of a pressure record is given in Figure 9'-3, Example of
pressure record.

UlCAI. J2
PllESSURE ~(tJnf/m11

t24

:10 PilESSURE
CEU.

Ie 1
12,

11 l
I 'StcDIC

:I /"--- J

:t~--~
" 5
4~ _

~ :-:=---...0; ,
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Figure 9-3, Example of pressure record

Many researchers have studied the phenomenon in the laboratory, and none have come
with a satisfaetory explanation that can predict the occurrence and the magnitude of a wave
impacts as a function of extemal parameters. Bagnold5 was the first of those researehers.
He found that the impact pressure occurs at the moment that the vertical front face of the
breaking wave hits the wan, and mainly when a plunging wave entraps a eushion of air
against the wall.

Apparently, the deceleration of the mass of water in the wave erest, combined with the
magnifying effect of the air eushion, causes the high pressures. Two models can be used to
deseribe and calculate this effect:
• The continuous water jet hitting a plane yields a pressure:

p= ~ p tl (u is the water velocity in the jet)
• The water hammer effect, resulting in:

p= pue
inwhieh:
u = the water velocity in the conduct
e = the celerity of sound inwater (1543 mis)



The water velocity in the crest of the breaking wave is equal to the wave celerity (in shallow
water: vlgh)
Substitution of reasonable figures leads to a water velocity in the order of 10 mis and impact
pressures:
Continuous jet: 55 kPa (5.5 mwc)
Water hammer: 16,000 kPa (1600 mwc)

In reality, we know that the impact pressures reach values between 50 and 150 mwc.

Measurement of the impact pressures in a model is complicated because the short duration
of the load requires a very stift measuring system to provide proper data. Moreover, the
compressibility of the water (influenced by entrained air) is an important factor because it
determines the celerity of the compression wave in water. Uncertainties about model
conditions endanger upscaling into prototype figures.

Minikin6, 7 has given a method to calculate wave impact pressures, but his method
overestimates impact pressures and does not lead to satisfactory results.

From all experiments it has become clear, however, that the duration of the wave impact is
short, and the area where the impact takes place at the same time is small.

This means that the wave impact forces can not be used for a statie equilibrium calculation.
The dynamic effects must be taken into account, inclusive mass and acceleration of the
breakwater in conjunction with its elastic foundation and the added mass of water and soil
around it Preliminary analysis has shown that it is specifically the momentum connected with
the breaking wave that determines the stability or 1055 of stability of the breakwater. Care
must also been taken of potential resonance phenomena, when the loading frequency
coincides with the resonance frequency of the structure as a whole or for some individual
members of the structure.

It would be a sound method of design to establish a physical relation between the impact
pressure, the hydraulic parameters and the structural parameters. On the basis thereof, one
should establish the exceedance curves of certain loads during the lifetime. Taking into
account the response of the structure, one can then determine the probability of failure of the
structure during its lifetime. Unfortunately, the physical description of wave impacts is
insufficient to start this approach.

The most important lesson that can be leamed from this paragraph is the uncertainty that is
connected with wave impact forces as such and their effect on the stability of monolithic
breakwaters. It is therefore goed engineering practice to try and avoid exposure of monolithic
breakwaters to breaking waves. In this context it is goed to point at the fact that even if no
breaking waves are expected at the location of the breakwater, they mat be induced by the
breakwater itself, specifically when the monolith is place on a high mound of stone.

It can further be concluded that the risk of local impact pressures increases for structural
elements that entrap breaking waves. If water can escape sideways from the impact area,
the pressures remain low (compare free jet),ifwater can not escape, the local pressures may
become quite high (compare water hammer). In this way, certain details of monolithic
breakwaters are relatively vulnerable. (Figure 9-4; RiSk of local impact force~)
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9.2.3 A working compromise: the Goda fonnula

Where the uncertainties around the design of vertical breakwaters have reduced the number
of such breakwaters in Europe and the USA, in Japan, construction continued with varying
satisfaction. Goda8 analysed many of the successful and unsuccessful structures and came
up with a practical formula that can be used to analyse the stability of a monolithic
breakwater. From a theoretical point of view, one can object that the Goda is not consistent
in his definition of design Ioad and risk. In practice, the safety factors he proposes are
apparently adequate, as long as one rea!ises that conditions with breaking waves should be
avoided as much as possible. If this is not possible, extensive model investigations are to be
carried out, followed by adynamie analysis of structure and foundation. k t:.. 0 P1-
Godag has summarised his work in an article published in 1992 at the short course in design
and reliability of coastal structures. This article is added to this bock as Annex 3. Pending
further theoretically based developments, the Goda formuia can help to establish a first idea
about stability of a monolithic breakwater.

9.2A Influencing the forces

It has been shown that the quasi-statie farces and the dynamic farces have a trend to
translate and rotate the structure, resulting in displacement of the structure andlor damage to
the foundation and the bottom corners.

'"
The effect of the extemal farces can be reduced by changing the direction of the horizontal
force, or by spreading the force in space and in time.

The first effect is easily understood if one realises that the water pressure is always acting
along the normal on aplane. When the front wall of the monolith is tilted, it means that the

\ .. wave force is na longer horizontal, but

w
~......._ directed towards the foundation. Thisvv-- ... reduces the horizontal component and!w strengthens the vertical component of

t ~ the force. Altogether, the likelihood of
sliding reduces and the overtuming
moment is also reduced (Figure 9-5,1N Hanstholm Caisson)

Rgure g.{j, Hanstholm Caisson

Another method is the creation of a chamber in front or on top of the structure, so that the
point of application of the force is spread over two walls, and a time lap is created between
the two farces. This reduces the maximum instantaneous force, although the duration is
elongated. Jarlan 10 first applied such idea (Figure 9-6, Jarlan Caisson), partly to reduce _,)(/ /
forces, partly to reduce the reflection. In wt.ti -r- /"9A:>1Ilf>
Japan, a large number of similar ideas "':_#'..-..... '~-- ~';...~,...- ,
has been developed and brought into ... ;. ,:"1
practice. ~na nu~ber of cases, the i?ea ,..:;1.~;1 1
IS comblned Wlth power generation. . - ~~; ~
Many of these designs have been ,...._~"'!":~
described by Tanimoto and Takahashi" ~ ~~;,. ,!

~~rt"

(Figure 9~7,Possililë()~, $~ion of • --c:r
semkircular caisson breakwater tor
extremely high breakers .and Figure 9-8,
Cross-section of curved-slit caisson
breakwaterat FunakawaPort)

Figure%,Ja1an Caisson
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Transmission of vertical wall breakwaters placecl on {a rubble berm has also been
investigated by GocIa8. He relates the relative treeboard RJH tb the transmission coefficient
and finds a slight influence of the height of the berm. (See Figure 9.'9)
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Overtopping has been investigated by Franco et al12 (1994). They describe the unit
discharge q as:

J!H: =a*exp(-b :;;, ) (9.2)

with
q =
a,b =
y =

unit discharge (m3/m1s)
experimental coefficients
geometrical parameter

For a rectangular shape
a = 0.192
b = 4,3
y = 1

It must be kept in mind that a vertical face breakwater causes a lot of spray when hit by a
wave. The spray mayalso be blown over the breakwater. This effect is not included in the
above formula.

9.4 Foundation

The hydraulic forces exerted on the caisson plus the weight determine what will be the local
pressures in the interface between the caisson and the foundation. It will be clear that these
pressures must not lead to (soil mechanical) failure. Because the foundation is flexible to a
certain extent, it must be verified whether the mass-spring system formed by caisson (mass)
and foundation (spring) gives rise to resonance phenomena. Depending on the outcome of
that investigation, one may decide that astatic stability analysis is sufficient (as is often the
case). Soil-mechanical failure is nevertheless one of the most likely failure modes.

Even if it is decided after analysis that a quasi-statie approach is justified, the eyclic effect of
the lcad may not be overlooked. The load will anyway cause an increase of the total stress
level (o) and initiate a compression of the subsoil. In first instance this wililead to a higher
stress level in the ground water (p). Depending on the permeability of the soil, the excess
water will drain and gradually, the effective stress (c') will increase. This all in accordance
with one of the basic laws from soil mechanics:

a = p +u' (9.3)

Because of the cyclic character of the load, it is possible that drainage of excess water is not
complete when the next loading cycle starts. In this way, the water pressure may gradually
increase. Eventually, this will lead to a condition that the effective stress becomes very low or
even zero. A low effective stress will greatly reduce the resistance against sliding; an
effective stress equal to zero leads to liquefaction or the formation of quiek-sand. This is the
main reason that care is recommended when designing monolithic breakwaters in areas that
are sensitive for liquefaction: soil consisting of fine, loosely packed sand as in the SW part of
the Netherlands.

Preventive methods against liquefaction are possible, but expensive. Soil replacement and
compaction of the subsoil are the most common methods.

Because of the possibility that high ground water pressures occur under the corners of the
monolith, also large vertical gradients are likely. It is therefore necessary to cover a (fine)
grained subsoil with an adequate filter. Because of the large gradients, it is recommended
that the filter be designed as a geometrically impervious filter.

A granular foundation layer mayalso be required if the structure is placed on an uneven hard
seabed. In that case, it is the function of the foundation layer to flatten the seabed and to
avoid pressure concentrations and an unpredictable support pattem of the structure.
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A1tematively, one may create pre-designed contact areas in the bottom of the structure, so
that the bending moments in the floor plate can be calculated.

To create a perfect and homogenous contact plane between the foundation and the
structure, sometimes a grout mortar is injected. This technique has been developed in the
offshore industry for the foundation of gravity platforms, but the use has spread to regular
coastal engineering projects as weil. To avoid loss of grout, a skirt is provided along the
circumference of the bottom of the caisson. This skirt (mostly a steel sheet) penetrates into
the foundation and creates achamber that can be filled with the grout mortar.



List of references Chapter 9

1Sainflou, M. (1928) "Treatise on vertical breakwaters" Annals des Ponts et Chaussees, Paris, France.
2 Rundgren, L (1958) 'VVaterWave Forces" Bulletin No. 54, Royallnstitute ofTechnology, Division of Hydraulics,
S.lPCkholm,Sweden.

/ Miche, R (1944) "Mouvements ondulatoires de la mer en profondeur constante ou decroissante" Annales des
Ponts et Chaussees, Vol 114, Paris, France.

/Anonymous (1984), "Shore Protection Manual", Coastal Engineering Research Center, Department ofthe Army,
Waterways Experiment Station, Vicksburg (Miss.), USA.
?aagnold, RA, (1939) "Interim Report on Wave Impact Research" Joumal ofthe Institution ofCivil Engineers, Vol.
12, London, UK

~inikin, RR, (1955) "Breaking Waves: A comment on the Genoa Breakwater" Doek and Harbour Authority, pp
164-165, London, UK.

._? Minikin, RR (1963) 'Winds, waves and maritime strudures: Studies in Harbor Making and in the Protection of
Coasts" 2nd rev. ed., Griffin, London, UK
>Coda, Y. (1985) "Random seas and Design of Maritime Structures" University of Tokyo Press, Tokyo, Japan .
.YGoda, Y. (1992) "The design of upright breakwaters" Proc. Of the sort course on Design and Reliability of Coastal
SblIdures, Venice, Instituto di Idraulica Universita di Bologna, Bologna, ltaly .
...wJarlan, G.L.E (1961) "A pertorated wall breakwater" The Doek and Harbour Authority 41, :no. 486, London, UK.
11Tanimoto, K and Takahashi, S. (1994) "Design and Construction of caisson breakwaters, the Japanese
~rience" Joumal of Coastal engineering Vol 22 pp 55-77 Eisevier, Amsterdam.

Franco, L,Gerloni, M.de and Meer, J.W. van der (1994)" Wave overtopping on vertical and composite
breakwaters" Proc. 24th ICCE Kobe, ASCE, New Vork, USA.

9-9



10. Wave - Structure Interaction (Rubble Mounds)

10.1f'b:;iuctïon
Even if a rubble mound structure is stabie under the action of waves, there is interaction
between the structure and the wave field near the structure. We discem various phenomena
that lead to a different wave pattem in the vicinity of the structure:

• Wave reflection
• Wave run-up
• Overtapping
• Wave transmission

Wave reflection plays a role in front of the structure, wave run-up takes place at the structure,
overtapping and transmission are important tor the area behind the structure. Befare using
any of the expressions given in this chapter, it is useful to analyse which phenomenon
influences the design problem in question. Too aften formulae tor run-up or overtap ping are
used when the designer wants to ad?ress wave transmission, etc.

10.2F~on1.
In chapter 5 we have already seen the formuia for a standing or partialty standing wave.
The wave motion in front of a reflecting structure is mainly determined by the reflection
coefficient r.

If 100% of the incoming wave energy is reflected, one can safety assume that the reflection
coefficient Kr = Hr'HI = 1. This is generally valid for a rigid vertical wall of infinite height.

The reflection coefficient reduces tor sloping structures, for rough or permeable structures,
and for structures with a limited crest level.

Postma (1989)1 has investigated the reflection trom infinitely high rock slopes. He found a
clear influence of the breaker parameter ç, and of the permeability P as defined by van der
Meer.

For a first estimate, he proposes to use a simple formula:

Kr =O.140ç~;73 (10.1)

For a more accurate approach, he gives the formula:

Kr = O.081p-O·14 cota-O·78s~.44 (10.2)

This formula can only be used within the validity range of the various parameters as given

below: _, 01, t ~IJ ~c lde;-- ~c_y.0.1 < P < 0.6
1.5 < cotc < 6
0.004 < Sop < 0.06
0.7 < I;op < 8
0.1 < Kr < 0.8
0.03 < hIl..op < 0.3
0.09 < HsiI h < 0.23
2 < HsjlDnSO <6

1~1



10.3Fp
Wave run-up is the phenomenon that an incomingwave crest runs up along the slope till a
level that maybe higher than the originalwave crest The verticaldistance betweenstillwater
level SWL and the highest point reachedby thewave tongue is called the run-up "z". From
the definition it is clear that we can only speak of run-upwhen the crest levelof the structure
is higher than the highest levelof the run-up (Figure 10-1, Defenition of wave run-up). Run
up figures are mainly used to determinethe probabilitythat certainelements of the structure
are reached by the waves. In an indirectway, it can be used to estimate the risk of damage
to the innerslope of the structure.

r---"Hj

~~~~==--====r IRu

lt.

Fl9ure10-1,Defenitionof\\/v~-up

In the Nethertands, research on run-up has alwaysattracted a lot of attention2,3. This was
mainly to assess the requiredcrest levelof dikes and sea walls.Most of the data have been
collectedand published by the "TechnischeAdviescommissievoor de Waterkeringen,TAW'
(Technical Committee tor sea defences).Sincemostof the researchefforts were directedto
run-up on dikes with a slope protectionof asphaltor stone revetment,most results are valid
for smooth, impermeable cover layers.

Since the inner slopes of many dikes in the country are covered with grass, it is not
acceptable that a large percentage of the incoming waves will reach the crest and
subsequentlycause damage to the innerslope. Therefore, in most cases, the 2% run-up is
given: the run-up level that is exceededby 2% of the incomingwaves. It is assumed that the
grass on the inner slope of a sea dike canwithstandthis condition.

The run-upon a smooth impermeableslope is thenexpressedas:

with a maximumof 3.2.

Z27es = 1.6;op (10.3)

-,

~'

I4;---------------------------------,

Z2"k =run-up levelexceeded by2% of thewaves
Hs = significantwave height
/;op = breakerparameter for deepwater and peakperiod
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The run-up level can effectively be reduced by designing a berm at still water level, by
increasing the roughness of the surface, or by increasing the permeability of the structure.
Waves approaching the structure under an angle will also lead to reduced run-up levels. This
reduction is expressed in terms of reduction factors y. For the design of breakwaters, the
reductionfactor Yf for the roughness is the most importantone. The most effectiveartificial
roughness is the application of ripples,which can reduce the run-up to about 65% of the
originalvalue.

Special investigations have been done for slopes covered with a double layer of quarry
stone.The resultscan be summarisedin two formulae:

Z2~S = O.88~op (10.4)

for Çop < 1.5,and

Z2~S =1.1~~/6 (10.5)

for Çop > 1.5.

In Figure 10-3, 2% wave run-up on rubbte covered stopes, these formulae are indicated,
inclusivethe actuallyobservedpoints.
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Rgure10-3, ?/~Ln-uP on~ble coveredCSlopes

These data and figures have been taken trom the draft technical report "Golfoploop en
Golfoverslag"ofTAW.
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Van der Meer and Stam4 have interpreted the (same) original model data in more detail.
They propose a set of more general formulae:

Zuiss :::;:aÇm (10.6)

for I;m< 1.5 and

Zu%~ :::;:bç~ (10.7)IHs
for I;m> 1.5.

These formulae are valid for breakwaters with an (almost) impermeable core (P = 0.1). For
structures with a permeable core (P = 0.4), the relative run-up is limited to a value:

. ~\....Jb-. z'is, =d (10.8)

z... = 41-up level exceeded by u % of the incoming waves
a, b, c, parameters (TabIe 10-1 , run-up parameters for rubble covered andr:: permeable slopes)
I;m= l breaker parameter for deep water, mean period

run-up level a b c d
u (%)
0.1 1.12 1.34 0.55 2.58
1 1.01 1.24 0.48 2.15
2 0.96 1.17 0.46 1.97
5 0.86 1.05 0.44 1.68
10 0.77 0.94 0.42 1.45
Sign. 0.72 0.88 0.41 1.35
Mean 0.47 0.6 , 0.34 0.82

Table 10-1 , RUrH.Ip~ters foltrobte covered dl*111CdLJ!4.opes

No separate data are available for run-up on slopes covered with concrete armour units.

.iz.:•
Overtopping is defined as the quantity of water passing over the crest of a structure per unit
of time. It has therefore the same dimensions as the discharge Q [m3/s]. Because this
quantity of water is often alinear function of the length of the structure, it is expressed as a
specific discharge per unit length [m3/s/m).

Figure 10-4, TypicalJave overtopping
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The study of overtopping quantities is again a subject that was initiated in relation to the
stability of inner slopes of grass covered dikes. When designing breakwaters, the quantity of
overtopping may be important to determine the capacity of drainage facilities for port areas
directly protected by the breakwater, or to assess the risk for people or installations on the
crest of the breakwater. Although the assessment of those (sometimes-subjective) risks on
the basis of model experiments is difficult, it is possible to derive a trend. Ear1ier
investigations trom Japan and ltall have been collected and interpreted by van der MeerS.
These results are given in Table 10-2, Overlopping discharges and their effects.
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Table10-2,Overtoppin~arges andltleijed.S

Similar to the conditions goveming wave run-up, overtopping is also largely influenced by the
nature of the outer slope of the structure. An added effect is the influence of the shape and
nature of the"crest (présence of a crown wall). Unfortunately, various model investigations7,4,
8,9, 10 have been carried out With varying structures. It is not weil possible to derive a generally
applicable formula fo~overtoppinq. The reader is advised to study the available literature in
detail and to select the most promising approach tor his specific problem. For a first
approximation, one may use the formula of Bradbury et al (1988), valid for a structure without
crown wall, and similar to Figure 10-4, Typical wave overlopping.
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Q = a R-b (10.9)

with:

Q~b~; (10.10)

and

R ~(~ r~~: (10.11)

inwhich:

Re= Crest freeboard relativeto SWL
Hs= Significantwave height
san=deep water wave steepness, basedon meanperiod
Q = specific discharge in m3/s/m ~

Relevant values of the coefficientsa and b deperx on the structuraldetailsas given in Figure
10.5.The values for a and bare given in Table if;çjr~(Overtopping coefficients.

Type of structure A B
SectionA 3.7 * 10.10 2.92- .... Section'8 1.3 * 10-9 3.82

tT able 1.(i).;3,OvertOpping roefIiClents

Rockarmour

10.5 Transmission

Wave transmission is the phenomenon that wave energy passing over and through a
breakwater creates a (reduced)wave action in the lee of the structure (Figure 10-6, Typical
wave transmission). This will certainly happen when considerabie amounts of water are
overtopping the structure.Wave transmissionis alsopossible,however,when the core of the
structure is very perrneable and the wave period is relatively long. It is specifically the
influence of these two factors that has for a long time prevented the derivation of an
acceptable formula forwave transmission.

10.6



VYIINw 1i•• ,....... ,
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The effects of wave transmission has been investigated by many authors'" 12, 13, 14, This J" I
resulted in a diagram presented in Figure 10.7, Wave tJansmission for law crested J ~cA ~
structures. ..r
It must be nated that the transmission coefficient can never be smaller than ° or larger than
1. In practice, limits of about 0,1 and 0.9 are found (Figure 1~7, Wave transmission far law-
crested structures) .
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It is remarkable that for Re=O,which represents a structure with the crest at SWL, the
transmission coefficient is in the order of 0,5. This means that a relatively low structure is
already rather effective in protecting the harbour area behind the breakwater. In combination
with the requirements for tranquillity in the harbour, the designer can decide on the minimum
required crest level.

Eventually, Daemen15, 16 in his MSc thesis has been able to produce an acceptable formula
that relates the transmission coefficient to a number of structural parameters of the
breakwater. To account for the effect of permeability, Daemen has decided te make the
freeboard Reof the breakwater dimensionless dividing it by the armour stone diameter. This
eliminates a lot of the scatter that was present in previous approaches. The Daemen formula
reads (for traditionallow crested breakwaters) as follows:

KI =a~+b (10.12)
Dn50
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with:

H
a = 0.031-' - 0.24 (10.13)

Dn50

( J
I.84

. H B
b=-5.42sop+0:0323-' -0.0017 -- +0.51 (10.14)

Dn50 Dn50

Kt = HslHsi =transmission coefficient
Hsi = incoming significant wave height
Hst = transmitted significant wave height
Re = crest freeboard relative to SWL
DnSQ= nominal diameter armour stone
B = crest width
Sop = wave steepness

Use of the Daemen formula is complicated in case it is decided to use asolid crown bleek, or
to grout armour stones with asphalt into asolid mass. Therefore, another MSc student, R.J.
de Jong17, 18, reanalysed the data and came up with a different expression. He choose to
make the freeboard dimensionless in relation with the incoming wave height:

KI =a Re +b (10.15)
HSi

with

a = 0.4, and

( J
-o.31

b = 0.64 _!!_ * (1- e-O.5ç ) (10.16)
HSl

The factor 0.64 is valid for permeable structures; it changes into 0.80 for impermeable
structures.
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11. Design Practice of Cross Sections

11.1Introduction

In the toregoing chapters we have used terms as armour layer and core, we have discussed
the stability of concrete armour units, and we have seen the principles ot a berm breakwater.
It is now time to discuss some practical rules for the design of cross sections. Many ot these
rules are just rules of the thumb, and only gradually an experimental basis is created to
accept or refuse these rules. The present chapter is thus a mix of research, experience and
plain engineering judgement

It must be kept in mind that natural rock is mostly obtained by blasting, and that the size ot
the stone obtained (yield curve) can only be influenced to a limited extent It is much easier to
increase the percentage of fine material than the percentage of coarse material. Any material
that is blasted must be handled in the quarry, whether it is used in the breakwater or not If it
is not used, it must be left somewhere, and in many countries deposition of waste material
requires special licenses that are difficult to obtain. It is therefore an element of goed design
to try and use all materials produced by the quarry.

In principle, we can follow two solutions. The first one is to split the quarry production in two
or three categories (filter material, core and armour). This leads almost automatically to a
berm breakwater. The gradation of the stone categories is rather wide, (DnBSI'Dn15up to 2.5 or
even 3). The second solution includes classification of the quarry output into a larger
number of categories, each with a narrower gradation (DnBSI'Dn15up to 1.5). In this way it is
possible to select the proper stone size for aspecific function. It leads to a more economie
use of material. The berm breakwater with its larger volume is in the advantage when the
production cost is low and the quarry is located near the site of the breakwater. When quarry
stone is more costly and the quarry is at great distance, it is more economie to build a multi
layered breakwater. Also in this case, however, it is an advantage to keep the design of the
cross section as simple as possible.

11.2Porosity and Layer thickness

11.2.1 Porosity

When rock or concrete bleeks are placed in the cross sections of a breakwater, it is
important to have an idea about the porosity and the layer thickness. The porosity is
important because it determines at least part of the hydraulic response of the structure, and it
influences the stability (P in the van der Meer formula). During construction it is important
because the porosity determines the bulk density. Quarry stone is often paid for per ton of
material to the quarry operator. When the contractor is paid per m3 tor placing the material in
the cross section, as is often the case, it is essential for a proper cost estimate to know the
bulk density. The volumetrie porosity n, is defined as follows:

n; = 1-(p~r) (11.1)

inwhich
Pb = bulk density as laid
Pr = density of rock

Determination of the bulk density is not simple because of the errors made at the boundaries
of the measured volume. Preliminary data can be found in the Shore protection Manual1, the
CURICIRIA Manual2, or in the more recent MSc thesis of Bregman3.
Table 11-1, Thickness and porosity in narrow gradation armour layers (with data from Shore1 "!:!i
Pietection Manual and the CURIC/RIA Manual) indicates porosity levels between 35 and 0
40% tor placed quarry stone in thin layers. Bulk handling may lead to a porosity that is up to d, r
5% higher than the values in Table 11-1, Thickness and porosity in narrow gradation armour .t.<..t....0l-1'fAJ.._ ey J
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layers. A wider gradation, however, may lead to lower porosity. Because of the uncertainties
in the determination of the porosity and the bulk density it is recommended to carry out some
in situ tests to ascertain the actual values. It is emphasised that special placement of quarry
stone (with the longest dimension either parallel or perpendicular to the slope) has a large
effect on layer thickness, but also on stability.

In Table 11-1, Thicknessandporosity in narrow gradationarmour layers, also the porosity of
concrete units is given. Here again, the method of placement may cause large differences in
porosity and in stability.

Type and shape of Layer Placement Layer Porosity Source
units thickness coefficient Nv

n kt
Smooth quarrystone 2 random 1.02 0.38 SPM
Very round random 0.80 0.36 Cur/Ciria
quarrystone
Very round special 1.05- 0.35 Cur/Ciria
quarrys1:one 1.20
Semi-round random 0.75 0.37 Cur/Ciria
quarrystone
Semi-round special 1.10- 0.36 Cur/Ciria
quarrystone 1.25
RouQh quarrystone 2 random 1.00 0.37 SPM
Rough quarrystone >3 random 1.00 0.40 SPM
Irregular quarrystone random 0.75 0.40 Cur/Ciria
Irregular quarrystone special 1.05- 0.39 Cur/Ciria

1.20
Graded quarrystone random - 0.37 SPM
Cubes 2 random 1.10 0.47 SPM
Tetrapods 2 random 1.04 0.50 SPM
Dolosse 2 random 0.94 0.56 SPM
Accropode 2 L--'- _.....,. Sggreah
Akmon 2 / WL

11.2.2 Layer thickness and number of units

For armour layers it is important to know what the effective layer thickness is for a single,
double or triple layer of material. This is essential in designing and constructing a cross
section. The crest level is determined on the basis of the required protection at the lee side of
the breakwater. Given this required crest level, one must knowat what level the core shall be
finished. If the crest of the core is too high, it means that too much of material has been
used, which will probably not be paid for by the client If the crest of the core is too low, and
the client still wants the given crest level, it means that extra armour stone has to be used.
Since armour stone is generally more expensive than core material, this again wil! cause a
financial loss to the contractor.

The effective layer thickness is discussed extensively in the Share Protection Manual(1984).
The thickness of a layer t (in m) is calculated as:

t = n * k,Dn50 •••••.•.....•.••.••.•..............•...•...•.• (11.2)

in which n is the number of stones across the layer.
In the American literature, k,d is aften used instead of kt, and r instead of t.

Values for kt are also given in Table 11-1, Thickness and porosity in narrow gradation
armour layers.
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It is also important to know the number of armour units N required to cover a certain area A.
This number is:

N = nk, (1- nv )n;;o (11.3)

Although Table 11-1,Thickness and porosity in narrow gradation armour layers gives values
of ktand n, for concretearmour unitsas'well, it is emphasisedthat thosevaluescan fluctuate
considerably.This dependson the interpretationof the qualification"randomplacement".It is
possible to place cubes much denser than indicated in the Tabie. This will improve the
stability.Therefore,care is requiredwhen datafrom inexperiencedresearchersare used.

11.3 Benn breakwater

The cross section of a berm breakwaterconsists in principleof two materiais,core material
and armour material. The armour material is the coarsest fraction of the quarry yield, the
core material is the finer fraction. The armourmaterial is located in a berm along the outer
slope of the breakwater.The quantityof armourmaterial is chosen in sucha way that after a
series of storms envisagedduring the lifetimeof the breakwater,the core is alwayscovered
with at leasta double layer of armour material.This appliesto the front slope, the crest, and
the exposedpartof the inner slope,Le.te a littlebelow lowwater level.

Crest level
It has been discussed in chapter 8 (dynamicstability) that the crest level determines the
stabilityof the innerslope. Givena reasonableratio betweenwave heightand nominal stone
size, the minimum crest level follows from the accepted level of damage.When designing
the cross section. It is good engineering practice to create a safe level where trucks,
bulldozersand cranescan work withoutmuch interferencefrom waves.

Filter layer
At the front slope, the incident and reflectedwaves create a complicated pattem of orbital
velocities and pressure fluctuation. This will cause larger stones to sink slowly into the
seabed, uniess the latter consists of rock. The same hydraulic conditionswill enhance the
risk of scour and erosion of the seabed just in front of the breakwater. Eventually, both
phenomenatogetherwililead to lossof materialand potentiallyto lossof stabilityof the entire
breakwater. It is thereforegoed engineeringpracticeto providea filter layer underthe toe of
the breakwater, and to extend this filter over some distance in front of the toe to prevent
forming of a scour holeclose to the structure.In case of a berm breakwaterit iswise to apply
such filter also in the area that will be covered by armour stone after reshaping of the
seawardslope.

Protectionof the seabedmay consistof a granularfilter,or a combinationof a filter mattress
and a cover of quarry stone. Filter rules are beyond the scope of this bock; the reader is
referred to the CUR Manua~ on the Use of rock in hydraulic engineeringor to Schiereck
(1998)5.

S/opes
Since wave action will reshape the profile anyway, it makes no sense to bring the cross
section under a particular slope. It is generally accepted to leave the material under the
naturalangleas it is depositedby barge,dumptruck and/orbulldozer.

This leads to two frequentlyused basic crosssections,one with the bermat crest level, one
with the bermjust aboveMSL. These two crosssectionsare presented in Figure 11-1,Berm
breakwater with high berm and Figure 11-2,Berm breakwater with berm at MSL.
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11.4 Traditional multi layer breakwater

11A.i Classification

A1thoughthere are some standard cross sections for traditional multi-Iayeredbreakwaters,
numerous variations can be made, which makes classificationquite difficult The first, and
most logicalclassificationis done by crest level.

High /Iow crest
In this context, a high crest is considered to be so high that the inner slope is not severely
attacked by the action of overtopping waves. The inner slope is designed for waves by
passing ships, or waves locally generated in the harbourbasin. A low crest is that low that
the inner slope is severely attackecl by waves passingover the crest. To proteetthe inner
slope,generallythe same arrnour is used on the innerslopeas on the seawardslope.

Crest design
A second type of classification is possiblewith respectto the nature of the breakwatercrest
This can consist of arrnour unitsor of a solid cap block. If the crest consists of armour units,
the crest is mostlynot accessibie,neither for human beings,nor for equipment. It means that
maintenance is only possible by using floating equipment If the crest is formed by asolid
block, it is common practice to design it in such a way that it can be used as a road, bath
duringconstructionand subsequentlyfor maintenanceor other purposes.

Rock or concrete armour unfts
A third type of classificationis possibleon the basisof the type of armour material.Since the
maximum size of quarry stone is limited, it is not uncommonto reduce the seawardslope to
obtain sufficient stability. (Note: the inner slope can be steeper!). In case of the use of
concretearmour units, it can easily be demonstratedthat asteep slope of say 1:11/2 (cot a =
1.5) leads to the most economiedesign.
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11A.2 General design rules

To explain the various design rules, a definition sketch of a multi-Iayer cross section is given
in Figure 11-3, Definftion sketch of a multi-Iayer cross sectien. It indicates the main elements
of such breakwater and their respective names.

B
!<;,____--~

6

h

1. Armour Layer
2. First underlayer
3. Core
4. Toe or Toe Berm
5. Filter
6. Crest

Figure11-3, Definiti~etch of amulti~ay~on

N::

Tolerances
Irrespective of the construction element under consideration, it must be clear that there are
considerabie size deviations to be expected ..Size deviations between design and reality, but
also size deviations from one location to another location in the breakwater. Constructing
mounds of stones with units up to 1 or 2 m diameter has an inherent inaccuracy in the order
of magnitude of the stone size. The design of the structure shall take into account these
tolerances. At different levels and locations, berms shall be provided where deviations in the
actual measurements can be taken into account

Armour layer
It is evident that the arrnour layer shall be able to withstand the wave attack during design
conditions. The severity of these conditions follows from economie considerations. In
general, the armour is placed in a double layer (n=2), since this allows a few armour units to
be displaced before the underlying material is exposed.

The armour layer consists of concrete units or quarry stone. In case of quarry stone, it is
generally the heaviest fraction of the quarry yield curve. It has a narrow grading (DsslD15 <
1.5).

Crest
If the crest is consisting of loose armour units, its width shall be at least 3 stones, or in the
form of a formula:

B = nk,DnSO (11.4)
where n=3.

If the crest is formed by a concrete block, it shall be ascertained that the layer on which the
block is placed or cast in situ is wider than cap block. It is never possible to fill voids under
the cap block after it has been placed. To protect the cap block, it is recommended that
armour material is placed at the seaward side to the tuil height of the breakwater. Parapet
walls extending above the level of the armour units wil! be loaded heavily. In many cases
such walls have suffered extensive damage. To ensure that the armour layer properly
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shields the cap bleek, it is recommended that a horizontal berm is maintained in front of the
cap with a width of at least the size of one armour unit

First underlayer
The layer direct under the armour layer is called the first underlayer. It is obvious that the
units trom this layer shall not pass through the voids in the armour layer. In the literature, one
finds a rule that the weight of units in the underlayer should not be less than 1/10 of the
weight of the armour proper. This is a very strict rule if compared with the filter rules of
Terzaghi. These rules allow a ratio of 4 to 5 in diameter between two subsequent filter layers.
One must remain a bit on the conservative side, however, because of the large
consequences of failure of the filter mechanism. The filter shall therefore be "geometrically
impermeable". It is recommended that the weight ratio of subsequent layers of quarry stone
be kept between 1/10 and 1/25. (0n5Q ratio between 2 and 3). It is noted in this context that
choosing finer material for the first underlayer influences the notional permeability parameter
P in the van der Meer formula. This leads to heavier armour material.

A second consideration for the selection of a certain size for the material in the first
underlayer may be the stability during construction. Depending on the construction
sequence, the first underlayer may be exposed to a moderate summer storm.

In case the armour units are concrete bleeks, the secondary underlayer is the heaviest
fraction of the quarry yield curve. When the armour units are quarry stone, the first
underlayer is composed of an intermediate fraction of the quarry yield. It is generally a narrow
grading.

Toeberm
The toe berm is the lower support for the armour layer. In traditionalliterature, one finds a
weight recommended equal to the weight of the first underlayer. With the most recent data
as presented in the chapter on stability formulae, the designer can find a balance between
the level of the toe berm and the size of the stone in the berm.

Core
In most cases, the material of the first underlayer is such that the core can be situated
directly under it. Assuming again a weight ratio between the first underlayer and the core
between 1/10 and 1/25, it means that the core material is a factor 100 to 6251ighter than the
armour material. This means that generally it is not necessary to apply a second underlayer
between the core and the first underlayer.

For the core, generally a material called "quarry run" or "tout venanf' is used, indicating that it
is meant to represent the finer fractions of the quarry yield curve. It shall be noted that under
no circumstances overburden (degraded or weathered reek) can be mixed with the quarry
run. Mostly, quarry run has a wide (1.5 < 085 / D15 < 2.5) to very wide (D85 / 015 > 2.5)
grading.

Filter
Specifically under the seaward toe, large pressure gradients may exist, that tend to wash out
material from the seabed through the structure. Extension of the core material under the toe
berm may even not guarantee the integrity of the structure as a whoie. Loss of material in
this reg ion is an important threat to the stability of the armour layer. There are ample
examples in literature that substandard filters have initiated failure of a breakwater.

It is therefore recommended to apply a geometrically impermeabie filter under the seaward
part of the breakwater. This filter may consist of a number of layers of granular material, or of
a geotextile or other mattress. The pressure gradients under the centre of the structure and
under the inner toe are generally much less. Here, often the quarry run may act as a filter of
sufficient quality. Care must be taken, however, when land is redaimed directly behind the
breakwater. Intemal reflection may than again cause filter problems at the inner boundary of
the breakwater. In such case, special investigations are required to determine a satisfactory
solution.
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Since the layers of a granular filter are constructed at a considerabie depth under water, it is
necessary to give any separate layer a thickness that guarantees the presence of that
particular material at any location. It will also be useful if the presence of the required material
can be ascertained by inspection. In practice, it means that no layers thinner than a.Sm shall
be designed. This may lead to a relatively thick filter bed if a granular filter is applied.

Scour protection
Just in front of the breakwater, the seabed may be eroded due to a concentration of currents,
or due to a partially standing wave. Since 1055 of bed material directly in front of the toe may
cause a soil mechanical stability problem, it is recommended to apply a blanket in front of the
breakwater as scour protection. The width is to be determined on the basis of local
conditions, but should not be less than S to 1a m.

11A.3 Standard cross sections

In Figure 11-4 Rubble mound breakwater - light overtopping (with cap block)" " Figure 11-5,
Rubble.t;JJQuait1)r:eakwa.ter - light. O.Ve.rtQRpiFJ,g;,·)Frjgl!JtB 11"6; IRl:Jtible?tnG>/iiQG br:eáKwé1fèr -
moderate ovettoppiQ:rNwith1:eä[1,élocK)fF.;giJre7r-7, Rubble t1Joulldb.fBa.kw~ter- moderate
overtapping end Figure 11~8,RUbbiemound breakwater - severe overtopping examples are
given of standard cross sections based on the considerations given in 11.4.2. These cross
sections show the changes of the leeward slope for increasing crest level and thus for
decreasing overtopping and transmission. Examples are given as weil of cross sections with
a concrete cap block. This feature is rarely seen in low-crested or submerged breakwaters,
probably because of the difficulty to place the block.

Figure 11-4, Rubble ater -light vertapping (with cap ~ock)

Figure 11-5, Rubble mound breakwater -light overtapping

Figure 11-6, Rubble mound breakwater - moderate overtapping
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Rgure 11-7, Rubble mound breakwater - moderate overtopping (with cap bleek)

Rgure 11~, Rubble mound breakwater - severe overtopping

It must be noted that due to the relation between local water depth and local significant wave
height, the cross section (including the size of the armour units) will vary considerably along
the alignment of the breakwater. This gives the designer an added opportunity to match the
quarry output with the over all demand of the project.

In the shallow water close to the shore, the standard design with a granular filter under the
toe, will be difficult to construct. Due to the thiel<filter bed, the level of the toe berm becomes
toe high. The problem can be solved by dredging a trench for the toe, by replacing the
granular filter by geotextile, or by modifying the toe berm. These four solutions are sketched
in Figure 11-9, Shallow water, dredged trench, Figure 11-10, Shallow water (5m) dredged
trench gravel filter, Figure 11-11, Shallow water, dredged trench filter cloth, Figure 11-12,
Shallow water (no excavation, filter cloth, increased berm).

-Sm

r=
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A1thoughthe dredgingof a trench seems expensive and a bit of an academie solution,it is
not. In many cases, the bearing capacity of the subsoil is insufficient to create a safe
foundationfor the heavy laadpresentedby the breakwater.This will be demonstratedby low
safety coefficients in slip circle calculations, specificallywhen the soil is compressibleand
imperrneable(consolidationtime). In such cases, it is good engineeringpractice to apply a
soil improvement. Placing the toe in the dredged trench creates the intended soil
improvement.

Although the figures presented in this chapter give a good impression of possible cross
sections, the reader is recommended to study cross sections of actually constructed
breakwatersasweil. This appliesto bathsuccessful designs,that have survived, but also to
the unsuccessfulexamples that failed.When studyingcross sections in handbooks,it must
be kept in mindthat for the sake of simplicity,sometimes essential features are not shown.
InAnnex 2, a review is givenof all altemativecross sectionsthat were generatedduring the
deSignprocess .Of the Europoortbreakwaters.In the same,al1(lex,sketchesfare givenof the I
breakwatersbuiltin l.Imuidenand Scheveningen. -"':> AA., \ ~ r....ClJM... .t_..(,(_ ~ ~ 1~ .

lZ:ZZl Excavatlon
Rgure 11-11,Shallowwater,dredged~ ifur&th

Posslbly asphalt
,---- grouted .

11.5 Monolithic breakwaters

In spite of the complexityof calculatingthe stability and the structuralstrength of monolithic
breakwaters,the intemationalcommission on the studyof waves6 (forrned by PIANC) has
establisheda number of design recommendations. It is stressed here that these data are
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relatively old, and that a PIANC working group is currently preparing a new report on vertical
wall breakwaters.

The Commission on the Study of Waves distinguishes two limit states:
• A limit state for use of the breakwater characterised by a wave height Hu with a

reasonabie retum period,
• A limit state for rupture of the breakwater characterised by a wave height H, that is an

extreme wave height

For establishing a preliminarydesign of a vertical breakwater the commission recommends
a first approximation tor the crdss section as follows (Figure 11-13, Recommended cross
section according to PIANC (1973)): '
• Wall presenting a free height of at least 1.5Hr below low water (Follows a

recommendation bythe XVlllth InternationalNavigationCongress,Rome 1953);
• Wall havinga thickness of at least0.8 times the free height;
• A toe protection against underminingwith a thickness of at least 0.15 times the free

heighl (This places the seabed at least1.72Hrunder LW;
• Crest rising to an elevation of 1.3 to 1.5 times Huabove HW on the sea side and 0.5

times Huon the harbourside;
• Parapetwallwith a thickness of about0.75 Hu;
• Scour protectionextendingat least2.5Huin front of thewal!.

This leads to a basic cross section as sketched in Figure 11-13, Recommended cross
section according to PIANC (1973).·This sketch can only be used as a first approximationin
a design, its stabilityshall be verified thoroughlyfor every newapplication.

0.75 rtJ

r
1.5 li.J

• .
10.' "

HW.

L.w.

> 0.8 h

1.5HR

5~

Diepte h ~

>0.15h!

Rip rap width > 2.5 Hu
Fl9ure11-13,Recomrnende(__c:r4on according to PIANC(1973)
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It is common for closure dams and breakwaters that the design of the cross sections is not only de
termined by theoretical or analytical considerations. There is astrong interaction between the con
struction method and the shape of the cross section. This does not mean that sound design princi
pies should be neglected, it means that the feasibility of a construction method is equally important as
a theoretical consideration in the design. Whereas we often start designing a cross section from top
to bottom, i.e. by fOOngthe crest level, the outer slope and the weight of the armour units, we must
start considerations about the construction from bottom to top. In doing attention must be paid to the
stability (or vulnerability) of each construction phase, and to the accessibility of the work front for the
anticipated construction equipment.

Closure dams and breakwaters have one further aspect in common: the massive character. Realisa
tion of the structure requires a tremendous amount of material that is to be acquired, for instance
from a quarry, to be transported to the location of the structure, and then placed within the profile al
ong the alignment. This is alogistic problem that covers much more than the handling of the mate rial
only. It concerns opening of the various working sites, mobilising and maintaining equipment, mobili
sation and accommodation of personnel, and last but not least the actual handling of millions of tons
of material. Optimising the solution of this logistic problem may create savings that are much larger
than a little extra cost for a sub-optimal design of the cross section.

It is impossible to make a complete description of all possibilities for the construction of closure dams
and breakwaters in a book like this. In practice, consultants and contractors have a special and very
weil documented department to do this kind of work in the tender and pretender stage. In this baak it
is attempted to give students an idea of possibilities and problems. Reference is made to the
CURlRWS Manual no.169 (1995)1,where more details are given, and from which some information
is copied here.

In this chapter, we attempt to follow mate rial and construction elements from their sou ree to their final
destination. This applies specifically for quarry stone and large concrete elements, aspects of using
sand and other dredged mate rial will largely be left to more specific books on dredging. Since the
possibilities of handling mate rial depend. largely on available equipment, first characteristics of th~ ... Jtmost common equipment must be given. Fórtbis, the reader is ref:rr~~~ Apn;::. ~~ ~o t:_ ·f ~ ~

12.2ïuany -

It has been indicated earlier which data must be collected before it is decided to open a quarry in a
particular rock formation. To start the actual quarry operations, some requirements must be met:

• Access shall be ascertained
• Required permits shall be available
• Protection measures against damage to human interests and ecology shall be operational
• Accommodation for personnel shall be available
• Maintenance facilities for equipment shall be available
• Supply of fuel, spare parts, explosives, etc. shall be organised

The planning of the quarry operation is mainly based on the expected fragmentation curve. The blas
ting and quarrying shall be done in a systematic way, following a pre-determined mining plan. During
the blasting, benchfloors are created that can be used for sorting the material, loading and transport.
The width of the benchfloor shall provide adequate working space for these purposes.

In most cases the larger fractions will be difficult to obtain. In the beginning, this does not appear to be
a problem, since in the first phases of the project, only finer material for filters and core is used. The
larger fractions are required in the later phases of the project, when armour layers and breakwater
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heads are under construction. Then, however, it is too late to modify the blasting scheme and to ob
tain the required percentage of armour stone. It is therefore recommended to produce the larger frac
tions from the start of the operation, and not to postpone the efforts until the last stage of quarrying.
The consequence is that all stone gradations shall be sorted out and stored separately, right from the
beginning, even if some stone classes are not yet used.

This leads automatically to the need for a large stockpile area where stone can be stored until it is
used.

It is recommended that in the quany the classification of stone is facilitated by providing sample sto
nes per category and by frequently using a weighbridge to check the weight of stones.

12.3 Transport

Transport of material from the quany to the work site can be done in three different ways:
• Byroad;
• Byrail;
• Bywater (either inland or sea);
• Combination of methods.

It is impossible to indicate a preferabie mode of transport. The choice depends on local conditions,
available facilities and required extra investments. In generaI, transport by water is far cheaper (4 to 5
times) per tonkilometer than transport by road or rail. This is valid only if a waterway of sufficient width
and depth is available, or can be made available at little extra cost.

It is not certain that delays in the transport chain coincide with delays in the quarry operation. This is a
second reason to provide a stockpile area at the quarry side with sufficient capacity to cope with irre
gularities in production and delivery of stone.

12.4ActuaI breakwater or damconstruction

At the location of the dam or the breakwater, a relatively large construction yard is required. Place has
to be provided for offices, accommodation, workshops, etc. In generaI, also a stockpile for quany sto
ne and other construction materiaIs is required to act as a buffer when supply and discharge are not
in balance. When concrete armour units are used, a concrete mixing plant is required as weil as a
block casting area and a storage area for the armour units.

• In principle, there are three methods to bring the material into the designed profile:
• Byfloating equipment
• By rolling equipment
• Bya combination of both.
e 133. /'-.();L.
It is evident that for detached breakwaters or for dam sections not (yet) connected to the mainland
floating equipment is the most logical choice.

12.4.1Rolling equipmem(_ ~ ~ k f 0&..)
If rolling equipment is used, a dam is built out with a work front in several phases, for filters, core ma
terial, first underfayer, toe, etc. The crest of the dam is used as main supply road. It has a minimum
width of 4m for one lane traffic. For two-Iane traffic the crest width shall be at least 7m. As an alterna
tive, one can create passing places. Since it is virtually impossible to drive over the armour units (they
are too large), the access road to the work front is often created at the crest of the core or at the crest
of the first sublayer. The level of this crest shall be high enough above HW to guarantee the safety of
equipment and personnel working there.
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In this way, the full length can be constructed according to the design, except for the annour units on
the crest. These units can be placed in the final stage, working backwards from head to mainland
(See Fig. 12.1).

Armour Layer First underlayer Core

Fill crest working back
Work front towards head

~

Figure 12-1, Subsequent'Mrk i6nts

In case a concrete crest block is used instead of a crest of loose annour units, one may bring this cap
block in place when building out the dam. The cap block can than be used advantageously to provide
a better quality access road to the work front.

The filters and the core are often placed by bulk dumping. The annour units are always placed indi
vidually by crane to avoid the risk of breakage or misplacement. The method to place the first under
layer depends on the size and the local conditions. For the material that is placed individually, the
crane is nowadays fitted with electron ic positioning equipment to place the units in a pattem as pre
scribed in the specifications.

A disadvantage of the dry construction method is the fact that all mate rial must be transported over a
rather primitive road with limited capacity. This becomes ever more important as the length of the
dam increases. When the crane at the work front prevents direct dumping, one may consider the use
of a gantry crane. The required width and height of the workroad over the crest may lead to a much
bulkier design.

The major advantage of the dry construction method is the potential use of cheap local equipment
and the independence of working conditions at sea (fog, waves, swell, currents).

12.4.2 Roating equipment

For the use of floating equipment, a work harbour is required from the start of the operations. In this
harbour, the barges can be loaded.

For placing filter layers of a limited thickness, split barges or preferably a side-dumping vessel may be
used. For construction of the core, bulk dumping can be applied with bottom door barges, split
barges, tilt barges or flat deck barges with bulldozers pushing the mate rial over board. Intennediate
layers along the slopes may be applied with side unloading barges.

#4; ~>
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As soon as the structure reaches a level higher than HW -4m to -3m, the use of these barg es and
vessels becomes impossible. If one continues to use floating equipment, floating cranes or crane
platforms are needed to finish the upper part of the profile. The cranes mayalso be necessary to trim
the slopes of the core that are constructed in bulk dumping operations.

The main advantage of the "wet" construction method is the possibility to start construction at more
than one work front, or to build detached breakwaters. When material is transported by barge any
way, it is an advantage to directly use the supplied material, without stockpiling.

A disadvantage is the dependence on working conditions at sea and the need for a working harbour.

12.4.3 Combined method

A combination of the wet and dry construction method is often preferred since the wet working
method for the bulk of the material in the lower part of the cross section reduces the tonnage to be
transported over the crest considerably.

One must realise, however, that the combined method brings not only the advantages of both meth
ods, but also the disadvantages.

12.5 Minimizing risks during construction

It has been mentioned a few times that attention shall be paid to the stability of the cross section du
ring construction. For closure dams, this may be evident, because the closure dam in itseH is a tem
porary structure that shall be replaced and protected by the final structure as soon as possible. Ne
vertheless, one must take into account that the closure dam must withstand the hydraulic loads that
are expected during the period of exposure.

In a similar way, one must consider the various construction phases of a breakwater. Considering Fi
gure 12.1, it will be clear that the work front can not withstand the design storm. Therefore, one must
consider what risks are threatening the structure during the construction phases and find ways to re
duce those risks. Common methods are:
• Select a specific construction period
• Reduce the exposed length of the vulnerable part of the structure
• Construct protective bunds

Specific construct ion period
Sometimes it is possible to reduce the risks by limiting the construction period to the summer season
(or to a particular monsoon season). If the complete structure can be completed in this calm period,
the risk can be much less. Otherwise it may be possible to interrupt construction during the rough
season. When the work fronts are protected weil, it will be possible to resume construction next year.

Reduce exposed length
In other cases, it is an option to keep the distance between the three work fronts as small as possible.
If damage occurs, it will be restricted to a small stretch of the structure. Since the contractor is still
present with all his equipment, repair of the short damaged section needs not to pose great difficul
ties.

Protective bunds
Instead of the work sequence as sketched in Figure 12.1, it is possible to dump the first underlayer
before the core material. The method can be compared with the construction of reclamation bunds
around a confined reclamation area in dredging. Disadvantage of the method is that more material is
required tor the first underlayer than strictly necessary on the basis of the theoretical two-Iayer design.
In Figure 12.2, the traditional method is compared with the altemative.
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Figure 12-2,Varyinifèonstruction ~uence

Construction sequence as
I in figure 12.1

1. Filters
2. Core
3. First underlayer
4. Armour layer
5. Crest (working back)

Construction sequence providing protective
bunds
a) Filters
b) First underlayer (part)
c) Core
d) First underlayer (part)
e) Core
f) Armour layer (part)
g) First underlayer (part)
h) Armour layer (part)
i) Crest (working back)

It is clear that the alternative method (in the right hand side of Fig. 12.2) provides a better protection of
the core material during construction phases. It is clear at the same time that it requires more (expen
sive) first underlayer material, and that the construction method is a little more complicated. Depen
ding on the availability ancl cost of material versus the cost of handling, one can save some of the ex
tra material by double handling.

12.6 MonoIithic breakwaters

12.6.1 General

Monolithic breakwater structures can be composed in several ways:
• Assemblyof small units, connected in situ
• Construction of large units in situ
• Use of large prefabricated units

Prefabricated large units can be transported to the site in various ways: selt floating (caisson), floating
with the aid of rigs or lift vessels (rings) or over the crest of the existing breakwater.

12_6.2Assembly of small units

The oldest vertical wall breakwaters were composed of rectangular blocks of natural stone. These
blocks were sawn in the quarry and placed in the breakwater according to a pattem compatible with
the present brickwork techniques. The blocks were connected with dowels to ensure the monolithic
behaviour of the structure.

This technique is still used, although the blocks are often casted in concrete nowadays, and steel re
inforcement and cement mortar are used to connect the blocks. (Figures 12.3 ancl12.4)
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12.6.3 Construction of large units in sibJ

The most common example of in situ construction of large monolithic units is the construction of
sheet piIe cells. The main problem of this type of structure is the closure of the slots between the indi
vidual piles. Also the workability during pile driving may cause problems.

The cells are filled with soil or stones. It must be assumed that due to overtopping and spray, the fil!
mate rial is saturated with water over its full height. Depending on the type of fil! mate rial, cyclic loading
and wave impact forces may cause liquefaction of the fil! material, which results in relatively high
ground pressures on the sheet piles. Poor connections between the piles are a serious complication
in that case.

12.6.4 Prefabricated large units

As mentioned in 12.6.1, prefabricated large units can be transported in different ways. The most ele
mentary way is to use the buoyancy of the elements. In that case, we speak of caisson type structu
res. Because of their specific importance for both dams and breakwaters, they are treated in a sepa
rate paragraph: 12.7.
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It is not neeessary, however, that the prefabricated unit is fitted out with a watertight bottom. It is pos
sible to place circular or rectangular rings on a foundation bed and fill them with quarry run to act as a
monolithic breakwater. The units can then be brought in place using separate floats or lift barges. It is
a1so possible to roll them out over the crest of the placed units and lower them with a gantry crane
into position. This method was used in Hanstholm (Denmark) and Brighton (See Figure 12.5).
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Figure 12-5, Construction melhod Dover Breakwater

12.7 Use of Caissons

12.7.1Introduction

Caissons have been widely used in both, closure dams and monolithic breakwaters. Although there
can be some structural and operational differences, the basic principles are quite identical. The
structuraI differences may be due to the different lead pattem or to the fact that in closure dams, the
caissons are designed to allow discharge until gates are closed. The operational differences may be
due to the fact that in closure dams the current is much more of a constraint during placing the cais
sons than in breakwaters.

Because of the small differences, no distinction is made here when discussing the construction as
peets of caissons for the two types of application.

12.7.2Building yard

It is possible to construct caissons in rather different ways. The main difference is the questions
whether construction is completed in the dry, or that just the base of the caissons is constructed in the
dry, until the buoyancy is sutficient to launch them and complete construction in floating condition.

Whether only the lower part is constructed in the dry or the who Ie caisson makes not much difference
for the initial stage of construction. The construction yard must be kept dry until the structures are
ready to float. For this purpose one may use the following facilities:

• Dry-dock at a shipyard
• Slipway
• Lift deek
• Dredged (special purpose) doek
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The first three facilities are common features at a shipyard. They can be used if available at an affor
dable cost. Disadvantage may be that the space is too small to construct the required number of
caissons in a limited period. Then, one may consider to float out the caissons long before they are
completed and to finish the upper part and the superstructure in floating condition.

The last option, a specially dredged large doek is a common solution in the Netherlands. The doek is
kept dry by deep wells, and the closing dike can easily be breached by a dredge when the constructi
on is completed. All caissons for the closure in the Delta project have been constructed this way (see
Fig. 12.6).

Figure 12-6,Dredged~ tOlÛnstruclion ofGissons at !heNeeHjeJans Construction Island

Advantage of such special purpose doek is that it can be built close to the site where the dam is to be
constructed. Also the size of the doek can be chosen to comply with the specific demand.

The construction site for the building of caissons is further fitted out like any construction site for a lar
ge concrete structure.

12.7.3 Transport

After completion of the caissons they have to be transported to the site of the dam or breakwater. It is
essential that sufficient depth and keel clearance is available throughout the route from the doek to
the site. Tugboats with sufficient power to overcome currents and to maintain a reasonable speed
tow the caissons.

Proper attention shall a1so be paid to the stability of the caissons. This means that adequate calculati
ons of the metacentric height must be carried out.

12.7.4 Placing

When on site, the caissons must be placed in the required position at the seabed. Adequate tugboat
assistance is required to tow the units in position and to keep them in position during sinking. This is
generally done at slack water. The question whether the placing operation is carried out during HW
slack or during LW slack depends on the draft of the caisson and the available water depth. Advanta
ge of the LW slack is in many places a reduced wave action.
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It is not easy to keep the unit in position during the sinking operation. It is recommended to have at
least one or two winches available to make a connection with the shore or with previously placed
caissons. Specifically short before landing on the foundation, the unit has a tendency to move hori
zontally out of control. This is due to the overpressure in the thin layer of water between the seabed
and the bottom of the caisson. The problem can be solved by increasing the permeability of the foun
dation layer or by fixing a skirt or some steel rods in the bottom of the caisson .
., eet; HO" (" j I.(. k va" f( OO~ 7

12.8Constructionof a cIosure

12..8.1Closing operations

A closing operation is a struggle with nature.
Flowing water on an erodible bed has to be con
trolled. Every human action to obstruct the flow
will immediately be counteracted in some way or
another by nature itself. Of course this happens
within the laws of nature, of which many (but not
all) are known. This knowledge gained in the past
by (bad) experience, is supplemented these days
byadvanced research and experiment. Neverthe
less, the changes in conditions during the prog
ress of the closing operation are sometimes diffi
cult to predict.

In the figure, an example of an unpredictable
change in topography of a closure is illustrated.
During the closure of the River Feni Estuary in
Bangla Desh in 1984/85 the longitudinal profile of
the alignment enlarged considerably in a month
time. This was caused by a meandering secon
dary gulley and did not change the river's
discharge, but a lot more material was needed for
the closure.

FlQUre12-7, Profile and plan view of !he river Feni

Every closure design needs a full description of the existing situation in the first place. The hydrology,
topography and soil structure of the area and climatological conditions have to be assessed. Then, a
calculation is required to establish the change of conditions to be expected after the planned closure
is realised. Lastly the intermediate phases of the construction process have to be detailed. Very im
portant is to conclude which stages are critical and determining in the ever changing situation.

Data is but seldom complete and not always reliable. Besides, nature provides unpredictable condi
tions but sometimes they can be described statistically. Theory is an approximation of practice. Con
sequently there is always a rather high level of risk involved that things go different than expected.
The historic cases clear1yshow the correctness of this statement. Much attention has to be paid to
''what if" aspects of the design without typically over-dimensioning. However, the execution of a clo
sure will always require a lot of improvisation in order to act immediately on nature's reactions.

12..8.2Closure by hydraulic filling with sand only

In a number of cases, a tidal basin can be closed by pumping sand only. The principle is simpie.
As long as more sand is pumped into the closure gap than the flow erodes away, the gap narrows.
Due to the development of dredgers with very high capacities (5000 to 8000 m3 sand per hour),
this has beoome realistic. Bulldozers are needed to spread the sand-water mixture over the fill and
shape the desired profile of the dam. Besides, they prevent the erosion of gulleys on the fill slope
and densify the deposited sand. This equipment, used to control the fill process has improved
likewise.
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The main question thus is how much capacity is needed. A very high capacity can be attained by
using rnany delivery lines from various dredgers. However, to keep the fill under control, every de
livery line needs a certain width for these operations. More capacity means a much wider fill
profile, by which progress is not improved. 80, there is a practical limit to the supply. Of course, the
gap can be approached from two sides.

A sand closure is a horizontal closure, with a progressively narrowing gap, in which the flow in
creases until the very last gap can be blocked. The flow in the gap has a sand transporting capac
ity which is related to the flow velocity to the power of the order of four. This means that when the
flow increases from 2 mis to 2.5 mis the transport of sand multiplies by a factor 2.5 and when it
goes to 3 mis bya factor 5. vJ~il<'Uo-.

The normal process of building a sand fil!
dam is as follows. A sand water mixture is
pumped by the dredger via a delivery line
to the fill, sufficiently high above H.W.
(point A1 in the figure). The mixture runs
down the slope to the water line (A2) and
into the water, while the sand settles. The
sand creates a slope above water (A1-A2)
which is much flatter than the submerged
slope (A2-A3). In the ebb period, going
from H.W. to L.W., the progress is as
shown in the figure from A1-A2-A3 to B1-
B2-B3. Progress seems smalI, as the
delivery point hardly shifts (A1-B1).

allgnnent of' the sand dam

sco ..........'0' ....1 bot~

_ ~ longitudinal prof i Ie of gap

IIII~,~!IIII~lil!lil!';..\ ~~~ N ••• •• ;~'.1
All the sand goes into the toe circle. During Rgure 12-8, Closure by pumping sand
flood however, the line B1-B2-B3 shifts to
C1-C2-C3. The nett progress per tidal cycle is A1-C1. Scour will erode the original bottom in front
of the dam and enlarge the profile to be made. Besides, part of the supplied sand wil! be taken by
the flow also and carried outside the alignment area. The further the dam extends, the higher the
flow in front of it and the smaller the nett progress per tidal cycle.

When hardly any progress is made, the final blocking has to be enforced. This is a special opera
tion, which starts at the moment of H.W., shown in the figure by the line K1-K2-K3-K4-K5 for two
fiJlsapproaching the gap from both sides. Progress during the ebb may seem negative even, as
the line K1-K2 goes backward but the gap size at L.W. is virtually srnall (L1-L2-L3). Then, just be
fore slack water, the profile has to be blocked.This requires the temporary interruption of hydraulic
transport with recourse to earth moving plant thus obviating the erosive action of the hydraulic
transport water. Bulldozers and cranes will have to shift as much sand as possible into this L.W.
gap to shape a tiny ridge into the triangular profile (L1-L2-L3). This sand is taken from the above
water slope (K2-L1). The ridge being ready, the flow is blocked and all the sand supplied by re
sumed pumping will settle in the profile. The ridge, protruding above L.W. has to be heightened
andwidened to stay ahead of the rising outerwater. The volume required increases tremendously
with the rising level, as the ridge length also increases. To create a stabie profile over the full
length (K2-K5), abIe to stand the head difference of the full tidal range, in a couple of hours, re
quires a very skilled fil! procedure and a sufficient sand delivery capacityas weil.

In total, the principal questions are: how largea gap can be closed in the last tidal cycle and what
will be the sand transporting capacity of the flow in that gap? The last gap's operation takes place
in one tidal cycle, so for a semi-diumal tide in about twelve hours.The twelve hours before that is
the last tidal cycle in the normal fill procedure, in which some narrowing progress is still to be
made. Consequently, the possibility to close is fully determined by the operations during the last
day.The capacity required thus is determined by:
• the normal process to attain the size of gap that can be closed in one tidal cycle,
• the ebb-phase to shape the tiny ridgeat the L.W.-slack period,
• the flood-phase to build a stabie profile before the next H.W.
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With that capacity laid down, the progress in the days (weeks) before can be calculated by phase
wise deterrnining the nett progress per cycle. Summing-up gives areasonabie approximation of
the total time needed for the construction of the dam.

In practice several sand closures have been realised. It appeared that the maximum flow velocity
which could be accommodated was in the order of 2 to 2.5 mis, dependent on the grading of the
sand . These velocities occur for a headdifference of about 0.30 m, according to the flow forrnulae
in gaps (section 3.2), for rounded (sand-)dam heads. The gap size for which this boundary condi
tion exists can be calculated using a mathematicmodel of the closure procedure.

For instance in the mathematic example "case 1" of section 3.3, the flow reaches about 6 mis in
the final stages (4 and 5), when the headdifference is slightlymore than half of the tidal range (1.5
m). The 2.5 mis is reached already at stage 2, which is for a gap dimension of 4000 m2• This gap
size is far too much for the final day's operation. Nevertheless, the sand-closure of the "Krammer"
(in the rear of the Eastem Scheldt basin) in 1987, closed a basin of about 55 km2 in which a tidal
range of 2.70 m existed. However, by that time, the storm surge barrier in the entrance of the es
tuary was operational and the tidal range was artificially reduced to 0.60 m during the closure.
Thus, flow velocities were kept under 2.5 mIs to enable the ciosure. This shows that if the tidal
range is smaller than 0.6 m, even very large basins can be closed by pumping sand.

Basins with larger tidal ranges can only be closed by sand pumping if the basin's storage area is
much smaller. An example of that is the sand closure of the Wohrdener Loch in northem Germany
near Meldort in 1978. The tidal rangeduring the neap tide on closure dav was 3.20m. The storage
area was 10 km2, the grading of the sand about 350 micron, the total installed dredge capacity
8000 m3 per hour and 14 bulldozersand 8 hydraulic excavating machines were busy at the fills.
The length of the gap at the water line during H.W. (K2-K5) in that case was 120 m. The flood
phase capacity, to strengthen the ridge,appeared to be the determining factor.

A few conditions determine the possibilityto close with sand only:
• the tidal range or the storagearea of the basin has to be sufficiently smalI,
• largequantities of good quality sand must be available nearby,
• high-capacitydredgers have to be used,
• a well-organized fill-procedure bycranes, back-hoes and bulldozers is required.

As long as the original bottom in the gap has a resistanceagainst erosion comparable to the sand
used for closing, a scour protection is not relevant. Scour is acceptable unless it endangers stabil
ity of structures in the proximity. A considerabie volume of sand is carried by the flow outside the
desired profile. This reduces the progress but is part of the method. The lost sand is not consid
ered aloss. Actually, instead of providing an expensive bottom protection, scour is compensated
by using an extra quantity of sand. The many machines operating at the fill require a good pass
able subsoil. Sand closures with very fine or silty fine sand are hardly or not possible.

12.8.3Scour prevention by mattresses or filter layers

Every closure of a watercourse leads to a situation in which the flow accelerates, circles around
dam heads or crosses over materialswith different hydraulic roughness. Each of these results in
increaseof the capacity to erode. In the sand closure process the scour is acceptedsince its mag
nitude is limited because of the restrictionsto the flow velocitieswhich offer the possibility to apply
the method. For all other methods and dependent on the resistanceof the botlom material against
erosive action, scour holes may develop,which can endanger the stability of the closure dam. This
has to be prevented by the placing of bottom protection means at all relevant locations.These do
not preverit the scour completely but shift its bearing towards less vulnerable locations and may
reduce the scour depth. Scour preventiontherefore is part of most closure processes and gener
ally one of the first actions in practice.
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Generally speaking the scour resistance of the bottom material is difficult to predict. Rock and stift
clay will be very resistant, soft clay is rather resistant, peat may stand the attack quite long and
then suddenly break out in large lumps. The behaviour of sand has been investigated intensively
and several formulae have been derived to predict the scour hole development. Since in practice
a sandy subsoil is but seldom homogeneous, the actual scour may still deviate from the predicted
values.

In short, scour holes can be expected at places where:
1. the flow velocity increases in course of time
2. the flow distribution over the vertical changes
3. the flow is not saturated with sediment
4. the turbulence intensity increases

These aspects occur in closure processes for instance:
• when diminishing the gaps profile (item i)
• at the end of a stone protection as consequence of change in roughness (item ii)
• due to reduction of the discharge quantity in the approach gulley (item iii),
• around dam heads, structures and obstacles (item iv)
Of course combinations of these four often occur.

In one-directional flow, the scouring process creates a hole which is characterised by its steep
slope at the upstream side, its depth and its gentie downstream slope. In tidal areas, where the
flow changes direction in every tidal cycle, the shape of the hole will be different. The reversing
flow smooths the hole out slightly by which the slopes become more gentie. The development of
the hole goes quickly in the beg inning but gradually slows down. By creation of the hole, the bot
tom topography adapts itself to the flow's eroding capacity and in the end an equilibrium state is
reached. The depth of the scour hole develops in an exponential relation with time. In many cases
the equilibrium state is reached so quickly that the intermediate stages are of no importance. How
ever, if a number of caissons are placed one after the other in a couple of weeks time, the flow
pattem changes stepwise in short periods and so does the scouring capacity. The scour hole then
develops as a summation of intermediate successive stages.

1e developmentof scour
holes in itself is not
dangerous. Only in cases
where they come too close
to either the closure dam
or adjoining dams or struc
tures, wil! they endanger
stability of these structures.
Then, uncontrolled scour
should be prevented. A
scour protection by a bot
tom mattress or a filter
layer wil! be required. Since
the costs of these
protections in closure
works generally are
considerable, minimizing
the dimension is important.

v.~y high ~urbulent ~Iow
! '+'1 ti ! "+" i i'"

Figure 12·9,Development of scour hole

However, the installation has to be done in advance of the determining situation (construction
phasing) and a too short protection may give a large risk. The longer the protected area, the fur
ther away the hole develops and since on that spot the attackwil! be less, for instance because of
spreading of the flow or diminishing of the turbulence intensity,the equilibrium depth of the holewill
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be less. Both aspects, further away and lesser depth, improve the stability consideration of the en
dangered structure. Usually, as a first approximation,a protected length of about 10 times the wa
ter depth is considered safe. For detailed engineering in case large costs are involved,the optimi
zation requires physical model investigationin a hydraulic laboratory.

For the stability considerations the dam in the closure gap and the joining bottom protectionact as
a total structure. Consequently groundwater flows and potential head differences will build up over
this protection.Therefore the protection hasto:
• be flexible to follow changes in bottomtopography
• beweil connected to the bottom, leavingno room for piping,
• be sufficiently heavy to prevent flapping in the flow,
• be extra ballasted at its end to prevent tuming up when the tide tums,
• be impermeable for the soll material undemeath.
• be stabie in all flow conditions in all relevantconstruction phases.
• be permeable for water to prevent highpressures undemeath,

(sometimesthe requirementfor an impermeablepart is combinedwith the scourprotection,in
spiteof the pressure increase;see figureon page4-8).

The present-day bottom protection is made of a geotextile, reinforced with a grating of strings
made of willow or bamboo, which is ballastedwith quarry stone. Specially near scour holes and on
gulley sides, the protection may overlay quite steep slopes. Therefore the textile needs strength
and the ballast needs stability against rolling-down.The geotextile has the main function, to be soil
tight. For very fine subsoils sometimes a two-Iayer geotextile is used of which one layer provides
the strength (a woven) and the other one (a feit), the tightness. The purpose of the grating is to
keep the mattrass stretched during the layingoperation, and to give lateral support to the ballast.

Installing the protection is done by various methods. Usually, the area to be protected is divided
into rectangular plots. Each plot is covered by one mat. Overlaps of 2 meter in the width and 5
meter in length allow for inaccuracies of placement.The method which is generally used is to bring
the mat to the plot in floating condition, position and stretch it between anchored pontoons and
then lower it to the bottom by ballasting. Forces by the flow on the mat are considerable due to the
large surface area of the mat and oblique flow is a hindrance.Therefore, the maximumpracticabie
dimensions of these plots are taken about 30 meters wide and 80 to 120 meters long (in flow di
rection).

Another method is to wind the mat onto a cylinder, and unroll the cylinder either at the water sur
face or close to the bottom. For this method the grating is omitted, while some ballast has to be
tightly fixed to the geotextile in order to keep it down on the bottom straight after unrolling.Gener
ally, in all methods, the protection of the bottom is laid in an early stage of the closing works as
flow velocities during lay-operation are stilllimited. Besides, flow attack on overlaps and erosion
along the mat during the lay operation will also be less and there is less risk for an uptumed rim or
a pipingchannel undemeath the mat.

A granular filter, consisting of various layers of material of increasing coarseness, from sand via
gravel to quarry stone, also serves the purpose.The advantagesof this protection are:
• they can be laid much easier and quickerthen the geotextiles,
• they are self correcting for small damages (for instance for a dropped anchor), which makes

them less vulnerable,
• there are no structural joints,
• theyare relativelysimple to remove (dredging),
• towards the end of the area to be protected,they can gradually be faded out.

The disadvantagesare:
• there is no structural coherence, they disintegrateon steep slopes,
• a major damage escalates, as it exposesmore fine material undemeath,
• the construction height is large as each layer needs to be quite thick to allow for inaccuracies

during the placing.
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A granular filter may be a good solution if scour develops a larger hole than expected. Then, weil in
time, the steep gradient of the hole can be stabilized by quickly dropping a cover of gravel or quar
ried stone.

Sometimes a design option is considered in which the protection has to be watertight. In practice
this is very difficult to realise. The laying of large membranes in flowing water is a difficult operation
and to obtain watertight joints is nearly impossible.

12..8A Quany stone dams, dumped ortipped

Quarry stone is frequently used for ciosure operations.Variousmethods apply and the method, the
equipment and the conditions are interrelated. A major distinction is the difference between a hori
zontal and avertical closure which results in completelydifferent flow- and water level parameters.
Different construction methods or equipment may result in dam profiles with different slopes and
thus influence stability calculations. The grading of the stone depends on the flow- and stability
criteria.

During a horizontal closure the dam heads are build out by tipping stone, for instance with dump
trucks. Then, the dam head slopes are steep naturalslopes of 35 to 45 degrees. The flow will at
tack the dam at the dam head, where the flow tums around the spearhead, contracts and looses
contact, starting a line of eddies. The attack is most severe at the upstream side in the gap where
the eddies start. The dam heads can proceedwith a dump capacity of 250 to 300 m3 per hour per
dam head. The final gap, which is the gap during the last tidal cycle, is much smaller than with
sand closures. A tidal basin closed with quarry stone wil! therefore have a larger head difference
over the final gap than with sand closure (if possible)for the same basin.

For stone stability calculations, the formula of Shields is used. According to the formula, for flow
over a stone bed, there is arelation between the critical flow velocity Ukr and the submerged den
sity (~) and diameter of the stone (0). A distinction has to be made for the stones in front of the
dam head and on the slope of dam head. In front of the head the stone bed may be part of the
bottom protection, which gets the determining flow condition at the moment the damhead ap
proaches. T0 account for the three dimensional flow conditionsShields formula has to be amplified
by a factor K:

- _ _!_*c* ff*.JAnDUkr- K Vg ~ (12.1)

For the stability of the stones on the front slope of the dam head,another correction factor is used.
The formula then is:

U kT = log(3*!:)* ~!lgD (12.2)
D

An advantage of the gradual progress of the dam head is that the line of eddies also shifts and so
does the flow attack on the bottom. Time for scour downstream of the protected bottom, is short
as long as dam head construction proceeds without interruption.While progressing with the clo
sure, the potential head over the dam increases and seepage flow wil! increase. Down the side
slope of the dam at the side of low water level slopestability may then be critica!. If this is a deter
mining condition, timely reshaping of the initiallymadedam profile has to be done.

When closing vertically, the flow pattem
wil! be completely different. Building up
layer after layer the flow wil! reach a
stage in which critical flow starts.
Stability of the profile depends on its
shape which depends on the way the
dam is built.

Figure12-10,ProfilesinlirJ;lP
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There are two different ways, dumping in a line or dumping in wide layers. Dumping in a line along
the dam axis, for instance from a temporary bridge or a cableway, creates asteep triangular pro
file, gradually increasing in height. The stones on the top are the least stabie and may tumble
down the slope locally. Since the number of stones in the top is smalI, the level of the top will be
very irregular. This is a negative aspect as long as the top of the dam is submerged. This is par
ticularty true in case of critical flow, since peak flow velocities are higher in these depressions in
the dam. Later, when the dam has reached a more elevated level, the downstream slope will be
the most vulnerable for instability. Seepage flow together with the overflow of water over the top
can take the stones out of the steep profile. This method requires a high initial investment in the
construction of a temporary bridge or cableway but has the advantage of being able to reach any
place along the alignment at any time to proceed with construction or to repair the profile.

A different profile can be obtained by
dropping the stones over a broad band
instead of in a line. Then, a trapezium
shaped sill can be heightened layer by
layer. This has many advantages. First,
in contrast with the line-dump, every
successive layer contains less material
for the same rise. Creating the top thus
takes little time, shortening the critical
period. Second, the slopes of the dam . . I
sides can be created in a flatter profile, Figure12-11,ProfilesInhonzontal~rs
dependent on the width of every individual layer. Thus stability of the profile will be much higher.
Third, a few dislodged stones will not create a depression in the sill over the full cross-section.

_/ _\.
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The operational side of the latter method, is more difficult, however. It requires specialized equip
ment, regular surveying and good positioningequipment.At first it may be possible to drop stones
using dump barges or split barges. The barges can be used head-on in the flow, as the width of
the band will fit the length of the hopper. As the sill gets higher, the keel clearance of the vessels
reduces and finally the process cannot proceed any more. The last couple of meters has to be
done in a different manner. Cranes, conveyors or the like have to be used to reach outboard and
that limits the capacity very much. Besides, the operation with vessels is increasingly difficult as
result of the worsening flow conditions.

For stabilitycalculations of the stones on the sill, the formula of Shields is also used. However, the
relation has to be adapted for the typical phases, mentioned above, of a vertically built stone dam
under construction. The triangular or trapezoid profile and the broad sill are not in accordance with
Shields test conditions. Therefore the formula can be adapted into:

- a,.-;:-::nUkr = (f + 1.4*log- )* ",AgD (12.3)
D

in which a is the water depth above the sill and the factor f goes from 1 for the very first horizontal
layer via 0.75 for a broad sill to 0.25 for a very sharpcrested sill.

In avertical closure the most critical situation occurs it, in a rather advanced phase, alocal insta
bility leads to a depression of some extent in the sill's crest. The vertical closure method is used
generally to limit the increase in flow velocity, usuallyin order to use smaller size stones. In a major
depression the flow concentrates and reaches much higher values than accounted for. Thus, the
stone undemeath in the depression is not stabie either and the dip will soon deepen considerably.
The vertical closure is changed into a horizontalgap. Most likely, the bottom protection will not be
designed for those conditions and the failure will become a major disaster.

Due to the difficulty to construct the toplayers of the dam, generally, the last phase of closure will
be a horizontally built top on the vertically built trapezium. Then, three-dimensional flow pattems
develop. This has to be considered in the stabilitycalculationsand some extra safety in the dimen
sions should be taken.
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1~8.5 Caissons, cIosed or provided with sluice gates

Caissons, in closure design, are large, artificially made structures or vessels used to block a final
closure gap in one effort or in a few major steps. In emergency cases existing ships, pontoons or
the like have been used, sometimes after adaption to fit the gap dimensions. In normal circum
stances caissons are specifically designed for the purpose. Generally they are made of concrete,
have a box shape and are selt floating. Three typicallydifferent systems can be distinguished:
• The final gap is closed in a single operation by placing one or a few caissons simultaneously.
• Several identical unitsare made, which together fit into the gap. They are placed one after the

other in period of several days.
• Several units are used of which a number (or all) are providedwith sluice gates. Every unit is

placed with its gates closed, but after stabilising of the caisson, the gates are opened. As soon
as all caissons are rigidlyin place, all the gates are closed at a suitable moment.

Which system is used depends on circumstances and conditions. They are progressively more
expensive.

The caisson is intended to block (part of) the gap and thus will be positioned transverse in the flow.
Since dimensions are generally considerable, even small flow velocities will result in high forces for
manipulating and positioning of the caisson. Therefore placing will always be done during slack
water when the tide tums. In practice the moment with flow velocity zero does not exist. Generally
the tide starts tuming near the bottom first and later at the surface and usually not over the full gap
length at the very same moment. Slack water therefore is the period (time window) in which veloci
ties are smaller than about 0.5 mis in either direction. In a tidal cycle there are two of these peri
ods, during high-water when flood changes into ebb and during low-water from ebb into flood. A
number of considerations determines which of the two is selected:
• duration of that time window, which is not the same for the two slack periods.
• available keel clearance in the approach route of the caisson; sailing during high water may be

preferred.
• draft and stability of the floating caisson, the ballastingoperationand the sinking depth.
• the desired waterlevel in the basin after closure.
• the way of placing andthe equipment used.

The last item relates to the fact that caissons are preferablypositionedby pushing (or pulling) them
against the current flow direction. The advantage is that if something goes wrong, the caisson is
pushed back by the flow in the free space, while in the oppositecase the caisson may float into the
gap and get damaged or cause damage. The procedure thus starts by bringing the caisson into
the gap against the diminishing flow weil before the moment of still water. The most commonly
used way of bringing the caisson into the gap is to position it, in advance, head-on on one side of
the gap, to connect a comer to a fixed point on the shore (as a hinge) and to swing it around that
point like a door into the gap. Then, by ballasting, the caisson is lowered and put down just before
(or at) slack. Further ballastingwiJlstabilize its positionwhile the flow direction, for flow underneath
and around the caisson, turns.

For an operation at highwater slack, when the tide turns from flood into ebb, the positioning needs
to be done opposite the flood flow, thus from the basin side towards the openwater. Therefore, the
caisson has to be sailed into the basin via the gap during a preceding high water period (assuming
the fabrication doek to be outside the basin). If the (last or the only) caisson is pushed into the gap
by tugs, they become trapped in the basin.

After the caisson has beenput onto the foundation bed, four aspects are important:
• the load of the caisson onto the bed should be weil-spread,which defines tolerance of the bed

level and the structural strength of the caisson.
• flow undemeath the caisson will soon reach highvalues but piping (with scour of bed material)

should be prevented.
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• the gap size needs to be longer than the length of the caisson to allow for tolerances and di
agonal length during the swing motion; however, outflanking of the flow along the sides has to
be blocked immediately.

• the caisson will soon be subjected to a high potential head, which wil! try to either shift or
overtum the caisson; gene rally, a linear decline of the potential head undemeath the caisson is
assumed. However, if permeability of the bed is lowest at the downstream side, the upward
pressure is higher than average. Besides, seepage flow in the bed material concentrates
along the lower edge.

An example of an unusual concept of
closure in which these aspects can be
demonstrated clearly, is the closure in
1978 of the Mieie, a main gulley in the
tidal flat area near Meldort in the north
west of Germany. The originally
planned closure method failed and left
a closure gap with limited possibilities
to enforce a closure before the next
winter. The gap was 320 m wide and
the bottom elevation was 3.60 m
below MSL. The tide had a range of
3.5 to 4 meter. It was decided to try a
closure by caissons, adapting five
identical sand transport barges. A new
bottom protection had to replace the
distorted one.

Basin side

11 !ebb 1"low !
..........

~==z~3=:=-==~:=E==~:tlJ

,I

sea side

A sill had to be created as foundation
for the barges. The limited water depth
did not allow a high sill, not even large
stones. Therefore flow velocities had to be kept low and the five barges could not be placed one
after the other. The problem was how to put one composite caisson, consisting of five rather fragile
steel barg es onto a 320 m long sill without risk for breaking, nor for piping undemeath, nor for pip
ing at the ends. The solution found was as follows:

Figure12-12,Caisson~ure in !he Miele (Melder!)

The barges were provided with heavy steel H-profiles undemeath, along the two sides, to improve
longitudinal strength, to improve penetration into the bed material and reduce free-spanning along
uneven bed levels. For stability calculations it was assumed that the bed undemeath the down
stream H-profile would be the most impermeable and determine the upward water pressure. The
barges were assem bied into two composite caissons, one consisting of two and one of three
barges. The connection between the barges was made by flexible material which allowed every
barge to settle independently (within reasonable limits). Much attention is given to smoothen the sill
to avoid high spots which would pierce the barge bottoms. The two caissons were positioned near
the gap at the two shore ends, where they were connected to a hinge (poie) by steel wire. Both
caissons were swung into the gap simultaneously at low water slack. For ease of positioning, to
prevent the "doors" to swing too far, steel tubes had been piled in the alignment of the gap. Tugs
on the seaward side had to gently push the caissons against these tubes. Being in line, the cais
sons showed a wide slit where they met. By pushing trom the shore-ends and releasing the wire
hinges, the slit was closed, while the space was dMded over the two shore connections. Ballasting
was done by pumping water and sand into the barges. Stones were dumped in the shore end slits
and via a floating pipeline sand was pumped at high capacity along the full length of the caissons
to prevent piping. As soon as the rising water allowed dump vessels to sail, stone was dumped
alongside the barges also. (After a sand dike was provided at the basin side of the caissons, the
barges were emptied, refloated, refitted and taken back in normal operation again.)

Generally several caissons wil! be placed one after the other in a period of several days. Every
caisson blocks part of the gap's profile and the next caisson will be more difficult to position. Flow
velocities increase, time window diminishes and the turbulent eddies in front of the caisson will be
more severe. Although the program will try to work from spring tides to neaps, the last caisson to
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be placed will be determining for the design of caisson dimension and foundation bed material.
The advantage of this method is that the operational phase in which flow velocities are very high is
relatively short. This means that in areas with limited workable period, for instance because of
weather or river discharges, the progress is within schedule. Besides, the duration of exposure to
high flows with large eroding capacity is small.

For large closures the last caisson may need unrealistic dimensions. Then, the use of caissons
provided with sluice gates is a good option. In that case, every caisson blocks a small part of the
gap profile only viz. side walls, diaphragm walls, bottom structure and ballast hold. The gates will
provide an opening of 80 to 85% of the submerged section of the caisson, which is to be multiplied
by a discharge coefficient in the hydraulic calculations. Again the determining conditions are those
during placing of the last caisson. This flow condition determines the dimension of the total open
ing provided by the gates. Multiplication by 1.3 gives the total gap size to be blocked by caissons
with gates.
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13. Failure modes and optimisation

13.11ntroduction

For a long time, the design process of rubble mound breakwaters was not very analytical.
Often, a design wave height was selected on the basis of a limited number of field data. The
final design was then tested in a hydraulic model. In general, a geotechnicaJ study completed
the efforts.

In the hydraulic model study, the hydraulic stability of the cross section was verified when
exposed to the design wave. Although it was evident that this design wave height could be
exceeded, seldom waves higher than the design wave were used in the model. Scatter in the
model results and inconsistencies in the model procedures were hardly accounted for. It was
also not common to use safety coefficients to cope with uncertainties in load or resistance of
the structure.

In this way, it could happen that new armour units like the Oolos were developed with a very
good hydraulic performance. It was not recognised, however, that the mechanical strength of
such units was insufficient to withstand the impact forces under design conditions. In the
same way, it was not always recognised that the margin between initial damage and failure
of the armour was different for armour layers consisting of traditional quarry stone and the
newer artificial armour units. This caused an unnoticed reduction of the inherent safety factor
of the traditional structure.

The failure of a number of large rubble mound breakwaters triggered a more analytical
approach to the design of such structures. One of the first systematic works on this subject is
the CIAO report1 on the reliability of breakwater design. It was soon followed by a more
comprehensive study of PIANC PTC 11Working Group 1~. The PIANC study did not only
present methods for probabilistic analysis at level I, 11and 111;it also gave recommendations
for the values of partial safety coefficients based on a general probabilistic analysis.

In the mean time, PIANC started a new working group to carry out a similar study for
monolithic breakwaters. The report of this working group is expected in 1999.

For closure dams a systematic probabilistic analysis has been published, as Annex A in the
CURlRWS Manual on the Use of Rock in Hydraulic Engineering3. This is not remarkable
because at least a few failures have occurred in the Outch design practice:
• during the closure of dike breaches at Walcheren (1945),
• during the closure of dike breaches in 1953 in the SW part of the Netherlands,

and
• during the closure of the Markiezaatskade as part of the Delta Project.

132 Failure mechanisms

For a proper insight in the behaviour and reliability of a structure under design conditions
(and excess of design conditions), it is necessary to have a more or less complete idea of
potential failure modes or failure mechanisms. A failure is defined as a condition when the
structure loses its specified functionality. This can either be connected with a serviceability
limit state or with an ultimate limit state.

For breakwaters, the protective function is the most important one in most cases. Failure is
thus related to any damage that leads to unwanted wave penetration into the harbour,
followed by further structural and/or operational damage.

The CURlRWS Manua~ gives a general overview of failure modes of rock structures (Figure
13-1, Fai/ure modes of Rock Structures). Burcharth' presents a slightly different review
(Figure 13-2, Fai/ure modes for a rubb/e rnound breakwater according to Burchartht
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Figure 13-1, Failure modes ol Rock Structures
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Figure 1-4, Failure ~ lor a~b1e ~nd ~er according to Burcharth;.

These overviews are given with some reluctance because it is not yet feasible to give
properly defined limit states for each of the failure modes separately in terms of load,
resistance and scatter of results.

The same applies tor monolithic breakwaters. For this type ot breakwaters some failure
mechanisms have been assembied in Figure 13-3,Some Fai/ure Mechanisms for Monolithic
Breakwaters.
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1. Overtopping
2. Structural Failure of Parapet
3. Translation
4. StructuraI Failure of Front Wall
5. Rotation
6. Settlement
7. Erosion of Filter Layer
8. Scour
9. Forward failure of foundation
10. Washing out of fines
11. 8ackward failure of foundation
12. Failure of Filter Layer due to rocking

Figure 1~ Some Failure Mechanisms tor MonoIithic Breakwaters
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13.3 Fault trees

A structure can be schematised as a complex system, consisting of many components,
which may function or fail. A fault tree sketches the systematic relations between failing or
functioning of all components in their mutual, interactive relation. Failure of a component may
or may not trigger the malfunctioning of a component at a higher level, until eventually the
structure as a whole does not perform the functions for which it was meant. Failure of the
structure as a whole mayalso occur if two uncorrelated events happen at the same time.
Considering these options, one can point at "AND and "OR" gates, indicating parallel and
serial relationships. By quantifying the probability of failure of each component, and by
combining the various causes of failure, it is possible to assess the overall probability of
failure of the system, be it a breakwater or a closure dam. It is beyond the scope of this book
to enter deep into the theory of fault tree analysis. The reader is referred to more specialised
books on reliability theories. Just for illustration, a simplified fault tree and the related
calculation of the probability of failure are given in Figure 13-4, Fault tree and probabi/ity of
fai/ureafter CURlRWS.



A complete fault tree analysis reveals the contributien of each failure mechanism to the
overall probability of failure for the complete structure.

AND~
Excessivescour
olloreshore

FIQUre ·~au~ and"Vooability ~ure
/' rafter CUR/RWS

The probability of failure for each componentof the systemcan be determined by making a
preliminary design and assessing the uncertainties in laad and resistance (strength) via a
reliability parameter Z. This can be carriedout at differentlevelsof sophistication.At present,
"Level 11"methods are the most commonly used. Apart from the probability of failure, the
Level 11calculation specifies the relativecontribution of each laad and strength parameter.
For breakwaters, the uncertaintyof the wave climate is aftenthe most importantcontribution
to the probability of failure on the loadingside; on the structuralside it is the scatter in the
stability formulae and the inaccuracy in the nominal diameterof the armour stone (01150), In
this way it is possible to analyse what are the most promising measures to improve the
probability of failure if necessary.

The next question is then whether the calculated probabilityof failure for the system is
acceptable or not. After a lengthy study to quantify the probability of failure it is highly
unsatisfactory to make this decisionon an irrationalbasis.

It is then wise to quantify the risk of failure in terms of the productof probability(of failure)
and its consequences (damage). These consequences are not limited to the cost of the
failing structure, but include the consequential damage as weil. For a fully destroyed
breakwater the damage thus representsthe cost of reconstructionof the breakwaterplus the
delays in the port operations as a resultof it. The risk (beingthe product of probabilityand
cast of damage) is expressed in terms of cast per unitof time (generallyper annum).

It is possible to reduce the risk by strengtheningthe structure. In general this can only be
done at (sorne) extra cost. In this way, the constructioncost of the structure increases, but
the risk reduces, mainly due to a lower probabilityof failure. Since the construction cast is
expressed in actual (money)value at themoment of construction,it is necessaryto capitalise
the annual risk due to failure over the lifetime of the structure,and calculate its present day
value. Then, the extra constructioncost can be comparedwith the savings on the capitalised
risk.

In practice, the situation is morecomplicated,because it is not onlythe risk of failurethat has
to be accounted for, but alsothe risk of partialdamage, resultingin the need for maintenance
and repair. A second complication is the fact that aftenthereare severaJways to improvethe
strength of a structure, and it is not alwaysclear what is the best (most economic)way to do
so. This macro and micro optimisationprocess is discussedin 13.4.

13.4 Optimisation

13.4.1 Micro level

Optimisation at micro levelcan best be explained in the deterministicdesign process. It aims
at a design that leads to the minimum total cost for a given strength level. Ta achieve this
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goal, it is necessary that all mate rial in the structure fulfils its function, and is used in the
optimum way.

This can be compared with designinga frame. It is then attemptedto select the members
such that all are exposedto a stress level close to the maximumadmissible stress. In the
same way, it can be attemptedthat all elements in a closure dam or a breakwaterare close
to (partial)failure whenexposedto the design waveheight.

In a probabilistic designprocess, it means that one should avoida very largecontributionto
overall failure by a single partial failure mechanism while other mechanisms do not at all
contributeto the probabilityof failure. It is wise to distributethe contributionto overall failure
over a number of failure mechanisms. In fact, one should base this distribution on
considerationsof marginalcost. If a constructionelement is relativelycheap it is not so much
of a problem if it is over-designed.If it is relativelyexpensive,over-designingin comparison
with otherelements leadsto too highcost.

It means that the designer shall attempt to make a balanced design. This can easily be
explainedwhen consideringthe cross section of a rubble mound breakwater. If the crest
level is designed so highthat no overtoppingoccurseven undersevereconditions,it makes
no sense to protect the inner slopewith heavy armour stone. For a low crested breakwater
on the other hand it is essentialto carefullyprotectthe innerslope.

13A.2Macro level

Also optimisation at macro levelcan best be explained in the deterministicdesign process,
when only one failure mechanismwith simple load and strengthparameters is considered.
When more mechanismsand parametersplay a role, the calculationsbecome rapidlymore
complicated, and one should be careful not to make mistakesthat lead to completelyfalse
conclusions.

The methodwas developedby Paapeand van de Kreeke5for rubblemoundbreakwatersas
earlyas 1964. The methodis discussedin the following,anda samplecalculationis given in
Annex5 Referencf to Tables and Figures referto that Annex.

The meth~ L~frts ~h the assumption that there is a direct relation between one load
parameter (the no damagewave height, Hnd) and a strength parameter (the weight of the
armour units, W). It is further assumed that the wave climate is known and available in the
form of a long-term distributionof wave heights (Table 1). The interactionbetweenload and
strength is determined on the basis of laboratoryexperiments,which indicatethat damage
startswhen a thresholdvalue (Hnd) is exceeded.The damage to the armour layer increases
with increasing wave height until the armour layer is severelydamaged and the core of the
breakwateris exposed.This occursat an actualwave heightH = 1.45Hnd'It is assumedthat
damage is then so far extended that no repair is possible,and that the structuremust be
rebuilt completely. For intermediate wave heights, a gradual increase of damage is
assum~, expressed in a percentageof the number of armour units to be replaced (Tabie
2). ',.
The breakwater is then designed for a number of design wave heights, where a higher
design wave causes a heavier and more costly armour layer,whereas the core remains
unchanged.The cost of constructionis I. The cost of rebuildingthe breakwater is assumed
to be equal to the estimatedconstructioncost, the cost of repairingdamage to double the
unit price of the armour units. It is then possible to list the construction cost and the
anticipated cost of repair, still split over the three categories of damage (4%, 8% and
collapse). Adding up the three categories of damage for a particular design wave height
yieldsthe average annualrisk anticipatedfor that design if all damage is repairedin the year
the damage took place. If it is decided not to repair the breakwater except in case of
collapse,the risk is justthe riskcausedby the categorycollapse.

Sincethe risk is stillexpressedin a value per annum, it mustbe ascertainedwhat amount of
moneyshall be reservedat the moment of constructionto beableto pay the averageannual



repair cost during the lifetime of the structure. Although money is regularly spent from this
repair fund, it still accrues interest at a rate of 8% per annum.

If the annual expense is s, the interest rate 8%, and the lifetime of the structure T, it can
easily be derived that the fund to be reserved (8) is:

T .s; 100( _!I_)s= Ie l00dt=S-y- 1-e 100 •••••••••••••••••••••••••••••••••••• (13.1)

for T = 100 years 8=s.100/8, and
for T = 10 years 8= O.35s. 100/8.

The interest rate is generally set in the order of 3.5%.
By adding the initial construction cost land the capitalised risk 8, one arrives at the total cost
of the structure. When this total cost (I + 8) is plotted as a function of the design wave height,
it appears that there is an optimum design wave height or an optimum strength of the
structure.
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14. Examples, Alternatives and Cases.

14.1CIosing an Estuary, creating FinalGaps in theTKial Channels.

In the foregoing chapters various details of examples and cases have been given in rela
tion to the subject discussed. However, a plan showing the construction phases of the clo
sure of an estuary entrance, comprising several channels and tidal flats was not detailed
yet. In th is chapter, a few examples of a hypothetical closure will demonstrate various pos
sibilities. A number of altematives will be outlined and the relation with some historie cases
will be discussed. Data on flow velocities and discharges is taken from mathematical cal
culations, which are not detailed. However, data relevant for the motivation is presented.

;.
The example assumes a tidal estuary which has to be closed along a fixed alignment. The
longitudinal profile of the total closure consists of (see Figure 14-1: phase 0):
• a foreshore, 250 m wide, 0.5 m lower than mean sea level.
• a secondary gulley of 200 m width and an ave rage depth of 4 m below mean sea level

(MSL),
• a tidal flat 300 m wide, with a level of about MSL,
• the main gulley 250 m wide, with an ave rage depth of 6.5 m below MSL and the larg

est depth along the bank.

The longitudinal
profile of the closure
gap thus is 4000 m2
at high and 1800 m2
at low water. The tide
is a semi-diumal sine
wave with a range of
3 m. In all
calculations the tidal
range is taken
constant; neap-spring
variation is ignored.

The storage area of
the basin is 20 km2 at
high and 5 km2 at low
water.

1000 m

-2~~~~~~~~~~~~4r~~~~~
-4 H-i+***+i~~~'I..

-6~~~~~~~~~~~~~~~

~~~~~~~~~~~~~~j~j~~~~~j~j~~~j~j~~~~~~~~~~~~~~~j~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~~j~j~j~j~j~~~~~~~~~~~~~~~[~~:~::::::.:.:.:.:::::::::::::::::::::
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Figure 14-1, Definitionsketchofbe

Three main options wiJlbe studied:
a) dam sections across the shallows first, next closing the gulleys. (in this section)
b) dealing with the gulleys first and closing the shallows last. (in section 7.2)
c) all simultaneously. (in section 7.3)
Each option may have several altematives.

The option "shallows first", is detailed below.

Dam sections across the shallows wiJlcreate two gaps. Then, many possibilities exist, but
a few altematives are unattractive. The secondary gap for instanee is very shallow for us
ing caissons. And for avertical closure, the totallength of the (two) sills, 450 meters only,
is rather short (this will be clarified when detailing the options band c). A mathematic
model is needed to get the required data for a well-considered decision. Horizontal closure
by tipping quarry stone in both gaps is a very good possibility, but for the purpose of this
example, a combination of placing caissons and tipping quarry stone will be detailed.
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In the next three figures some construction phases are presented. The program reads:
Two gaps are
created by
damming the
shallows.
Bottom protec-

MSL ~~~~I.4I.LUHtion is provided r-:
for in the
remaining gaps.
Then, both
closure gaps are
slightly
diminished in
sectional profile
by creating sUIs.
For a caisson
closure abutments are also made. These are concrete structures or sheetpile walls which
shape the vertical sides of the closure gap. Next,caissons are positioned in the main gap
and finally the secondary gap is closed by tippingquarry stone.

Rgure 14--2,Phase 2 of !heshallow fi40n

~ Expressed in phases:

~/U \\~ phase and action foreshore sec. gulley tidal flat main gulley

r: ''(''"'" 0 original state 250m; -0.5 200m; -4 300m; MSL 250m; -6.5

l~~~
1 bort.prot. + shallows dammed 200m; -3.5 dammed 250m; -6
2 partial sills in both dammed 200m; -3 dammed 250m; -4.5
3 fina' si'J, abutmelltS dammed 200m; -2.5 dammed 190m; -4.5

/ 4 first caisson in place dammed 200m; -2.5 dammed 12Bm; -4.5
5 sec. caisson in place dammed 200m; -2.5 dammed 6Sm; -4.5
6 third caisson in place dammed 2oom; -2.5 dammed closed
7 narrowing on sec. sil! dammed, 100m; -2.5 dammed closed
8 further narrowing dammed 50m; -2.5 dammed closed
9 very last gap dammed 10m: -2.5 dammed closed

Table 14--1,Different phases in dosure process

As the two gaps are blocked virtually one after the other, there may be quite some irnbal
ance in the tidal system between the gaps. This may require extra measures. To prevent
this, the tipping into the secondary gap has to run together with the placing of the cais
sons. The risk then is that the flow conditions during the sinking of the last caisson are too
high. In fact, this is alreadyquestionable in the above phasing.

Checking on these conditions gives the data in the next tabie. At the moment that two
caissons are placed (phase 5) the maximum discharge via the secondary gap has dou
bied and reaches about the same magnitude as the main gap had originally. To the con
trary, the main gap halved its discharge. The secondary channel will have to accommo
date the doubled quantities, for which its profilewill be quite srnall, A scouring of a gulley
across the shallow from the main to the secondary channel therefore is the likely conse
quence of the imbalance.

(The values in the table have been calculated for the same tide variation at sea; possibili
ties of using springlneap variation is discarded. Maximum flow does not necessarily coin
cide with maximum discharge, neither do the maxima of the two gaps always coincide)
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secondary gap main gap

phase situation during ebb I during floocl during ebb during fIood

(m/s.ml/sl I Umax IOmax I Umax I Qmax I Umax IQmax I Umax IOmax
0 orig. 1.09 915 1.07 940 1.09 I 1810 1.07 1825
1 bp+dams 1.33 1010 1.27 1045 1.33 I 2070 1.27 2085
2 sills 1.67 1065 1.57 1135 1.67 I 1935 1.57 1995
3 abutm 2.12 1090 1.94 1215 2.12 I 1790 1.94 1865
4 1 placed 2.71 1305 2.39 1505 2.57 I 1385 2.26 1470
5 2 placed 3.57 1550 I 3.00 I 1875 I 3.19 I 820 2.69 895

Table14-2,VelocitiesdUrin__ lffererPases

(phase 2 is pictured in Rgure 14-2)

The positioning of the last caisson takes place in the situation of phase 5 during HW
slack, as at LW there is insufficientwater depth. At the end of the flood period the flow di
minishesas follows:

• 30 min. beforeslack: u = 1.50mis,
• 20 min. beforeslack: u = 1.20mis,
• 10min. beforeslack; u = 0.70 mis.

For a safe sinking operation, these values are far toa high. Consequently, the program
has to be adapted. Instead of using ordinary caissons, they can be equipped with sluice
gates.The programthen reads:

phase and action foreshore sec.gulley tidal flat main gulley sluice gate

4 first placed, opened dammed 200m; -2.5 dammed 128m;-4.5 5Sm; -3.5
5 sec. placed, opened dammed 200m; -2.5 dammed SSm; -4.5 112; -3.5
S third caisson placed dammed 200m; -2.5 dammed Om; 112; -3.5
7 narrowing on siJI dammed 1OOm;-2.5 dammed Om; 112; -3.5
8 further narrowing dammed SOm;-2.5 dammed Om; 112; -3.5
9 very last gap in sec. dammed lOm; -2.5 dammed Om; 112;-3.5
10 close sluice, aates dammed dammed dammed Om: closed

Table 14-3, Phaseswith sluicegates in caissons

(phase4 is plctured in Figure 14-3)

This time, the
positioning of
the last
caisson takes
place in phase
5 with the
sluice gates of
the two other
caissons
opened
(assumed to

have 56m
effective width
each and a
floor thickness of 1m).

MSL.. ~F-~~+!"!';!.UJ.
-2~~~~~~~~~~~~~~~~

-~~~~I~I~~lillilf~~~~~~~~~II~~II~~1II-0 ~
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Rgure 14-3 , Shallow first option with sluice gates
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Then, at the end of the flood period the flow conditions appear to be acceptable:
• 30 min. before slack: u = 0.75 mis,
• 20 min. before slack: u = 0.50 mis,
• 10 min. before slack; u = 0.20 mis.

At first, the balance between the gaps will be better than in the former schema, as the
gates provide a flow profile while tipping starts in the other gap. Although the secondary
gap is closed before the gates close, the main channel does not exceed its original dis
charge. The balance can still be improved by closing a number of gates simultaneously
with the tipping. However, that worsens the conditionsfor the tipping.

The flow conditions are: '

secondary gap main gap ••

phase situation during ebb during f100d during ebb dunng f100d

(m/s,m3/s) I Umax I Qmax I Umax I Omax I Umax I Omax I Umax I Qmax

5 1 +2, open I 2.60 I 1260 2.30 1445 2.32 1460 2.06 I 1580
6 3 placed I 3.35 I 1480 2.85 1775 2.82 965 2.40 I 1095
7 100m gap I 3.87 • I 830 3.40 1040 3.67 1155 3.03 I 1360
8 50m gap I 3.78 • I 410 3.57 535 3.95 • 1220 3.36 I 1485
9 10m gap I 3.62 • I 80 t 3.58 t 105 I 4.05· I 1245 3.58 I ~

Table 14-4 , Ro( conditionsinne&nstrucö.me ;,v<k-~~ .* means critical flow.
** via the sluice gates
(phase 7 is pictured in Figure 14-4)

Critical flow
occurs during the
ebb, also in the
sluices. Per tidal
cycle it lasts for
nearly 2 hours in
phase 8 and for
2.5 hours in
phase 9.
Probably, th is
can be prevented
by providing the
third caisson with
sluice gates as
weil (which was not required for the sinking operation). If so, the conditions for the tipping
of the stone are better, but the imbalance betweenthe gaps increases. Whether it is worth
the extra expense, depends on the savings on stone tipping and bottom protection.

\

The flow and discharge conditions for three sluicecaissons are:
I secondary gap I main gap ••

phase situation during ebb during flood during ebb during flood

(m/s,m3/s) I Umax IOmax IUmax IOmax I Umax IQmax I Umax IQmax

7 100 m gap 3.35 • 720 I 2.80 I 875 I 3.14 1570 2.63 1805
8 SOm gap 3.55 • 385 I 3.09 I 480 I 3.51 1695 2.91 1980I
9 10m gap 3.49 • 80 I 3.15 I 100 I 3.81 • 1780 3.15 2120

Table 14-5,Aowlorvariouscaiissons

Critical flow in the sluices now occurs during the very last operation and lasts for half an
hour only. Maximum flow velocities in the secondarygap reduce byabout 10%.
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A historie case of the above system of closing a tidal basin is the construction in 1965 up
to 1972 of the "Brouwersdam" , damming the "Brouwershavensche Gat" by which the
"Lake Grevelingen" was created. Dimensions of the channels and the basin were much
larger. The total dam alignment had a length of 6 km. In that case the minor guJley was
closed by sinking 12 sluice-caissons, each 68 m long, on a siJI leveJled at 10 m below
MSL. The main guJley was closed by gradual closure with concrete cubes of 50 kN each.
The profile of this gap was about 13000 m2• Contrary to the example, the gradual closure
was avertical closure, dropping the cubes by means of a pre-instaJledcableway.As in the
example, a Iimiting factor for the progress of the gradual ciosure was the flow condition
during positioningand sinking of the last caisson.

14.2 Blocking the Main ChanneI first

In this section the same estuary as above is cIosed by reducing the profiles of the guJleys
first. Then the main gulley wiJlbe blocked completely. Next, the secondary gulley wiJlbe
further reduced and finaJlythe total rest profile will be blocked. This option isworth consid
eration if it leads to a cheaper closure operation. The obvious disadvantage, when the
channels are blocked first, is that the bottorn across the shallows has to be protected
against scour also. Cost savings on the other items need to compensate for this expen
sive extra. Such savings may result from a possibly reduced dimension of the protection in
the gulley and from cheaper caisson design. A major saving would result by using cais
sons without sluice gates, while another saving could be obtained by using two caissons
only.

A determining factor for the decision to omit sluice gates is the positioning of the last cais
son. The flow conditions will be best when the flow profile is as large as possible at that
moment. This is the case when there is no sill in the secondary gap. Assuming the same
dimensions of the caissons, the determining total flow profile is the original profile, dimin
ished by bottom protection over the full length, by the abutments on both sidesof the main
gulley, by the foundation sill and by the caisson(s) already placed. The HW-slack period
then is characterized by:
• 30 min. before slack: u = 0.80 mis,
• 20 min. before slack: u = 0.60 mis,
• 10 min. before slack; u = 0.25 mis.

Positioningwill not be aproblem. There is however,a substancial imbalance between the
two gulleys.The maximum flood via the secondarygulley is 1975m%, which is more than
twice the original. A sill in this gulley, up to the level -3m, brings the discharge down to
1860 m%. The effect is smaJland flow velocities in the main gulley increase up to:
• 30 min. before slack: u = 0.95 mis,
• 20 min. before slack: u = 0.65 mis,
• 10 min. before slack; u = 0.35 mis.

The sinking is possible, but further raisingthe sill is not acceptable.The constructionof the
sill up to -3m in the secondary gulley can best be done simultaneously with the foundation
sill in the main gulley.After that, caissons can be placed at short intervals to limit the dura
tion of the imbalance.

Saving on the number of caissons depends on the flow conditions for creating the smaller
gap for the (two) caissons, as the narrowing of the gulley has to be done bypumping sand
or the like. The flow profile available is the original profile diminished by bottom protection
and by the island for the abutment on the shallows.The longitudinal profile then consists
of 250 m foreshore, 200 m secondary gulley and 250 m shallows, all providedwith bottom
protection, an island section on the shallows of 50 m length and adjoining island in the
main gulley along 75 m, leaving a gap length for two abutments of 25 m each, two cais
sons of 60 m each and 5 m extra (see figure). In the secondary gap, bottom protectionwiJl
be present and some of the siJIconstruction may exist. The calculations show that the
maximum flow velocities in the gap are 1.70 mis during ebb and 1.60 mis during flood,
which is no problemfor the construction of the island.
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The conclusion
is that blocking
the gulleys first
can be done by
closing the
main gap with
two simple
caissons, while
a restricted sil!
is present in the
secondary

gulley. The Figure 14-5,Phase4orof main channelfirst option
remairunq flow
profile consist of two 250 m long shallowsections and a partly blocked gap in between.

The construction phasing up to this moment thus reads:

phase and action foreshore sec. gulley tidal flat island main gulley

0 original state 250m; -0.5 200m;4 300m; MSL none 250m;-6.5
1 bott.prot + island 250m; MSL 200m; -3.5 250m; +0.5 125m 175m;-6
2 sills in both 250m; MSL 200m; -3 250m; +0.5 125m 175m;4.5
3 sin, abutments 250m; MSL 200m; -3 250m; +0.5 150m 125m;-4.5
4 first caisson in pi 250m; MSL 200m; -3 250m; +0.5 150m 65m;-4.5
5 sec. caisson in pi 250m; MSL 200m; -3 250m; +0.5 closed

Table 1~, Phasingof~S.tion
Flow velocities and discharges are as follows:

I secondaty gap •• main gap

phase situation during ebb during floOO during ebb during flood

(m/s,m3/s) I Umax I Qmax I Umax IOmax I Umax IQmax I Umax I Qmax

0 orig. 1.09 915 1.07 I 940 1.09 1810 1.07 1825
1 botpr+isle 1.61 1155 1.52 I 1215 1.61 1695 1.52 1720
2 sills 2.01 1175 1.85 I 1295 2.01 1525 1.85 1600
3 abutm 2.42 1355 2.19 I 1525 2.29 1206 2.07 1285
4 after 1st 3.06 1585 I 2.68 I 1860 I 2.73 I 705 2.40 770
5 after 2nd 3.98 • 1860 I 3':;j I 2310 I closed t 0 closed 0

Table 14-7,A locitiesdUringtheVarioolhases

** the centraJ 200 m section only (the shaJlows talling dry during low tide).

The next step could be a horizontalclosure by tipping quarry stone, from either one side or
from both sides. It creates high flow velocities in the secondary gap. The situation is com
parabie with the former option, except for the sluice gates. The flow velocities will rise in
this case to about 4.5 mis. Therefore, it is more appropriate to try to reduce the profile of
the secondary gap, maintaining the flow across the shallows. Dumping quarry stone by
dump-vessels will be impossible because of draught restriction. However, vertical closure
is possible by means of a temporary bridge (to be installed in the previous period) or a ca
bleway (ditto). The length is considerabie (700 m) but 500 m of the bridge crosses shallow
water and so, the foundation cost is limited.
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Another method,
with a difficult
operational

MSL. Y~~M.~procedure, is to r-:
recognise the fact
that during LW the
dam section
across the
shallows falls dry
for several hours.
The first step is to
bring the sill level
up in two layers to above LW, so from -3 to -2 and then to -1. The water level in the basin
will not follow the sea level and the relation between the levels of the sea, the basin and
the sill determine the operational possibilities. The equipment to be used is a shallow
draught crane vessel and dump trucks with hydraulic cranes, approaching via the drying
dam sections. The operational period per tidal cycle, the work-window, is small and the
production is low, but the equipment is availableon the market and investment in bridgeor
cableway can be avoided. Gradually, layer by layer, the sill will be raised. For every layer,
the determining moment exists when the last 10 m has to be made. That missing part of
the layer is a dip in the sililevel which is subjected to higher (critical) flow.

The crane vessel
can operate when
anchored near the
gap during the
periods that flow
velocities are
smaller than 2 mis.
For the layer from -
3m to -2m (phase
5 to 6) this is 2
hours during HW
and 1 hour during
LW on average.
For the next layer
(phase 6 to 7), up
to -trn, this is 1.5
hours at HW and .
three quarters of Figure 14-7,Water1evels dunng dosure
an hour during LW. After that, dump trucks may start to assist during the LW-period, as
the water level at the seaward sidewill fall lower than the sill level. At the start of the next
layer up to MSL (phase7 to 8), the basin level falls below that level duringabout 1 hour (
b-b in the figure). When finishing the layer, the water levels are less than 0.5 meter above
the sili's level for two hours. Though risky, trucks can operate in water depth of less than
0.5 meter.

The construction phasingthus continuesfor!he 700 m sectionvertically: \ lil-"1L4 '"('-A -/ j
The construction phasing thus continues for the 700 m section verticallv: i'1 - b ,
phaseand action foreshore sec. gullev tidal flat

.--------------------------------------------,--------(16 first laver
7 firSt laver
8 level foreshore
9 level tidal flat
10 level + 1
11 finallaver

"1000 m
I I I

Figure 14-6 , Construction method with shaJlow sections above LW

water levels In the basIn:
~ p~: 5 6 7 8

nourc

250m; MSL 97m;-2 6m;-3 97m;-2 250m; +0.5
250m; MSL 97m;-1 6m;-2 97m;-1 250m; +0.5
250m; MSL 97m;MSL 6m;-1 97m;MSL 250m; +0.5
222m;+0.5 6m;MSl 222m;+0.5 250m; +0.5
347m; +1 6m; +0.5 347m; +1

dammed 6m: + 1 dammed

Table 14-8, Construction~ with dryfalling~

14-7



The flow velocities for the various levels of the sill are:
Umax. in mis: deepest part deepest but one deepest but two

phase situation ebb flood I ebb flood ebb flood

5 after 2nd 3.98 • 3.37 I 2.34 • I 2.85· I 1.80 • 2.50 •
6 up to-2 4.22 • 3.43 I 3.81 • I 3.847 I 2.28 • 3.03 •
7 upto -, 3.82 • 3.38 I 3.28 • I 3.68-· I 2.38 • 3.15 •
8 up to MSL 3.27 • 2.92 I 2.50 • I 2.91 • I 2.06· I 2.32·
9 up to 0.5 2.32 • 2.67 I 1.98• I 2.32· I not app!icable
10 upto+1 1.86 • 2.18· I 1.05• I 1.55· I
11 up to HW 0.88 • 1.55· I highw.a~

Table14-9,R ··esover~

deepest but three

ebb I f100d

not applicable
1.94· I 2.32·
2.02· I 2.32·
not applicabJe

* means limited by critical flow condition.

In the table the deepest part represents the dip in the sill mentionedabove. Although in all
sections of the sill critical flow limits the flow velocity, in the dip this is only true for the ebb.
Besides, ebb is determining for sill levels up to about MSL, above that flood flows are
higher.

Considering the above results, it appears that the maximum flow velocity in the secondary
gap during the raising of the sill is not very much less than in case a horizontal closure had
been designed (4.22 mis instead of about 4.50 mis). This is due to the fact that the limiting
critical flow condition for the -2m sill level under these circumstances is about the same as
the normal flow condition for a narrow gap with a 3 m tidal range. The determining condi
tion occurs for the dip in the low sill in the 200 m gap. In that stage of the process, the 500
m shallow sections are too elevated to be useful. This example proves by its exception
that the general rule that vertical closure leads to smaller flow velocities than horizontal
closure is (not always) true. Neither the difficult operational procedure and small produc
tion capacity, nor the investment for a bridgeor cableway, can compete (money wise)with
the dump trucks operating from two sides for horizontal closure.

A rather critical point in the closure phasing is the situation near the island after the cais
sons have been placed. Then, the main gulley is blocked and the secondary gulley more
than doubles its discharge. An easy way for the water to pass through the gap is to follow
the main gulley, to circle across the shallows around the island and to return into the main
gulley. Scouring a short-cut like that is a typical example of the consequence of the imbal
ance. It would be a disaster and has to be prevented.

A historie case of a closure in which firstly gulleyswere blocked by caissons and then the
shallows were closed, is the closure of the Schelphoek, one of the major dike breaches in
the south west of the Netherlands (1953). The situation of the breaches and the closure
alignment are pictured in section 2.3 showing the development of erosion gulleys. The
picture giving the situation after 20 weeks shows the two gaps that had been shaped, typi
cally suited for caisson placing, while the long overland stretches had been protected by
mattresses. After the caissons had been placed the overland sections followed by hori
zontal closure. A large number of shallow concrete units was placed every tide, in such a
short sequence that the overland flow could not scour a short-cut.

The vertical closure procedure, using dump trucks, driving on the sill and using hydraulic
cranes to level the cobbles, was executed during the closure of the Markiezaatskade
(1983), one of the secondary dams required in the Deltaworks.The dam closed a shallow
tidal basin of about 20 km2 with a tidal range of about 4 meters. The final gap was 800 m
long and had a basic sililevel of 2 m belowMSL. That time the vertical closure was an ad
vantage as the full 800 m had the same low sill level. The quarry stone dam was con
structed in layers of 1 or 0.5 m thickness.
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14.3 CIosure over the Full Dam Length.

The option to close over the full length of the alignment is logically avertical closure or a
combined closure. The principle is to block the gulleys partly by sills first, until one level
exists over the full length. Then, either vertically or horizontally, the 1000 m long gap
above that sill is closed. The difference with the option to close (one of) the gulleys first is
that there are no caissons, that the imbalance will be smaller and that flow conditions are
more favourable due to the longer weir. The first two phases of construction are:
• a bottom protection along the full alignment,
• sills to be dumped up to the levelof -2.5m (vessels'draught permitting).

Then, horizontal or
vertical ciosure has
to be selected.
With a horizontal
closure one very
final gap is created.
While proceeding
to that gap the flow
conditions on the
lowest part of the

-4~';';';'~~~;;;';:::.;.;lII;l

-e ~~~~~~~~~~~~~~~~~~~

sill will be ..,LL_.
determining. As Figure14-8,F~re
that sill level is -2.5m, the situation of the former options is created again. The same final
stage is reached than at the cost of a bottom protection over the full length. The bottom
protection in the shallow areas therefore is superfluous, so the full length option is mean
ingfulonly in case vertical closure is taken. The next phases therefore are:
• a next layer bringing the level of the sills up to -1m,
• further layers of 0.5 m thickness up to HW.
The procedure is identically to the last phases of the former option. The difference is the
weir lengthwhich is 1000m instead of 700 m.

The phasingof the closure thus reads:

phaseandaction foreshore sec.gulley tidal flat maingulley

o originalstate 250m; -0.5 200m; -4 300m; MSL 250m; -6.5
1 bot.prot+sill (-3.5) 250m;MSL 200m; -3.5 300m; +0.5 25Om;-3.5
2 sillsdumped(-3) 250m;MSL 200m; -3 300m; +0.5 250m; -3
3 sillsdumped(-2.5) 250m;MSL 200m; -2.5 300m; +0.5 25Om;-2.5
4 sill by trucks (-1) 250m;MSL 200m; -1 300m; +0.5 245m; -, 5m;-2.5
5 upto MSL 445m; MSL 5m; -1 300m; +0.5 250m; MSL
6 upto +0.5 445m; +0.5 5m; MSL 300m; +0.5 250m; +0.5
7 upto +1 445m; +1 5m; +0.5 300m; +1 250m; +1
8 uptoHW 445m; +1.5 5m; +1 300m; +1.5 250m; +1.5

Table14-10,Phasing offull~re

The influenceon the flow conditions appears from the lists below (to be comparedwith the
table in the former option for the 700 m longweir):

flow and discharge secondary gap main gap

phase situation dwing ebb during f100d dwing ebb during flood

lm/s,m3/sl IUmax I Qmax IUmax I Qmax I Umax IQmax I Umax IQmax

0 ong. 1.09 916 1.07 I 940 1.09 1810 1.07 1825
1 botpr+sill 1.78 1230 1.86 I 1310 1.78 1535 1.66 1635
2 siUs-3 2.06 1180 1.90 I 1310 2.06 1475 1.90 1635
3 sills-2.5 2.48 1110 2.23 I 1305 2.48 1385 2.23 1630
4 sill-1 2.99 • 710 I 3.49- I ,,35 12.99- I 870 3.49 - 1390

Table14-11,Aow duringful~~ure
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The discharge quan
tities in the remaining
gap diminish with the
progressing
construction of the
sill. The determining
flow conditions are
those in the narrow
dip of every layer.
The flow velocities in
the various parts of
the 1000 m gap are
listed in the table on
the next page. The
phase with the deter-

rrurunq flow con
ditions is phase 4,
shown in Figure 14-9.

~Iow veloert, .. (m/.)

Figure14-9,DetermininJ~itions

Comparing the phases 4 to 8 of this option,with phases7 to 11 of the former option, it ap
pears that the rnaxirrgirn flow velocity is considerably less (3.62 mis and 4.22 mis) as con
sequence of the longer gap length. All flow conditions reach the critical flow stage, except
for in the last dip in the siJI,which exists as consequenceof the constructionof the layer up
to the level of -1 m. In the dip the flood flow is still sub-critical. The magnitude is slightly
less than the critical flow above the -1 m elevated sill, which is due to the low discharge
coefficient used for this narrow gap.
Umax. in mIs: I' deepest part I deepest but one deepest but two deepest but three

phase situation ebb f100d ebb flood ebb floOO ebb I flood

4 siJI-1 3.62 • 3.09 2.99 • I 3.49 • 2.24 • I 2.74 • 1.68· I 2.27·
5 up to MSL 2.97 • 2.87 2.33 • I 3.05 • 1.98 • I 2.32 • nat applicabie
6 up to 0.5 2.32 • 2.64 • 1.95 • I 2.41 • I
7 up to + 1 1.90 • 2.05 1.11 • I 1.55 • nat applicable
8 up to HW 0.88 • 1.55 • highwater free I

Table14-12,A~ocities durinA'osure
~~- optlon: full J.~n

pl1Dse : 4 1.0 S
" _ter I_el. In~he _In:

Evenmore important is the fact that the timewindowfor the equipmentto operateon the siJI
is much longer than inthe former option.This is dueto the lower low-waterlevel in the basin
for the comparable levelof the sill. On the otherhand,an operationaldifficuJtyof the present
option is that the layerconstructionhas to advanceover500 m from eachside insteadof
350m.
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An altemative to avoid th is problem of 500 m driving distance, is to prepare an approach
road towards to centre of the sill via an artificial island on the tidal flat. The construction
can then advance from four sides along 250 m each at the cost of a major transport to the
island and of installing transhipment facilities. The total silliength reduces with the width of
the road connection only. If the island is situated in the alignment, the advantage of the
long sill length decreases. At certain dimensions the method even changes into the first
option with the final gaps in the channels, using vertical closure instead of caissons.

An example of a closure by constructing sills in the gulleys and providing one level over
the fulilength of the alignment is the damming of the River Feni in Bangla Desh in 1984/85
(see also page 1-1). The tides were very variabie, due to shallow water effects. Spring
ranges doubled the neap ranges while low water levels were always about the same (see
section 3.1, influence of MSf). During spring tides the tidal wave entered the estuary as a
tidal bore. Therefore, conditions during neaps were a lot more favourable than during
springs and the last layers of the vertical closure had to be forced in a major effort over the
neap tide period. During that closure day a neap-tide-safe profile had to be constructed on
top of the sill, which had to be heightened up to a spring-tide-safe profile within a week's
time.

The tide on closure day rose from -0.5 m to +2.65m (range3.15 m) while the start levelof
the sill was +0.70 m. On closure day an embankment was constructed up to the level +3
m by piling up jute bags filled with clay. In totaI1,OOO,000bags were positionedby 12,000
Bangla Deshi people, all by hand, in five hours time. In order to minimize the hauling dis
tance the bags had been stored in 12 stoekpiles along the alignment of the dam, which
reduced thé total gap's length to about 1000 meter. The enlargement of the profile to the
spring tide safe profilewas done bytrucks, tippingclay.

14A Final remarks.

The calculations and considerations on the closure options for the above example dem
onstrate that the change in conditions during the closure operations depends on the
method adopted. Furthermore, it shows the correctness of the statement, made in the
preface, that there is not one single correct solutionfor this design problem. On the basis
of the above calculations, without further details about availability and costs of materials
and equipment, final conclusions can not be drawn.

Besides, various other considerations may influence the decisions, such as: "Is there a
possibility to build a large dry-doek for the construction, immersion and float-out of the
caissons? Is there any soeial-economic reasonwhy labour intensive low-Ieveltechnology
is preferred above a high-skilled approach? Howskilled is the labour force available and in
what sort of operations are they experienced? Are there any restrictions to import and use
equipment or materials from outsidethe country andwhat is the taxation?"

But even the technical arguments have not all fully been considered. What about opera
tional conditions and time periods. Are there seasonal changes in sea levelor tidal ampli
tudes, periods with storm surges or cyclones, monsoons giving restrictionsto operations
because of waves and swell, limiting the execution of part of the works to specific work
windows? What happens when, due to unforeseen set-backs, the critical operation will
exceed that time window?

No attention has been paid yet to the impact of extreme conditions on the design? Is suffi
cient data available to make an analysis of the probability of the oecurrence of such an
event? In the considerations made in the aboveexample, not even the tide has been var
ied for springs and neaps.

Some operations are more vulnerable for extreme conditions then others and so conse
quently the measures to be incorporated in the design may take different proportions of
the costs. These have to be included in the estimationof the various optionsfor making a
proper selection. Besides, in the event of a failure, some are rather simply overcome but

14-11



others are disastrous. These considerations are difficult to weigh, sometimes it is hardly
possible and yet it is all part of the design process.

It is outside the ambit of th is book to offer a finite and predetermined formula for any dam
closure. The objective has been to illustrate the basic technical problems Iikely to be en
countered and the application of scientific principles to their solution, substantiated by the
wealth of practical experience involving successes as weil as failures.
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15. Review

15.1 Breakwaters

The main choice tor the designer of a breakwater lies in the choice between a rubble mound
type of structure and a monolithie one. Advantages and disadvantages are therefore
repeated here. Some of them are site specific and some are valid for the present moment
only. The designer must therefore carefully judge in which direction he will move.

Advantages of the rubble mounds are:
• Simple construction
• Wrthstands unequal settlements
• Large ratio between initial damege and collapse
• Many guidelines available for the designer

Disadvantages of the rubble mound are:
• Depends on availability of adequate quarry
• Quantity of materiallarge in deeper water
• Large space requirement
• Difficult to use as quay wall

Advantages of the monolithic breakwater are:
• Short construction time on location
• Can function as quay wall
• Economie use of material in deeper water

Disadvantages of the monolithie breakwater are:
• Sensitivity for poer foundation conditions (settlements and liquefaction)
• Complete and sudden failure when overioaded
• Reflection against vertical wall
• Limited support tor designer trom guidelines and literature

15.2 Closure dams

For closure dams there are a few main directions the designer can follow (See chapter 2.3
and 12.8.4.). The first one is the choice in basics methods, the second one the optimal use of
the natural conditions and boundary conditions and the third, the selection of materials and
equipment.
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Annex 1 Construction Equipment

A 1.1 Land-based equipment

A 1.2.1 Material in bulk

The land-based equipment must be split in highway and off-highway equipment. The off
highway equipment is designed to work on rough, uneven surfaces, where traditional
vehicles can hardly move. In most countries, use of this equipment on public roads is not
permitted since it causes excessive damage to the pavement.

If, nevertheless, material must be transported over long distances, there are a few options
left:
• Construct special roads or tracks;
• Use high capacity highway trucks;
• Use existing or special rail connections.

The most widely used off-highway equipment is shown in Figure 1. It shows a mix of tyre and
track based vehicles. Use of tyre-fitted equipment in quarry stone operations leads to
excessive wear and tear, although it can not always be avoided. It is often necessary to
spread finer material over the larger size stone (with a bulldozer) to create an accessible
surface for tyre mounted equipment.

type capacity weight wheelioad (ton) width
(m") (ton) grouncl pressure (m)

(olf higway)

~

20-90 empty: 30 - 110 fronVrear (ton) wheeI base
dump truck loaded: 60 - 270 empty: 15/15 - 50160 3.7 - 5.7

Ioaded: 20140 - 901180
articulated

~

12 - 27 empIy: 20 - 40 fronVrear (ton) wheeI base
dump truck Ioaded: 40 - 90 empty: 10110 - 20120 5.7 - 6.8

Ioadeó: 14126 - 30160

wheeI Ioader

~

2.5 -9 15 - 86 bucket width
2.7 -4.7

track leader

~

2.5 - 3 25 60 - 90 !cPa bucket width
2.7

backhoe CTcIne -s» 0.5 -15 15 - 200 40 -150!cPa track gauge
2-5

front shovel

~
2 - 15 40 -200 70 - 190)(Pa track gauge

cl
2-5

bulldozer

~

blade width 10 - 80 50 - 100 !cPa track gauge
2.5- 5 m 2-3

Flgure A1-1, Review of léIld-based equipment

A comparison between a highway and an off-highway dumper is given in Figure 2.

~ 00{ t~" v~ ~ v~ 1è6tJL ~"?
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MACK DM 686 SX(6 x 4)

Itnett carrying capacity 25.000 kg <\,,,,
gross vehicle weight ) ,

// 'I
8.200 kg

., Ifront < ~
raar 29.480 kg ,. 2515 .1

, ,,
total 37.680 kg , ,, ,, ,,, ,

nett weight 12,680 kg

~) 23
engine em 6-285; 210 kw at 2,100 rpm

fuel tank capacity 3401tr

tyres 12.00 x24

rock body 12 m3 I. 7600 .1

WABca 35C (4 X 4)

nett carrying capacity 31,750 kg
gross vehicle welght

front 18,865 kg
rear 39,358 kg
total 58,223 kg

nelt weight
front 13,399 kg
rear 13,073 kg
total 26,472 kg

engine: detroit 12v - 71n 320 kWat 2,100 rpm
max. speed ~tforward 66 km/hr

backward 8.8 kmIhr
tuming circle 14.9m
fooi tank capacity 4541tr
body contents

17.6 m3struck
heaped 1:1 26 m3 0

18.00 x 33 24 PLY
It)

tyres 'It

::;l t= l;;;:;

r.....;

Figure A1-2, TIpper truck (highway) versus dump truck (off~ighway)

Use of this heavy equipment requires a considerabiespace in the quarry, on the raad, or on
the crest of a breakwater. (See Figure 3) If space is insufficientto provide two lanes, passing
places must be created at a practical distance. Since backing up reduces the speed
considerably, also tuming placesor even tumtablesmust be providedsometimes.
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FlQure A1-3, Space requirements tor heavy vehides

If the construction material can not be
placed by direct dumping methods, bulk
handling is still possible by using skips or
containers.These skips can be loaded at
the stockpile and transported to the work
fronton trucks or trailers.They can alsobe
filled by dump trucks at the work front At
the work front, they are handled by crane
and emptied at the spot that was not
accessible for the direct dumping
procedure.

1.1.2 Special placement

The larger size quarry stones and the
concrete armour units are not placed in
bulk but individually by crane. For this
purpose, heavy cranes are used as
indicated in Figure 4. These cranes can
either be wheel mounted or tyre mounted.
The lifting capacity decreases with the
distance. It means that placing arrnour
units near the toe of the structure is the
most critical load condition tor the crane. It
is possible, however, to make use of the
buoyancyof the elements by keeping the
load just submerged when the crane is
reachingout

~--'---~~--r-----r---ï25

20

I
Rotation
centre

15 10 5
m

Figure A1-4, Ufting capacity of !wotypicaI heavy aanes

A1-3



[--. "", .
, ;, ,. ,
: I

ROPE CLAMSHELL

capacity

type

1000 Itrs

2 ropes. digging

daad weighl

widtll

1550 kg

1200mm

HYDR.GRAB
1000 Ilts

hydraulic grabwilh orange peel
shells wilh mechanical _ 360

110. ol shelIs 5

max. lead Slons

deadweight 1890 kg.

FigureA1-5, Grabtypes

The cranes handle individual units with the aid of a clamshell grab or an orange peel grab.
(Fig. 5)

A crane as indicated in Figure 4 obstructs the work front, for instance at the tipping end of a
breakwater under construction. A1though the crane is necessary to place armour units and
heavier stone, it prevents direct dumping of core material by dump trucks. It has been
indicated that providing a skip or container can solve this, so that the crane can do the bulk
handling as weil. This method, however reduces the construction speed considerably.
Therefore, sometimes the heavy crane is placed on a gantry, so that trucks can pass under
the frame of the crane.

A 1.2 Waterbome equipment

A 1.2.1MateriaI in bulk

For the handling of material in bulk by waterbome equipment, we must make a distinction
between very fine-grained material that can be handled by dredging equipment and the
coarser material.

Pipeline transport
Fine-grained materiallike sand and gravel can still be handled by dredging equipment using
hydraulic transport modes (pumps and pipelines). For transport over Iimited distances,
pipeline transport is very common. In most cases, the pipeline is laid over already reclaimed
land, and extended as the material pumped into the water reaches the required level. Under
water natural stopes are formed, generally with a rather gentIe slope, so that large volumes
of material are required per running meter of dam. The coarser the material, the steeper
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become the slopes. This leads eventually to much smaller quantities per running meter and
thus to a faster forward movement of the work front.

Pipelines can also be laid over water by using floats or pontoons to carry the weight. In this
way it is possible to apply sand or gravel in layers over the seabed. In order to prevent
uncontrolled spreading of material, the end of the pipeline is often submerged and fitted with
a diffuser.

Pipelinetransport is not feasible in very roughseas, and not economicover largedistances.
Pipeline transport is than replaced by transport in barges or seagoing vessels like trailing
suctionhopper dredges.Thesevessels dischargethe materialeither throughopenings in the
bottom,or in the case of hopper dredges by pumpingthe material overboardvia the suction
pipe. In this way, a similareffect is achievedas in the case of a fixed pipelinewitha diffuser.

Floating transport
By floating transport,we mean transport by bargeor vessel. Some of these vessels can be
used for both, the finer material like sand and gravel and the medium sized material Iike
quarry stone to weightsof say, 1 ton.

Amongst the bargesand vesselswe can distinguishthe followingtypes:
• Flatdeck barges;
• Bottomdoor barges;
• Split barges;
• Tilt barges;
• Side unloadingvessels.

All barges can be either push or pull barges or self-propelled vessels, with a varying
sophisticationof propulsion.The more sophisticatedthe propulsionsystem, the better is the
accuracyof working inwaves and currents.

• Flat deck barges exist in a wide range of carrying capacity, the largest meant for
overseas transport of quarry stone in batches up to 30,000 tonnes! Loading and
unloading is mostly done by crane or by wheelloader. Smaller size barges have a
draught up to 2.5m, the large seaworthybargesmay havea largerdraughtup to 5 m.

• Bottom door barges are used for fine-grainedmaterial and quarry stone as weil. Their
loaded draught is about 2.5 m. The load is dumpedby opening bottomdoors. Since the
doors are openingall at once, the dumpingis very uncontrolled.Caremustbe taken that
the doors are not damaged when they are opened and may hit the mass of fresh
dumped stone. In some cases, the bargesare constructedsuch that the bottom doors
do not stick out belowthe keel of the vessel, so as to prevent damage to the doors. The
vessels can not dump to a higher level than MSL -3m. The capacity is in the order of
60Otonnes.

• Split barges are again used for both fine-grainedmaterial and medium sized quarry
stone. The bargesunioadby splittingthe two halvesof the huil in a longitudinaldirection.
Some barges can maintain a relativelysmall c1eft.By moving the vessel sideways it is
possible to dumpa curtainof materialthat covers the seabed likea carpet.The capacity
is in the orderof 600 to 1000 tonnes

• Tilt barges are in fact flat top barges thatare unloadedby floodinga ballastcompartment
along the sideof the vessel. In this way the vessel is listingso much that the load slides
down over the side into the water. The dumping is rather uncontrolled. Tilt barges are
gradually replaced by more modem equipment. The capacity is in the order of 600
tonnes.
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• Side unloading vessels are again flat deck vessels. Unloading is realised by pushing the
material overboard by mechanical means. In this way accurate dumping is possible,
specifically if the vessel is equipped with a sophisticated propulsion system. The
capacity ranges from 600 to 2000 tonnes.

The various types of vessels are shown in Figure 6.

Bonom-door barge

".;<,.
.,;_./~;:.:..~~.~~:;.·{:·..:...~:;~b;

Tiltingbarge

;;;....

·:/.i~-:'_Ion~.~-...~&v.. 2~
i.:.I.;;::_~-:~:":':'!~.~...?~;..=.~.~I:t.;

Flat BaraeSide-unloading barge

FtgUre A 1~, Barges tor dumping material

A 1.2.2 Special placement

Special placement of materialwith waterbome equipmentis definedhere as placingwith a
crane. This is a narrow definition because it has been indicated in paragraph A1.2.1 that
pipelines and some bargescan also be used for (moreor less) accurateplacement.

Using a crane to places sometimes heavy material at sea is complicated because of the
disturbance bywaves andcurrents.

If the crane is fixed on a pontoon or vessel, proper caremust be taken of the anchoring,so
that the position can be maintained in spite of the prevailing currents. The action of the
waves, however, is more difficult to compensate. There are always relative movements
between the crane and the structure, and between the crane and a transport barge if the
material is supplied from a vessel different from the crane pontoon. These relative
movements make the handling (especially of heavy) materialcomplicatedand sensitive for
weather delays. Therefore, it is often tried to reduce the relativemovements between two
vessels by combining the transport bargewith the cranepontoon.(Fig.7)

Figure A 1-7, Example clcombined transport ald crane vessel
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Another solution is to make the crane platform completely independent of the water motion.
This can be done by methods developed in the offshore industry: the self-elevating platform.
Such platforms have been used during the construction of the klmuiden breakwater. They
are floating pontoons during transport. The spuds or legs are lowered when the pontoon
arrives at the right position. By hydraulic jacks, the pontoon is then lifted out of the water
along the spuds and forms eventually a stabie working platform tor the crane.

A 1.3Tolerances

When considering construction equipment, it is impossible to neglect the accuracy of placing
material under varying conditions. It makes a tremendous difference whether material is
placed in the dry, where it is possible to visually inspect and control the operations, or the
material is placed under water, where one must rely on instruments for observation and
control. Fortunately, position fixing and other measuring instruments have improved over the
last years, so that the difference between working above and under water has been reduced.
Still, however, there is a considerabie difference. As a rough indication, one is referred to
Table 1.

Type of Place of application
Material MJovewater Less than 5t015m More than 15m

5m belowLW belowLW
belowLW

Gravel (on or 0.05m 0.10 to 0.10 to 0.15m 0.10toO.15m
trom land) 0.15m
Gravel n.a. 0.3toO.5m 0.3to 0.5m 0.3toO.5m
waterbome
(standard)
Gravel n.a. 0.1 toO.2m 0.1 toO.2m 0.1 toO.2m
Waterbome
(special)
Quarry stone 0.25 to 0.5 +O.5to- +0.5 to - 0.3m +0.5 to-0.3m
(bulk) 050absolute 0.3m
W<300kg ±0.2m
Quarry stone +0.4 ter- +O.8to- +0.8 to - 0.3m +0.8 to-0.3m
(bulk) 0.2m 0.3m
W>300kg
Quarry stone ± 0.3 050 ±0.5D5O ±0.5D5O ± 0.5 D50
(individual)
W>300kg
Armour layer +0.35 ter- +O.6mto- +O.6m to -O.4m +O.6m to -O.4m
Design profile 0.25m 0.4m
versus actual
profile

TabIe A1-1, Vertical placing tolerances
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Annex 2 Alternatives tor Hoek van Holland Breakwaters

1. Caisson Breakwaters

co-CAISSON

M:JHSTEEN _________ HAP:O

!--- b, -I

60· CAISSON

NAP.O_-----_._._

.HANSTHOLM· CAISSON

__ HAP.O _

-10
,11

'12
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"HANSTHOLM" CAISSON MET BLOKKEN

"HANSTHOLM" BLOKKENMUUR

1...-~.'!!.-4~---"'.2
_. __ .__ . .__ . .J!!~..!...!L

2. Stone Breakwaters

------._---------._~
ZEEBODEM NAP-10
j) k\lbu,.• 2100kg/"i"
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3. Combinations

Perron wall

------~

b.7.!m

!lm I 4rn

Caisson covered with stones
____ ~AP

I' 4rn Sm 1"_ 4m r

Perronwall on stone dam (asphalt)

Perronwall on stone dam covered with concrete bloeks

- STE:E:NASF"A~T
\--6!IiB~_. -_. __ .--._-- ~

4m em 4m

Stone dam with manchet
NAP-_. __ .

3001000kg
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Annex 3 Goda's principles tor breakwater design

THE DESIGN OF UPRIGHT DRRAKWATERS

YoshillliGoda

Departaent of Civil Engineering
Yokohaaa National University, Vokohama 240, Japan

ABSTRACT

The historical development of upright breakwaters in Japan is briefly
reviewed as an introduction. Various .wave pressure for.ulas [or vertj
cal walls are discussed, and then the design forauIas currently e.ployed
in Japan are presenled wi th an exaap le of calculation. Several des ign
factors are also d i'scussed,
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548 YOSI-UMI GODA

1. I NTRODUCT I OH

An uprigh t breakwater is defined here as a st ructure having an upright
section rested upon a foundation It is often called a vertical breakwater or
composite breakwater. The for.er is so.eti.es rcferrcd to a structurc directly
bui I t on the rock foundation without layers of rubble stones. The latter on
the ether hand aeans a breakwater functioning as a sloping-type structure ,hen
the t ide level is low but as a ver t ical-aalI structure .hen the tide level is
high. Because the termino)ogy aay vary from person lo person, the definition
above is givcn here in order lo avoid further confusion.

llpr ight breakwaters are of Quito oid structural type. Oid ports in the
Roman Empire or ports in even older periods had been provided with break
waters wilh uprighl slructures. The upright breakwaters of recent construct
ion have thc or igin in the 19th century. Italian por ts have many upr ight
breakwalers as discussed in the following lecture by Dr. L. Franco. British
ports also have a tradition of upright breakwater construction as exelpJified
in Dover Por t, The Bri t ish trad ition can be observed in old breaksaters of
lndian ports such as Karachi, Bombay, and Madras. Japanese ports owes this
tradition of upright breakwaters lo British porls, because the modern break
water construction began at Yokohama Port in 1890 under supervision of British
arlllyengineer, re t ired Hajor General H. S. PaIser. Since then Japan has huilt
a large number of upright breakwaters along her long coaslline extending over
34,000 ka, The lolal leng th of upr ight breakwaters in Japan would exceed sev
eral hundred kilometers, as the tolal extension of breakwaters is more than
1,000 km.

The present nole is intended to introduce the engineering practice of
upright breakwater design lo coastal and harbor engineers in the world, based
on the experiencc of Japanese engineers.

2. HISTORICAL DEVELOPKENT OF DPRIGHT BREAKWATERS IN JAPAN

2.1 Exaaplcs of Upright Breakwaters in Modern History of Japanese Ports

Figure 1 illustrates typical cross sections of upright breakwaters in
Japan in ti.e sequences, which is taken from Goda (1985]. The east breakwater
of Yokohaaa Port in Fig. 1 (a) utilized the Iocal jsaterial of soft clarer
stones for rubble foundation and .ini.ized the use of concrete blocks in the
upright sectioo. The stone-filled middle seclion was replaced by concrete
blocks during reconstruction after the stcrm damagc 1n 1902. The wave
condition in Yokoha.a was not severe with the design height of 3 ffi.

Thc structural type of upright breakwaters was adopted at a more exposed
location of Otaru Port as shown in Fig. 1 (b) by 1. !liroiin 1897, who was the
chief engineer of regional government. later became a professor of ths Tokyo
Imperial University, ~nd established lhe framework of Japanese harbor engi
neering. rhe first reinforced·concrete caisson breakwater in Japan was built
al Kobc in 1911. based on the successful construction of caisson-lype Quaywall
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ras DESIGN OF UPRIGHT BREAKWAl'ERS

YOKOHAMA PORT Eut Bruk ... ltr (1890-1896)
[Uftils in m]

of, 11.W. L. +2.04

.. L.W.L+0.00

(a)

OTARU PORT Norlh Break.llu (1891-1901)
[Unils ift m]

(b)

OTARU PORT Island Brukwater (1912-1911)
[Units in m)

Hubar Side Se.".nt Side

EnlÎfteerins Fïll

(c)

Fig. 1 (a-c) lIistorical developmenl of upright breakwater In Japan
after Goda [1985].

19-3

549



550 YOSHIMI GODA

ONAHAMAPORT First Bre.ltwlter 0929 -1938}
{U"i~ in mJ

H_.=8.5111
Seaward Side Hatbor Side

~ H.W.L.+1.28+ L.W.L..±O.O

(d)
YOKOHAMAPORT Outer 8re.kw.ter (1928-19.3)

(Units in m]
H=3m

---29.0---------+------- 30.0----

(e)

WAKAYAMANorlh lierbor-West Sreakwater (1957'-1960)
1I",=6m (Units in m]

l,.lV. L. -+- 0.3 •!----17.9--...I!

(0

Fig. 1 (d-f) Historica! dcvelopment of upright b~eakwater in Javan
(continued) af ter Goda [1985].
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TIiE DESIGN OF UPRIGIIT BREAKWATERS

OFUNATO PORT ·r$un.mi Drukwlter C19fiZ-1968)
[Units in m)

TSllnami: II-fim. 1=15-40mi"
Wind W.\·f:s:U, ,e4m. T,.=9 S

Qua,ry RUil

(g)

HOSOJIMA PORT Breekwater (1974-1985)
{Unit in ",1

H.rbor Side 1------24.5,---- ... Su .....rd Side

Quarry .Run Fill

L.w.i.±o.oo

~--~--~----~----~+B~
..~: '. " ~ : .•. '•. :', . (I. : ,. ~ ".-. :.".

. .~ ~ . . Concrete . .
,', :. :~'.: .. ~ ,:', ~ ":':~:~'.~ +2.5 H. IV.L. +2.38

..,..
0.25 •.5 O.S

(h)

ONAHAMAPORT Offshore 8realewater (1980-)
(Unit in m)H, .=7.4m. H..,"'13.3..,.T, ,"'13.0 s

Seaward Slde H.roor Side

PrecIsie Concrete SlIb
.. H.W.L+ 1.40

-e- LW.L.+O.IO Clinon r20.0X 15.0X 19.0l

.... ':,' .....

(i)

Fig. 1 (g-i) Historical development of upright breakwater in Japan
(continued) af ter Goda [1985].
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552 YOSHlMl GODA

at Rotterdam in 1905. Then Hiroi, iamediately seeing the bright future of
caisson break.aters, eaployed the concept to an island breakwater of Otaru
Port shown in Fig. 1 (c), where the design wavo was 6 m high. He carricd out
various field measurements, including wave prcssures on a vert ical wall, Ior
bis final ization of breakwater dElsigII.Through these efforts, he cane. to
propose the wave pressure for.u]a for breakwater deSign, which is to óe
discussed in lhe next section.

Hiroi's break.ater caissons W~re fillcd wilh concrete for durability and
stability. The work ti.e for con~rele placement was someti.es saved by the
use of precast blocks as in the exasple of Onahama Port in Fig. 1 (d).
ConcreLe filling of breakwater caisson had been a tradition bafore tbe end of
World War 11, but a pioneering ~onstruction of reinforced concrete caisson
breakwater with sand filling was carried out in Yokohama Port during the
period of 1928 lO 1943: Fig. 1 (e) shows its cross section. After World War 11
the use of sand as the filler malerial of caisson cells gradually became a
co••on practice in Japan.

Tba breakwater of Wakayama Port shown in Fig. 1 (C) was built upon a quitQ
soft ground SO that it was provided with a wide foundation for the purpose ot
counter-balancing the weight of upright section. The break_ater of Ofunato
Port in Fig. 1 (g) was built to reduce tbe inflow of tsunami waves into th~
bay. Tbe water depth of 35 • belo~ the datum level was the deepest one at th~
time of construction in 1962, but tbe present record of ths deepest breakwatet
in Japan is held at KallaishiPort .tliththe depth of 60 lil. Some design feature;
and wave pressures on this break_aler bave been discussed by 1ani.oto and
Goda [1991b]. One of the widest bteakwaters is that of Hosojima Port shown in
Fig. 1 (h): tbe widest at present is found at Hedono Port in a rsaote island
with the width 38. (see Tanimoto and Goda 1991a). Th~ breakwater of Onabala
Port shown in Fig. 1 (i) is of recent design using Goda's wave pressure
Cormulas to be discussed later.

2.2 SOlleFeatures of Japauese Ul>rightBreakeaters

As seen in these examples, Japanese breakwaters ·of upright type have a fel
com.on features. One is the relatively low crest elevation above the high

.waler level. Presently, the recoaaendaticn for ordinary breakwaters is the
crest height of 0.6 H1/a above the high water level for the design cond it ion.
For the design stor. condition, this elevation is certainly insufficient to
prevent wave ag itations by the overtopped waves. HOYtever, it is a way or
thinking of harbor engineers in Japan that the design waves are accollpaniedb,
strong gale and storm winds in any case and safe Booring of large vessels
within a limited area of harbor basin cannat be guarant~ed even ir wave agita~
tions are reduced minimum. As the storm waves with tbe return period of on~
year or less are much lower than the design wave, thc above crest elevatioQ
is thought to be sufficient for maintaining a harbor basin calm at the ordi·
nary stormy conditions.

Another feature of Japanese upright breakwaters is a relatively .ide bera
of rubble foundation and provision of two to three rows of large foot (toe)
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TIiE DESIGN OF UPRlGHT BREAKW A'ffiRS 553

protection bloeks. Therc is no fixed rule for selection of the berm width and
engineers always consult with the exasples of existing breakwaters in the
neighborhood or these at thc location of siaiIar wave condHions. It is some
what proporliona) lo the size of concrete caisson itself, bul lhe final deci
sion must await good judgment of the engineer in charge. The foot protection
concrete blocks have the size ranging f'ron 2 to .(m in one direction and the
height of 1.5 lo 2 m, weighing 15 to 50 tf. Though these bloeks used to be
solid ones, recent blocks are provided with several vertieal holes to reduce
lbe uplift force and thus to increase lhe stabililY against wave action.

A new develoPlent in upright breakwaters of Japan is the elployment of
various Modifieations to the shape of concrete caissons, sueh as perforated
walIs, vertical slits, eurved slits with circular are De.bers, dual czlin
drical wa11s and others (see Taniloto aod Goda 1991a). These new caisson
shapes have been developed to acti vely diss ipate wave energy and thus to
reduce .ave refiection and wave pressures. A nuaber of these breakwaters have
been built and functioning as expected.

3. REVIEW or WAVE PRBSSURE FORKULAS FOR VERTICAL WALL

3.1 Hiroi's For.ula

Prof. Hiroi published the wave pressure for.ula for breakwater design in
1919. H is a quite simple formula with the uniform pressure distribution
of the followjng intensity;

p::.. 1.5 1'0 11 (1)

.here 1'0 denotes the specific weigllt of sea water and H the incident wave
heighl. This pressure distribution extends to ths elevation of 1.25 H above
the design water level or the crest of breakwater if the latter is lower. as
shown in Ji' is. 2.

Fig. 2 Wave pressure distribution b, Hiroi's formula.

Prof. Hiroi explained the pbenomenon of wave pressure exerted upon a ver
tical wall as the 10mentuR force of i.pinging jet flow of breaking waves and
gave the reasoning for its Quantitative evaluation. However. he gust have had
some good judgment on thc magnitude of wave pressure from bis long experience
of harbor construction and several cfforts of pressure measurements in situ.
He states that he obtained the records of wave pressure exceeding 50 tf/m2 by
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the pressure gauges set at a concrete wall in water of severaJ meters deep.
Kevertheless, he did not incorporate sueb hjgh pressures into the formula of
breakwater design, by saying that the high wave pressure must have iasted for
only a short duration and are ineffcctive to cause appreciable damage to
breakwaters.

Hiroi's wave pressure formula was intended for use in relatively sha lIos
water .here breaking waves are tbe governing factor. He also recommended to
assu.e the wave height being 90% of water depth iC na reliable infor.ation is
availab1e on tbe design wave conditiOD. Hiroi's wave pressure forlula was
soon accepted by harbor engineers in Japan, and almost all breaksaters in
Japan had been designed by this formula lill the .id-1980s.

Tbe reliabilily of Hiroi's formula bad been challenged tbrice at least.
Tbe first challenge was tbe introduction of Sainflou's formula in 1928 for
standing wave pressures. Differentiation of two forauias was made, by refer
ring to the recommendation of PIANC in 1935, in such a way that Hi roi's Ior
mula "as for the case of the water depth above the rubble foundation being
less than twice the incident wave beight. while Sainflou's formula was for the
w.aterdepth equa l to o.rgréater tban twice the wave height, The secend chal
lenge was raised when tbe concept of significant wave was inlroduced in early
1950s. Which one of flroox, HI/IO, or HI/3 is to be used in Hiroi's Ieraula
was lhe question. A consensus was soon Cor.ed as tbe recommendation for the
use of H1/3 based on the examination of existing breakwater designs and wave
copditions. The third challenge was made by Goda [1973] against the insensi
tivity of the estimated pressure intensity to the variations in wave period
and other factors. HiroÎ's for.ula could not Qe~t this challenge and is not
used present lr for thc design of na.ior breakeat.ers.

Though the pressure for_ula by Hiroi was so siaple. tbe total wave force
thus es t iaat.edwas qui te re liable on the average. Thanks to th is character
istic. Japanese breakwaters had rarely experienced catastrophic damage despite
the very long extension around the country.

3.2 Sainflou's For.ula

As weIl known, Saiflou published a theory of trochoidal waves in front of
a vertical wa11 in 1928 and presented a simplified formuJa for pressure esLi
mation. The pressure distribution is sketched as in Fig. 3. and the pressure
intensities and the quantity of water level rise 80 are given as

PI = (pz + Wo h) (H + Ó 0 ) / (h + H + Ö 0) }
Ih - Wo H /cosh kb
Ó 0 - (1tH Z / L ) coth kh

(2)

where L is tbe wave Jength and k is the wavenUJllberof 21tIL.

SainfJou [1928] presented the above formula for standing wave pressures of
nonbreaking type and the for.ula has been· so utilized. Tbe formula was de
rived for the purpose of practical appl ication fro. the standpoint of a civil
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engineer and it has servod i t s ob.icctive quite weIl. Just like the case of
Hiroi's formula. it was born when the concept of wave irregularity was unknown.
There see.s to exist no established rule for the choice of representative wave
height to be used wi th Sainflou' s formula. Some advocates the use of HI/3•

soae favors HI/lrh and the other prefers the solection of HI"I..

P.

Fig. 3 Wave pressure distribution by Sainflou's formula.

11 was customarily in Japan to uso HI/~ with Sainflou's Ieraula but in a
nodiried form. Through exaninat ions of several IIIÎnordamage of breakwaters,
it had been revealed thaI. a simple application of Sainllou's formula had
yielded underestimation of wave pressures under storm conditions. For the
zone extending ± IJ /2 around the design water level, the wave pressure by
Sainflou's foumula was rep laced with that by Hiroi's formula. The nod if ied
formula was sometimes called lhe partial breaking wave pressure formula in
Japan, because it was aimed to introduce the effect of partial wave breaking
in relativcly deep water. The dua! system of Hiroi's wave pressure forrnula for
breaking waves and of modified Sainflou's for~ula for standing waves bad been
the recommended engineering pract ice of breakwater design in Japan for the
period froa around 1940 to the early 19805.

3.3 Minikin's Formula and Others

Although Hiroi's forllula had been regarded as the .ost. dependable [ormula
for breaking wave pressures in Japan, it remained unknown in Europe and Amer
iea. As the field measurement al Dieppe reveaJed the cxislence of very high
pressures caused by impinging breaking waves and the phenomenon was confirmed
by laboratory experiments by Bagnold [1939J, harbor engineers in western coun
tries began to worry about the impact braaking wave pressures. Then in 1950,
!inikin proposed thc following formula for breaking wave pressures, whieh
eonsisted of the dynamic pressure P. and the hydrostatic pressure PI as
skctched in Fig. 4:

D,ynl1lJic pressure

P. = p.,. • • (1 _. 2 I z I / H) 2

POl •• = 101 1'0 d (1+ d / h ) H / L
I z I s H/21

(3)

Hrdrostet ic pressure :

P. =)0.5 Wo 11 (1- 2z/H)
I 0.5 "0 H

o ~ z < H/2
z < 0 (4)
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Becauso it was the Lirst descr lptivs Ioraula I'orbreaking wave pressures.
it was immediately accredited as the design formula and lisled in aany te~t
book and engineering manuals. Even in present dazs, technical papers based on
Minikin's formula are published in professional journals froa time to time.

Fig. .{ Wave pressure distribution by Minikin's îorau la,

Minikin [1950] did not give any explanation how he derived the above for
fIlulation except îor cHjng the exper iaents of: Bagnold, In the Iight of pre
sent knowledge on the nature of impact breaking wave pressures, the forauia
has several contradictory characteristics. First, the maximum intensity of
wave pressure increases as the wave steepness increases, but the laboratory
data indicates that waves .ith long periodicity tends to generate weIl devel
oped plunging breakers and produce the i.pact pressure of high intensity. In
fact, Bagnold carried out his e~perinents using a solitary wave.

Second, Eq. 3 s ields the highest p.,.. when d is equal to h or .hen no
rubble foundation is present. It is harbor engineers' exper ience that a
breakwater with a high rubble mound has a larser possibility of betus hitten
by strong breaking wave pressures than a breakwater with a low rubble mound.

Tbjrd, !jnjkin's formula yields excessively large wave force against whieh
no rational upright breakwater could be designed. To the author's knowiedge.
no prototype breakwater has ever been constructed with the wave pressures
estimated b~ Minikin's for.ula. Reanalysis of thR stability of prototype
break.aters in Japan _hich experienced stor. waves of high intensity. so.e
unda.aged and others having been displaced over a fe. meters. has shown that
the safety factor against sliding wid~ly varies in the range between 0.09 and
0.63 [Goda 1973b and 1974J. ihe safety factors of unda.aged aad displaced
breakwaters were totally Mixed together and DO separation was possible. Thus
thc applicab ilitr of Minikin's I'ornula on prototype breakwater des isn bas been
denied derinitely.

There have been sevetal proposals of wave pressure Ioraulas for breakwater
desjgn. A.lJDDg then, these b.vNagai [1.968, 1969J] and Nagai and Otusbo [1968]
are most exhaustive. Nagai classified the various patterns of wave pressures
according to the wave conditions and the geometry of breakwater, and presented
saveral sets of design formuias based on many laboratorr data. Ilowever,his
system of wave pressure formulas was quite complicaled and these fornulas gave
different prediction of wave pressures at the boundaries between the zones of
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their applicaLions. Another problernin the use of Nagai's aethod was the lack
of specification for reprcstantaive wave height for irregular waves. There was
onlya few cases of verification of Lhe applicabiliLy of his nethod for break·
water design using the performance data of prototype breakwaters. Because of
these reasons, Lhe method is nol used in Japan presently.

1he Miche-Rundgren formula for standing wave pressure lCERC 1984] repre
sents an effort to improve the accuracy of Sainflou's formula for engineering
application. Cerlainly, the formula would give better ~greeaenl with the
laboratory daLa than Sainflou's one. However, it has not becn verified witb
any field data and its applicability for brekwater design is not con
firmed yet.

4. DESIGN FORMULAS OF WAVE PRKSSURES FOR UPRIGHT BREAKWATERS

4.1 Proposa! of Universal Wave Pressure Forlulas

It is a traditional approach in wave pressure ca lculat icn te lreat the
phenomena of the standing wave pressures and those by breaking waves sepa
rately. Casual observations of wave forms in front of a vertical .all could
lead to a bel ief that breaking wave pressures are auch more intensive than
nonbreaking wave pressures and they should be calculated differently. The
previous practice of wave pressure calculation with the dual formulas of
Hiroi's and Sainflou's in Japan was based on such belief', The popularity of
Kinikill's formula prevailing in western countries secms to be owing to the
concept of separation of breaking and nonbreaking wave pressures.

The difference between tbe magnitudes of breaking and nonbreaking wave
pressures is a lIisleadingone. Tbe absolute .magnitude of breaking ,ave pres
sures is certainly much larger tban that of nonbreaking one. Tha height of
waves which break in front of a verLical nll, hosever , is also greater than
that of nonbreaking waves. The dimens ionless pressure intensity, p / Wo H.
therefore, increases only gradually with the increase of incident wave height
beyond the wave breaking liJit, as demonstrated in the extensive Jaboratory
data by Goda l19721.

A practical inconvenience in breakwater design ,ith the dual pressure for
.ula system is evident wben a breakwater is extended offshoreward over a long
distance Crom the shoreline. While the site of construction is in shallo,
later, the .ave pressurss are evaluated w iLh the breaking wave pressure for
aula. In the deeper portion, the breaksater would be subject to nonbreaking
laves. Somewhere in bet.een, the wave pressure formula must be switched from
that of breaking to nonbreaking one. Al the switching soct ion, the est iaated
'Ia'l~ ?r~'5S\lres 3UW.\) frow. (}t\~ t~'1~t to aMth~r. ~ ith t\\eJa.\)a.MS~ syst~w. of
the coabined formulas of Hiroi's and modified Sainflou's. the jUJlP was about
30%. To be exact rii th the pressure ca lculation, the ..,idthof upright section
lust be changed also. However, it is against the intuition of harbor engineers
.ho believe in saooth variaticn of the design section. The Iocat ion of
switching section is also variabIe, dependent on tho design wave heighL. If
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the design wave height is modified by a review of storm wave conditions after
aD experience of 80ae da.age on the break.aler, then an appreciable length of
breakwater section .ould have to be redesigned and rcconstructed.

The fint proposa l of universal wave pressure formuJa for upr igbt break
rater was ude by Ito et al. [19661 based oa tlte si iding test of a /fodel sec
tion of breakwaters under irregular wave acLions, Theo Goda [1973b, 19741
presented another set of formulas based on extensive laboratory data and being
supported by verificatien with 21 cases of breakwater displacement and 13
cases of na dasase undar severe storm condit ions. The proposed îoraul as were
criticall~ revie_ed by the corps of engineers in charge of port and harbor
construction in Japan, and they were finally adopled as the recommended
for.ulas Cor uprÎght breakwater design in Japan in 1980, inslead of the
previous dual Cor.uIas of Hiroi's and modiCied Sainflou's.

4.2 Design Wave

The uDright break.aler should be designed against the greatest force of
single .ate eKpected dariag its se~vice life. The greatest force rQuld De
e~erted b) the higbest _ave along a train of random waves corresponding to the
design condition on the average. Thus the wave pressure for.ulas presented
.berein arQ to be used together .ith the highest wav~ to be discussed below.

(1) 'ave height

H•• " = {
1.8 HI/3 h/Lo ~ 0.2
.in { (/30·~' +e: s v • /3.ho Ho', 1.8 HI/3}

h/ Lo < 0.2. (5)

= i K. Ho' h/Lo ~ 0.2
l nin { (~o Ho' + /3 J h) , /3 ... s Ho'. Ks Ho' }

0/1-0 < 0.2. (6)

in which the sy.bol lIin(a, b, c } stands for the .ïni.IUBvalue aaong a, band c,
and Ho' denotes the equivalent deepwater significanl height. Thc coefricients
~ 0 and others have empirically been formulated Cro. the oumerical calculation
data of random wave breaking in shallo. water as Collows, aftar GQda [1975]:

/3 0 = 0.028 (Ilo' / la ) -(J. 38 e~p(2atan I .• r; (J ] lfjJ - 0.52 exp]4.2tan e ]
e -. 'I = max {O.9Z, 0.32 (Ho' /~ )-0. Z9 exp[2.4tan6])

~o· = 0.052 (Ho' ILo )-0. H exp[20tan1,!; El] }fj I' = 0.63 exp[3.8tan e ]
IJ .. _. • - max (1.S5~ 0.53 (Ho'/La )-0.29 exp[2.4tana]}

(7)

(8)

in wbieh the SYlibolmax{a,b} stands for "the larger of a or b, and tan ê de
notes the inclination of saa bottOR.

The shoaling coefficient K, is evaluated by Laking the finite amplitude
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effect into consideration. Figure 5 has been prepared for this purpose based
on the theory of Shuto [~974J.

3.0 ~~ J. I ~1111111111-ml~11111111111t-' <t,}
. ~I'\ .~<

\ [\. I'>~
~ .. ~\"4..~1\ ~;. ~I".~ 1 1 1 1

\ 'I,~d'~lJ 1 I 1
1\ f' ~~l.... 111

\ I' :t../ .......Hó/Lo-
1\ ~~"O, 0.005

}.:'.

Hó/La=O.OO05 . t,~ .
~ ~ ~

O.OOJ - ~, 0.01
r--- r- 'r-.,I' "t-. 0.002 ~

.. ~ ~ I"';;~. .02~ ... " ....- to., .. ,.. ~ 't:-.-:'"~- ,_0,0'~f::;: ... ;::s.::: .s ..;.~
...,;:~ -:~

01 0.15 0.2
/alLo

03 0' 06 08 10
1.0 •

1Ié
0.9

:t:1!E 2.5
11
lIè
.;
ti 2.0'ü
la
tl

cS
l1li
.5 1.51en

1.0

0.00' 0.006 0.008 0.01 0.015 0.02 0.03 0.0' 0.06 0.08 0.1
Relative Water Depth. hiLa

Fig. 5 Diagram of nonlinear wave shoaling coefficient K••

The selection of the Cixed relation H••• = 1.8 RI.n outside the surf
zone was based on three factors of reasoning. First, the fixed ratio was
preferred to an introduction of duration-dependent relation based on the
Rayleigh distribution of wave heights. beeause such variability in the design
wave height would cause some confusion in design procedures. Second. the
examination of prototype breakwater performance under severe storm wave
actions yielded reasonable results of safety factor against sliding by using
the above fixed relation. Third. a possible deviation of the ratio
H••• ,rHI/3 from 1.8 to 2.0. say, corresponds to an increase of 11% aod it
ean be covered .ithin the margin of safety factor _hieh is customarily taken
at 1.2. However. it is a reco.mendation and an engineer in charge of break
,ater design ean use other criterion by his own judg.ent.

For evaluation of H.I, by the second part of Eq. 7 or within the surf
~one. the water depth at a distance 5 HI/3 sea.ard of the break.ater should be
employed. This adjustment of water depth bas been introduced to siaulate the
nature of breaking wave force .hieh beco.es the greatest at some distanee
shoreward of the breaking point. For a break.ater to be built at tbe site of
steep sea botto•• the location shift for wave height evaluation by the dis
tance 5 HI/3 produces an appreciable increase in the magnitude of wave force
~nd the resultant widening of upright section.
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(2) lIalle Period

The period of the highest wave is taken as the same with the significant
wave period of design wave, i.e.,

(9)

Tbe relation of Kq. 9 is valid as tbe ensemble mean of irregular waves. Thougb
individual wave records exhibit Quite large deviatioDs from this relation, the
use of Eq. 9 is recommended for breakwaler design for the sake of simplicity.

(3) Aagje of Kave Incideace to Break.ater

Waves of oblique incidence 10 a breakwater exert the wave pressure smaller
than that.by waves of norma1 incidence, especially when waves are breaking.
The incidence angle IJ is measured as that between the direction of wave ap
proach and a 11ne normal to the break.atee. It is recommended 10 rotate the
wave direction by an amount of up to 15° toward the lioe normal to the break
water from the principal wave direction. rhe recommendation was originally
given by Prof. Hiroi together with his wave pressure formula, in consideration
of the uncertainty in the estiaation of wave direction, which is essentially
based on the 16 points-bearing of wind direction.

!.3 Wave Pressure. Buoyancy, and Uplift Pressure

(1) EJevation to which the the "ave pressure is exerted

The exact elevation of wave crest along a vertical wall is difficult to
assess because it varies considerably frOIll1.OH to more than 2.OH, depending
on the wave steepness and the relative water depth. In order to provide a
consistency in wave pressure ca1culation, however, it was set as in the fol
lowing simple forauia:

Fig. 6 Wave pressure distribution by Goda's formulas.

19-14

A3-14



TRE DESlGN OF UPRl<3\'IT BREAKW hThRS 561

'I' == O. 75 (1 + cos P) H... I (l0)

Forwavesofnormal incidence. EQ. lOglves tha alevation o] 7]" == 1.5 Hu,.

(2) flave pressure exerted upon the front face of 8 vereicel "all

The distribution of wave pressure on an uprigbt section is sketched in
~ig. S. ibe wave preSSure takes tbe largcst intensity PI at thc design water
level and deercases Iinear 1y tosards the elevation 1J' and tbe sea bot toa, at
wbieb tbe wave pressure intensity is designated as P2.

The intensities of wave pressures are calculated by the follo_ing:

PI =- 0.5 (1 + cos P) l tJ. I -I a 2 cos2 P) "0 H.. I" )

P2 = PI/cosh kh
pn == 0: l P,

(11)

a, = 0.6 + 0.5 [Uh/sinh Uh]2 1
tJ. 2 = min {[(hb - d )/3116 HH,. •• / d )", U/ H•• ,} (lZ)
Ct 3 = 1·· (h' / h) [1 - 1/ cosh kb )

where b, denotcs the water depth at the locat ion at a distancc 5HI/3 seaward
of the breakwa.\.er.

The coefficient a r takes the miniJllum value 0.6 îor deepllater waves and
tTle"IIlUll1\\ll\ nh~ l.l î or waves in very snal)ow water. lt represems I.heef·
fect of wave per iod on wave pressure intensities. Thc coeff icient Cl 2 is
introduced to express aD iDcrease of wave pressure intensities by the presence
of rubb le 1I00~nd foundation. Both coeîf ic ients a I and a 2 have eap ir ical lv
been formulated, based on the data of laboratory experiments on wave
pressures. The coeff icient 0: 3 is der ived by the relation of l insar pressure
di&~ribuLiQn. The a~~e p~essure intensitiesare assumed to re~ain the sa~e
even if wave overlopping takes place.

The uCfec\ ~r th~ \~cióe~twave ang\e on wave pressures is incOfporated in
']'and PI with the factor of 0.5 (l + cos IJ) and a modification to the term
of tJ.2 witb the factor of COS2~.

(3) Boorener ead upl jEt pressure

The upr ight sect ion is subject te the buoyancy correspond ing to its dis'
placement volume in still water below the design water level. Thc uplift pres
sure acts at the bot toa of the IIpright sect ion, and its d istribut.lcn is as
su~ed to have a tti,aCl.~uLa.C'dlst.ri.h\lt.\.()~ ,~U. tt\~ t{)e \)r~'5.%\lt~ P. y,\ven by Eq.
13.

Pil = 0.5 (1 + cos P) Cl I Cl 3 '0 H.... (13)

The toe pressure pv is set smaller than the wave pressure P3 at the lowest
point of the front wal1. This artifice bas been introduced to improve the ac-
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curacy of the prediction of broakwater stabiliLy. because the verification
with the data of prototype break.aLer performance indicaLed some overeslima
tion of wave force if P. were taken the saliewi th /)3.

When the crest elevation of breakwater he is lower than 7J r , waves ,are
regarded to overtap the breakwater. Both the buosancr and the upI ift prassure,
however, are assumcd la be unaffected br wavc over topping.

4.4 Stabjlity Analysis

The stability of an upright breakwater against wave action is exa.ined for
the three godes of failure: i.e., sliding, overturning, and collapse of foun
dation. For the firsl two modes, the calculation of safety factor i~ a com
Ion practice' of examination. Tbe safety factors against sliding and over
turning are defined by tbe I0110wing:

Against sliding S.F. ...; p. UI-U) /P (14)

Against overturning S. F. =- (fit - 11" ) / s, (15)

The notations in the above equations are defined as follows:

Hp moment of total wave pressure around the heel of upright seclion
K" moment of lotal uplift pressure around the heel of upright section
PLotal thrust of wave pressure per unit extension of upright section
t horizontal distance betveen the center of gravity and the heel of

upr ight section
o total uplift pressure per unit extension of upright section
fI weight of upright section per unit extension in still water
p. coefficient of friction bet_een the upright section and thc rubble

mound

The safety factors against sliding and overturning are dictated to be
equal to or greater than 1.2 in Japan. The friction coefficicnt between
concrete and Tubble stones is usually taken as 0.6. The coefficient seernsLo
have a seller value in the initial phase of breakwater installaent , but it
gradually rises to tbe value around 0.6 through consolidation of the rubble
mound by the oscillations of the upright section under wave actions. The fact
that Bost of breakwater displacements by storm waves occur during the const
ruction period or lithin a fe. years after construction supports bhe above
conjecture.

The bearing capacity of the rubble mound and'the sea bottom foundation was
used lo be exa.ined ,ith tbc bearing pressures at the heel of upright section
and at the interface between the rubble mound and the foundation. However, a
recent practice in Japan is to make analysis of circular slips passing throush
the rubble sound and the foundation, by utilizing thc simplified Bishop melhod
(see Kobayashi et al. 1987). For the rubble aound, the lPparelltcohes ion of c
= 2 tf/m~ and Lhc angle of internal friction of ifJ =35" are recoenended.
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1.5 Examplc of Wave Pressure Calculation

All example of calculalion is given here in order to facilitale the under
standing of thc breakwater design procedure. The design wave and site condi
tions are set as in Lhe follo,ing:

Waves:
DepLh etc. :
Bottoa s lope:

Ho' = 7.0.,
IJ = 18 .,

tan e -; 1/50

rl/3 = 11 s,
d ~. 10 BI,

p = 10'
h ' = 11.5 ID. h, = 4.5 m

The incident wave ang le is the value aft.er rotation by the anount up to 15 •.
The gcomelry of upr ight breakwater is illustrated in Fig. 7.

Fig.7 Sketch ~f uprighi breakwater fOf stability analysis.

ij Design rave height H.u end the .axillull elevet ion of wavepressure IJ

Tbe coefficients for wave height calculation are evaluated as

L« = 188.8 11,

{30 = 0.1036,
fj o·= 0.1924.

Ho' / lo == 0.0371. h / La = 0.0953, K. 0.94
f3l = 0.566, {3l1lax = min {O.92. 0.84} = 0.92
P Ja= 0.680, {j ..... = ain {1.65. 1.39} = 1.65

Then, the wave heights and ihe laximum elevation are obtained as

91/3 = min {10. 91, 6.44, 6. S8} = 6.44 111

b, = 18.0 ;. 5X6.44/50 = 18.64 111

H... = lRi 11 {14.02, 11. 55, 11.84} == 11. 55 •
TJ' ::. O.75X (1 + coslü" ) X11.55 = 17.19 JI

jj) Pressure co.ponents

The wavelength at the depth 18 I is L = 131.5 at. Tbe coefficients for
wave pressure are evaluated as

kh == 2n; X 18/131. 5 = 0.860
al = 0.6 + 0.5X[2XO.860/sinh(2XO.8öO))2 = 0.802
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a2 - mlD {[(18.64-10.0)/(3X18.64)]X(l1.55/10)2
2x 10/11. 55 )

= ain {O.206. 1.732} = 0.206
a" = 1-11.5/18.0X [1 - 1/cosh(O.860)] = 0.820

Tben. the intensities of wave pressure and uplift pressure are calculated
as

PI - 0.5 x (1+0.98(8) X [0.802+ O.206x (0.9848) 2J
- 11. 83 trIm:.!

P2. - 11.83/cosh(O.860) = 8.49 tf/1l2
p:>. = O.820Xl1.83 = 9.70 tf/112
p~ = 1l.83X (1 - 4.5/17.19) = 8.73 tf/.2
p" = O.5X (1+ 0.9848) x 0.802 x O.820X1.03X 11. 55

x 1.03X 11. 55

= 7.76 tf/.2

The symbol p~ denotes the pressure intensity at the top of upright section.

iij) Tota} pressure and up]ift, snd their soments

p= 0.5X(1l.83+9.70)Xl1.5+0.5X(I1.83+7.76)X4.5 _. 167.9 tUil
K" = 1366.2 tf -fl/"

lJ = O.5X18.0X7.76 = 69.8 tf/m
lIu = (2/3)X69.8x18 = 837.6 tC-KlIm

iv) StabiJity of upright section acainst wave action

The specific weight of upright sectioD is assumed as in the followiog:

Tha portion above tbe elevation +0.5 m
The portion below the elevation +0.5 m

'Y e = 2.3 tf/m3
-y..',:; 2.1 lf/m3

The difference in the speeifie weight reflects ~ current practice of sand fil
ling in the cells of concrete caisson. The weight of upright secLion is cal
culated for the dry and in situ conditions, respectively,·as

11. = 2.1X(11.5+0.5)X18.0+2.3X(4.5-0.5)X18.0 = 619.2 trIm
fi= 619.2-1.03xl1.5X18.0 = 406.0 trim

The safety factors against sliding and overturning of the upright section
are calculated as in the following:

Against sliding: S.F. = O.6x (406.0'-69.8)/167.9 = 1.20
Against overturning: S. F. = (406.0 X 9.0-837.6) /1366.2 = 2.06

Therefore. the upright breakwater with the unifor. width of B = 18.0 m
sketched in 'Fig.7 is cons idered stabie against the design wave of Ho' =7.0 111

and TI/"3 =:: 11.0 s.

19·18

A3-18



TI!E DESIGN OFUPRIGHT BREAKWATERS S65

5. DISCUSSION OF SEVERAL DESIGN FACTORS

5.1 Precautions against T.pulsive Breaking Wave Pressure

The universal wave pressure formulas described hereinbefore do not address
to thc problem of impulsivc breaking wave pressure in a direct manner. The
coefflc\en\. (l2. however. nas Uw cuaracter istic of rapid increase ..i\.\1 tne
decrease of the ratio d /H ..... Th is increase roughly reflects the genera
tion of impulsive breaking wavc pressure.

Though the impact pressure of breaking waves exerted upon a vertical wall
is much feared by coastal and harbor engineers. iL occurs under the liaited
conditions only. If waves are obliquely incident to a breaksater. the poss i
bPiLy of impact pressure generation is slim. If a rubble nound is 10., the
sea bottom should be sLeep and waves be of swell type for the impact pressure
~o be ~enerat~d. ~ ~ost probaole situation under .nicn tn~ i~pact pressure is
exerted upon an upright breakwater is tbe case with a high rubble Ilound wiLh
~n appreciable berm width (see Tanimoto et al. 1987). Most of breakwater
failures at tribut.ed to the action of the impulsive breaking ..ave pressure are
duc to the wave forces of normal magnitude. "hieh could be estilJated by Lhe
universal wavc pressure formulas described in thc present lecture note.

The iMpact pressure of breaking waves last for a very short lime duration.
which is inversely proportional to lbe peak pressure intensity, In other
words_ the impulse of impact pressure is finite and equal to the forward
~omentum of advancing wave crest· whicb is losl by the contact with tbe
~ertical wall. The author has given an estimate of the average value of the
impact pressure effective in causing sliding of an upright section, by taking
into accounl lhe elastic nature of a rubble Mound and foundation [Goda 1973aJ.
Because ths major part of iapac Lis absorbed by the horizon taI osc ilIations
and rotational mot ion of the uprighL section. the impact pressure effective
for sliding is evaluated as (2-3) '0 Hm •••

Nevertheless, the pressure intensi ty of the above order is too great to be
Laken into the design of upright breakwaters: the mean intonsilY of wave pres
surc employed for the stability analysis of the breakwater sketched in Fig. 7
is only 0.91 Wo Hma.. Engineers in chsrse of breakwater des ign should ar
range the layout and the cross section of breakwater in such way to avoid tlle
danger of impact pressure generation. If the exertion of impulsive breaking
rave pressure on the uprighl section seems inevitable. a change in Llletype of
breakwater structure, such as a sloping-type breakwater or a vcrtical break
waLer protected by a lAound of concrete blocks. should be considered.

5.2 Structural Aspecls of Rcinforced Concrete Caisson

The upright section of vertical breakwater is nowadays made by reinforced
concrete caisson. Tha width is determined by the stability condition against
.ave action. The height of caisson or the base elevation is so chosen to yield
the lIinimullsum of the construction cost of rubble mound and upright section.

t 9-t 9
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The length of caisson is governed by the capacity of manufacturing yard. In
March 1992, Kochi Port facing the Pac ific in Shikoku, Japan, set a breakwater
caisson with the length 100 11 in pos it ion, It is of hybr id s tructure with
sleel frames and prestressed concrete.

A concrete caisson is divided into a number of inner celis. The size of
inner cells is limited to 5 M or less in ordinary design. rhe ouLer wall is 40
to 50 cm thick. the partition wal! 20 to 25 cm thick, and Lhe bottom slab 50
lo 70 Cl! thick. These dimensions are subject to the stress analysis of
reinforced concrete. As tbe upright breakwater withstands the wave force
mainly with its own weight, the use of prestressed concrete for breakwaLcr
caisson is not advantageous in the ordinary situations. For the caisson of
special shapcs for enhancing wave dissipation such as the caisson 'IIithcircu
lar arc mcmbers, prestresscd concrete is utilizcd.

5.3 Armor Units for Rubble Sound

The berm and sIope of a rubblc mound needs to be protected with armor
units against the scouring by wave action. Foot-protection blocks weighing
from 15 to 50 tf are placed in front of an upr ight sect ion. The rest of the
berm and slope are covered by heavy stones and/or spec ially-shapod concrete
bloeks. The select ion of armor units is left ta the judg.enl of engineers,
with the aid of hydraulic model tests if necessary.

A f'orau Ia for the .eight of armor stones on the berilof rubble mound has
been proposed by Tanimoto et al. [19821 as the results of systematic model
tests with irregular waves. Tbe minillulleighL of armor slones cao be cal
culated by a formula of the Hudson type:

(16)

in which 11 is the leight of araor stones, 'Y r the specific weight of armor
stones, Sr thc ratio of 'Y r to the spec if ic weight of seawater, and K. the
stability nu.ber, the value of which depends on the wave·conditions and 1I0und
d iaens ions,

For waves of normal incidence, Taniaoto et al. [1982] gave the following
function for armor slones:

i-" ~ (1- )2 h'N. = IRaX u.s, (1. 3 .--::-T?'1" 8 + 1.8 exp ( -1.5 ,,1'3 -8 ])
1/3 1/3

(17)
10 whieh the paraaet.er IC is calculated by

/(.= [Uh' /sinh Uh '] sin" (2n: Dil / L ') (18)

and .here IJ I denotes the water depth at. ,bieb armor stones are placed, L'
the wavelength at the depth b " and DM the ber. ,idth.
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Though the stability lJumber for concreLe bloeks has not been formulatcd,
a simi lar approach to t.he data of hydr aulic model tests on concrete blocks
will enable the formulation of Lhe sLabiJity number for respe~tive types of
concrete blocks.

6. COKCLUDING RKMARKS

Thc design and construction of upr igh t breakwaters is a wel I es tabl ished,
engineering practice, at least. in Japan, Korea, and Taiwan. A large number of
these breakwaters have been built and will be built to proleet ports and har
bors. In these countrics, the problem of iapu lsive brcak ing wave pressure is
rather lighLly dealt with. The tradition owes 10 Prof. Hiroi, who established
the most reliablc wave pressure formula in shallow water and showed the up
r ight breakwaters cou ld be successfu lls constructed aga ins t breaking waves.

This is not to say that no breakwaters have failed by the attack of storm
waves. Whenever a big storm hits Lilecoastal area, several reports of break
water damage are heard. However, the number of damaged caissons is very small
compared _ith the t~tal nu~ber of breakwater caissons instalied along the
whole coastline. Probably the average rate per year would be less than 1%.
though no exact statistic is avai labie. Most cases of breakwater damage are
attribuled Lo the underestimation of the storm wave condition when they were
des igned.

Tn the past, the majority of breakwaters were constructed in relalivcly
shallow water wi tb the dep th up t.o 15 11, for exasp le, because tbe vessels
calling ports were relatively small. In such shallow water. the storm wave
height is controlled by the breaking limit of the water depth. One reason
for the low rate of breakwater failure in the past could be this wave height
limitation at the locations of breakwaters.

Thc site of breakwater construction is moving into the deeper water in
these days. Reliable evaluation of lhe extreme wave condition is beco.ing the
nost important task in harbor engineering, probably much more than the
improvement of Lhc accuracy of wave pressllre prediction.
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Annex 4 Glossary

Abutment (Bruggenhoofd) That part of the valley side against which the dam is constructed,
or the approach embankment in case of bridges which may intrude some distance into the
waterway.
Accretion (Aanslibbing, Aanzanding, Sedimentatie) Build up of mate rial solely by the action
of the forces of nature through the deposition of waterbome or airbome material.
Aggradation (Aanzanding) A build up or raising of the channel bed due to sediment
deposition.
Alongshore See LONGSHORE
Apron (Stortebed) Layer of stone, concrete or other material to proteet the toe of a structure
against scour.
Armour layer (Bekledingslaag) Protective layer on rubble mound breakwater composed of
armour units.
Armour unit (Bekledingselemen~ Large quarrystone or special concrete shape used as
primary proteetion.
Articifal nourishment, beach replenishment, beach feeding (Kunstmatige Zandsuppletie,
Kustvoeding) Supplementing the natura! supply of beach material to a BEACH, using
imported material.
Axis of stream (Stroomas) Line joining the mid points of the surface of the stream at
successive cross-seetions.
Back rush (Terugloop) The seaward return of the water following RUN-UP.
Backwater curve The Iongitudinal profile of the water surface in an open channel where the
depth of flow has been increased byan obstruction such as a WEIR or DAM across the
channel, by increase in channel roughness, by deerease in channel width or bya decrease
of the bed gradient.
Barrage (Stuwdam) A barrage built across a river, comprising a series of gates which when
fully open allow the flood to pass without appreciably increasing the flood level upstream of
the barrage.
Barrier (StuW)The function of a barrier is to control the water level. It consists of a
combination of a concrete or a steel structure with or without adjacent ROCKFILL DAMS.
Bastion (Bastion, Vooruitgeschoven Pun~ A massive GROYNE, or projecting section of
seawall normally constructed with its crest above water level.
Bathymetry (Diepteligging) Topography of sealestuary/lake bed.
Beach (Strand) By common usage the zone of BEACH MATERIAL that extends landward
from the lowest water line to the place beyond the high water line where there is a marked
change in mate rial or physiographic form, or to the line of permanent vegetation.
Beach material (Strandmateriaa~ Granular sediments usually sand or shingle moved by the
sea.
Bed load (Bodemtransporf) The quantity of sediment moving along the bed by rolling,
jumping or sliding with at least intermittent contact.
Bed protection (Bodembescherming) A (rock) structure on the sea bed or the bed of a river
or estuary in order to proteet the underlying bed against erosion due to current andlor wave
action.
Bend scour (Bochtuitschuring) EROSION in (the other part of) a river bed
Berm 1) Relative small mound to support or key-in an ARMOUR LAYER.

2) A horizontal step in the sloping profile of an EMBANKMENT.
Berm breakwater Rubble mound with horizontal BERM of ARMOUR STONES at about sea
side water level, which is allowed to be (re)shaped by the waves.
Bifurcation (Watersplitsing) Location where a river separates in two or more reaches or
branches.
Blanket (Filtef) A layer or layers of graded fine stones underlaying a breakwater, GROYNE
or rock EMBANKMENT to prevent the natural bedmaterial being washed away.
Braided river (Vlechtende Rivief) A river type with multiple channels separated by shoals,
bars and islands.
Braiding belt Area extending on both sides along a BRAIDING RIVER out to the extreme
historie alignments of the river banks.
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Breastwork (Beschoeiing) Timber structure generally parallel to coast.
Bull nose Substantiallip or protuberance at the top of the seaward face of a wall, to defleet
waves seaward.
Bypassing (Omleiden van sedimen~ Moving of BEACH MATER lAL from the accumulating
updrift side to the eroding downdrift side of an obstruction to lONGSHORE TRANSPORT,
e.g. in inlet or harbour.
Canal (KanaaVGrach~ A large artificial channel, generally of trapezoidal cross-section,
designed for low velocity flow.
Caisson (Caisson) Concrete box-type structure.
Catchment area (Stroomgebied) The area which drains naturallyto a particular point
on a river, th us contributing to its natural discharge.
Channel (Vaargeul) A generaI term for any natural or artificial bed for running water having a
free surface.
Coastal defences, coastal works (Kustverdedigingswerken) Collective terms covering
protection provided to the coastline. These include COAST PROTECTION and SEA
DEFENCES.
Coastal processes (Kustprocessen) Collective term covering the action of natural forces on
the coastline and adjoining sea bed.
Coastal regime (Kustregime) The overall system resulting from the interaction on the coast
and sea bed of the various COASTAl PROCESSES.
Coast protection (Kustverdediging) Works to proteet land against EROSION or
encroachment by the sea.
Cofferdam (Dam rondom Bouwkuip) A temporary structure enclosing all or part of the
construction area so that construction can proceed in the dry.
Combined closure method (Gecombineerde Sluïtmethode) Construction of a DAM by
means of partly the HORIZONT AL ClOSURE method and partly the VERTICAl ClOSURE
method.
Confluence (Samenvloeiing) The junction of two or more river reaches or branches.
Confluence scour (Erosie ter plaatse van Samenvloeiing) Erosion at the CONFLUENCE of
rivers.
Cover layer (Deklaag) The outer layer used in arevetment system as protection against
extemal hydraulic loads.
Crenulate An indented or wavy shoreline beach form, with the regular, seaward pointing
parts rounded rather than sharp as in the CUSPATE type.
Crest (Top van een Golfbreker') Highest part of a breakwater sea wall, Slll or DAM.
Crown-wall (Kroonstu/() Concrete superstructure on a RUBBlE MOUND.
Cuspate Form of beach shoreline involving sharp seaward pointing cusps (normally at
regular intervals) between which the shoreline follows a smooth are.
Dam (Dam) Structure built in rivers of estuaries, basically to separate water at both sides
and/or to retain water at one side.
Deep water (Diep Water')Water so deep that waves are little aftected by the bed. Generally,
water deeper than one half the surface wave length is considered to be deep water.
Degradation or erosion (Erosie) A lowering of the channel bed due to SCOUR.
Design storm (Maatgevende Stonn) Sea walls will often be designed to withstand wave
attack by the extreme DESIGN STORM. The severity of the storm (i.e. RETURN PERIOD)
is chosen in view of the acceptabie level of risk of damage or failure.
Diffraction (Diffractie) Process by which energy is transmitted laterally along a wave crest.
Propagation of waves into the sheltered region behind a BARRIER such as a breakwater.
Dike (Dij/()A long, low EMBANKMENT with a height usually less than four to five metres and
a length more than ten or fifteen times the maximum height. Ususally applied to DAMS built
to proteet land from flooding.
Discontinuity (Discontinuïteit) Any actual or incipient fracture plane in a rock mass including
bedding planes, laminations, foliation planes, joints and fault planes.
Diversion channel (Omleidingkanaa~ A WATERWAY used to divert water from its natural
course. The term is generally applied to a temporary arrangement e.g. to by-pass water
round a DAM site during construction.
Downdrift (Benedenstrooms) The direction of predominant movement of LITTORAL DRIFT
along the shore.
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Drowned flow (Subkritische Stroming) see SUBCRITICAL FLOW.
Durability (Duurzaamheid) The ability of a rock to retain its physical and mechanical
properties (i.e. resist DEGRADATION) in engineering service.
Duricrust (Zoutkors~ A hard layer formed at a present or past desert surface where salts
carried in solution by capillary action have precipitated and cemented the surface layer
sediments.
Dynamic equilibrium (Dynamisch Evenwich~ Short term morphological changes that do
not affect the MORPHOLOGY over a long period.
Eddy (Wervel) A vortex-type motion of fluid flowing partly opposite to the main current.
ElCl, lCl, UCl, EUCl Extreme lower, lower, upper and extreme upper class limits used
to define standard grading classes. Each class limit is a particular weight for which the
cumulative percentage passing by weight must faUwithin a specified range, e.g. for ELCL,
between 0 to 2%.
Embankrnent (Dijk, Dam) Fill material, usuallyearth or rock, placed with sloping sides and
with a length greater than its height. An embankment is generally higher than a DIKE.
Energy Any device constructed in a WATERWAY to reduce or destroy the energy of fast
flowing water.
Erosion (Erosie) The wearing awayof material by the action of natural forces. Or. Loss of
e.g. beach material due to natural forces.
Facing (Afwerklaag) A coating of a different material, masonry or brick, for architectural or
protection purposes e.g. stonework facing, brickwork facing (concrete dam) or an impervious
coating on the upstream slope of the DAM.
Fetch (Iength) (Strijk/engte) Relative to a particular point (on the sea), the area of sea over
which the wind can blow to generate waves at the point. The fetch length depends on the
shape and dimensions of the fetch area, and upon the relative wind direction.
Filter (Filter) Intermediate layer, preventing fine materials of an underlayer from being
washed through the voids of an upper layer.
Flaws (Scheurtjes/Discontinuiteiten) Discontinuities and voids within a piece of rock.
Flood plain (Uiterwaarden) The area within the flood EMBANKMENTS.
Flood routing (Hoogwaterberekening) The attenuating effect of storage on a flood passing
through a valley, a CHANNEL or RESERVOIR by reason of a feature acting as a control e.g.
a reservoir with a spillway capacity less than the flood inflow or the widening or narrowing of
a valley.
Flood wall, splash wall (Spatmuur) Wall, retired from the seaward edge of the sea wall
crest, to prevent water from flowing on to the land behind.
Flow regime (Stroomregime) Combinations of river discharge and corresponding water
levels and their respective (yearly or seasonally) averaged values and characteristic
fluctuations around these values.
Foreshore (Nat Strand) The part of the shore lying between Mean High Water (Spring) and
Mean Low Water level (Spring).
Fracture toughness (Scheurweerstand) The characteristic level of stress intensity ahead of
a crack tip that is required to propagate the new crack catastrophically through the mineral
fabric of the rock.
Freeboard (Vrijboord) The height of a structure above STILL WATER LEVEL.
Physical model (Fysisch Mode~ See SCALE MODEL.
Geotextile (Geotextie~ A synthetic fabric which may be woven or non-woven used as a
FILTER or separation layer.
Gradings (Gradering): Distribution, with regard to size or weight, of individual stones within a
bulk volume. Heavy, light and fine gradings are distinguished.
Gradual closure method (Geleidelijke Sluitingsmethode) Method in which the final gap is
closed gradually either by the VERTICAL or the HORIZONT AL CLOSURE method or a
combination of both methods. This method includes the use of large, massive CAISSONS to
be placed on a SILL.
Granular filter (Opgebouwd met Korrelvormig Materiaa~ A band of granular mate rial which
is incorporated in an EMBANKMENT dam and is graded so as to allow SEEPAGE to flow
across or down the filter zone without causing the migration of the material from zones
adjacent to the FILTER.
Groyne (Strandhoofd) A structure gene rally perpendicular to the shoreline built to control the
movement of BEACH MATER lAL.



Hard defences (OndooriatendelHarde Verdediging) In common usage, normally taken to
describe concrete, timber, steel, asphalt or RUBBLE shoreline structures. Rubble or rock
structures are often considered SOFT DEFENCES because of their ability to absorb wave
energy.
Head (Kop van de Dam) End of BREAKWATER or DAM.
Headwater level (Bovenstroomse Waterstand,!The level of the water in the RESERVOIR.
Horizontal closure method (Horizontale Sluitmethode) Construction of a DAM by dumping
the materials from one or both banks, thus constricting the WATERWA Y progressively
laterally until the gap is closed. The method is also known as end dumping, VERTICAL
CLOSURE (both ICOLD definitions) and point tipping.
Hydraulics (Vloeistofmechanica) Science of water motionlflow/mass behaviour
Hydrology (Hydrologie)Science of the hydrological cycle (including precipitation, run-off,
fluvial flooding).
Igneous rocks (Vulcanisch Gesteente) Formed by the crystallisation and solidification of a
molten silicate magma.
In-situ block (Stuk rots in Groeve) A piece of rock bounded by discontinuities located within
the rock mass prior to excavation.
Intact fabric strength (Verwachte Sterkte door Samenstelling) Strength of rock as a
consequence of strength and fabric of the rock's minerais.
Integrity (Samenhang) The degree of wholeness of a rock block as reflected by the degree
to which its strength against impacts is reduced bythe presence of flaws.
Intemal erosion (Interne Erosie)The formation of voids within soil or soft rock caused by the
mechanical or chemical removal of mate rial by SEEPAGE.
Irregular waves (Onregelmatige golven) Waves with random wave periods (and in practice,
also heights), which are typical for natural wind-induced waves.
Levee (RivierdijklZomerdijlQ Flood EMBANKMENT less than one metre in height.
Lining (Tussenlaag) A coating of asphaltic concrete, concrete, reinforced concrete to
provide water-tightness, to prevent EROS ION or to reduce friction of a canal, tunnel or shaft.
Littoral drift, littoral transport (Kusttransporf)The movement of BEACH MATER lAL in the
LlTTORAL ZONE by waves and currents. Includes movement parallel (LONGSHORE
TRANSPORT) and perpendicular (onshore - offshore transport) to the shore.
Littoral zone (Kustzone) BEACH and SURF ZONE.
Longshore (Parallel aan de kus~ Along the shore.
Longshore scour (Ontgronding) Local EROSION near fixed objects, including (rock)
structures. Longshore transport (Langstransporf) Wave-induced movement of sediment,
rock or gravel along a beach (but also along sloping rock structures).
Mach-stem wave Higher-than-normal wave generated when waves strike a structure at an
oblique angle.
Maintenance (Onderhoud,! Repair or replacement of components of a structure whose life is
less than that of the overall structure, or of a localised area which has failed.
Mattres (ZinkstulQ A blanket of brush, poles, plastic, fibres or other materiallashed together
to proteet the EMBANKMENT or river channel from EROSION.
Maximum water level (Maximale Waterstand,!; The maximum water level, including flood
surcharge, which the DAM has been designed to withstand.
Mean (Gemiddeld,! The ave rage value of a parameter.
Meandering (Meanderend,! A single channel having a pattem of successive deviations in
alignment which result in a more or less sinusoidal course.
Mean wave period (Gemiddelde Go/fperiode) The mean period of the wave defined by
zero-crossing.
Metamorphic rocks (Metamorfisch Gesteente) Formed by the effeet of heat and pressure
on IGNEOUS or SEDIMENT ARY rocks for geological periods of time with the consequent
development of new minerals and textures within the pre-existing rock.
Modular flow see SUPERCRITICAL FLOW.
Morphology (Morfologie) The transport of sediment and the consequential changes with
time of the river or sea bed bed and river banks.
Numerical model (Numeriek Mode~ A description of the reality by means of mathematical
equations which allow to predict the behaviour of flows, sediment and structures.
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Monochromatic waves (Monochromatische/Regelmatige Golven) A series of waves, each
of which has the same wave periocf.
Offshore breakwater (Offshore Golfbrekef) A breakwater built towards the seaward limit of
the LITTORAL ZONE, parallel (or near parallel) to the shore.
One-dimensional (1-0) model (1-Dimensionaal Mode~ A NUMERICAL MODEL in which
all the flow parameters are assumed to be constant over the cross-section normal to the
flow. There is only a velocity gradient in the flow direction.
Orthogonal0Nave Ray) In a wave refractionldiffraction diagram, a line drawn perpendicular
to the wave crest.
Outlet (Doorvoer Opening) An opening through which water can be freely discharged from a
RESERVOIR to the river for a particular purpose.
Overtopping (Wateroverslag) Water passing over the top of the SEA WALL.
Parapet (Kopmuuf) Solid wal! at crest of SEA WALL projecting above deck level.
Parapet-wal! (Golfkeermuurf) See CROWN-W ALL
Peak period (Piekperiode) The wave period determined bythe inverse of the frequency at
which the wave ENERGY SPECTRUM reaches a maximum.
Pitching (Bekleding) Squared masonry or precast blocks or embedded stones laid in regular
fashion with dry or filled joints on the upstream slope of an EMBANKMENT dam or on a
RESERVOIR shore or on the sides of a channel as a protection against wave and ice action.
Pore pressure (PoriëndruKJThe interstitial pressure of fluid (air or water) within a mass of
soil, rock or concrete.
Porosity (Porositeit, Gedeelte van Volume dat niet door Zand/Gesteente wordt ingenomen)
Laboratory measured property of the rock indicating its ability to retain fluids or gasses.
Porous (Poreus) In terms of REVETMENTS and ARMOUR, cladding that allows rapid
movement of water through it such as during wave action (many GEOTEXTILES and sand
asphalt can be non-po rous under the action of waves but porous in soil mechanics terms).
Prototype (Prototype) The actual structure or condition being simulated in a model.
Quasi three-dimensional (3-0) model (Quasi 3-Dimensionaal Mode~ A NUMERICAL
MODEL in which the flow parameters vary in two dimensions, but which allows to determine
the flow parameter in the third dimension.
Quany (Groeve) Site where naturaI rock stone is mined.
Quany run (Restmateriaa~ Waste of generally small size material, in a QUARRY, left after
selection of larger GRADINGS.
Random waves (Onregelmatige Golven) The laboratory simulation of irregular sea states
that occur in nature.
Reach (Rivierpand) Part of a river channel in longitudinal direction.
RD1dt RD1s. Rock DURABILITY indicators of Fookes et al (1988).
Reef breakwater (Flexibele Golfbrekef) RUBBLE MOUND of single sized stones with a
crest at or below sea level which is allowed to be (re)shaped by the waves.
Reflected wave (Teruggekaatste Golf) That part of an incident wave that is retumed
seaward when a wave impinges on a BEACH, sea wall or other reflecting surface.
Refraction (of Water Waves) (BrekingIRefractie) The process bywhich the direction of a
wave moving in SHALLOW WATER at an angle to the contours is changed so that the wave
crests tend to become more aligned with those contours.
Refurbishment, renovation (Reparatié1Renovatie) Restoring the sea wall to its original
function and level of protection.
Regime theory (Regime Theorie) Empirical method for predicting river characteristics.
Regular waves or Monochromatic waves (Regelmatige Golven) Fully periodic waves with
constant period, which are practically not found in nature.
Regulating reservoir (Beheersings-Reservoif) A RESERVOIR from which water is released
so as to regulate the flow in the river.
Rehabilitation (Verbetering) Renovation or upgrading.
Replacement (Vervanging) Process of demolition and reconstruction.
Reservoir (Reservoif) An artificiallake, basin or tank in which a large quantity of water can
be stored.
Retention water level (Af/aatniveau waarbij Af/aatmechanisme in werking treedt) For a
RESERVOIR with a fixed overflow SILL it is the lowest crest level of that sill. For the outflow
from which is controlled wholly or partly by movable gates, syphons or by other means, it is



the maximum level at the DAM to which water at the dam may rise under normal operating
conditions, exclusive of any provision for flood surcharge.
Return period (Herhalingstijd) In statistical analysis an event with a retum period of Nyears
is likely, on ave rage, to be exceeded only once every Nyears.
Revetment (Bekleding) A cladding of stone, concrete or other material used to proteet the
sloping surface of an EMBANKMENT, naturaI coast or shoreline against EROSION.
Rip rap (StortsteenIBreuksteen) Wide graded quarry stone normally used as a protective
layer to prevent EROSION of the sea and/or river bed, river banks or other slopes (possibly
including the adjoining crest) due to current and/or wave action.
River regime (Rivier Regime) Combinations of river discharge and water levels,
characteristic for a prescribed period (usually a year or a season) and determining for the
overall MORPHOLOGY of the river.
River training structure (Constructie t.b.v. de NorrnaJisatie van een Rivier) Any
configuration constructed in a stream or placed on, adjacent to or in the vicinity of a
streambank that is intended to deflect currents, induce sediment deposition, induce SCOUR,
or in some other way alter the flow and sediment REGIMES of a river.
Rock degradation model (armourstone) A model under research and development, which
attempts to predict yearly weight losses from the ARMOUR, taking account of rock
properties and site conditions.
Rockfill dam (Stortsteendam) An EMBANKMENT dam in which more than 50 % of the total
volume comprises compacted or dumped pervious natural or crushed stone.
Rock weathering (Verwering van een Rots) Physical and mineralogical decay processes in
rock brought about by exposure to climatic conditions either at the present time or in the
geological past.
Rubble mound structure (Stortstenen Constructie) A mound of random-shaped and
random-placed stones.
Run-up (Oploop) The uprush of water onto a structure or BEACH as a result of wave action.
Run-up, run down (Oploop/Afloop) The upper and lower levels reached by a wave on a
structure, expressed relative to still water level.
Scale or physical model (SchaaVFysisch Mode~ Simulation of a structure and/or its
(hydraulic) environment in usually much smaller dimensions in order to predict the
consequences of future changes. The model can be built with a fixed bed or a movable bed.
5-Slope breakwater (S-vormige Golfbreker) RUBBLE MOUND with gentie slope around still
water level and steeper slopes above and below.
Scour (Ontgronding) Local EROS ION near some fixed object.
Scour protection (Verdediging tegen locale Ontgronding) Protection against EROS ION of
the sea bed in front of the TOE.
Sea defences (Zeeweringen) Works to prevent or alleviate flooding by the sea.
Secular changes (Veranderingen op lange Termijn) Long-term changes in sea level.
Sediment load (Sedimenttransporf) The sediment carried through a CHANNEL by
streamflow or by waves and currents at sea.
Sedimentary rocks (Afzettingsgesteente) Formed by the sedimentation and subsequent
lithification of mineral grains, either under water or more rarely on an ancient land surface.
Seepage (Kwe~ The interstitial movement of water that may take place through a DAM, its
foundation or ABUTMENTS.
sm (Drempe~ a) A submerged structure across a river to control the water level

upstream;
b) The crest of a SPILLWAY.

Shallow water (Ondiep Water) Commonly water of such depth that surface waves are
noticeably affected by bottom topography.
Shoulder (Schouder) Horizontal transition to layer of larger size stones which is placed at
higher elevation.
Significant wave height (Significante Golfhoogte) The average height of the highest of one
third of the waves in a given sea state.
Significant wave period (SigniflCélnteGolfperiode) An arbitrary period generally taken as
the period of one of the highest waves within a given sea state.
Slope (Talud/Helling) The inclined face of a cutting or canal or EMBANKMENT
Slope protection (Taludverdediging) The protection of EMBANKMENT slope against wave
action or EROSION.



Soft defences (Energie Absorberende Verdediging) Usually refers to BEACHES (naturalor
designed) but mayalso refer to energy absorbing structures including those constructed of
rock, considered as HARD DEFENCES because of their stability.
Spillway (Overlaat) A structure over or through which flood flows are discharged.
Spur (-dike) or Groyne (Krib in Rivief) A structure extending from a bank into a channel that
is designed usually to proteet the banks or to provide enough water depth for navigation
purposes.
Stationary process (Stationair Proces) A process in which the mean statistical properties do
not vary with time.
Still water level (Stil Watemiveau) Water level which would exist in the absence of waves.
Stilling bassin (Woelbekken) A basin constructed so as to dissipate the energy of fast
flowing water e.g. from a SPILLWAY or bottom outlet and to proteet the river bed from
erosion.
Stochastic (Stochastisch) Having random variation in statistics.
Storage reservoir (Spaarbekken) A RESERVOIR which is operated with changing water
level for the purpose of storing and releasing water.
Stonn surge (Stormvloed) A rise in water level in the open coast due to the action of wind
stress as weil as atmospheric pressure on the sea surface.
Streambed (Rivierbed) Low water channel.
Subcritical (Subkritisch) The flowcondition above a dam bywhich the TAILWATER level
influences the upstream head. The discharge is a function of upstream and downstream
head. Also called submerged flow, submodular flow or DROWNED FLOW.
Supercritical (Superkritisch) The flow condition above a DAM by which the upstream head
is independent of the TAILWATER level. The discharge is a function of the upstream head
only. Also called free flow, rapid flow or MODULAR FLOW.
Surfzone (Brandingszone) The area between the outer most breaker and the limit of the
wave RUN-UP.
Suspended load (Zwevend Materiaa~ The mate rial moving in suspension in a fluid, kept up
by the upward components of the turbulent currents or by the colloidal suspension.
Swell (Waves) (Deining) Wind generated waves that have travelled out of their generating
area. Swell characteristically exhibits a more regular and longer period and has flatter crests
than waves within their FETCH.
Tailwater level (Benedenwatemiveau) The water level downstream of a DAM or SILL.
Thalweg (Thalweg) The locus of the deepest points in a valley or river at successive cross
sections.
Twolthree-dimensional (213-0) model «(2I3-D)Mode~ A mathematical model in which the
flow parameters vary in twolthree dimensions.
Tides (Getijden) Water movements, basically due to global astronomie response of Oceans
and besides, on the continental shelves and in coastal waters -and particularty estuaries and
bays-strongly affected (amplified) by shallow water and coastal planforms. Typical specific
definitions of associated local water levels, in decreasing order, are HAT or HHW, MHWS,
MHW, MLW, MLWS, LAT or LLW.
Toe (Teen) Lowest part of seaward and port-side breakwater slope, generally forming the
transition to the sea bed.
Totalload (Totaal Transport) The sum of BED LOAD and SUSPENDEO LOAD in the river.
Toe banket See APRON.
Training wall (Strekdam) A wall built to confine or guide the flow of water over the
downstream face of an overflow DAM or in a CHANNEL.
Type 1 breakage (Breukmechanisme 1)Breakage of rock blocks into major pieces along
flaws.
Type 2 breakage (Breukmechanisme 2) Breakage of rock blocks along new fractures.
Upgrading (Verbetering) Improved performance against some or other criteria.
Uplift (Opwaartse Kracht) The upward pressure in the pores of a material (interstitial
pressure) or on the base of a structure.
Up-rush, down-rush (Golfoploop/Golfafloop) The flow of water up or down the face of a
structure. ..
Vertical closure (Verticale Afsluiting) Construction of a DAM by dumping the materials over
the full width during which operation the dam crest is raised more or less uniformly over the
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entire gap until the channel is completely blockeel.The method is also known as frontal
dumping, HORIZONTAL CLOSURE (both ICOLD definitions) and traverse dumping.
Vesicular (Holtenbevattend)Used to describe basalt and other volcanic rocks containing
many spherical or ellipsoidal cavities produced by bubbles of gas trapped during
solidification.
Wandering See MEANDERING.
Waterway (Vaargeu~A navigabie CHANNEL.
Weir (Overlaa~ A low dam or wall across a stream to raise the upstream water level.
Terrned fixed crest weir when uncontrolled.
Wave return face (GolfombuigendeKruinconstructie)The face of a CROWN WALL
designed to throw back the waves.



Annex 5 Optimum breakwater design

Wave Height H {m) Probability of Exeeedance
(times per annum)

4 1.11
5 1.58'*10·
5.2 8.4'*10''''
5.5 7.62'*10·'
5.8 3.8'*10·'
6 2.47'*10·'
6.5 7.35'*10'"
7.15 3.0'*10'"
7.25 2.63'*10'"
7.8 9.0'*10'"
7.98 8.0'*10'"
8.7 1.5'*10'"

Table J15.1, Long-term wave dimale

Aetual Wave Hejg_htH Damage in% of armour layer
H <Hnd 0

Ho:!< H < 1.3Ho:! 4
1.3Ho:!< H < 1.45 I-I!!d_ 8

H> 1,45 Hnd Collapse
Table J15.2, Development of damage

The initial eonstruetion eost I of the breakwater is estimated to be:
$ 8620 for the eore and $ 1320.Ho:!for the armour layer.

For design wave heights of 4, 5, 5.5 and 6 m this results in initial eonstruetion eost as per
Table3

Design wave height Initial eost breakwater Initial eost Amour Layer
Hnd "cn "AH
(m) ($) per running meter ($) per running meter
4 13900 5280
5 15220 6600
5.5 15900 7280
6 16540 7920

Table Ä5-3, Initial Construction cost per running meter

Hnd 1<H<1.3Hnd 1.3 Ho:!< H < 1.45 H> 1.45Hnd
n=4%damage Hnd Collapse

n=8%damage
® Ilw ®.Ilw /lp Ilw /lp.Ilw /lp Ilw ®.Ilw

(m) (1!vear) ($) ($/vear) (1/Year) ($) ($/vear) (1Iyear) ($) __&yeatl_
4 1.02 420 430 4.610" 860 40 3.810" 13900 530
5 1.510' 530 80 4.710"" 1060 5 2.610"" 15220 40
5.5 7.410" 580 40 2.210'" 1160 - 810 15900 10
6 2.410" 630 15 7.510'" 1260 - 1.510'" 16540 3

Table J15.4, Annual risk for various values of Hndper category of damage level
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Note:
~ = PI - PI+1 probability of occurrence of the wave height in the indicated interval
PI = probability of exceedance of the wave height at the lower limit of the interval
PI+1 = probability of exceedance of the wave height at the upper limit of the interval
tlw = cost of repair of the arrnour layer (2*n*A) respectively cast of replacement (C)

This leads to the values of average annual risk s = ~(~.!lw) as per Table ë.m.m.mm.m.m.;

Hrd S= ~(Llp.!lw)
Full repair of partial Only repair of serious No repair of partial

damace damage(>8%) damage
(m) ($peryear) ($peryear) ($peryear)
4 1000 570 530
5 125 45 40
5.5 50 10 10
6 18 3 3

TabIe M-5, Average annuaI maintenance oost tor various maintenance strategies

For a lifetime of 100 years, which is areasonabie assumption for a breakwater, capitalisation
on an interest rate of 3.33% leads to the figures as given in Table 6.

Hrd Capitalised risk S
Full repair of partial Only repair of serious No repair of partial

damace damage(>8%) damace
(m) ($) ($) ($)
4 30000 17100 15900
5 3750 1350 1200
5.5 1500 300 300
6 540 90 90

TabIeA5-6,Capitalised maintenance oost lor various maintenance strategies

It is now a simple exercise to add the initial cast I and the capitalised maintenance cost S as
in Table 7.

Hrd Total cost I+ S
Full repair of partial Only repair of serious No repair of partial

damace damage(>8%) damage
(m) ($) ($) ($)
4 43900 31000 29800
5 18970 16570 16420
5.5 17400 16200 16200
6 17080 16630 16630
6.5 17300

Table P5-7, TotaI oost lor various maintenance strategies

The optimum values are printed beid.
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