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I wish you a pleasant and interesting reading!

Lise Jansen
Delft, May 2019

iii





Abstract
’De Watersnood van 1953’, the largest Dutch flood in recent history, caused the death of
1795 people in the Netherlands directly from the flood conditions, while in the UK, 315 were
recorded. Most of them were among those whose residence collapsed due to high water depth,
quick rise rate of the water or strong flow velocity. Based on historical data of floods with
similar flood characteristics and comparable buildings, mortality functions were developed
to estimate the number of fatalities. These functions are still used, but the correlation be-
tween the flood characteristics and the damage observation is not clear according to multiple
studies. The current study contributes to improving these functions by investigating which
flood conditions may lead to collapse of the residences in the current Dutch building stock.

From the BAG-registration (in Dutch: Basisregistratie Adressen en Gebouwen) it is found
that 50% of the Dutch live in terraced houses (in Dutch: rijtjeshuizen), which is similar in
the areas which are most likely to be affected by flooding. Most of these residences are built
in the period of the housing shortage between 1965 and 1975 and the energy crisis between
1975 and 1994, which are considered as ’the typical Dutch residence’. This residence type
consists of cavity walls with a load-bearing leaf of concrete or unreinforced masonry (URM),
which can be clay or calcium-silicate. This inner leaf is tied to the outer leaf of URM consist-
ing of perforated clay units, wood-based materials, or concrete. Stability is provided by piers
in the façades in case of the URM walls or rigid connections between the concrete floor and
walls. To define the properties of the building materials, existing experimental research on
the masonry is used.

Experiments with a physical model were conducted herein to measure the quasi-steady load
in the form of pressures acting on different elements of the residence. This enables the com-
parison of the quasi-steady flood load and the lateral load due to wind on different elements
of a building. Similar to FEMA (2011), it was found that the pressure coefficient decreases
when the width-to-water depth ratio decreases. However, higher coefficients are found from
the experiments than those provided by FEMA, resulting in higher hydrodynamic loads. Fur-
thermore, the orientation of the residence compared to the flow direction changes the angle
of attack. When the flow is perpendicular to the wall, the pressure coefficient is the largest.
Decreasing the angle of attack causes a decrease of the pressure due to equal flood conditions.

The pressure coefficients obtained from the experiments are used to define the hydrodynamic
load due to flooding. The resistance of the load-bearing cavity walls, windows and piers were
compared to the acting moment due to different depth-flow velocity combinations. The re-
sistance of out-of-plane bending of the load-bearing wall is the critical failure mechanism for
typical Dutch residences. Residences with calcium-silicate masonry walls and system floors
have a higher resistance than residences with clay masonry walls and timber floors. Cracks
start to develop at a small lateral load resulting in zero tension strength after cracking and
an eccentricity of the normal force. This makes the influence of the dead weight carried by
the wall, in combination with the compression strength and the thickness, more important
than the flexural bending strength.

All types of residences, using design values, already collapse before the hv-product (water
depth times flow velocity) of 7 m /s is reached according to Clausen (1989). A water depth of
±1.2 meters for the older residences (1965-1975) and ±1.8 meters for the newer residences
(1975-1994), already cause the design moment resistance of the wall without taking the
velocity or wave action into account. If the flood water has a flow velocity of 2 m/s or waves
are generated by a wind speed of 29.5 m/s over a fetch of 100 m, the critical water depth
reduces to respectively ±0.9 and 1.5 meters.
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List of symbols

𝛼 [∘] rotation of the building
𝛼 [-] factor for impulsive load
𝛽 [-] bending moment coefficient
𝛾 [-] material factor
𝛿 [m] vertical shift in wave height due to interaction with wall
𝜃 [∘] crack angle
𝜆 [-] scale ratio
𝜆 [-] hydrodynamic load in choked flow
𝜇 [-] orthogonality ratio
𝜇 [-] viscosity
𝜇 [-] mean
𝜌 [𝑘𝑔/𝑚 ] density water
𝜌 [𝑘𝑔/𝑚 ] density wind
𝜎 [𝑀𝑃𝑎] surface tension
𝜎 [𝑀𝑃𝑎] bending stress
𝜎 [𝑀𝑃𝑎] compression stress
𝜎 [-] deviation
𝜙 [∘] flow incidence / angle of attack
𝑏 [𝑚] width of the flume
𝑐 [𝑚/𝑠] wave celerity
𝑐 [-] force coefficient
𝑐 [-] friction coefficient
𝑐 𝑐 [-] structural factor
𝑑ℎ/𝑑𝑡 [𝑚/ℎ𝑟] rise rate
𝑓 [𝑀𝑃𝑎] design compression strength
𝑓 [𝑀𝑃𝑎] characteristic compression strength
𝑓 , [𝑀𝑃𝑎] characteristic tension strength
𝑓 [𝑀𝑃𝑎] mean compressive strength
𝑓 [𝑀𝑃𝑎] characteristic flexural strength
𝑓 [𝑀𝑃𝑎] characteristic shear strength
𝑓 [𝑀𝑃𝑎] initial characteristic shear strength
𝑓 [𝑀𝑃𝑎] characteristic flexural bond tensile strength
𝑔 [𝑚/𝑠 ] gravity acceleration
ℎ [𝑚] water depth
ℎ [𝑚] impoundment depth
ℎ𝑣 [𝑚 /𝑠] depth-velocity product
𝑘 [-] wave number
𝑙 [𝑚] length
𝑛 [-] number of piers in facade
𝑝 [𝑀𝑃𝑎] pressure
𝑝 [-] annual failure probability
𝑞 [𝑚 /𝑠] discharge
𝑞 [𝑁/𝑚 ] design load
𝑞 [𝑁/𝑚 ] peak velocity pressure
𝑡 [𝑠] time
𝑡 [𝑠] time of opening of the gate
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viii 0. List of symbols

𝑢 [𝑚/𝑠] hourly extreme wind velocity
𝑢 [𝑚𝑚] displacement
𝑣 [𝑚/𝑠] flow velocity
𝑣 [𝑀𝑃𝑎] characteristic shear strength
𝑤 [𝑀𝑃𝑎] pressure on outside walls
𝑤 [𝑀𝑃𝑎] pressure on inside walls
𝑥 [𝑚] distance from gate
𝑥 [𝑚] concrete compression zone
𝑧 [𝑚] reference height

𝐴 [𝑚 ] footprint object
𝐴 [𝑚 ] concrete area
𝐴 [𝑚 ] friction area
𝐴 [𝑚 ] impact area
𝐵 [𝑚] width / length side normal to the flow
𝐵/𝑏 [-] blockage ratio
𝐶 [-] drag coefficient
𝐶 [-] unbounded drag coefficient
𝐶 [-] hydrostatic coefficient
𝐶 [-] pressure coefficient
𝐶 [-] coefficient of resistance
𝐷 [𝑚] depth / length side aligned with the flow
𝐸 [𝑀𝑃𝑎] modulus of elasticity
𝐸 /𝐸 [𝑁] external / internal work
𝐸𝐼 [𝑁𝑚] bending stiffness / flexural rigidity
𝐹 [𝑚] fetch
𝐹 [𝑁/𝑚] buoyancy load
𝐹 [𝑁/𝑚] quasi-static/hydrodynamic load per meter width
𝐹 , [-] mortality fraction in transition zone
𝐹 , [-] mortality fraction in breach zone
𝐹 , [-] mortality fraction in zone with slowly rising water levels
𝐹 , [-] mortality fraction in zone with rapidly rising water levels
𝐹 [𝑁/𝑚] hydrostatic load per meter width
𝐹 [𝑁] load due to dynamic debris
𝐹 [𝑁/𝑚] impulsive load per meter width
𝐹 [𝑁/𝑚] wind load per meter width
𝐺 [𝑘𝑔/𝑚 ] weight
𝐺 [∘] natural slope
𝐻 [𝑚] height of the building
𝐻 [𝑚] significant wave height
𝐼 [𝑚𝑚 ] moment of inertia
𝑁 [𝑁/𝑚] design normal load
𝑁 [𝑁/𝑚] design normal resistance
𝑀 [𝑁𝑚/𝑚] design moment load
𝑀 [𝑁𝑚/𝑚] design moment resistance
𝐿 [𝑚] length / wave length
𝑇 [𝑠] significant wave period
𝑈 [𝑚/𝑠] wind velocity
𝑉 [𝑚 ] volume
𝑉 [𝑘𝑁/𝑚] shear force per meter width
𝑊 [𝑚𝑚 ] section modulus
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1
Introduction

1.1. Motive
In the last years, there have been floods all over the world which have a lot of influence on the
lives of people living in these flood-prone areas. Their residences could be damaged, they may
need to evacuate, could be surprised by the water or even drown in the flood. The most ex-
treme flood in the Netherlands occurred in 1953 and is known as the ”Watersnoodramp”. In
this introduction, some recent floods of low-lying areas protected by flood defences from var-
ious forms of flooding, like coastal, river and pluvial floods are described. The way countries
deal with damage and fatality estimates, give more insight into the room for improvements
of the Dutch situation and help to formulate the objectives of this study.

1.1.1. Background
In the night of 31 January to 1 February 1953, a storm surge on the North sea flooded large
areas at the east coast of the United Kingdom, northwest of Belgium and southwest of the
Netherlands. Many fatalities occurred due to the collapse of buildings behind levee breaches,
which were mainly caused by the high water depth, rise rate of the water and flow velocity.
In the Netherlands 1795 people died directly from the flood conditions, while in the UK, 315
were recorded. This gives a mortality rate for both areas of just below 1% (Jonkman, 2007),
where mortality is defined as the fraction of those who died directly from the flood out of all
the people present at the onset of flooding after evacuation excluding the persons in shelters.

(a) Schouwen Duiveland. Nieuwerkerk (b) Rescue Dreischor through hole in the roof

Figure 1.1: Watersnoodramp 1953 in the Netherlands from Nationaal Archief and Beeldbank Zeeland
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2 1. Introduction

In the flooded areas of Zuid-Holland in the Netherlands 1649 out of a total of 1687 col-
lapsed residences were poor-quality working-class houses, presumably built with the tradi-
tional building method. To fix the bricks, mortar was used based on chalk instead of cement
(Slager, 1992). This is a problem when these buildings are near the sea since the air and wa-
ter contain salt, 𝑁𝑎𝐶𝑙, which reacts with the calcium-carbonate, 𝐶𝑎𝐶𝑂 , to calcium-chloride,
𝐶𝑎𝐶𝑙 . When water is penetrating the wall, the mortar can dissolve and the interface condi-
tions between the bricks become worse.

Similarly, in the United Kingdom a large number of fatalities were observed in seaside
shanty-towns of mainly wooden prefabricated bungalows, which were not meant to be occu-
pied in winter. People were surprised by the water in the night when they were asleep and
could not escape due to collapse or rise rate of the water (Lumbroso and Vinet, 2011).

Recent floods
One of the most recent extreme flood events occurred on the 10th of October 2018 when Hur-
ricane Micheal made landfall near Mexico Beach, Florida as a category 4 hurricane. When
the hurricane travelled land inwards, flash floods were triggered in the Carolinas and Vir-
ginia due to a high storm surge. At Mexico Beach 237 of the 440 buildings (54%) were totally
destroyed and 99 (23%) were severely damaged. These were almost all residential struc-
tures built around the seventies before the new construction code, which is known to be
extremely strict on windstorm resistance. Witnesses saw the wind lifting buildings and the
flood spreading downed trees and debris all over the town. One of the few residences still
standing is built especially to withstand extreme events like this and is made from poured
concrete, reinforced by steel cables and rebars. In the corners, additional concrete piers are
situated and the whole structure is elevated from the ground on approximately 12 meter high
piles. Further from the coast more small buildings withstood the wind, but were affected by
the flood water (New York Times).

Also a category 4, Hurricane Harvey made landfall near Rockport, Texas on August 25
2017, but this hurricane is known for its extreme rainfall and flood-related damages. An
estimation by the Houston Chronicle on September 6th 2017 is made of 119,000 damaged
residences from which 800 totally collapsed. 54 of the 78 direct fatalities were due to drown-
ing, most of them (confirmed for 18) while driving a vehicle or by getting out of a car (Sebastian
et al., 2017). This is also found to be the most frequent cause of death in data analysis of 13
flood events from Europe and the United States considering mainly inland flooding, which is
considered to be representative for the current Dutch situation according to Jonkman (2007)
in Figure 1.2.

Figure 1.2: Distribution of causes and circumstances of death (Jonkman, 2007)
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The storm Xynthia hit the French Atlantic coast on 28th of February 2010. The combina-
tion of storm surge, high tide and large waves caused failure of the flood defences along the
coast, which was not expected by the authorities. People prepared for the storm by seeking
shelter in their bungalows and closed the electric shutters. When the flood arrived, they had
no escape route due to lack of a first floor, resulting in people getting trapped inside their own
residence. Several residences also had steel bars in front of their windows as advised by in-
surance companies or could not open their shutters due to the power cut. From the 65 direct
fatalities, 47 people died as result of the flood (drowning, hypothermia and exhaustion) from
which 41 were trapped in their residence (Lumbroso and Vinet, 2011). A total of 500,000
residences were damaged by the storm all over France, from which 682 were destroyed in
the flooded area 682 (Kolen et al., 2010).

1.1.2. Problem description
Although it is difficult to subscribe the damage to the severe forces from the wind or flood, it
becomes clear that residential building quality is an important issue in mortality. In Figure
1.3 this can be accommodated under the factor ”People vulnerability & behaviour”, but has
also an influence on the need of ”Preventive evacuation” and the possibility of ”Sheltering
during flooding”.

Figure 1.3: Overview of factors which influence the number of flood fatalities (De Bruijn and van Kester, 2015)

To estimate the number of fatalities due to flooding the Dutch government uses mortality
functions, which provide mortality as a function of the flood characteristics such as water
depth, flow velocity and water level rise rate. These are developed by analyzing empirical
information from historical floods between 1934 and 1965. Implicitly, the building quality is
taken into account, but this quality has changed over the years with new building regulations
and development of knowledge, materials and construction techniques. For example, the
classification of masonry based on their environment with strict requirements for buildings
in the coastal area to prevent degradation of the mortar like during the Watersnoodsramp,
see Appendix A.

Luckily after this period, no flood has occurred with similar flood characteristics and
comparable buildings, so improving those functions based on new representative data is dif-
ficult. Empirical studies which compare the flood characteristics to the strength and stability
of current residences could be the outcome.

1.2. Research aim, objectives and methodology
The aim of this study is to determine which flood conditions can cause structural damage
to residential structures. First, the research objectives are formulated as research questions
followed by the methodology.

1.2.1. Research objectives
The focus of this study is on the (partial) collapse of residences. Other damage, as described
in Appendix B, is not taken into account. Better insight into the failure mechanisms of the
current residences can contribute to the improvement of mortality estimates. The following
main research question is drawn up with two main objectives to be able to answer this main
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question:

Which flood conditions may lead to collapse of typical Dutch residences?

1. Which loads act on a building in a flood?
The flood actions on buildings due to Dutch flood conditions are quantified based on
previous studies and new experiments with a physical model. The focus is on the hy-
drostatic and dynamic loads in relation to the orientation of the residence compared to
the flow direction and ratio between the dimensions of the residences and water depth.
The design load due to flooding is determined by combining several actions.

2. What is the strength of typical Dutch residences?
First, typical Dutch residences which are most likely to be affected by flooding are se-
lected based on the location, time of construction, and type of residence. Their proper-
ties and most common failure mechanisms during flooding are defined as well in order
to describe the strength of the structural elements of the residences.

When the load due to flood actions (sub-question 1) is larger than the maximum load that
can be resisted by an element of the residence (sub-question 2), the element will collapse.
The flood conditions which cause this load, are considered as the maximum flood conditions
the residence can withstand before collapsing.

1.2.2. Methodology
In order to answer the two main objectives the following methodology is used:

• Define the relevant flood actions on buildings:
The known flood actions on buildings and flood conditions which could occur in the
Netherlands are described in the literature review. Some can already be quantified by
previous studies.

• Select the typical Dutch residences:
The typical Dutch residences prone to flooding are found to combine the building stock
information in the BAG-registration (Basisregistratie Adressen en Gebouwen) with the
inundation maps from the Klimaatatlas in a Geographic Information System (GIS).
Based on the description of residences categorized per time of construction from the
literature review, the physical properties of 3 typical Dutch residences are defined.

• Describe the typical Dutch residences and their failure mechanisms:
The last couple of years physical tests are conducted to investigate the properties and
behaviour of masonry residences in the context of the earthquakes in the Groningen,
North of the Netherlands. These studies are used as input of the material properties
as addition to properties defined in the Eurocode. The failure mechanisms are defined
based on studies on failure mechanisms of similar buildings or building elements due
to flooding and earthquakes.

• Quantify the quasi-steady flood load:
To characterize this flood load on buildings different experiments with a physical model
are conducted. The loads are measured as pressures on different sides of the building
to make it possible to approach the quasi-static part of the dynamic load in the same
way as the wind load on buildings. Similar experiments of bluff objects in both wind
tunnels and flumes from the literature review are used to validate the used physical
model.

• Determine the resistance of the residences:
When the strength of typical Dutch residences and the loads on buildings due to flood
actions are known, a structural schematization can be made for both. The maximum
loads which the residences can withstand are determined analytically with both linear
elastic and non-linear calculations.
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1.3. Reading guide
This study can roughly be divided into two parts which belong to the two sub-questions: de-
termination of the strength of typical Dutch residences on one hand and the quantification
of the loads due to flood actions on the other hand. In the reading guide in Figure 1.4 this
is visualized by the use of orange for the strength and blue for the loads. The main question
can be answered by combining both parts.

First, a literature analysis is done to explore the current knowledge in the field of flood
actions on buildings. Starting in Chapter 2 with describing the development in flood impact
modelling. The loads on buildings due to the Dutch flood conditions are determined based
on various studies. This chapter ends with a summary of the literature review and the identi-
fied gaps. In Chapter 3 the typical Dutch residences are determined and described. Followed
up by the most common failure mechanisms for these kinds of residences. Chapter 4 deals
with the experiments needed to quantify the quasi-steady flood load and compare this to the
wind-load on buildings. This leads to design loads, which are schematically used to find
the resistance of the residences in Chapter 5. The maximum loads the residences can resist
are compared with the flood conditions which can cause these loads, to be able to answer
the main research question in Chapter 6. Finally, recommendations are presented in this
chapter as well.

Figure 1.4: Research outline (per chapter)





2
The impact of Dutch floods on buildings

In this chapter a literature review is given on the role of the collapse of buildings due to Dutch
floods, starting with the description how to cope with the impact of flooding nowadays. The
generation of flood parameters by hydraulic models needed as input of the mortality functions
and the inclusion of collapse of the buildings are discussed, followed by a description of
different flood actions. Based on the identified gaps in the literature, it is described how this
study will contribute to the improvement of estimating the collapse of residences.

2.1. Impact of Dutch floods
To assess the impact of flooding, a hydraulic model is developed to simulate flood hazards,
which generate spatial flood characteristics. To translate these characteristics to the impact,
relations or functions between the damage or mortality fraction and the flood are needed.
The impact of large scale floods from the main Dutch watercourses is assessed with the
’Standard Flood Damage and Fatality Assessment Model’ (Slager and Wagenaar, 2017) or in
Dutch ’Standard Schade en Slachtoffer Model’ (SSM2017).

2.1.1. Dutch mortality functions
In the Dutch model, the flooded area is divided into four typical hazard zones depending on
their flood characteristics. Based on empirical data from historical flood events and literature,
for each of the zones a mortality function is determined by Jonkman (2007) and adapted by
Maaskant et al. (2009). The collapse of residences is especially in the breach zone and zone
with rapidly rising water levels a major cause of fatalities. These relationships are shown in
Figure 2.1a (Appendix C.1 for the actual functions) followed by a description per zone.

(a) Mortality function per zone (Slager and Wagenaar, 2017) (b) Reduction of mortality function for zone with rapidly rising
water (Jonkman 2007)

Figure 2.1: Dutch mortality functions

7



8 2. The impact of Dutch floods on buildings

Breach zone
This area is generally directly behind the breach and has characteristic high flow velocities
(𝑣 ≥ 2𝑚/𝑠), high products of depth and flow velocity (ℎ𝑣 ≥ 7𝑚 /𝑠 ) and fast-rising water
levels. Many functions are developed to define total collapse of a building based on data of a
historic event or empirically obtained by experiments, where the Clausen criterion (1989) of
total collapse (dashed black line at ℎ𝑣 = 7𝑚 /𝑠 in Figure 2.2) can be seen as the upper limit.
That is why the boundaries of this zone are defined by this criterion for total destruction of
brick and masonry houses, based on data from the Dale Dyke dam failure in the UK in 1864.
The hv is based on a point depth in the flood in combination with the average speed in the
direction of the flow, but locally higher velocities could occur.

Figure 2.2: Damage curves for different kind of buildings (upper limit by Clausen (1989): partial collapse above solid black line
and total collapse above dashed black line)

In the Netherlands, this mortality function is rarely used, since these flood characteris-
tics only occur really close to the breach, locally near blockage of the water due to a higher
elevation (road, levee, wall of residence etc.) or tidal current. Since the probability to survive
the outside conditions is negligible, people are assumed to stay indoors and do not survive
the collapse. This leads to the conservative assumption that none of the people exposed to
the flood in this zone will survive, so 𝐹 , = 1 (Jonkman, 2007).

Zone with rapidly rising water levels
In this zone, there is not enough time for people to find shelter due to high water level rise rate
over the first 1.5 m water depth. In combination with high water levels, there is also the dan-
ger of being trapped on higher floors. The relationship between water depth and mortality in
this zone is mainly based on data of the 1953 floods in the Netherlands, where many fatalities
among the working-class occurred due to building collapse (Slager, 1992). Asselman (2005)
used damage data of Goeree and Schouwen Duiveland during the 1953 flood and the damage
curves developed by Roos (2003), to investigate the decrease in collapse ratio if these houses
were built with present-day cavity or concrete walls, which would respectively be 20 and 93%.

Based on the study of Asselman (2005), Jonkman (2007) made a first-order estimate to
correct the original function for improved building quality by assuming a 50-50 distribution
of cavity and concrete walls. In Figure 2.1b the original mortality function and the reduction
of the log-normal mortality function are shown. This transformed mortality function is based
on assumptions and purely transformed due to improvement of building quality. So this is
not yet implemented in the SSM2017, but it emphasizes the importance of understanding
the impact of building quality.
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Transition zone
Jonkman (2007) defined 0.5 m/hour as a threshold for rapidly water level rise leading to
fatalities, which was based on limited data. To reduce the sensitivity of the results due to a
small difference in rise rate around this threshold, Maaskant et al. (2009) modified this by
introducing an extra zone with a mortality function linearly interpolated between rapidly and
slow rising water levels.

Zone with slow rising water levels
Due to the slow rising of the water people have better possibilities to reach shelter on higher
grounds or floors of buildings, so in this zone the relationship between collapse of buildings
and mortality is less strong.

2.1.2. Flood modelling
For SSM2017 Delft-FLS and Sobek-1D2D are mostly used to perform the hydrodynamic cal-
culations to provide a hazard map. From land-use maps, the roughness can be defined per
cell and buildings are usually taken into account by applying a high roughness for the urban
areas, for example using the Withe-Colebrook formula with Nikuradse equivalent roughness
value of K = 10 m. Applying this roughness to every cell where a building is situated leads
to neighbourhoods or even cities where the flow velocity in those cells are highly restricted
(generally less than 0.5 m/s) and is mainly directed around. Local flood characteristics in-
side these areas with high urbanization rates are not adequate enough to asses individual
structures (Tennakoon, 2004).

Nowadays models and elevation data is available with a higher resolution, like 3Di, D-
flow FM, HEC-RAS etc. Single residential buildings and levees can be modelled at the right
location, by using their actual elevation or use the ground elevation (flat area) with a high
roughness for the area of the building only instead of the whole urban area (Beretta et al.,
2018). If detailed data is available, this way of modelling could generate a more accurate
estimation of the local flood characteristics which can differ per street, building or even per
side of the building.

Flood characteristics
From the flood models, parameters can be obtained which characterize the flood. In various
studies, the following input flood characteristics are considered as critical for the collapse of
buildings:

• Water depth, h [m]
The inundation depth is one of the most influential parameters for the loss of life and
damage to buildings. Markings are left by the water, so after a flood these can be
estimated quite accurately and used to validate the flood models. In the Netherlands
water depths till approximately 6 m can occur at the deepest polders.

• Flow velocity, v [m/s]
The speed of the moving water in a flood has a large influence on the possibility of
evacuation and the hydrodynamic pressure on objects in the flood. The actual velocity
in a flood is hard to estimate, but is done by reports from eye-witnesses, from video
records or flood modelling. For most locations in the Netherlands, these velocities are
below 2 m/s.

• Depth-velocity product, hv [m /s]
This product is derived from the momentum flow in Equation 2.1, where hv is the only
variable of the load since the density of the water and the horizontal area (footprint of the
building) remain constant. The combination of these parameters determines if humans
are still stable in the flood and the magnitude of the forces on buildings.

momentum flow = 𝑚𝑣 = 𝜌𝑉 ⋅ 𝑣 = 𝜌𝐵𝐿 ⋅ ℎ𝑣 (2.1)
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Dutch hazard map
To determine the areas of interest in the Netherlands the current flood map from the Climate
Impact Atlas is used. In this flood map, the effects due to flooding as a result of failure
of primary and regional flood defences are combined with the unprotected areas outside the
levees. The flooding scenarios are defined in the Flood Risk in the Netherlands (VNK2) project
and used by the Delta Programme to derive the flood protection standards, determined by
the most strict standard based on the following three criteria:

1. Equity principle: Individual risk or annual probability of dying cannot exceed 1/10,000.

2. Societal risk: Probability of events with large numbers of fatalities should be limited.

3. Economic optimization: Balancing the benefit of risk reduction to the cost of protection.

As the name of the atlas gives away, the effects of climate change are implemented in
this model based on the VNK2 (Rijkswaterstaat, 2019). For the Netherlands, the KNMI has
developed four climate scenario’s based on global temperature increases and the changes in
airflow patterns. The worst case scenario takes into account an increase of 2∘C and a high
change in airflow patterns, which result in the maximum water depths shown in Figure 2.3a.

The flood map has a spatial resolution of 100x100meters and the water depths are defined
in ranges. Since most of the damage will be caused by high water depths, the areas with a
water depth of 2.0 meters and higher are defined as the areas of interest in this study as
shown in Figure 2.3b. To take into account the used grid the areas of interest is expanded
with half the grid-size, to include the buildings within a distance of 50 m as well.

(a) Potential water depths due to floods from the main wa-
terways

(b) Areas of interest (water depth > 2.0 m)

Figure 2.3: Maximum water depths due to the flooding scenario’s based on the VKN2 (including the effects of climate change)

2.2. Flood actions on buildings
Much research is done on flood actions due to a dam-break, tsunami and levee breach with
both experimental and analytical methods. The flood characteristics of this different kind
of floods around buildings are comparable, since it is commonly assumed that the flood
propagates as a bore or a wave in-land after breaking. First, a brief overview of all the flood
actions is given, followed by a more elaborated quantification of the loads which are included
in the structural analysis.
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2.2.1. Overview of flood actions
An overview of the different flood actions on a building is given in this section based on those
defined by Kelman (2002). The capital letters are used for the dimensions of the building and
small letters for the flood characteristics as shown in Figure 2.4a, where the most important
flood actions are pictured.

(a) Horizontal hydrostatic load and ver-
tical buoyancy

(b) Hydrodynamic load (c) Horizontal non-breaking wave impact
load with Sainflou method

Figure 2.4: Hydrostatic and hydrodynamic flood actions (adapted from Chen, 2016)

Hydrostatic actions
Flood water causes a difference in water level inside, ℎ , and outside, ℎ the building until
these levels are equalized after some time. This difference, Δℎ, causes a load per meter width
with a horizontal and vertical component and on top of that capillary rise could occur:

• Lateral pressure is acting on the vertical elements like walls, windows and doors, see
Figure 2.4a:

𝐹 = ∫𝜌𝑔Δℎ 𝑑ℎ = 1
2𝜌𝑔(ℎ − ℎ ) (2.2)

• The vertically upward pressure acting on the horizontal elements like floors is also
known as buoyancy. This uplift can cause floating away of light buildings, like tim-
ber frame residence, when these are not anchored or cause bursting up of the floors,
when water cannot penetrate these, see Figure 2.4a:

𝐹 = 𝜌𝑔(ℎ − ℎ )𝐵 (2.3)

• Water penetrating building material or the surrounding soil due to capillary rise, can
cause damage above the actual water level. Depending on the type of material and
duration of inundation, this can cause an extra load or a decrease in the strength of the
building.

Hydrodynamic actions
Hydrodynamic actions are load induced by waves and velocity. Actions due to flow around
an object can be divided into the quasi-steady load and impact load per meter width.

• Quasi-static loads, generated by drag/velocity-dominated floods, include for example
non-breaking wave loads and inland actions from flash floods and tsunamis. This load
can be determined with the standard form drag equation with drag coefficient, 𝐶 , and
flow velocity, 𝑣, see Figure 2.4b:

𝐹 = 1
2𝐶 𝜌𝑣 ℎ (2.4)

• Inertia/acceleration-dominated floods occur close to a breach or at the wave front of a
tsunami, which induce impulsive loads on top of the quasi-static load. This force can
be seen as the transfer of kinetic energy when bore impinge on a building. It only acts
on the leading edge member and can be determined by amplifying the quasi-static load
by a factor 𝛼 , , see see Figure 2.4c:

𝐹 = 𝛼 𝐹 (2.5)
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• Wind can generate waves on top of the current water level, which are related to the
water depth, wind velocity and fetch length. The wave height and wave period can be
calculated with the Sverdrup-Munk-Brettschneider method and used as input for the
Method of Sainflou (Equation 2.2.3) to approach the load of standing (i.e. non-breaking)
regular waves in a simplified manner.

Geotechnical actions
Due to large flow velocities, the flood water can cause moving of the soil in two main manners:

• Erosion occurs when high water velocities wash away the soil around the building. These
scour holes can cause instability or even turning over in case of shallow foundations.
In case of a pile foundation, erosion can expose these piles and create direct contact
with the moving water and sediment. This increases the abrasion of the piles and they
become vulnerable to debris action as well.

• Deposition of soil occurs when sediment-loaded water slows down and the sediment
settle down. The deposition can generate an extra lateral loading on the walls.

Debris action
If there is not only water that is moved by the flood, other materials can hit the building also
known as debris. A difference can be made between static and dynamic debris:

• Static debris or damming of waterborne debris can be caused by an accumulation of
debris mass, such as tree branches, becomes fixed to the building. The debris does not
cause a dynamic force anymore, but it change the geometry, so drag resistance of the
building.

• A single object dragged by the flow can be pushed to the building. According to the
study of Roos (2003) these dynamic debris are the determining load case for failure of
the walls. This load is based on various assumptions, but can in reality variate extremely
from cars to small furniture.

Non-physical actions
On top of the physical effects of the flood, there also effects from the water-material contact
depending on the quality, composition and temperature of the flood water and the exposure
time to these effects:

• An example of a chemical action is the dissolving of the chalk between the bricks in
the salty seawater after some inundation time in the 1953 flood (Slager, 1992). Due to
corroding of steel elements, like the ties between the cavity walls, it is likely to assume
a decrease in strength.

• Since the flood water can flow over soil, streets or even through factories before it comes
in contact with buildings, contamination of the flood water is not unusual. This can be
in the form of oil, fuel or even chemical waste.

• Forming of mould depends on the vulnerability of the material which is in contact with
the water and the temperature of the water. It could cause a lot of damage to timber
building materials, insulation material and the interior of the building.

Selection of flood actions
Although not all actions are taken into account in this study since the focus is on collapse
and not damage, see Appendix B. Based on the effect of the flood actions on the collapse of
residences in the Netherlands, a selection is made which actions to include in this study, see
Table 2.1. In Appendix D the choices to include or exclude a flood action can be found.
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Table 2.1: Selection of flood actions

Flood action Load Structural analysis Experiments Elaboration
(physical model)

Hydrostatic Lateral pressure x x Section D.1
Buoyancy & Capillary rise -

Hydrodynamic Quasi-static x x Section 2.2.2
Impulsive Section D.2
Wind waves x Section 2.2.3

Geotechnical -
Debris -
Non-physical -

2.2.2. Quasi-static load
Objects in the water need to withstand the quasi-static load (Equation 2.4) caused by the
movement of the water. The drag coefficient, 𝐶 , is used to calculate this load, which de-
pends on the shape and roughness of the object and the flow condition of the medium. If an
object is streamlined, the skin friction is overwhelmingly larger than the form drag. Buildings
with their sharp edges are the opposite and can be accommodated under bluff objects, so
skin friction can be neglected. For these objects the drag coefficient remains relatively con-
stant for Re > 100, since the separation point generally occurs at the same place considered
as the sharp corners of the leading edge (Massey, 1970).

Buildings are designed to withstand the load from wind on the structure, which is also
defined in Eurocode NEN-EN 1991-1-4 as a quasi-static load per meter width, see Equation
2.6. The peak velocity pressure, 𝑞 , needs to be calculated from the hourly extreme wind
velocity, 𝑢, at a certain reference height, 𝑧 . When the height is larger than the width of the
building, the shape of the profile of the velocity pressure is assumed to be uniform with as
reference height the height of the building, see Figure E.3. As the structural factor, 𝑐 𝑐 ,
can be taken as 1 for buildings less than 15 m, both the formula and the profile of the wind
load are comparable to those of the hydrodynamic force. The difference can be found in the
coefficients, 𝑐 and 𝐶 , and the area where the pressure is acting on, which is the water depth,
ℎ, for the hydrodynamic load and the total height of the building, 𝐻, for the aerodynamic load.

𝐹 = 𝑐 𝑐 𝑐 𝑞 (𝑧 )ℎ
𝑞 (𝑧 ) = 𝜌 𝑢 } 𝐹 = 𝑐 (12𝜌 𝑢 )𝐻 vs. 𝐹 = 𝐶 1

2𝜌𝑣 ℎ (2.6)

NEN-EN 1991-1-4 NB gives the highest wind speeds for buildings located in the coast of
the Netherlands in area I. In this area, the characteristic 10 minutes mean velocity at 10 m
above ground level with a return period of 50 years, 𝑢 , is 29.5 m/s. The hourly extreme
velocity, 𝑢, can be found by combining this average wind speed and the maximum gust in
an hour. The wind pressure due to this peak velocity is determined by multiplying the basic
pressure, 𝑞 , with an exposure factor, 𝑐 , which is a function of height above ground level
and the roughness of the terrain. For a height of 5 meters (≈height of two storeys) in a coastal
area, a peak pressure of 1.36 kPa is found. A pressure with the same magnitude is caused
due to a flow velocity of 1.65 m/s or a hydrostatic load due to a water depth of 0.28 m:

𝑞 = 𝑐 𝑞 = 𝑐 ⋅ ( 𝜌 𝑢 ) = 2.5 ⋅ ⋅ 1.25 ⋅ 29.5 = 1.36 kPa
𝑞 = 𝑞 ∶ 𝑞 = 𝜌𝑣 → 𝑣 = 1.65 m/s
𝐹 = 𝐹 ∶ 𝑞 ℎ = 𝜌𝑔ℎ → ℎ = 0.28 m

In the calculation above the coefficients in Equation 2.6 are not taken into account yet.
The force coefficient, 𝑐 , for the quasi-static load is defined as the drag coefficient, 𝐶 , where
the forces are considered as one load on a stiff structure. In the Eurocode, this force coeffi-
cient is defined as the pressure coefficient, 𝐶 . The force due to the wind velocity is divided
into separate loads acting on different sides of the building, see Figure 2.5 and Appendix E.
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The drag coefficient, 𝐶 , is equal to the integrated value of pressure coefficient of the faces
perpendicular to the flow direction, 𝐶 , and 𝐶 , , and the friction coefficient, 𝐶 ,
along the faces parallel to the flow direction (sides and top face). The effect of friction along
the faces is relatively small compared to the perpendicular pressures, so this is not taken
into consideration in this study, leading to the definition in Equation 2.7.

𝐶 =
𝐹
𝜌𝑣 ℎ

vs. 𝐶 =
𝑝
𝜌𝑣

→ 𝐶 = ∫ 𝐶 , + 𝐶 , d𝑦 (2.7)

Figure 2.5: Pressure on a building in uniform flow (adapted from slides CT5145 Random Vibrations)

To determine the values of the drag coefficients, many tests and experiments are done
in wind tunnels and flumes varying the side ratio, defined as the ratio between the side
aligned with the flow, 𝐿, and the side normal to the flow, 𝐵, and the flow incidence or angle
of attack, 𝜙. In Figure 2.6 graphs from the research of Norberg (1993) are displayed where
these influences are quantified. The maximum drag coefficient for a rectangular cylinder
occurs when the length compared to the width is approximately 2:3. FEMA P-55 gives drag
coefficients based on the ratio width-to-water depth, 𝐵/ℎ, which increases from 1.25 to 2.0
as the ratio increases from 1 to 120 and larger, see Appendix E. Árnason (2005) varied this
ratio as well, but did not find an clear dependency.

(a) Influence of side ratio on drag coefficients (b) Influence of angle of attack on drag coefficient

Figure 2.6: Influence of the side ratio and angle of attack on steady flow drag coefficients (Norberg, 1993)

For buildings with a rectangular footprint, the pressure coefficients for external positive
and negative pressures due to wind are given depending on the aspect ratio, 𝐻/𝐿, given in
Figure E.2. These external pressures are averaged over the sides from wind tunnel tests and
computational fluid dynamics (CFD) simulations. In Figure 2.7 the results of the experiments
and the simulation of Nore et al. (2010) are shown. The pressure coefficients along the sides
of a cubic structure for two different angles of attack are compared to the values for 𝐻/𝐿 = 1
from the Eurocode in Figure 2.7a. It can be seen that the Eurocode is using just conservative
values.
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From Figure 2.7b can be concluded that the pressure on the walls, except for the leeward
wall, decreases as the angle of attack increases from 0∘ to 45∘, which is in accordance to the
influence on the angle of attack to the drag coefficient in Figure 2.6b and the experiments of
Cuomo et al. (2008) on cubic structures. Figure 2.6b shows a minimum drag coefficient at
an angle of attack between 5∘and 15∘depending on the side-ratio, which is in case of a square
a decreases from ±2.1 to ±1.4.

(a) Comparison with the Eurocode (b) Angle of influence of 45 ∘

Figure 2.7: Mean pressure coefficient, along horizontal trajectory 0-1-2-3-4 for (a) ∘ and (b) ∘ (Nore et al., 2010)

According to the Eurocode causes an increase of the aspect ratio, 𝐻/𝐿, an increase in
the pressure coefficients on the walls. The same can be seen by comparing the results from
Figure 2.7 with the same figures for high rise buildings from Oka and Ishihara (2009). The
height where the pressure is acting on, which is the water depth in case of flooding, is taken
into account in FEMA P55 by the width-to-water depth ratio, 𝐵/ℎ.

The ratio of the width of the building to the width of the flume is known as the blockage
ratio, 𝐵/𝑏, and can be used to take into account the presence of adjacent buildings. Em-
pirically determined drag coefficients are strongly influenced by the blockage, which causes
an increase of the average flow outside the wake. In some cases, there is also a water level
difference between the upstream and downstream side of the building, which causes a con-
tribution of hydrostatic pressure to the streamwise load. Recent research on the impact of
this effect on the hydrodynamic force is summarized in section D.3.

2.2.3. Wind waves
Due to the wind velocity, waves can be developed which cause an additional water height on
top of the still water level. The significant wave height, 𝐻 , and period, 𝑇 , are calculated with
the Sverdrup-Munk-Brettschneider method (SPM, 1984) in Equation 2.8. For the velocity,
𝑈, the basic wind velocity of 29.5 m/s is taken (wind area I in NEN-EN 1991-1-4 NB). It
is unlikely that this peak velocity has an influence on the development of the wind waves
over the entire fetch, because the gust has a short duration compared to the wave period, so
these gusts are not taken into account. For the fetch, 𝐹, three values are used to show the
influence of the water depth on the significant wave height. According to Roos (2003), a fetch
length of 0.1 km is comparable to a building density of more than 15 buildings per hectare.
For the buildings at the edge of the city, a larger fetch of 10 km is used.

𝐻 = 0.283 tanh [0.578( )
.
] tanh [ . ( ) .

[ . ( ) . ]
]

𝑇 = 1.20 tanh [0.833( )
.
] tanh [ . ( ) .

[ . ( ) . ]
]

(2.8)
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The additional pressure due to wind waves is calculated with the Sainflou method in
Figure 2.8. This is an approximation for the loads of non-breaking waves on a vertical wall,
based on Stokes’ second order wave theory and complete reflection of the incoming waves in
this case caused by the wind: 𝐻 = 2𝐻 = 2𝐻 . Using the linear wave theory, the wave
number, 𝑘, and length, 𝐿, in shallow water can be calculated from the significant wave period:

Figure 2.8: Sainflou: pressure of non-breaking waves on a vertical wall
(adapted from en Waterstaat et al. (2007)

with{
𝑝 = 𝜌𝑔(𝐻 + 𝛿 )
𝑝 = ( )
ℎ = 𝑘𝐻 coth(𝑘ℎ)

𝑘 = 2𝜋
𝐿 with 𝐿 = 𝑇 √𝑔ℎ

To determine if the pressure due to the wind-induced waves is an important load, this
pressure is defined as a line load along the width of the structure. This load is divided by the
line load per meter width due to the hydrostatic pressure, leading to the following ratio:

𝐹
𝐹 =

𝑝 ℎ + (𝑝 − 𝑝 )ℎ + 𝑝 (𝛿 + 𝐻 )
𝜌𝑔ℎ

(2.9)

As can be seen in Figure 2.9a the significant wave height increases to 1 meter as the fetch
length or water height increases (with a fetch of 10 kilometres and a water height equal to
the floor level). Especially for the lower water heights and high fetches, the influence of the
wave load is large and can be up to 80% higher than the hydrostatic load from the water
height itself. As the water height increases, the load due to the wind-induced wave becomes
smaller compared to the hydrostatic load. Although in all cases, the load due to the wind
waves should not be neglected.

(a) Significant wave height for different fetches (b) Ratio of the load due to wind waves to hydrostatic load

Figure 2.9: Wind induced waves for different fetches with a wind velocity of 29.5 m/s
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2.3. Summary and conclusions of literature review on loads
The correlation between the flood characteristics and the damage observation is not clear
according to multiple studies as stated in the research on residential damage due to flooding
of New Orleans after hurricane Katrina by Pistrika and Jonkman (2010). In these described
studies, damage data sets of historic flood events are compared to the existing damage curves
such as the Clausen criterion, where the following conclusion can be drawn: The uncertainty
of damage estimates decreases with an increasing number of flooded buildings.

The current curves which indicate collapse of buildings, are based on empirical damage
data from different events and calculation or simulation of the flood characteristics at a low
spatial resolution. This choice of spatial aggregation level can cause a large difference in
the flood characteristics per flood model, due to averaging the variations of flood depth and
velocity over the used grid cell. So when looking at structural damage with a high spatial res-
olution, so blocks groups and blocks, the local flood characteristics are not adequate enough
to asses these buildings as individual structures.

Nowadays the modelling of local flood characteristics is still evolving, so more accurate
local flood parameters will be presumably available in the future. Approaches where the
strength of the building is compared to loads due to local flood characteristics could be useful
to adapt the current damage and mortality functions. The resistance of the buildings is
now implicitly accounted for, but this is changing over time (Asselman, 2005) and could
be different in other regions than Zeeland. That is why the determination of a correction
factor for the quality of current buildings is considered as one of the most important factors
(De Bruijn and van Kester, 2015) to improve the flood mortality functions in the Netherlands.

2.3.1. Gaps in the current literature
It has become clear that the flood actions on buildings are needed to predict whether the
current buildings can resist the flood conditions in an event. Much research is done to
determine these actions, but up to now buildings in a flooded area are assessed as fixed
bodies in a flow similar to bridge piers in a river. However, the shape of a building differs
significantly and a building does not necessarily behave like a stiff structure. This study takes
both differences into account to make the determination of the quasi-static hydrodynamic
load better applicable for buildings. The flood characteristics, ℎ and 𝑣, referred to in the
report are those generated from hydraulic models or experiments without the building being
present.

• Multiple experiments are conducted to find the influence of the building geometry on
the flow around the building and the induced forces. In most studies, the orientation
of the flow is not taken into account or this is only done for cubic objects. Since most
buildings in the Netherlands do not have a rectangular footprint, the influence of the
combination of the orientation of the flow and the geometry on the loads is one of the
objectives in this study.

• Secondly, considering the building as a stiff structure or solid body implies that all the
loads act in one point or on a surface. The point of action is considered to be the frontal
area of the wall drawn in Figures 2.4 and 2.5. In reality, the loads due to the flow act on
different elements of the building instead. The wind causes loads on the building in the
same way as the water does, which are described as pressures acting on different sides
of the building. If it is possible to link these wind-induced load to the hydrodynamic
load, a similar or even the same design code can be used to design buildings resistant
to hydrodynamic loads.





3
Typical Dutch residences

From the current flood model used in the Netherlands, the areas which are most likely to
be flooded are described as the areas of interest, see Figure 2.3. The residences which are
located in this area are of interest in this research and the different types are elaborated in
this chapter. To define ”the typical Dutch residence” which is most likely to be affected by
flooding, building stock data from the BAG-registration (in Dutch: Basisregistratie Adressen
en Gebouwen) is combined with flood characteristics. The type of building where most of the
population is living in, is chosen to be the ”typical Dutch residence”.

3.1. Building stock
With the 61% of the Dutch population, the percentage of people living in a semi-detached,
corner or terraced house (in Dutch: twee-onder-een-kap, hoekwoning of rijtjeshuis/ tussen-
woning) is the highest in Europe, with the United Kingdom on a second place with 60%.
When similarity is found in terms of structural and stability building elements, the failure
mechanisms of a corner house can be compared to a semi-detached house. As stated by
Asselman (2005) the distribution of building types does not necessarily need to be the same
among the country. To determine if the most common type of building is also likely to be
affected by flooding, the location of the buildings is also of interest since the distribution of
building types differ per area. This can be found by importing the geodatabase of the BAG-
registration in a Geographic Information System (GIS).

Building type
In the BAG-database different types of information are collected, such as the footprint, floor
area, height and the number of residences in a building. A building in this research is com-
parable with a ”pand” in the BAG, which is defined as the smallest functional and structural
individual unit direct connected and able to enter from the ground floor. A residence can be
defined as the smallest individual unit with the function of living.

(a) Total of 7,571,109 resi-
dences (Nov 2014)

(b) Total of 1,650,921 residences in areas with h>2.0 m (Nov 2018)

Figure 3.1: Building stock from BAG (Dutch building stock)
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Unfortunately, the building typology is not available in the latest BAG-data of November
2018, so the approach in Appendix F.1 is used to find this information. Since there is a total
of 7,571,109 residences, it takes a lot of time to sort the residences based on their types. In
the BAG-data from November 2014, this distribution is available and shown in Figure 3.1a.
Assuming an even amount of people per residence, 35% of the population lives in a terraced
house and 15% in a corner house. In the areas of interest, sorting according to Appendix F.1
gives the distribution in Figure 3.1b, which is almost similar to the national distribution. A
row of houses is taken as a typical Dutch residence to focus on in this study, because the
majority of the Dutch live in this kind of houses.

Year of construction
The building parameters depend on the time of construction of the residence. There are five
general periods when the majority of the single-family residences are built with their specific
points of attention described in Appendix F.2. The amount of terraced and corner residences
in the area of interest are displayed as columns per period in Figure 3.2.

Figure 3.2: Building development of the years (Kennisbank Bestaande Woning Bouw)

The considered building is a terraced house built in the period of the housing shortage
between 1965 and 1975 and the energy crisis between 1975 and 1994, see Figures 3.3 and
3.4. Due to the use of precast concrete panels as floor (in Dutch: breedplaatvloer) in 1970,
floors could span one residence with a width of 5.4 meter, which leads to a new plan without
an additional load-bearing wall inside the residence. Furthermore, a storey-height of 2.7 m
is used and since blocks of 4 to 8 residences are common, the width of these blocks are 21.6
to 43.2 meters. A suitable depth of the structure of 8.64 meters is chosen to work with two
different buildings with a width, 𝐵, to depth, 𝐷, ratio of 2.5 and 5. Testing the effect of this
ratio could also be used for other buildings with a similar footprint like apartments.

(a) Block of residences (b) Facade

Figure 3.3: Typical Dutch terraced houses (Agentschap,2011)
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3.2. Description of case-study residences
A few generalities are found in the construction of the terraced house: The residences consist
of two floors with an inclined roof construction and the load-bearing walls are the party
walls which separate the residences from each other. Over the years there has been a lot of
variation between the used materials and building method, so the choice is made to create the
following 3 case-study residences pictured in Appendix F.3 with typical floorplans in Figure
3.4. The different elements of the case-study residences are described in this section.

1. Traditionally built < 1970: masonry (clay) cavity walls and timber floors

2. Traditionally built > 1970: masonry (calcium silicate) cavity walls and system floors

3. In-situ concrete walls and floors

(a) Case-study residence 1 (two residences) (b) Case-study residence 2 (c) Case-study residence 3

Figure 3.4: Common floorplans of typical Dutch terraced houses with their key-elements

3.2.1. Load-bearing walls
The structural walls of residence 3 consist of concrete, which can be reinforced (RC) or unre-
inforced (URC) shown in Figure F.5. In residence 1 and 2 the walls are made of unreinforced
masonry (URM), which is defined in Eurocode 6 as ”an assemblage of masonry units laid
in a specified pattern and joined together with mortar”. The masonry unit can be made of
different materials such as clay, calcium silicate or concrete. From the second half of the
19th century, the load-bearing elements are usually the inner leaves of a cavity wall. The
outer leaf is self-supporting and connected to the inner leaf with steel ties, which increase
the resistance of the wall. The space in between can be hollow or filled with insulation, see
Figure 3.5. The party walls often consist of untied leaves or massive walls to prevent noise
pollution from the neighbours.

• Ties
The ties prevent out-of-plane bending due to horizontal loads such as the wind or in-
plane eccentric pressure and contribute to preventing of buckling of the inner leaf due to
centric pressure. The ones used between 1945 and 1980 are made of galvanized steel, so
vulnerable for corrosion if moisture is settled between these walls, which is especially the
case for hollow cavities. These kinds of ties are not allowed to use anymore according to
the Bouwbesluit, because of the lifespan which is assumed to be lower than the required
50 years.
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(a) Cross-section of Dutch terraced
house with isolated cavity walls
(Adapted from Van Boom et al., 2005)

(b) Isolated cavity wall with ties: load-bearing inner
leaf of CS element and outer leaf clay masonry
(Van Wijlick, 2018)

Figure 3.5: Cavity wall

• Masonry
To model this composite material, three common approaches are described in Appendix
G. Jafari et al. (2017) determined the material properties of masonry by performing
destructive laboratory tests on samples of existing buildings in the Northern part of
the Netherlands. These samples composed of masonry units in a running bond and
general purpose mortar with a joint thickness of 10 mm. It can be assumed that these
characteristic values are comparable for masonry in the rest of the country. Esposito
et al. (2016) used replicated masonry to perform standardized tests to characterize the
material. The properties defined in both studies are summarized in G.2.
The samples for the existing buildings show higher strength, but also have a higher
coefficient of variation due to the difference in the quality of the sample. The choice is
made to use the values of the replicated masonry for the perforated clay and calcium
silicate bricks. Since no replicated solid clay bricks are tested, the values of the sample
are used leading to the strengths in Table 3.1.

• Concrete
Constructing a residence with concrete walls, there are multiple options to provide for
stability as shown in Figure F.5. The unreinforced end walls with a small thickness
have the worst moment resistance, so are taken into consideration is this study in
combination with the lowest quality URC used for residences C20/25 (Van Boom et al.,
2005).

Table 3.1: Characteristic material properties for masonry and wall ties (see Appendix G.2 for derivation)

Case Test specimen 𝑓 [MPa] 𝑓 [MPa] 𝑓 [MPa] 𝑓 [MPa] 𝜇 [-] 𝑞 , [MPa]
1+2+3 Perforated clay 12.72 0.27 0.75 0.12 0.87
1 Solid clay > 1945 6.64 0.29 0.81 0.36 0.89 -2.61 to +3.84
2 Calcium-Silicate 5.05 0.14 0.51 0.11 0.43 -1.48 to +3.40
3 Concrete 20 1.55 1.55 0.44 1



3.2. Description of case-study residences 23

3.2.2. Façades
The longitudinal façades on both sides of the residences create the connection between inside
and outside by the windows and doors which are placed in this wall. For the traditionally
built residences, part of this wall also has a stabilizing function. The location of the openings
for the windows and doors are similar for these residences since masonry piers are needed
in between the openings to provide stability. For the in-situ concrete residences, the façades
have no structural function, so can be designed without any restrictions. In all cases, this
is a self-supporting cavity wall with an outer leaf of masonry and an inner leaf of masonry,
wood-based material or concrete.

In residences built in the period between 1945 and 1970, the windows of the lower and
upper floor were often coupled, leading to a continuous façade over two storeys. For the
windows, single glazing from float glass is used in pinewood frames. These residences are
recognized as cheap and industrial, so from the seventies complete masonry façades were
built again. From then on double-glazing is introduced in a frame of tropical hardwoods,
PVC, steel or aluminium. The thickness of the glass panes is determined by the requirement
that the glass should resist the lateral wind load according to (NEN 2608 and NPR 3599).

The dimensions of the windows vary from 1 to 3 meters in width and 0.5 to 2 meters in
height (Chen, 2016). Typically in terraced houses, there are windows on both sides of the
lower floor, which have dimensions of approximately 3 by 2 meters. The height above the
ground level is 0.7 m in that case, which corresponds to the value found by Roos (2003).
This part of the facade can consist of one large window with glass pane of 2.8 by 1.8 meters
(assuming a frame of 100 mm width) or a combination of multiple windows as shown in
Figure 3.6.

(a) One large glass pane (b) Multiple glass panes

Figure 3.6: Dimensions of windows

The strength of the glass corresponds to a failure probability of 1%, 50% and 99%, which
give a maximum bending resistance of respectively 20 MPa, 60 MPa and 80 MPa (Kelman,
2002). If both panels have an equal geometry, the double glazed-unit is assumed to be twice
as strong a single-glazed unit. Usually, there is a millimetre difference between the two panes
to prevent interference, leading to a well-accepted thickness of the outer leaf of 5 mm, a cavity
of 15 mm and an inner leaf of 4 mm (NEN 2608).

3.2.3. Floors and roof
The floors function as horizontal supports for the walls, so transfer the loads from these walls
through the stabilizing walls to the foundation. On top of that, the dead weight of the floors,
the roof and the live loads on top of these elements should be carried by the load-bearing
walls. The in-plane strength and stiffness of these floors are of interest to define the applicable
support conditions. Over the years the following three types of floors are commonly used,
which resemble the case-study residence with the similar number:
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1. Timber floorsmainly span two fields, since the width of the residences is too large to span
in once resulting in a load-bearing wall in the middle of the residence for example in the
”Doorzonwoning” in Figure 3.3b. Timber beams span in the direction of the load-bearing
walls with cross boards nailed on top with a total weight of 0.3 kN/m . The beams can
be connected to the load-bearing walls by simple interlocking, which connection can be
improved by anchoring in the walls by means of steel ties.

2. ”System floors” are concrete floors consisting of prefabricated reinforced slabs, in some
cases filled up with in-situ concrete. In the Netherlands, the most commonly used are
the wide-slab floor (in Dutch: breedplaatvloer) and hollow-core beam floor (in Dutch:
kanaalplaatvloer) with a weight of 550 to 600 kg/m . These slabs are placed on top of
the load-bearing walls and fixed with mortar.

3. When the concrete floor is fixed to the load-bearing walls by pouring concrete at the
edges and continuous or overlapping reinforcement through the elements, stability can
be found without adding piers. This floor-type is usually combined with in-situ concrete
walls as well. The thickness depends on the span of the floor, which is 5.4 meters in
these cases, leading to a minimum thickness of 180 mm in case of massive party walls
and 200 to 210 mm in case of untied cavity walls (VOBN).

The roof of terraced houses usually consists of a timber saddle roof with the ridge parallel
to the longitudinal façade. Timber purlins carry the weight of the battening and roof tiles to
the party walls, which gives a dead load of 0.75 kN/m . Another type of roof is the rafter
roof, which transfers the forces to the floor. Both load paths give the same line load on the
party walls, since the floors span in between these party walls. The inclination of the roof is
assumed to be 45 degrees, which lead to the following line load on the party walls:

𝑞 =
𝐺 𝐵/2
cos 𝛼 = 0.75 ⋅ 5.4/2

cos 45 = 2.86kN/m (3.1)

3.3. Failure mechanisms
A building is likely to collapse if one of the key structural elements fails, such as the founda-
tion, load bearing walls or elements which provide stability. These are designed to withstand
the loads according to the building regulations at the time of construction. When higher loads
due to flooding are acting on the building, one of these key elements can fail and the loads
are redistributed over the other elements as shown in Figure 3.7. If these forces remain high,
total collapse of the building due to one of the following failure mechanisms could occur. In
this research partial collapse of a key structural element will be assigned to total collapse of
the building. Other damage to the building as described in Appendix B is not considered.

(a) Scour failure due to hurricane Katrina in 2004 (Robert-
son et al., 2007)

(b) Failure of external walls in Zwijndrecht during the 1953 flood
(Historische Vereniging Zwijndrecht)

Figure 3.7: Failure mechanisms of residences due to flooding
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Scour of foundations
Scour occurs if the velocity of the flood water washes away the top layer of soil resulting in
a lack of lateral support or undermining of the foundation and exposing the foundation. In
the case of a piled foundation, the stability is unlikely to become a problem. For buildings
on shallow foundations, instability can occur resulting in damage to part of the foundation
and resting wall on top or even toppling over of the building, see Figure 3.7a.

Roos (2003) concluded that this failure mechanism causes only a small fraction of the
damage due to Dutch levee breaches, since less than 5% of the buildings would partially
collapse in only 31% of the affected postal code areas. This can be explained by looking at
the critical velocity for eroding of the top layer of the soil, which is 0.6 m/s for unprotected
clay or gravel, and up to 5.0 m/s for grass or paving. On top of that, most newer Dutch
residences have pile-foundations, which are are far less vulnerable for scouring than shallow
foundations.

Failure of load-bearing walls
For the failure of the load bearing (and non-load bearing) walls two basic failure modes can
be considered: in-plane shear failure and out-of-plane bending failing. Building materials for
these walls, like concrete and masonry, are weak in tension resulting in cracks at the side in
tension. The forces redistribute in the uncracked area leading to more cracks when the force
remains constant until the structure shift along these cracks and fails as in Figure 3.7b. In
masonry walls, these cracks are usually located at the interface of the bricks and mortar, for
concrete the location is more difficult to predict due to the more homogeneous behaviour of
the material. Important factors in the magnitude of the resistance of the wall are the support
reactions of the edges, orthogonal strength ratio and dimensions (Chen, 2016).

Kelman (2002) studied the failure of different elements of a building. For cavity walls is
stated that load transfer between the outer and inner leaf through the ties is negligible. The
behaviour of the cavity wall is conservatively assumed to be comparable with a single-leaf
wall, so the leaves fail independently of each other. Since the failure pressures are close, a
binary system in which the panel either fail or not is more likely.

Instability
When an element that is part of the stability construction fails, horizontal loads from the
flood cannot be distributed well to the vertical members and these load-bearing parts could
collapse. To resist the lateral force on the side of the corner residence, the different residences
in a row work together by transferring this load through the anchors between the higher level
floors. The diaphragm action of the floors distributes this load into the load-bearing walls to
the foundation. In a residence itself, the stability can be achieved in different ways:

(a) Distribution of lateral loads in building with flexible (left) and rigid
(right) diaphragm

(b) Load distribution due to stiff diaphragm be-
haviour of a floor (FEBE, 2019)

Figure 3.8: Distribution of lateral loads in building with flexible (left) and rigid (right) diaphragm }
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• Wall-diaphragm connection and piers
In traditionally built residences this method is generally achieved by the connection of
the load-bearing walls with their perpendicular inner walls or wall parts in the façades.
In the façades, the masonry walls in between the openings for windows and doors are
assumed to behave as a series of relatively slender piers. The walls are connected to
the floor and roof to avoid out-of-plane buckling of the load-bearing walls. These di-
aphragms could be flexible or rigid, which behave differently in the way lateral loads
are distributed into the vertical members to the foundation, as shown in 3.8. For a
flexible diagram, for example anchorage of the timber floor beams in the façades, the
force distribution can be compared to a horizontal beam spanned over two walls. For
a rigid diaphragm, this distribution depends on the relative rigidity of the wall to the
diaphragm.

• Box like behaviour due to fixed connections
In other building methods like ”Gietbouw”, the connections of rigid concrete walls and
floors are fixed due to casting of the ends of the prefab-walls and box-like behaviour is
created. In residences walls in two directions needs to be fixed, where this can be just
in one direction when a stability core is created, for example around an elevator shaft.

Failure of non-structural elements
Local failure of non-structural elements like windows, door and façades, creates openings in
the building envelope. Flood water can enter the building and the interior gets exposed to the
floodwater, which cause a change of the load distribution on different elements. Research to
failure of these elements are done in several studies, for example Kelman (2002) and Chen
(2016). Since the failure of this kind of elements does not immediately lead to the collapse of
a building, only the impact of the openings on the building will be elaborated further.
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Experimental quantification of design

flood loads
The loads due to flooding should be quantified to determine which flood conditions lead to
failure of a terraced house. For hydrostatic and wind-induced waves, the loads are already
defined in section 2.2.3 based on literature. The quasi-steady load is defined in a differ-
ent way than in previous studies by determining the pressure on different elements of the
residence. This makes it possible to compare this quasi-steady flood load to the wind load
defined in Eurocode. This chapter starts with the description of the set-up and procedure
of these experiments, followed by the obtained results. From these results, conclusions are
drawn as regards the application of the pressure coefficients. Finally, the design loads on
the residences are defined by combining different flood actions.

4.1. Experimental set-up
The experiments are conducted with a hydraulic model (scale 1:50) at the Fluid Mechanics
Laboratory of the Department of Hydraulic Engineering at the University of Technology Delft.
The Wave Overtopping Simulator designed by Rietmeijer (2017) is used to generate a typical
dam-break wave. The different elements of the set-up are pictured in Figure 4.1 and described
below.

(a) Side view (b) Top perspective view

Figure 4.1: Experimental set-up at the TU Delft
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The water from the reservoir can enter the prismatic flume through a removable gate from
the reservoir and run into the ”building”. The pressures due to these flood waves, with ac-
companying water height and flow velocity are measured.

Flume
The flume has a width of 0.81 m and a length of 3.5 m. A false bottom is created at a height of
12 mm and has a length of 2.5 m. The reservoir upstream of the flume has a width of 0.67m.
It is filled to an initial still water level, referred to as the impoundment depth, ℎ . Since
minimum leakage through the frame of the gate is hard to avoid and the instruments need
to be underwater to be able to measure, an initial water depth in the flume, ℎ , is present
before opening the gate.

Figure 4.2: Schematic figure of the flume with two different angles of the building

Gate
The gate is lifted to enable water to flow into the flume. To make sure the opening time
does not influence the free-falling movement of the particles near the free surface and the
formation and propagation of the dynamic wave, the opening period of the gate is set to be
short enough according to the criteria in Equation 4.1, see Appendix H.1.

𝑡 ≤ {
√ Lauber and Hager (1998)

1.25√ Vischer and Hager (1998)
(4.1)

Building
Experiments are conducted on the residences described in 3.1 with a width, 𝐵, to length, 𝐿,
ratio of 2.5 and 5. The building is represented as a rectangular structure made out of wood.
6 pressure sensors with a range of 0.5 psi (pounds per square inch) are located at 2 different
elevations (ℎ = 25 mm and 50 mm) at every side of the structure as shown in Figure 4.3.
These are used to determine the pressure coefficients and compare them with the Eurocode
for wind loads.

(a) Schematic representation of the ”building” (b) Topview physical model of the ”building”

Figure 4.3: Building 4R resembles 4 residences (B = 432 mm and L = 173 mm)
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4.1.1. Instrumentation
Different measurement instruments are needed to capture the time-history of the water sur-
face elevation, velocity and pressures. The data is continuously recorded on one computer
to make sure the data from different instruments can be compared by using the time as
reference. The raw output signals (in volt) of the instruments are saved using the software
Dasylab in ASC-files. The files are imported in Python, where calibration formulas are used
to convert these data into water depth and flow velocity. A moving-average of 0.015 seconds
is used to reduce the effect of turbulence and errors in the measurements. Since a frequency
of 1000 Hz is used, this average interval contains 15 measurements. Only the impulsive load
has a short duration, but since the focus is not on these load but the more steady dynamic
load, this frequency of ±65 Hz should be sufficient.

Wave gauges generate electric signals (in volt), which correspond to a certain water depth.
The location of these wave gauges are presented in Figure 4.4 and calibration of the instru-
ments can be found in Appendix H. The free stream velocity is measured at the location of
the front side of the building without the building being present, see Figure 4.4a. An elec-
tromagnetic velocity sensor (EMS) is located at a height of 15 mm to assume the measured
velocity to be uniform of the height of the building (Wüthrich et al., 2018), resulting in an
initial water depth in the flume, ℎ , of 15 mm as well.

(a) Measurements without building (base line) (b) Measurements with a building

Figure 4.4: Schematic representation of the topview of the physical model

4.1.2. Scaling and scale effects
A physical model is used to conduct experiments, which is on a different scale (1:50) than a
real flood situation would be. A perfect simulation by the psychical model without any scale
effects is met when mechanical similarity (or similitude) occurs as described in Appendix H.2.

• Scaling
Since gravity and inertia are themost important parameters, scaling according to Froude’s
law is applied in the experiments: The dimensionless Froude number, 𝐹𝑟 = √ , should
be equal in the model and in reality as well. The scaling of different parameters can be
found in Figure H.3a. An example is given for velocity: Since the gravity is the same
in the model as in reality, 𝜆 = 1 and the length is scaled according to the scale of the
model, 𝜆 = 𝜆, the flow velocity should be scaled with 𝜆 = √𝜆, to provide 𝜆 = 1. A
measured flow velocity of 1 m/s during the experiments, corresponds with a real flow
velocity of 𝑣 ⋅ √𝜆 = 1 ⋅ √50 = 7.1 m/s. Scaling of the building material, in this case
masonry and concrete, is hard due to the difficulty in scaling down of the modulus of
elastic, stiffness, density and interaction between the blocks. Since only pressures on
the faces are measured, timber is chosen as material.

• Scale effects
Since the model is made based on Froude scaling and the model fluid is identical to the
real-world fluid (water), only one force ratio can be met and dynamic similarity is not
possible. The remaining force ratios result in scale effects, which increase with the scale
ratio. To minimize these effects, the dimensionless numbers are checked in Appendix
H.2.



30 4. Experimental quantification of design flood loads

4.1.3. Methodology
In the first runs, the water depth and velocity are measured for different impoundment depths
without any obstacles in the flume to find the suitable depths and location of the objects.
The analytical solution of a dam break wave over a wet bed is used to validate the measured
values. Also, control of the gate and continuity during all the experiments is important to
maintain. These factors influence the water depth and velocity near the obstacle, which
should be in the range of the expected Dutch flood parameters.

Analytical solution of wet bed bore
The propagation of a dam break wave over still water with an initial water depth is displayed
in Figure 4.5. It can be described as a propagating bore, which is similar to a turbulent and
highly aerated hydraulic jump (Chanson, 2004).

Figure 4.5: Sketch of dam break wave in a horizontal channel initially
filled with water for . (Chanson, 2004)

ℎ
ℎ = 0.9319671(

ℎ
ℎ ) .

(4.2)

𝑣 + 2𝑐 = 𝑣 + 2𝑐 = 2𝑐

→ 𝑣 = 2√𝑔ℎ − 2√𝑔ℎ (4.3)

The propagation of the wave in Figure 4.5 can be divided in four main regions (from up-
stream to downstream):

1. This solution assumes an infinite reservoir like a lake or river with constant initial water
depth, ℎ . In the present experiments, the end of the reservoir probably affects the bore
before the full water depth of the bore is developed. This results in lower water depth
and a higher flow velocity compared to the analytical solution.

2. The theory of Ritter (1892), see Appendix H.3, for a dam-break wave on a dry bed can
be applied on the region between point E2 and the leading edge of the negative wave in
E1.

3. Between E2 and the leading edge of the positive surge in E3 an almost constant water
depth is observed, which is revered to as a 𝑝𝑙𝑎𝑡𝑒𝑎𝑢. The height of this plateau can be
predicted by deducing the momentum and continuity equation to Equation 4.2 intro-
duced by Chanson (2004). From the forward characteristics also the flow velocity can
be predicted with Equation 4.3.

4. The last region is the turbulent bore front with significant air entertainment travelling
over an initial water depth, ℎ . A value between 5 and 20 mm is used in the current
study, which is too small to measure correctly with only the water gauges, so a video
camera is used to determine this value.
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Baseline measurements
Different experiments are conducted by combining the following variables summed up in
Table 4.1: 3 different impoundment depths, 5 angles of attack and 2 buildings. These chosen
impoundment depths correspond with flood water depths up to 3.5 m and flow velocities up
to 9 m/s at the location of the building at full scale (in reality). Based on these situations,
the influence of the different variables on the pressure coefficient is investigated.

Table 4.1: Different situations of experiments

Angle of attack [∘] → 0 15 45 75 90
Impoundment depth, ℎ [mm] ↓

150
175
200

4 residences = 4R
8 residences = 8R

To find the influence of these variables, experiments without the building and an impound-
ment depth of 150, 175 and 200 mm are conducted referred to as the ’baseline’ measure-
ments. The water depth and velocity from these experiments are used in further calculations.
The dimensionless numbers are checked for the results from five runs with an impoundment
depth of 200 mm to see if scale effects should be taken into account. In Figure H.4 it can be
seen that these numbers are well above the critical values of 120 for the Weber number and
2000 for the Reynolds number, so scale effects can be neglected.

The average water depth and flow velocity of the five runs are displayed as the mean per
impoundment depth in Figure 4.6a and 4.6b, the dotted lines are the measured maximum
and minimum values. Figure 4.6a shows the water depth inside the reservoir, ℎ , which
follows the parabolic curve described by Ritter (1892) and the water depth at the location
of the building without being present. It can be seen that the water level shows a plateau
between t ≈0.7 and 1.1 s, which is lower than the analytical value from Equation 4.2 as
expected due to the finite reservoir. Figure 4.6b shows the flow velocity at the building
location, which is higher than the analytical value in Equation 4.3. At the interval where the
plateau occurs, the flow is considered to be quasi-steady. On this interval, the water depth
and free stream velocity (or flow velocity without the building being present) at the location
of the building are almost constant.

(a) Water depth at reservoir (parabolic curves) and at lo-
cation of the building (show plateau)

(b) Velocity at location of the building

Figure 4.6: Mean values of 5 different runs per (solid lines = mean value, ... = minimum/maximum value, -.- = plateau value
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Between the different runs per configuration and the upcoming experiments with the
buildings, there could be a minor difference between the impoundment depths, ℎ , or initial
water depth in the flume, ℎ . To take into account these differences, the normalized val-
ues dependent on the time, ℎ (𝑡) and 𝑣 (𝑡), are used for further calculations as described in
Equation 4.4. The time-averaged base values over the quasi-steady interval and correspond-
ing standard deviations are presented in Table 4.2.

ℎ (𝑡) =
ℎ(𝑡) − ℎ
ℎ − ℎ

𝑣 (𝑡) =
𝑣(𝑡)

√𝑔(ℎ − ℎ )

(4.4)

Table 4.2: Time-averaged values from the baseline measurements based on 5 runs (standard deviation between brackets)

ℎ [mm] ℎ [-] ℎ [mm] ℎ [m] 𝑣 [-] 𝑣 [m/s] 𝑣 [m/s]
150 0.28 53.1 (1.18) 2.65 0.89 1.01 (0.01) 7.24
175 0.27 58.8 (1.18) 2.94 0.90 1.12 (0.01) 8.13
200 0.26 64.8 (4.50) 3.24 0.93 1.23 (0.03) 8.84

Buildings
To investigate the influence of the geometry, orientation and different ratios on the pressure,
the building is placed at the location of the velocity sensor and second wave gauge. The
geometry of the buildings and side ratio, 𝐿/𝐵, can be found in Table 4.3. The width-to-water
depth ratio used by FEMA (2011) and aspect ratio, ℎ/𝐿, used by the Eurocode in Appendix
E vary as the water depth varies over time during an experiment, so the time-averaged value
is given for the three impoundment depths (150, 175 and 200 mm).

Table 4.3: Geometry and time-averaged ratios for three impoundment depths (150, 175 and 200 mm)

Sort Width, 𝐵 [mm] Length, 𝐿 [mm] 𝐿/𝐵 𝐵/ℎ ℎ/𝐿
8R - 0∘ 8 residences 864 173 0.4 13.4-14.7-16.3 0.30-0.34-0.37
4R - 0∘ 4 residences 432 173 0.2 6.7-7.4-8.1 0.30-0.34-0.37
4R - 90∘ 4 residences 432 173 2.5 2.7-2.9-3.3 0.12-0.14-0.15

The building placed with its longest side, 𝐵, parallel to the flow, is the original orienta-
tion (Figure 4.7b). The angle between the front side of this original orientation and the new
orientation caused by rotating the building is referred to as 𝛼. The angle of attack or flow
incidence, 𝜙, is different for the sides. The distance between the centerline of the frontal
area (P3/4) and the gate remains constant, shown in Figure 4.7 for all orientations except
for 4R-90∘, where this constant distance is between the frontal area (P11/12) and the gate.

(a) Orientation 8R - 0∘ (b) Orientation 4R - 0∘ (c) Orientation 4R - 90∘ (d) Orientation 4R - ∘

Figure 4.7: Orientations of the building (with =15, 45 or 75)
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Due to the limited width of the flume, building 8R which resembles 8 residences, does not
fit in this flume without changing the scale. Since there is uniform flow, it is assumed water
will flow around the building similar at both sides. The line parallel to the length of the flume
through the middle of the building can be seen as a symmetry axis (Figure 4.7a). By placing
building 4R, which is half the width of building 8R, to the side of the flume, the pressures on
one half of the building can be measured. Due to symmetry, these same pressures will act on
the other half as well. Although, symmetry is only present when the angle of attack of the flow
is at 90∘or 0∘, so other orientation of the building cannot be investigated in these experiments.

By changing the orientation of the building, also the blockage ratio, 𝐵 /𝑏 change according
to Equation 4.5. To prevent the blockage ratio having any influence on these experiments,
temporary walls are placed in the flume to maintain a constant blockage ratio (black lines
in Figures 4.7c and 4.7d. Depending on the angle of rotation of the building, the walls are
positioned to create the width as given in Figure 4.7. The projected width of the building at
each orientation, 𝐵 , divided by the flume width, 𝑏, give ratio’s between the 0.53 and 0.57. For
orientation 4R-90∘(Figure 4.7c) and 4R-0∘(Figure 4.7b), this is comparable with respectively
the width of a bicycle path (±3.5 m) and access road for car drivers, cyclists and pedestrians
(±9 m) on both sides of the building.

ratio = 𝐵 /𝑏 with 𝐵 = 𝐿 sin 𝛼 + 𝐵 cos 𝛼 (4.5)

Process of dam-break wave colliding into building
In Figure 4.8 three successive video frames are presented for three different orientations,
showing three different stages of a bore or wave colliding into a building. These stages are
also observed in the pressure profiles of the sensors at the frontal face of the building. The
pressures obtained from 4R-90∘with different impoundment depth, expressed in the water
column with corresponding hydrostatic pressure, are shown in Figure 4.9. Due to different
stages, the pressure profiles show the characteristic ’church-roof’ shapes. Also, it can be
seen that the highest impoundment depth of 200 mm results in the highest pressures.

Figure 4.8: Snapshots of the experiments for three different orientations ( = 175 mm)
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1. Initial impact: When the bore runs into the building, the flow direction is suddenly
changed at the location of the building. A sharp peak in the pressure profile can be
observed at the frontal face due to the impulsive load. The first snapshots are taken
just after this peak pressure, where a reflected wave causes an increase of the water
surface in front of the building.

2. Deflection + reflection: Due to the blockage of the flow, the steep front cannot be main-
tained at the front side of the building. Besides the reflection, the bore is deflected
causing a thin tongue of water running up the upstream face of the building. Simul-
taneously with the highest splash-up, the maximum height of the tongue of water is
reached and falls back over itself sending a volume of water back upstream. The splash-
up at the upstream side is considerably smaller for the flow perpendicular to the face of
the building (4R-0∘and 4R-90∘) compared to other cases (4R-𝛼∘).

3. Quasi-steady: The third snapshots are taken when only reflection (or no deflection) is
observed and a quasi-steady state is developed. A smaller second peak with a longer
duration is visible in the pressure profile. From the snapshots, a difference between the
water level upstream and downstream of the building can be observed especially for the
flow perpendicular to the face of the building.

Figure 4.9: Time averaged pressure of the sensors at the upstream face for all 3 impoundment depths (average from 5 runs)

4.2. Results of experiments
The difference between the measured pressure by the sensors and the pressure due to the
water depth is caused by the flow velocity. Since both flow velocity and direction change due
to the presence of the building, the normalized water depths and free-stream velocity from
the baseline experiments are used for the calculation of the pressure coefficient (Table 4.2).
At the location where both the flow velocity and water depth are measured in the baseline
experiments, the centerline of the front-face (line of P3/P4) of the building is placed. Based on
these base values, the pressure coefficient which belongs to the quasi-steady pressure can be
calculated according to Equation 4.6. The average pressure coefficient during quasi-steady

flow is taken at the time interval from 0.7 to 1.1: 𝐶 =
∑𝐶 (𝑡)
Δ𝑡

𝐶 (𝑡) = 𝜌𝑔(ℎ(𝑡) − ℎ (𝑡))
𝜌𝑣 (𝑡)

= 2𝑔Δℎ(𝑡)
𝑣 (𝑡) with { ℎ (𝑡) = ℎ (𝑡)(ℎ − ℎ ) + ℎ

𝑣 (𝑡) = 𝑣 (𝑡)√𝑔(ℎ − ℎ ) (4.6)
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4.2.1. Geometry
The influence of the geometry of the buildings and the ratio of the water depth on the pressure
is investigated by the use of two different buildings. Only the experiments for an angle of
attack of 0∘ and 90∘ are used to analyze the influence of these ratios.

The time average pressure coefficients, 𝐶 , belonging to the frontal face (P1 t/m 6) are
displayed with the corresponding width-to-water depth ratio in Figure 4.10. Despite the
locally higher flow velocity near the edges, the pressure coefficient is significantly lower at
this location of the building’s face (P2 and 6). The direction of this flow is mainly parallel to
the face of the building, which results in a small component perpendicular to the face. Since
the velocity of the baseline experiment or free stream velocity is used, this results in a lower
pressure coefficient. The choice is made to exclude these values from the mean pressure
coefficient and show these values individually in Figure 4.10, so the higher values are the
mean of the time average pressure coefficients from P1, P3, P4 and P5.

Figure 4.10: Mean pressure coefficients at the frontal area for different B/h-ratio’s

P-55, Coastal Construction Manual (FEMA, 2011) provides drag coefficients for different
ranges of the 𝐵/ℎ-ratio, which belong to the highest aspect ratio of the interval. For example,
a drag coefficient of 1.25 in prescribed for all building with a ratio between the 1 and 12, see
Appendix E. This should result in an upper value for 𝐵/ℎ-ratios in this range, which values
are also drawn in Figure 4.10. However, the value corresponding with the highest 𝐵/ℎ-ratio
exceeds the upper value given by FEMA. This could be explained by the side ratio, 𝐿/𝐵, of 0.2,
which is quite low when looking at detached residences. Since the majority of the residences
in the United States of America is a single-family house, it can be assumed that these low
side ratios are not taken into account for the determination of the pressure coefficients.

The pressure coefficient of residence 4R-90∘ is plotted during the quasi-steady interval
in Figure 4.11. The variation is in further figures displayed as an error bar of one standard
deviation added and subtracted from the time-averaged value.

(a) h = 150 mm: =1.40 (0.04) (b) h = 175 mm: =1.21 (0.06) (c) h = 200 mm: =1.03 (0.10)

Figure 4.11: Pressure coefficients on the frontal face of 4R - 90∘(standard deviation between brackets)
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Furthermore, the effect of the length of the building is investigated. According to NEN-
EN 1991-1-4 (see Appendix E) the pressure coefficients are equal for building 4R-0∘and 8R,
because the water depth-to-length of the buildings is equal. Figure 4.12a shows that the
experimental data of the two buildings do not give equal coefficients and show a difference
with the Eurocode: the coefficients at the frontal face are higher and those at the back face
are smaller. This can be explained by the difference between two-dimensional and three-
dimensional flow. In the case of the wind, the air will flow around and over the building (3D),
whereas the water in the experiments flows only around the building (2D). An object pierc-
ing the surface of the water cause a blockage effect in both the width and height, where the
vertical blockage of a submerged object such as the wind-action on a building is negligible
compared to the horizontal blockage. The blocking effect of the emerged object influence the
vortex shedding causing an increase of the drag-coefficient.

An increase in the side-ratio below the critical value of ±0.6, will cause an increase in
drag coefficient according to Norberg (1993), the same applies for the B/h- and h/L-ratio.
This effect can be seen in Figure 4.12b by the shift to the left when the side-ratio increases
from 0.2 to 0.4. Above this critical value the opposite occurs, so an increase of the side-ratio
causes a decrease of the pressure coefficient. By rotating the building with 90∘, so aligning
the longest side with the flow instead of the shortest side, the L/B-ratio increases from 0.4
to 2.5. A shift to the right is expected, which can not be seen for the experimental data when
the side-ratio increases to 2.5. However, both the B/h-ratio, which should result in a smaller
pressure coefficient according to P-55 (FEMA, 2011).

(a) Pressure coefficients for different h/L-ratio’s (b) Pressure coefficients for different B/h-ratio’s

Figure 4.12: Influence of the side ratio and aspect ratio on pressure coefficient

The difference lies in the use of the drag coefficient which is derived from the pressure
component aligned with the flow direction, 𝐹 in Figure 4.13, and the friction along the faces.
The effect of friction along the faces is not taken into consideration in this study, since this
is relatively small compared to the component from perpendicular pressure. The pressure
coefficient used in the previous figures is derived from the pressure perpendicular on the
faces of the building, 𝐹 . To make a better comparison with the figures from the literature
study, the drag coefficients are calculated according to Equation 4.7.

Figure 4.13: Drag force vs. pressure

𝐶 = 1
𝐵 ⋅ (𝐵 cos 𝛼 ⋅ (𝐶 / + 𝐶 / + 𝐶 / )

− 𝐿 sin 𝛼 ⋅ 𝐶 / − 𝐵 cos 𝛼 ⋅ 𝐶 / + 𝐿 sin 𝛼 ⋅ 𝐶 / )
(4.7)
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When the drag coefficients are compared to the study of Norberg (1993), the decrease
of the drag coefficient with a side-ratio of 2.5 can be seen now in Figure 4.14b. This is
due to the decrease of pressure at the rear face of the building 4.12a when the h/L-ratio
decreases, see also the values prescribed by the Eurocode in Appendix E. The current values
are smaller than those found by others in wind-tunnel experiments shown in Figure 4.14b,
which can be explained by the difference in aspect-ratio and type of flow. Where the wind-
tunnel experiments have high h/L-ratios (>25) and are subjected to submerged (3D) flow, the
current experiments have a small h/L-ratio (<0.5) and are subjected to emerged (2D) flow.
The experimental values with a side ratio, 𝐿/𝐵, of 0.4 are smaller than those of 0.2, due to
the smaller aspect ratio, 𝐵/ℎ, as described above and shown in Figure 4.12.

(a) Drag coefficients from experiments (b) Drag coefficients (adapted from Norberg,
(1993))

Figure 4.14: Influence of the side ratio on drag coefficients

The values above the x-axis in Figure 4.15 resembles the drag coefficient and below the
x-axis mean pressure coefficients at the frontal area similar the Figure 4.10. The drag co-
efficients are derived from the combination between the positive pressure at the front face
and negative pressure back face, so is in all situations higher than the pressure coefficient.
The values from P-55 (FEMA, 2011) are closer to the pressure coefficients than the drag
coefficients. Since this drag coefficient is used for different failure mechanisms, such as slid-
ing, overturning and bending of the walls, an underestimation of the hydrodynamic action is
made in case of total stability checks.

Figure 4.15: Drag coefficients (above x-axis) and mean pressure coefficients at the frontal area (below x-axis)
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4.2.2. Orientation
To find the influence of the orientation of the building on the pressure coefficients, only ex-
periments with building 4R are conducted. Since symmetry is used for the experiments on
building 8R, it is impossible to experiment with other angles than 0∘ and 90∘. The angle
between the front side of the original orientation and the new orientation caused by rotating
the building with an angle 𝛼 shown in Figure 4.7. These rotations cause different angles
of attack, 𝜙, however, only the pressure perpendicular to the faces of the building can be
measured with the pressure sensors.

First the data is compared to those of Norberg (1993) for a rectangular cylinder with
𝐵/𝐿=2.5 similar to the building 4R in Figure 4.16b. A similar minimum is found with an an-
gle of attack of 15 ∘corresponding with a rotation of 75 ∘. Also, the small difference between
an angle of attack of 75 ∘and 90 can be seen from the current result. Since the experiment
is conducted for only five orientations, straight lines are drawn between the measurements,
but it can be expected that these lines have a similar shape as those of 𝐵/𝐿=2.5.

(a) Drag coefficients for different orientations (b) Drag coefficients (adapted from Norberg, (1993)

Figure 4.16: Influence of the orientation of the building on drag coefficients

To find the influence of the orientation on the pressure coefficient, the pressures on the
centerline of the front face (P3 and P4) are compared, since these have a constant distance
to the gate. Also, the pressures from the side face which is rotated towards the gate (P11/12)
are shown in Figure 4.17. When the building is rotated, the angle of attack decreases for the
front face, so the pressure from P3 and P4 decreases. The angle of attack for the side face
increases, resulting in an increase of the pressure coefficient.

(a) Pressure coefficients of P3/4 (b) Pressure coefficients of P11/P12

Figure 4.17: Influence of the orientation of the building on pressure coefficients
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The interaction between the decrease of the coefficient on one face and increase on the
other face as presented in Figure 4.18a, causes partly the minimum of drag coefficient shown
in Figure 4.16. The other part is due to the negative pressure at the rear side(s) of the building.
If the pressure coefficient is plotted against the angle of attack, 𝜙, in Figure 4.18b instead
of the rotation of the building, a slightly steeper line can be observed for the smaller side
(P11/12) compared to the larger side (P3/4). This can be explained by the increase of the
distance of the centerline of the side face (P11/12) to gate, except for a rotation of 90 ∘, see
Figure 4.7, where there is a constant distance between the centerline of the front face (P3/4)
and the gate.

(a) Pressure coefficients dependent on (b) Pressure coefficients dependent on

Figure 4.18: Pressure coefficient per rotation of the building or angle of attack

4.2.3. Conclusions on quasi-steady load
Only few geometries and orientation are considered, but based on the pressure coefficients
determined from the physical experiments the following conclusions can be drawn:

• 𝐵/ℎ ↑ 𝐶 ↑:
From this experimental data, it is clear that the pressure coefficient increases if the
width-to-water depth increases. The similar to increase of the drag coefficient due to
the increase of the B-h ratio in the design guidelines of P-55 (FEMA, 2011).

• if 𝐿/𝐵 < 0.6: 𝐿/𝐵 ↑ 𝐶 ↑ and if 𝐿/𝐵 > 0.6: 𝐿/𝐵 ↑ 𝐶 ↓ :
The increase of the side ratio (side aligned with the flow over the side parallel to the
flow) causes an increase in the drag coefficient for ratios below the critical value of ±0.6
(Norberg, 1993). The opposite is valid for values higher than this critical side-ratio,
see Figure 4.14b. This is mainly due to the decrease of pressure at the rear face of
the building shown in Figure 4.12a when the h/L-ratio decreases similar to NEN-EN
1991-1-4 (see Appendix E).

• 𝜙 ↑ 𝐶 ↑:
By rotating the building using different angles, 𝛼, around the centerline of its frontal
face, the angle of attack, 𝜙 of the flow on the buildings faces change. An increase of the
angle of attack, causes an increase in the pressure coefficient as well, see Figure 4.17.
Where a similar minimum of the drag coefficient around a rotation of 75∘is found as
Norberg (1993), the pressure coefficients do not show this minimum.

• The drag coefficients prescribed in P-55 (FEMA,2011) are smaller than the drag coef-
ficients derived from the current experimental data. If the prescribed drag coefficient
is used to design flood-prone residences which are resistance to lateral sliding, the hy-
drodynamic load is underestimated according to the current data. These coefficients
appear to be upper values for the current pressure coefficients of the frontal face, see
Figure 4.15. However, the pressure at the front can exceed this ’upper’ value for terraced
houses with a smaller side ratio than common American single-family homes.
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4.3. Overview of flood loads
The loads due to flooding act as accidental loads on the residence and depend mainly on the
flood conditions, such as water depth and flow velocity. The other factors are the orientation
and geometry of the residence. From the selection of flood action in Appendix D the residence
will be subjected to hydrostatic, 𝑞 , and hydrodynamic loads (quasi-steady, 𝑞 , and wave,
𝑞 ). It is assumed that waves only occur during ponding, so the combination of the load due
to wind-induced waves and the hydrodynamic load is not taken into consideration leading to
the following load combinations displayed in Figure 4.19. The water depth, ℎ, is with respect
to the floor level, which is also the base of the wall.

1. Hydrostatic + quasi-steady hydrodynamic load

2. Hydrostatic + hydrodynamic wave load

(a) LC 1: hydrostatic + quasi-static (b) LC 2: hydrostatic + wind wave

Figure 4.19: Load combinations subjected to the load-bearing leaf of the residence

Critical flood loads
Both the quasi-steady and wave load are the largest when the angle of attack is 90 ∘. Failure
of the load-bearing walls is one of the most important failure mechanisms of collapse, which
are most vulnerable under lateral load. This situation occurs when the flow is perpendicular
to the length of the building, so orientation 4R-90∘is used for the structural analysis.

Figure 4.20: Critical orientation of the residence: 4R - 90 ∘

• Hydrostatic load
The lateral hydrostatic pressure is taken into account as defined in Figure 2.4a. The
flood infiltration rate is not included in this study, so is assumed that the residence will
fill up as soon as the windows break and the residence will be empty before reaching
the resistance of the glass pane. After failure of the window an equal water level in- and
outside the residence is considered, so the hydrostatic load can be neglected from there
since the part on the inside load cancels out the one on the outside.

𝑞 (ℎ, 𝑦) = 𝜌𝑔(ℎ − 𝑦) (4.8)

• Quasi-steady hydrodynamic load
The pressure coefficients found from the experiments appear to be influenced by several
factors, so could be described as Equation 4.9 with a function of these factors. Due to
limited data and the interest in the critical orientation only, a function based on the 𝐵/ℎ-
ratio only is derived instead of using all these factors. Since the width of the building is
known, the coefficient can also be described as a function of the water depth only.
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𝐶 = 𝑓(
𝐵
ℎ ,
𝐿
𝐵 ,

𝑏
𝐵 , 𝛼) (4.9)

To define the quasi-steady load for the residence 4R in the critical orientation, the ex-
perimentally determined pressure coefficients of 1.40, 1.21 and 1.03 for water depths of
respectively 2.6, 2.9 and 3.2 meters are used. The time-averaged pressure coefficients
with the standard deviations are plotted in Figure 4.21, where a trendline through these
data points is used as a function for the pressure coefficients. Higher water depths or
smaller aspect ratios result in smaller pressure coefficients at the frontal face. Using
the smallest value for higher water depths as well, the results will be on the conserva-
tive side. A minimum and maximum pressure coefficient of respectively 1.0 and 2.0 are
used based on the values given by NEN-EN 1991-1-4 and FEMA (2011) in Appendix E.

𝑞 (ℎ, 𝑣) = 1
2𝐶 (ℎ)𝜌𝑣 with 𝐶 (ℎ) = {

2.0, ℎ < 1.7 m
−0.6438ℎ + 3.1083, 1.7 m < ℎ < 3.3 m

1.0, ℎ > 3.3 m
(4.10)

Figure 4.21: Pressure coefficient for residence 4R in its the critical orientation for collapse of the residence (90∘)

• Hydrodynamic wave load
The lateral pressure due to wind-generated waves colliding into the building is shown
in Figure 4.22a. To avoid a system of fifth-order differential equations in the structural
analysis, the sum of the hydrostatic and wave load is approached by the hydrostatic
load of the water surface being at the level of the maximum wave height, ℎ + 𝛿 + 𝐻 :

𝑞 (ℎ, 𝑢, 𝑦) = 𝜌𝑔(ℎ + 𝛿 + 𝐻 − 𝑦) with 𝐻 = 𝐻 (4.11)

The real load from the wave impact, 𝐹 , and hydrostatic pressure, 𝐹 , on a vertical wall
is just smaller than the estimated load, 𝐹 , as shown in Figure 4.22b. This results in
a slightly conservative outcome for further calculations.

𝐹 = 𝑝 ℎ + (𝑝 − 𝑝 )ℎ + 𝑝 (𝛿 + 𝐻 )

𝐹 = 𝜌𝑔ℎ

𝐹 = 𝜌𝑔(ℎ + 𝛿 + 𝐻 ) ≈ 𝐹 + 𝐹
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(a) Pressure of non-breaking waves on a vertical wall
(h=1.0 m)

(b) Ratio of the sum of the hydrostatic and wave load over
the approached load

Figure 4.22: Wind induced wave load for different fetches with a wind velocity of 29.5 m/s



5
Structural damage of typical Dutch

residences
This chapter deals with the resistance of the typical Dutch residence due to flood actions.
Structural models of the residences are made by looking to the material properties of dif-
ferent structural elements and their interface conditions. Based on these models and the
schematizion of the load, the loads which cause collapse can be determined. By comparing
the effects of the flood action with the resistance of the elements, the structural damage of a
typical Dutch residence due to flood actions can be described.

5.1. Approach
Both the loads and the residences are schematized before the resistance to flood actions can
be determined. The load-bearing wall is supported in the vertical direction by the stabilizing
piers and in the horizontal direction by the floors and foundation. After determining the cor-
responding schematization of the supports, the different structural analyses are described.

5.1.1. Schematization
In general as described in Equation 5.1, an element collapses if the design value of the effect
of the action, 𝐸 , is larger than the design value of the resistance, 𝑅 . Residential properties
are classified as consequence class CC1 according to NEN-EN 1990. Since the resistance in
case of flooding is of interest, the material factor for the accidental loading situation should
be used, which is 𝛾 = 1.3 for masonry (NEN-EN 1996-1-1+A1/NB art. 2.4.3) and 𝛾 = 1.2
for concrete (NEN-EN 1992-1-1+C2/NB art. 2.4.2.4).

𝑅 ≤ 𝐸 𝑤𝑖𝑡ℎ 𝑅 = 𝑅
𝛾 (5.1)

• Loads
The self weight of the residence and the loads working on the residence are described.
Furthermore, the load combinations due to flooding defined in Section 4.3 are assigned
as accidental loads. The compression force on the lower load bearing (LB) wall is calcu-
lated in Equation 5.2, which is a summation of the self-weight of the roof construction,
the wall of the first floor and the first and second floor construction. On top of that a
minimum surface load on the floors is included to take into account the installations,
furniture and inner partition wall. Since this force has a favourable effect on the resis-
tance, a factor 𝛾 = 0.9 is used. An overview of the dead weights is given in Table I.1 per
case-study residence.

𝑁 = 𝑦(𝑁 + 𝑁 + 2𝑁 ) {
𝑁 = 2.86 kN/m see Equation 3.1
𝑁 = 𝐺 𝐻
𝑁 = 𝐺 (+𝐺 )

(5.2)
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• Edge support conditions
Appendix I.1 describes the appropriate edge support conditions per case study resi-
dence. The vertical edge support conditions are provided by the facade perpendicularly
on this panel. The junction between these load-bearing wall panel and the supporting
piers or walls can be bonded, tied or untied as shown in Figure 5.1. It is assumed that
movement joints are located at this locations as well, so no extra edges needs to be
considered. Most of the residences have an open plan as in Figure 3.4, so no internal
walls provide extra vertical supports.
The horizontal supports at the bottom and top of the wall panel are provided by the floors
and type of foundation, which can be continuous or simple supported. The stiffness of
the floor and the connection with the walls is important for the stability of the residence.

(a) Bonded return wall (b) Metal ties or unbonded return walls (c) Bonded to piers

Figure 5.1: Vertical edge support conditions for masonry walls (Moore, 2008)

Structural analyses
Cracks in the part of the cross section in tension is allowed, since these cracks do not im-
mediately lead to collapse of the wall. Both masonry and concrete are quasi-brittle materials
with a compressive strength more than two times their tensile strength. Up to approximately
30% of the ultimate compressive strength, 𝜎 in Figure 5.2a, the material behaves linearly-
elastic. Then the first crack starts to develop and and gradually the ultimate strength is
developed in the part of the cross-section which is still intact. The stress distribution along
this process can be found in Figure 5.11. At ultimate strength the process of softening of the
material start until material is crushed at ultimate strain, 𝜖 .

(a) Stress-strain curve for concrete (b) Generalized F- response of URM walls subjected to out-of-plane
bending

Figure 5.2: Non-linear behaviour of quasi-brittle material (Vaculik,2012)

A linear analysis with redistribution of the forces or a plastic analysis would lead to a
higher moment resistance as shown in Figure 5.2b: the ultimate strength of the wall is higher
than the strength calculated with linear elastic analysis when assuming one-way bending.
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In the traditional force-based design it is assumed that failure occurs at this point. Collapse
however occurs when the ultimate displacement capacity, Δ , which is beyond in the scope
of this study due to the complexity of the softening process. It is assumed that the ultimate
strength is maintained until the other cracks are fully developed. An overview of the mechanic
schemes for both linear and non-linear elastic analysis are presented in Figure 5.3 with
corresponding section of further elaboration.

Figure 5.3: Overview of used mechanical schemes

5.1.2. Load bearing walls
Linear elastic analysis
The cavity wall consist of a load-bearing inner leaf, outer leaf and the ties connecting the two
leaves. The inner leafs of the load-bearing walls are placed on top of the ground floor slab,
which is assumed to be at ground level as displayed in Figure 5.4a. The water depths used
in this section are all with respect to the base of this inner leaf.

(a) Flood loads on cavity wall (LC1) (b) Loads on ties (c) Mechanic schemes of leaves and ties

Figure 5.4: Schematization of loads acting on cavity wall
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To equalize the air pressure in- and outside the cavity and allow water to drain out, air
vents and weep joints are located at the base of the facade and interfaces with the non-
structural elements. For a ventilated cavity wall, more than 1500 mm perforations are
required per meter wall (NEN 1068+C2 art. A.3.3), so it is assumed that the cavity will fill
up through these weep joints. This causes an equal hydrostatic pressure on both sides of
the outer leaf as pictured in Figure 5.4a, so this leaf is only subjected to the hydrodynamic
load and the inner leaf to the hydrostatic load from the water inside the cavity (𝑞 and 𝑞 in
Figure 5.4c.

• Ties
If the ties are fully intact, it is assumed that both the combined load is distributed over
the two leaves based on their relative stiffness according to Equation 5.3. The part of
the load bearing upon the inner leaf, 𝑥, can be used to check if the ties are pushed out
(- in Figure 5.4) or pulled out (+) due to this load transfer in Equation 5.4.

𝑞 , = 𝑥(𝑞 + 𝑞 )
𝑞 , = (1 − 𝑥)(𝑞 + 𝑞 ) with 𝑥 =

𝐸𝐼
𝐸𝐼 + 𝐸𝐼 (5.3)

𝑛𝐹 , , ≤ 𝑞 ≤ 𝑛𝐹 , , with 𝑞 = 𝑞 − 𝑥(𝑞 + 𝑞 ) (5.4)

• Masonry
The load-bearing walls have the minimum height-to-length ratio of (2.7/8.64=)±0.30
to consider the walls as two-way bending. According to NEN-EN 1996-1-1, they are
allowed to design as vertically spanned walls by ignoring this two-way action due to the
vertical supports. In I.2 the response of any one-way bending wall due to a lateral load
is described with the help of differential equations, boundary- and matching conditions.
These walls can be schematized with a simple support at the top (𝑦 = 𝐻) and partially
fixed support at the base (𝑦 = 0) due to to the gravity action of the self-weight and dead
load from the roof, floor and wall above, see Figure 5.4.

• Concrete
The concrete frame with its walls and floors do not need other stabilizing elements, so
the edges where the walls and slabs are connected to the façades can be modelled as free
edges. This makes it possible to approach the slabs as one-way spanning and consider
the residence as a non-bracing frame, since the transfer of loads will be similar. The
load-bearing wall of the third case-study residence spans over two floors, so the load-
bearing wall can be approached as a beam on three supports (ground, first and second
floor), see Appendix I.2 for the corresponding boundary conditions.

Non-linear elastic analysis
In the upper right of Figure 5.2b, the collapse mechanism for a two-way wall supported on
all four sides is displayed. The base is clamped due to the normal force in the wall, the top is
simply supported by the floor and the vertical edges are clamped due to the bonded piers, see
Figure 5.5b and Appendix I.2. This mechanism is defined as the crack pattern which occur
due to displacement of a series of plates concentrated as rotations in these crack lines.

(a) One-way bending (b) Two-way bending (c) / (uniform load) (d) (h=1m,v=1 m/s)

Figure 5.5: Crack patterns for half of the length of the wall due to a lateral load (based on Lawrence and Page (2013))
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The assumption is made that the diagonal crack follows the natural slope of the masonry,
𝐺 . In the Netherlands, most terraced houses are constructed in a half-overlap stretcher
bond shown in Figure 5.9. Based on the nominal values found by Jafari et al. (2017) and the
general thickness of the walls in Table I.1 the generally used sizes for bricks are derived: the
clay bricks in LB1 have a ’Waalformaat’ (100x210x50) and the calicum-silicate bricks in LB2
a ’Maas(120)-formaat’ (120x214x82). Since the inner and outer leaf have the same thickness,
it is assumed that both leaves consist of bricks in the same size.

Furthermore, the crack patterns from both the Eurocode as of the Australian code are
based on uniform loaded walls, but the flood loads applied are not uniform. It is assumed
that the location of the horizontal crack does not occur at mid-height as in the code but at
the critical height, 𝑦 , found from the one-way bending walls. The crack pattern belonging to
the flood conditions in Figure 5.12 is assumed to be as shown in Figure 5.5d.

5.1.3. Stability
The floors function as horizontal supports for the load-bearing walls, so transfer the loads
from these walls through the the stabilizing elements to the foundation. For the traditionally
built case-study residences 1 and 2, the piers in the facade function as stabilizing walls. The
piers on the edges of the facade, which are bonded to the party walls, are named engaged
piers. The piers which are not bonded to a load-bearing walls are referred to as isolated piers.
Case-study residence 3 gains the stability from the rigid connections between the walls and
the floor.

Masonry
The width of the case-study residences is 5.4 meter, which have openings in the facade for the
door (0.9 meters) and one or multiple windows (3meters). This leaves three piers of 0.5 meters
per residence acting as shear walls, see Figure 5.6a. When the horizontal force increases,
the stress cannot be distributed linearly anymore. The most common failure modes of shear
walls with a high aspect ratio like piers are rocking or toe crushing (Figure 5.6b) depending on
the amount of vertical stress, where for lower aspect ratio diagonal tension cracks develop or
sliding occurs. The pier is considered as a rigid body which rotates due to the in-plane inertial
forces, but is restricted by the boundary conditions at the base and top. A crack occurs at the
tension zone and opens up, so the effective area decreases leading to an increase of stress
in the compression zone, 𝐿 , until the maximum compression stress is reached and a full
plastic hinge is developed.

(a) Mechanic schemes of one residence to analyze the stability
(top=linear, bottom=non-linear)

(b) Rocking of a pier (adapted from
Rai and Goel (2007))

Figure 5.6: Schematization of piers for shear failure analysis
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For of both case-study residences the distribution of the shear force is based on the rel-
ative rigidity of the piers despite the flexible diaphragm behaviour of the timber floor. The
timber beams span in the same direction as the shear force (parallel to width of the resi-
dence), so can be considered rigid in this direction. This force distribution is similar to the
one of the lateral load between the leafs of cavity wall in Equation 5.3, but since the piers
consist of the same material, the distribution is solely based on the moment of inertia, see
Appendix I.3. For both residences, the shear wall bonded to the party wall is subjected to
the highest shear force.

Concrete
The party walls are assumed to provide the stability due to the larger thickness compared
to the end-walls, respectively 250 mm and 120 mm, so the end walls can be schematized
as ’pendelstaven’. The floor is continuous over multiple spans of 5.4 meters (width of a
residence), so is assumed to have a thickness of 180 mm with ±30 kg/m reinforcement,
corresponding with a net of Ø8-150 (VOBN). The flexural rigidity of these reinforced floors is
approximately ten times bigger than those of the walls, so can be schematized as rigid similar
to Figure 5.6a. The three party walls are equal, so the shear force can be equally divided over
the three walls.

5.1.4. Windows
A window pane is approached as a simply supported thin plate as proposed by Kelman (2002).
In case of double-glazed windows is assumed that the load will be shared between the two
panes proportional to their stiffness similar as the cavity wall. The formulas of Westergaard
and Slater (1921) approximate the moment for a uniform load on rectangular slabs by con-
sidering two strips in transverse direction through the center of the slab, see Figure 5.7.

The maximum deflection occurs in the center of the slabs and is equal in both strips.
Since the shorter strip has a smaller radius of curvature, the stress is larger, so the moment
in this direction will be governing. Due to the difference in distribution of the hydrostatic
and hydrodyamic pressure will the maximum moment occur in different locations, so super-
position of these moments is not feasible. An equivalent load, 𝑝 in Figure 5.8, is used to
approach the maximum bending moment by spreading the linearly distributed hydrostatic
load equally over the panel. Taking the Poisson’s ratio into account, the bending moments at
the center of the plate increase. Kelman (2002) gives an overview of the Poisson ratio for float
glass and from that an upper value of 0.25 is used to approximate the governing moment in
the plate with Equation 5.5.

Figure 5.7: Bending moment coefficient,
(Westergaard and Slater, 1921)

𝑀 = 𝑀 + 𝜈𝑀 = (𝛽 + 𝜈𝛽 )𝑝𝑏
𝑀 = 𝛽 𝑝 𝐻
with 𝛽 = 𝜈 +

(5.5)

Figure 5.8: Equivalent load on window (adapted from Chen (2016))
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5.2. Resistance
During flooding, the load-bearing walls need to resist the out-of-plane lateral load, so the
bending moment and shear resistance is determined. If the non-structural elements such
as the windows and the doors fails, different loads act on the wall, so the resistance of these
elements are also of interest.

5.2.1. Load-bearing walls
The materials used for the structural walls, both load-bearing and stabilizing walls, have a
high resistance in compression, but are vulnerable for tensile stresses. The walls are de-
signed to withstand mainly gravity loads and wind loads, which do not lead to high tensile
stresses, so reinforcement is in most walls not implemented. When higher lateral loading
due to flooding occurs, these stresses can lead to brittle failure behaviour resulting in cracks
in different directions shown in Figure 5.9.

Figure 5.9: Planes of failure of masonry in bending (NEN-EN 1996-1-1+A1)

Linear elastic analysis
Distinction can be made between failure in the plane parallel to the bed joints due to a bend-
ing moment over the height of the wall (Figure 5.9a) and failure due to a bending moment
over the length of the wall resulting in the failure plane perpendicular to the bed joints (Fig-
ure 5.9b). Concrete is an isotropic material, so the material properties are similar in both
directions. For unreinforced concrete walls the direction of the cracks are similar as those
in masonry. The used material properties of all materials can be found in Appendix G.2.

When looking to the the bending moment resistance over the height of the wall, 𝑀 , the
vertical load due to self-weight and life load on the walls causes a compression stress, which
has a favourable effect for the stresses in the cross section. In Figure 5.10 the linear-elastic
stress distribution for this cross section is drawn, so before cracks occur. The minimum
amount of vertical load is assumed to consider the worst case scenario, so when the wall is
only carrying the dead weight of the walls and floors above. For the design moment resistance
over the length of the wall, 𝑀 , no normal stresses are assumed (𝜎 = 0). The moment
resistance depends solely of the flexural strength of the material. A crack in the wall occurs if
the acting moment calculated with the differential equations in I.2 is larger than the moment
the wall can resist in Table 5.1.

Figure 5.10: Stresses in cross section (linear-elastic beam theory)

𝑀 = (𝜎 + 𝜎 )𝑊
= ( + 𝑓 )𝑊

𝑀 = 𝑓 𝑊
(5.6)
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Table 5.1: Moment resistance of lower walls (derivation of strengths in Appendix G.2)

Case t [mm] 𝜎 [MPa] f [MPa] f [MPa] M [kNm/m] M [kNm/m]
1:LB URM clay 100-50-100 0.13 0.29 0.81 0.59 1.04
2:LB URM CS 120-60-120 0.32 0.14 0.51 1.03 0.94
3:LB URC 120-60-120 0.30 1.55 1.55 3.95 3.10

Non-linear elastic analysis
The residual or post-cracking strength is obtained by the development of the moments along
the crack lines. For every wall configuration there is a typical crack pattern found by vari-
ous experimental studies, which are the base of plastic analysis, such as the ’virtual work-
method’ used in the Australian masonry code (AS 3700). It uses the principle of energy
conservation by determining the internal work, 𝐸 , which sum should be equal to the exter-
nal work, 𝐸 , see Equation 5.7. The internal work is provided by the rotation of the wall,
𝜃 , along the cracks lines, 𝑙 , multiplied by the moment resistance, 𝑀 , , along these cracks
lines. The external work is caused by the applied load, 𝑞, multiplied by the displacement of
the wall, 𝑢 .

𝐸 = 𝐸 with {
𝐸 = ∑ ∫ ∫ 𝑞(𝑥, 𝑦)𝑢 (𝑥, 𝑦) d𝑥 d𝑦

𝐸 = ∑ 𝑀 , 𝑙 𝜃 = 𝑀 , 𝑙 𝜃 + 𝑀 , 𝑙 𝜃 + 𝑀 , 𝑙 𝜃
(5.7)

This method uses the assumption that the full moment capacities along the diagonal
and vertical cracks are reached simultaneously. The moment contributions along horizontal
crack lines are ignored in the code, since they form early in the damage process. The crack
patterns of the loaded walls in the experiments of Vaculik (2012) however showed that the
horizontal and diagonal cracks are fully developed when the ultimate strength is reached,
while the vertical cracks are partially developed. The failure modes consists of a combination
of different kind of cracks, which all three have their independent analytical expressions
based on AS3700 adapted by (Vaculik, 2012):

• Horizontal cracks (Figure 5.9a) due to vertical bending:
The vertical moments due to gravity action during opening of the horizontal cracks
will contribute to the ultimate strength of the wall (Vaculik,2012). Neglecting these
contributions as prescribed by AS3700 will lead to a too conservative outcome, since
the walls in the terraced houses have a high L/H-values, so long horizontal cracks
are expected to form. The contribution of this residual moment is equal to the value
calculated in the one-way bending analysis in Equation I.1. These moments will be
present along both the crack at the base of the wall and at the critical height, 𝑦 .

This residual bending moment capacity can be included to find a more realistic moment
capacity of the wall after the linear bending stress is reached. The cracked section opens,
so the normal stresses due to the vertical load should be transferred to the foundation
through a smaller contact area, see Figure 5.11. The section is fully cracked, so no
bond strength is present and it is assumed that the blocks above and below the crack
behave as rigid blocks. This results in uniform stress along the contact zone, but a
reduction factor should be applied to take into account the idealizing behaviour, which
can be found between the brackets in Equation 5.9. The maximum moment can be
reached when the masonry is crushing, which can be approximated in a similar way as
reinforced concrete with the factor 𝛼 = 0.85.
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Figure 5.11: Normal stresses along a cracked section (Vaculik, 2012)

𝑀 , = (𝜎 + 𝑓 )𝑍
with 𝑓 = 0, 𝜎 =

(5.8)

𝑀 , = 𝜎 𝑡
2 (1 −

𝜎
𝛼 𝑓 ) (5.9)

• Vertical cracks (Figure 5.9b) due to horizontal bending:
AS3700 assumes that the crack can develop in two different ways: in a straight line
following the head joints (56% according to Equation 5.10) and cutting through the brick
units (44%) or following the bed and head joint alternately resulting in stepped failure.
In reality there are two parallel paths for a local crack to develop further depending on
the material strength, so the mixed failure mode is lower than the individual modes. To
take this variability of strength into account, the code prescribes a capacity reduction
factor 𝜙 = 0.6 for design of URM walls in flexure, which is sufficient to cover this effect
according to Vaculik (2012).

𝑀 , = min{
Φ(0.44𝑓 𝑍 + 0.56𝑓 𝑍 ) for line failure

2.0Φ𝑘 √𝑓 (1 +
𝜎
𝑓 )𝑍 for stepped failure (5.10)

The internal bending moments from diagonal cracks are gradually redistributed to the
vertical cracks along the edges, which have some degree of rotational restrain due to
the return walls. It is assumed that the ultimate strength is reached after the point
where the moments along the diagonal cracks start reducing and before the vertical
cracks are fully developed (Vaculik, 2012). Since the degree of development of these
vertical crack are hard to predict, the moment resistance along the vertical cracks at
the fixed connection with the shear walls are not included. This will lead to a slightly
conservative value for the ultimate strength. After cracking, the wall separates from
the vertical support, so is subjected to one-way bending and zero residual strength is
obtained from this line failure.

• Diagonal cracks due to diagonal bending:
The ultimate moment resistance is obtained by a combination of flexure and torsion
acting along the joints. Willis (2004) gives an analytical solution for this moment ca-
pacity based on the orthogonal ratio of the material and the assumption that only the
bed joints contribute to the ultimate resistance:

𝑀 , = 𝑀 , [cos(𝜙) + 𝜂 sin(𝜙) ] (5.11)
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5.2.2. Stability
If the net horizontal load on the row of residences is larger than the shear resistance of both
the engaged and isolated piers together, the total row has become unstable. NEN-EN 1996-
1-1 art.6.2. only prescribes the resistance against sliding along a straight crack at horizontal
bed joint as in-plane shear resistance, since cracking is considered as ultimate limit state.
URM walls have some ductility as shown before in the non-linear analysis of bending of the
load-bearing wall due to opening of the crack.

Linear elastic analysis
Compression in the cross section due to the normal force increases the shear resistance of
the cross section similar to the bending moment resistance. A small part of the compression
stress helps to resist the lateral load, see Equation 5.12. Only the part of the pier which
is compressed, 𝐿 , is able to transfer the shear force. No crack is allowed in this failure
mechanism, so a linear elastic stress distribution is used to find this length. The total shear
force can be determined for the different piers with the relative rigidity’s, 𝑅𝑅, from Table I.2
and Equation 5.14. The lowest value for the total shear force is found for the longest pier,
since the portion this pier has to bear is the highest, leading to the value found in Table 5.2.

𝑓 = 𝑓 + 𝜇𝜎 ≤ 0.065𝑓 with 𝑓 = 𝑓 (5.12)

𝑉 , = 𝑓 𝑡𝐿 with 𝐿 = 3(
𝐿
2 −

𝑉 𝐻
𝑁 ) (5.13)

𝑉 = min
𝑉 ,
𝑅𝑅 ⋅ 100% (5.14)

In the ultimate limit state, the tension strength of the unreinforced concrete is allowed to
take into account to determine the shear resistance per meter width of the wall with Equation
5.15 (NEN-EN 1992-1-1+C2 art.12.6.3). The limited ductility should be accounted for in
Equation G.3 by using 𝛼 , = 0.8 in stead of 𝛼 = 1.0 (NEN-EN 1992-1-1+C2/NB art.12.3.1).
The shear force per meter length of the residence is approximately equal to the total shear
force of the other residences, so this failure mechanism is further elaborated for case-study
residence 1 and 2 only.

𝑉 , =
𝑓 𝐿
𝑘 with

⎧

⎨
⎩

𝑘 = 1.5
𝜎 , = 𝑓 , − 2√𝑓 , (𝑓 , + 𝑓 , = 8.11MPa ≥ 𝜎
𝑓 = √𝑓 , + 𝜎 𝑓 , = 1.12MPa

(5.15)

Table 5.2: Linear analysis of shear strength of a pier with a length of 0.5 meter

f [MPa] 𝜇 [-] f [MPa] 𝜎 [MPa] f [MPa] L [mm] V , , V ,
1 0.29 0.89 6.64 0.04 0.52 12.8 0.39 kN 5.97 kN
2 0.14 0.43 5.05 0.04 0.17 36.6 0.36 kN 5.43 kN
3 1.55 - 20 0.17 1.12 2.6 1.93 kN/m 5.79 kN/m

Non-linear elastic analysis
Similar to the linear elastic calculation, the longest pier will reach its rocking strength, de-
scribed in Equation 5.16 (FEMA 273 art.7.4.2), before the other piers do. The cracks opens
up and grows horizontally from the corner under compression towards the other end of the
pier. This pier cannot bear a higher load, but due to some ductility of the material it is as-
sumed the pier can deform while maintaining this ultimate load. If additional lateral force
is applied to the residence, the other piers take a higher percentage of the load. A different
distribution of the load causes the other piers to crack as well until all the piers are cracked
and the row of residence becomes unstable. The residual strength from redistribution of the
load can be determined with Equation 5.17.
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𝑉 , , = 0.9𝛼𝑁
𝐿
𝐻 with 𝛼 = { 1 fixed-fixed pier

0.5 fixed-free cantilever wall (5.16)

𝑉 , = 2𝑁(𝑉 , , −
𝑉 ,
100 𝑅𝑅 ) (5.17)

Table 5.3: Non-linear analysis of shear strength of a pier with a length of 0.5 meter

V , , [kN] n [/facade] RR [%] V , [kN] V , [kN] V , [kN]
1:engaged 0.72 6 1.80 - 6.23
engaged 1.43 3 13.08 10.94 - 17.16

2:isolated 0.34 4 0.89 - 1.42
engaged 0.68 2 3.42 - 1.31
engaged 1.36 3 13.20 10.28 - 13.01

Allowing cracks in the pier, almost doubles the shear strength of the pier. The total shear
force the total row of 4 residences can resist increases from 5.97 to 10.94 kN for case-study
residence 1 and from 5.43 to 10.28 kN for case-study residence 2. If the residual strength is
also taken into account, this strength increases to respectively 17.16 and 13.01 kN.

5.2.3. Non-structural elements: windows
As stated in the description of most common failure mechanisms of the residences in Section
3.3, the failure of non-structural elements leads to openings in the facade. The acceptable
failure probability as result of an accidental load is 10 per year (NEN-EN 1991-1-7+C1/NB
art. 3.2), which for example corresponds to a failure probability of the material of 99% with
an event with a return period of approximately 1000 years according to Equation 5.18. The
probability of flooding in the Netherlands is much lower, so using strength of glass of 80
MPa which correspond with 99% failure probability is still on the conservative side. This
gives a bending moment resistance of 0.21 kNm/m for single glass (4 mm) and 0.55 kNm/m
for double glass (5-15-4 mm), where the resistance is equal to the summation of the panes
according to Equation 5.19. If the bending moment due to the applied loads from the flooding
is higher than the moment resistance, the glass will fail and water can enter the residence.

𝑝 = 𝑝 , = 0.99 = 4 ⋅ 10 (5.18)

𝑀 = 𝜎 𝑊 = 80 ⋅ 16(𝑡 , + 𝑡 , ) (5.19)

The Dutch code NEN 6702 provides tables with the bending moment coefficients for a
number of slabs with various boundary conditions. These coefficients are obtained from a
linear elastic calculation of a concrete slab under uniformly distributed load. Since the pois-
son’s ratio of uncracked concrete and glass are close to each other, the coefficients belonging
to panel I are used as comparison. Also the values of Chen (2016) are used to compare in
Table 5.4, which are all just below the values found with Equation 5.5. This difference can
be explained by the choice of a larger poisson’s ratio in this study.

Table 5.4: Window pane

Height [m] Width [m] 𝛼 𝛽 𝛽 𝛽 p , [kPa] p , [kPa]
1.80 2.80 0.64 0.090 0.076 0.084 0.74 1.90
1.30 1.30 1.00 0.052 0.041 0.048 2.42 6.21
1.30 0.65 0.50 0.107 0.097 0.102 4.74 12.15
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5.3. Structural damage
The moment resistance of the different elements is compared with the flood load acting on
these elements for the two different load combinations as defined in Section 4.3:

1. Hydrostatic + quasi-steady hydrodynamic load

2. Hydrostatic + hydrodynamic wave load

5.3.1. Load-bearing walls
The first crack will form at the base of the wall (𝑦 = 0), because the hogging moment exceeds
the flexural moment of resistance, 𝑀 , before the sagging moment at the critical height
(𝑦 = 𝑦 ) does (Appendix I.2: Figure I.2). If the acting moment at the base exceeds the flexural
moment resistance, the stress distribution is not linear-elastic anymore, so a crack starts
to develop at the base. Although the floor is not fixed to the wall, it prevents the wall from
deforming due to the eccentricity of the normal force generating an additional moment. If
more load is applied, the crack at base will open until this stability moment at the base is
reached, 𝑀 .

An example is given for case study residence 1 subjected to a water depth of 0.75 meters
and a flow velocity of 1 meter per second in Figure 5.12. With the help of a simple ’forget-me-
not’ the moment at the base is calculated, which is slightly higher than determined with the
differential equations due to the use of point loads in stead of distributed loads. For small
flow velocities, the hydrostatic pressure predominate (see Figure 5.12a), leading to a crack
at the base of the wall at a water depth of 0.75 meters already:

𝐹 = 𝐹 + 𝐹 = 𝜌𝑔ℎ + 𝐶 𝜌𝑣 ℎ = 3.51 kN/m

𝑦 =
𝐹 + 𝐹

𝐹 = 0.28 m

𝑀 =
𝐹(𝐻 − 𝑦 )(𝐻 − (𝐻 − 𝑦 ) )

2𝐻 = 0.82 kNm/m < 𝑀 = 0.84kNm/m

(a) Load (b) Moment (M , M ) (c) Shear

Figure 5.12: Load, acting moment and shear force in the wall ( = 0.75 m and = 1 m/s)

In Figure 5.13 is shown for which flood conditions the wall is stable (green area) according
to the linear elastic analysis, so when the flexural moment of resistance is larger than the
acting moment. The yellow area resembles the combinations leading to opening of the the
first crack until the stability moment is reached. Due to this rocking strength, the wall will
not collapse due to the flood conditions from the example.
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When the crack is totally opened, redistribution of the loads causes an increase of the
sagging moment until the ultimate strength is also reached at this location. Due to the duc-
tility of the masonry and concrete, it is assumed that the ultimate moment resistance at the
base remains constant while the crack at the critical height develops to ultimate strength as
well. The additional moment resistance due to redistribution of the forces is shown in Figure
I.2. For case-residence 1 and 2, two-way bending of the wall allows additional moments to
develop along the diagonal cracks. This is shown in Figure 5.13 as the orange area, where
also the horizontal crack at the base, the critical height and top are fully developed. For case
residence 3, also additional moments are assumed to develop at the critical height and at the
top, but one-way bending is still applied as schematized in Figure 5.5a.

The failure graphs for the ℎ𝑣-combinations and the wind-generated wave load from a fetch
of 100 meters are shown in Figure 5.13. The influence of the fetch is shown in Figure I.3,
which shows a small difference especially for higher wind speeds. The differences between
the rocking strength of the case-study residences imply that the influence of the dead weight
carried by the wall in combination with the compression strength and thickness of the wall,
is larger than the flexural strength of the wall. Furthermore, the residual moment resistance
due to the two-way bending is quite large compared to the residual moment of case-study
residence 3. All residences will fail under considerable lower water depths and flow velocities
than the Clausen criteria of ℎ ⋅ 𝑣 ≥ 7 m /s displayed as the black line.

(a) Case 1 (LC1) (b) Case 2 (LC1) (c) Case 3 (LC1)

(e) Case 1 (LC2: fetch=100m) (f) Case 2 (LC2: fetch=100m) (g) Case 3 (LC2: fetch=100m)

Figure 5.13: Failure graphs from nonlinear analysis for load combination 1 (a,b,c) and 2 (d,e,f) for all three case-study residences

The total resistance of the cavity wall depends on the capacity of the load-bearing inner
leaf, outer leaf and the ties connecting the two leaves. The inner leaf should be able to
resist the total force to prevent the residence from collapsing if the outer leaf fails under this
load or the capacity of the ties is exceeded. The latter occurs when the maximum tension
or compression force in the ties is reached due to the difference in hydrodynamic load on
the outer leaf and hydrostatic load on the inner leaf according to Equation 5.4. Appendix J.1
shows for load combination 1 that more capacity is obtained when the load can be distributed
between the leaves. However, the ability of the wall ties to transfer the force before being
pulled or pushed out, depends strongly on the location.
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5.3.2. Shear walls
Different than the local loads used to analyze failure of the windows and walls, the net force
should be taken into account. The hydrostatic load is assumed to be equal on both sides, so
only the hydrodynamic load causes a horizontal load on the row of residences. The positive
pressure on the front wall and negative pressure on the rear should be combined, leading to
the drag or wave load as only horizontal load. This net load will be divided over the support
at the base of the wall and the top. Only the part of the load which is transferred to the
first floor, so the shear force in the top of the wall is of importance. This load, 𝑉 , can be
determined to multiply the shear force at 𝑦 = 𝐻 from the linear analysis of one-way bending
of the load-bearing walls (Equations in I.2) with the length of the residence. The shear force
per meter length of residence 3 is approximately equal to the total shear force of the other
residences, so this failure mechanism is not expected to occur for case-study residence 3.

From Figures 5.14a and 5.14b, it can be seen that the difference between failure of the
shear walls from the two different case-study residences is mainly due to their residual
strength. Both the case-study residences fail before the Clausen criteria is reached, shown as
the black line. For load combination 2, the influence of the fetch is also visible by comparing
Figure 5.14d with 5.14e and Figure 5.14f with 5.14g. An increase of this length from 0.1 km
to 10 km causes collapse of the residence for smaller water depth-wind velocity combinations.

(a) Case 1 (LC 1) (b) Case 2 (LC 1)

(d) Case 1 (LC 2: F=0.1 km) (e) Case 1 (LC 2: F=10 km ) (f) Case 2 (LC 2: F=0.1 km) (g) Case 2 (LC 2: F=10 km)

Figure 5.14: Failure graphs from nonlinear analysis for load combination 1 and 2

5.3.3. Conclusions on structural damage
The generated failure graphs in the previous sections show that out-of-plane bending of the
load-bearing walls is critical compared to shear failure for both the load combinations. Fur-
thermore, if the ties fail, there is no longer an interaction between the two leaves, so the load-
bearing inner leaf should be able to resist all the load, 𝑥 = 1. Combining the failure-graphs of
the inner leaf bearing all the load by itself (Figure 5.13a and 5.13b) with the failure-graphs of
the inner leaf bearing part of the load due to the interaction with the outer leaf (Figure 5.15a
and 5.15c) give Figure 5.15b and 5.15d.
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(a) Case 1 (x=0.65) (b) Case 1 (x=1) (c) Case 2 (x=0.75) (d) Case 2 (x=1)

Figure 5.15: Failure graph for inner load-bearing leaf with tie failure included

The moment resistance shows an increase for only a small number of water depth-flow
velocity combinations. Since these combinations depend highly on the location and condi-
tions of the ties, it is advised to exclude the influence of the outer leaf on the resistance of the
residence. Furthermore, it is assumed that the windows are placed in the façade, so along
the width of the residence. In the critical orientation for collapse, the flow or wind direction is
parallel to the façade where the windows are placed. The pressure coefficient, or wave impact
due to the wind, becomes smaller than used in the failure graphs in Appendix J.2, leading
to higher flow velocities before the windows fail. In the critical orientation, the load-bearing
walls fail due to out-of-plane bending before the windows fail.

Only a few geometries and case-study residences are considered, but based on the pres-
sure coefficients determined from the physical experiments and resistance of the case-study
residences the following conclusions can be drawn:

• Adding residences to the row or considering wider residences results in a longer side
aligned with the flow, 𝐿 , so a higher side ratio and a lower h/L-ratio for equal water
depths. The L/B ratio causes an increase in drag coefficient and the decrease of the
h/L-ratio does not make a significant difference. Overall, the pressure on the front face
of the building (load-bearing wall of the corner residence) increases, so collapse will
occur at smaller water depth-flow velocity combinations.

• Residences with a longer load-bearing wall result in a longer side parallel to the flow,
𝐵 , so a smaller side ratio and larger aspect ratio. Both changes in the ratio cause
an increase in drag coefficient. In addition, the load-bearing walls will primarily span
vertically, so influence of the moment resistance along the diagonal cracks becomes
negligibly small. Failure is expected to happen due to smaller flood conditions than
determined in Section 5.3. On the other hand, if partition walls are positioned perpen-
dicular to the load-bearing walls, these can function as additional vertical supports.
These supports prevent the load-bearing wall from bending at this location, so smaller
moments are created due to the flood conditions, resulting in higher moment resistance.

• In case the window is located lower or the window has a larger area than assumed above,
a smaller combination of the water depth and flow- or wind velocity can be resisted by
the window before it breaks and the water level will equalize inside the residence. An
equal hydrostatic water depth outside and inside the residence results in a smaller net
load on the walls, so these walls can withstand higher combinations of the water depth
and flow- or wind velocity than before failure of the windows.

• The inner leaves of the load-bearing walls are placed on top of the ground floor slab
which is assumed to be at ground level (Figure 5.4a). The water depths in this study are
all with respect to the base of the wall. If this reference level is elevated, the difference in
elevation should be added to the water depth in this study to present the real situation.

• Calculations are conducted with the permanent load only, but also a variable load is
allowed to take into account according to NEN-EN1990+A1+A1/C2 (load combination
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6.11b). This gives an additional floor load of 0.53 (𝜓 𝑞 = 0.3 ⋅ 1.75 = 0.53 kN/m ),
which provide an increase of the moment resistance of the walls. To approximate the
real failure values more closely, the failure graphs from Figure 5.13 are recreated in
Appendix K including this additional load. Also the characteristic strengths, 𝑓 , are
used instead of the design strength, 𝑓 , and the safety factor, 𝛾=0.9, for the dead load
is excluded. For case-study residences 2 and 3, this gives an additional water height of
±0.20 m that can be resisted before the residence collapse. The difference for residence
1 and the combinations causing the first crack is smaller than 0.10 m.

Comparison with other studies
To place the outcome in perspective, the created failure graphs are compared with those
from the studies of Korswagen Eguren (2016) and Kelman (2002). Korswagen Eguren (2016)
shows that the boundary conditions are not relevant for the linear elastic analysis of a thin
URM wall subjected to one-way bending due to a hydrostatic lateral load. The first crack
occurs at comparable water depths for a wall clamped at the top and bottom, pinned on both
ends and a combination of those. For a wall subjected to only self-weight (1 kN/m), the first
crack occurs at a water depth of ±0.70 meters and loss of stability is expected at almost the
same water depth. For walls subjected to a higher axial load, for example due to the heavier
system floors (±40 kN/m), a water depth of ±1.00 meters causes the first crack, where a water
depth of ±1.25 meters causes a loss of stability.

The ℎ𝑣-combinations in the coloured area in Figure 5.16a resemble the first crack until
the development of multiple cracks leading to mechanism according to linear elastic analysis.
The values for the first crack, • , and loss of stability, x , of Korswagen Eguren (2016) show
to be comparable with the values found from one-way bending of case-study 1 and 2 with
zero flow velocity or wave height.

Kelman (2002) also used yield line analysis to find the ultimate lateral load a URM cavity
wall can resist. Calculations are made for several ℎ𝑣-combinations for different kind of wall
geometry and loads. The two storey-residence with a surface area of 55 m is closest to case-
study residence 1, so these results are shown in Figure 5.16b as ’light’. As concluded before,
the load carried by the wall is of great importance, so also the results for adding an additional
storey (’heavy’) is displayed to take into account the higher load for case-study residence 1.

(a) One-way bending (coloured area = first crack
•, until collapse x)

(b) Two-way bending (collapse)

Figure 5.16: Comparison of current failure lines with those from Korswagen Eguren (2016) and Kelman (2002) with case 1: clay
masonry walls with timber floors, case 2: calcium silicate masonry walls with system floors, case 3: casted concrete walls and
floors

The differences between the case-study residences, also visible in Figure 5.16b, can be
explained by looking to the sensitivity analysis of Kelman (2002) for the hydrostatic load to
determine the influence of the parameters on the results:
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• Geometry:
In this study, a height of 2.7 meters is used instead of 2.4 meters, which results in an
additional water depth of 1 cm that can be resisted, so the difference is used height can
be neglected. A wider wall is also used (8.64 m vs. 5 m), which approaches the one-way
bending closer than the wall used by Kelman, but this difference seems to be negligible
as well. A smaller width, however, shows a significantly higher water depth that can be
resisted by the wall.

• Load:
In the current study, the dead load of the roof and floors are approximately double
the magnitude of those used by Kelman, resulting in an additional water depth of 0.19
meters which the wall can resist according to the sensitivity analysis. The density of
the masonry is also heavier in this study (1800 kg/m vs. 1000 kg/m ) resulting in an
additional water depth of ±0.11 meters. Furthermore, since fresh water is assumed to
cause the flooding whereas Kelman uses seawater with a larger density (1000 kg/m
vs. 1026 kg/m ), a small additional water depth is expected to be resisted by the wall.

• Vulnerability matrices: (Appendix B.1)
Also, vulnerability matrices are developed by Kelman (2002) for different residences
with the flood depth along one axis and the flood velocity along the other axis. The
cells present the expected damage scale based on failure of the URM cavity walls, glass
failure and rise-rate of the flood water inside the residence. The rise-rate inside the
residence depends mainly on the external residence perimeter, which is smaller for
terraced houses since only two, or three for the corner residence, out of the four are
exterior walls. Also, it is assumed the glass will fail at smaller ℎ𝑣-values, since Kelman
assumed both panes takes half the load instead of changing the second moment of
inertia as used in Appendix J.2. The differences in the rise-rate and windows failure
could change the damage scales for the current case-study residences.





6
Discussion, Conclusions and

Recommendations
This chapter presents the final remarks on the study. First, the application, interpreta-
tion, and implementation of the results due to the used methodology of the experiments and
structural analysis are discussed. Subsequently, the research questions formulated at the
start are presented followed by the conclusions. Finally, the study is concluded by recom-
mendations on how to continue improving the determination of flood load on buildings and
approaching realistic values of the flood conditions leading to collapse of the residence.

6.1. Discussion
The limitations, simplifications and assumptions due to the scope of the study are addressed
followed by the insights that have been obtained to explore the significance of the study.

Methodology of the experiments
Creating a dam break wave can be done using several methods, all of which have their pros
and cons. Using a finite reservoir results in a short interval where the flow is quasi-steady. As
expected, due to the finite amount of water in the reservoir, the plateau-value (Ritter, 1892)
for the water depth and corresponding flow velocity cannot be reached during this interval.
Where a constant water depth is reached at a smaller value than the plateau-value, the flow
velocity is larger than the value found by Ritter (1892). Furthermore, the time of rising and
falling of the water level cannot be scaled to a real flood.

Another aspect of this method is the generation of a dam-break wave with a relatively
short period leading to effects of unsteady flow. The Morison equation describes the load due
to the movement of the water with the drag force and an inertia force due to the added mass.
This last component is assumed to be small in comparison to the drag component due to the
quasi-steady flow conditions. However, the unsteady force component could be high enough
to make a significant difference between the different orientations and impoundment depths.
The Keulegan-Carpenter number is often used to describe the relative importance of the drag
component over the inertia component for bluff bodies in oscillatory flow. This parameter
can be used to validate the assumption that the inertia component is negligible. On top of
that, if dynamic loads appear to be more important than expected, the dynamic response of
the residence could change the failure mechanisms.

𝐹 = 1
2𝐶 𝜌𝑣 𝐵⏝⎵⎵⏟⎵⎵⏝

(drag)

+𝜌𝐶 𝐵𝐿d𝑣
d𝑡⏝⎵⎵⏟⎵⎵⏝

(inertia)

(6.1)
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The accuracy of the experimental data is not investigated. The temperature of the air and
water during the calibration process could be different than those during the experiments.
This can cause a minor difference in the offset of the velocity sensor and the pressure sensors.
A difference is also observed if the velocity sensor stays submerged for a while or is subjected
to a sudden wave. To minimize these effects on the results, all the runs for a certain set-up
are conducted on the same day and the calibration functions are derived 6 weeks before the
last experiments were conducted.

Interpretation of the results
Looking more closely at the interpretation of the results from the experiments, it is question-
able which water depth and flow velocity should be used for the calculation of the loads on the
building. The flow velocity used in the damage and mortality functions from the current flood
models is not simulated correctly due to the spatial scale and used roughness (De Bruijn and
van Kester, 2015). The development of the newer models with a higher resolution can make
it possible to obtain local flood characteristics per neighbourhood or even per building. In the
current study, both the water depth and velocity which are measured without the building
being present, are used for the calculation of the pressure coefficient. However, the building
being there influences the flow conditions, leading to different flood characteristics resulting
in different loads.

In general, more data points lead to more reliable results. By isolating a certain variable
and changing this while keeping the others constant, the influence of this variable can be
found more accurately. A small number of experiments for the building at its critical orienta-
tion (long side aligned to the flow) are conducted for water depths where collapse initially was
expected. Due to this small number, the relation between the pressure coefficients and the
water depth is obtained from just a few data points, but collapse appears to already occur at
smaller water depths. More experiments for different water depths improve the relationship
between the geometry and pressure coefficient, 𝐶 . Also, the determination of the interval
where quasi-steady flow is observed is arbitrary; a different interval influence this relation.

Methodology of structural analysis
In the current study, the characteristic strengths of the material are used as prescribed in
the codes. In other literature the mean strength obtained from experiments (Vaculik, 2012)
or even an upgrade factor is used (Roos, 2003). This makes a significant difference for the
linear elastic analysis, since the first cracks occur when the flexural strength is reached. Fur-
thermore, approaching both two leaves and glass panes of the window as different elements
instead of a combined thickness (Chen, 2016), a lower moment resistance is obtained as well.

The used failure mechanism for the non-linear analysis is based on wall panels subjected
to a uniform lateral load. The location of the maximum moment from linear elastic analysis
is considered to be the location of the crack which is usually at mid-height in case of uniform
lateral load. The assumption that this is the appropriate failure mechanism has a substan-
tial influence on both the internal and external work in the non-linear analysis.

New insights
The following new insights are obtained which indicate the significance of the current study
and further research on the field of structural damage of residences due to flood actions:

• There is a difference between the residences during the Watersnoodramp in 1953 and
the buildings in the current building stock. Due to the bad quality of the mortar, which
had started dissolving in the seawater, the flexural strength was little to none. On
top of that, the minimal dead load from the timber floors on the thin walls provided a
negligible residual moment resistance. Similar to the residences then, terraced houses
nowadays are also mainly vulnerable to out-of-plane bending of the load-bearing walls.
Comparing the ’newer’ residences with calcium-silicate masonry walls and system floors
to the ’older’ residences with slightly thinner clay masonry walls and timber floors, a
substantial increase in bending resistance is observed.
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• Similar relations are observed between the geometry of the residences and the drag coef-
ficients (obtained from the hydrodynamic pressure in the experiments) and the geometry
and the pressure coefficients (used for the lateral wind load). The pressure coefficients,
however, show a larger dependence of the aspect-ratio, 𝐵/ℎ, than the drag coefficient
due to the emerged flow in stead of submerged flow.

• The wall ties connecting the inner and outer leaf of the cavity are of great importance,
since they make it possible to distribute the lateral load. Due to the interaction between
these leaves, the out-of-plane bending resistance of the wall is higher than that of a
single leaf. The simplification of the distribution of the wall used in this study shows
the dependence of the location of the ties.

6.2. Conclusions
Combining the findings of the two main objectives lead to the conclusion of this study and
makes it possible to answer the main research question.

Which loads act on a building in a flood?
Flow velocity, 𝑣, causes an additional load, which depends on the geometry and orientation
of the building with respect to the water height and flow direction. From the data obtained
from the conducted experiments, the following conclusions concerning the drag coefficient,
𝐶 , and pressure coefficient, 𝐶 , can be drawn:

• An increase in the aspect-ratio (width of the residences, 𝐵, over the water depth, ℎ)
causes an increase of the pressure coefficient. The side-ratio (length, 𝐿, over width, 𝐵)
shows a peak of the drag coefficient at a critical value of ±0.6. Below this value the
drag coefficient increases when the side-ratio does, after this value it decreases. This
is mainly due to the decrease of pressure at the rear face when the h/L-ratio decreases
similar to the wind coefficients.

• The load-bearing wall of the residence orientated perpendicular to the flow direction
(angle of attack, 𝜙 = 90∘) results in the highest pressure coefficient, which decreases
when the angle of attack decreases as well.

• The drag coefficients, prescribed in P-55 (FEMA,2011) are smaller than those derived
from the current experiments. These coefficients appear to be upper boundaries for the
pressure coefficients of the frontal face of the buildings used in the current experiments.
However, the pressure at the front can exceed this ’upper’ value for terraced houses with
a smaller side ratio than common American single-family homes.

What is the strength of typical Dutch residences?
The terraced house is found as the typical Dutch residence from geometric information, de-
fined as three case-study residences based on year of construction, building methods and
materials from literature. Despite the higher flexural bending strength, the resistance of the
older residences (1965-1975) with clay masonry walls and timber floors is smaller than those
of the newer residences (1975-1994) with calcium-silicate masonry walls and system floors
or casted concrete walls and floors. This is mainly due to the forming of early cracks in the
wall resulting in zero tension strength after cracking and a higher normal force on the walls
due to heavier system or concrete floors instead of timber floors. When the crack opens up,
eccentricity of this normal force causes residual moment capacity, which is substantially
higher in case of the newer residences.

Which flood conditions may lead to collapse of typical Dutch residences?
For all three case study residences, out-of-plane bending of the load-bearing wall is the crit-
ical failure mechanism, leading to the failure-graphs in Figure 5.13. Using design values
for both the load and strength, the residence already collapses before the ℎ𝑣-product (water
depth times flow velocity) of 7 m/s is reached according to Clausen (1989). The residences
located at the area of interest, all areas subjected to a flood depth of 2.0 meters or higher, are
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used to find the typical Dutch residences. However, the resistance of out-of-plane bending
of the load-bearing walls is already reached at lower water depths, especially in combination
with high flow velocities, see Figure 5.13.

For the older residences (1965-1975) with clay masonry walls with timber floors, a water
depth of ±1.2 meters already causes the design moment resistance of the wall without taking
the velocity or wave action into account. For the newer residences (1975-1994) with calcium-
silicate masonry walls with system floors or concrete walls and floors, this ultimate resistance
is reached due to a water depth of ±1.8 meters. If the flood water has a flow velocity of 2 m/s
or waves are generated by a wind speed of 29.5 m/s over a fetch of 100 m, the critical water
depth reduces for both situation by ±0.3 meters to respectively ±0.9 and 1.5 meters.

6.3. Recommendations
This report started with the influence of collapse of residential buildings on the mortality. The
damage- and loss functions used for mortality functions nowadays, obtained from statistical
data from previous similar events are not representative anymore, since the building quality
showed to have a large influence on the collapse. It is advised to use a physical approach,
where the flood characteristics from the improving hydraulic models are used to determine
the acting loads on the current buildings. To conclude this study, some recommendations
can be given for further research into this physical approach from both the hydraulic and
structural perspectives.

From the hydraulic perspective, important factors to include in the approach are the location
of measuring the flood characteristics and the alternation of the flow due to the presence of
the building. Furthermore, research is recommended in the following topics:

• The inclusion of more loads, such as the impact load and debris, provide more insight
into the real structural damage. Experiments on partitions of walls with non-structural
elements can provide realistic values for the flood infiltration rate. The inclusion of
debris force is difficult due to the uncertainty of this debris actually colliding in the res-
idence. A probabilistic approach of this load should be more appropriate than applying
the debris force in different situations on the residence.

• Looking at the layout of a city, the residences are oriented differently, so the angle of
attack and blockage also differ per street or block. Where one row of terraced houses will
be subjected to load from a critical angle, others will experience lower loads. Physical
experiments with multiple buildings having different orientations and blockage ratios
can be used to find the influence of the layout on the pressures. Subsequently, the flood
parameters generated by a hydraulic numerical model can give a damage estimation of
a total city based on the loads from the experiments and the structural damage due to
these loads.

• To derive the pressure coefficients for the hydrodynamic load from those used for the
lateral wind load, more insight should be gained into the difference between submerged
and emerged flow.

From the structural perspective the following topics are of interest, which are advised to be
analyzed probabilistically to include multiple failure mechanisms:

• If dynamic loads appear to be more important than expected, the dynamic response of
the residence should be taken into account in the structural analysis.

• Neglecting the contribution of the outer leaf leads to a conservative outcome, but as-
suming a certain strength of the ties without the knowledge of the condition leads to
an overestimation. A balance should be found between these approaches to make a
realistic calculation of the resistance of the total cavity wall. A combined system of the
two different leaves with their flexural stiffnesses and boundary conditions connected
by the wall ties, can be useful to approach this real behaviour of the cavity wall.
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A
Durability of masonry

Factors affecting durability of masonry are taken into account in Annex A of NEN-EN 1996-
2+C1 by classifying masonry based on micro conditions of exposure including macro condi-
tions. Based on the environment or situation, the class can be selected and the right brick
and mortar can be used:

• MX1 - In a dry environment
Examples of masonry in this class are interior walls of a residential or office building
and rendered masonry in exterior walls not exposed to water or damp. Also no heavy
loads can be subjected to this type of masonry during construction.

• MX2 - Exposed to moisture or wetting
Distinction is made between masonry that exposed to moisture, MX2.1, and exposed
to severe wetting, MX2.2. Moisturized walls can be interior walls in a laundry, exterior
walls not exposed to severe rain or frost and masonry in well drained non-aggressive
soil. These last class includes exterior walls with cappings or flush eaves, parapets,
freestanding walls, in the ground or under water.

• MX3 - Exposed to moisture or wetting plus freeze/thaw cycling
The same distinction is made as in MX2 between masonry exposed to moisture or wet-
ting classified as MX3.1 and severe wetting of masonry, MX3.2. The difference with
MX2 is the exposure to frost, which is included in this class.

• MX4 - Exposed to saturated salt air, seawater or de-icing salts
This class includes masonry in coastal areas or adjacent to roads that are salted during
the winter.

• MX5 - In an aggressive chemical environment
When masonry has contact with ground or groundwater containing a significant level of
sulfates or acid, it is classified as MX5. It also includes masonry near to industrial areas
where aggressive chemicals are airborne or with contaminated ground or groundwater.

In the regular building sector, a cavity wall is ventilated, but it is not water- and/or air tight.
These walls can be classified as MX3.2 or in exceptional situations as MX2.2. Buildings
in coastal areas or close to a road, where during winters salt for de-icing is used, even the
regulations which belong to class MX4 should be used.For mortar a similar classification is
defined as followed:

• P - Masonry subjected to passive exposure
This type of mortar can only be used for masonry in class MX1 if during construction
no moisture or frost is involved.
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• M - Masonry subjected to moderate exposure
For masonry in class M2.1 and M3.1 it can be used without conditions, for M2.2 this
type is only applicable if no bricks with soluble salts in category S1 are used. Otherwise
the mortar should be resistant to sulfates.

• S - Masonry subjected to severe exposure
This can be used for masonry in class 1 to 3, if no soluble salts.

• Specific composition
For masonry classified as MX4 or MX5, a specific mortar should be used based on the
amount of moisture, salts and other chemicals present in the environment.



B
Damage grade

To make it possible to take the collapse of houses into account in the mortality functions,
the definition of collapse needs to be specified first. Schwarz and Maiwald (2012) developed
a damage classification method for flood risk analysis, based on the earthquake damage
assessment EMS-98 for masonry buildings. Damage grades D link the flood impact and
loss of the houses, where it can be seen from Figure B.1 that collapse of the building is
comparable with damage grade 5. In this research partial collapse of a key structural element
as described in Section 3.3 will be assigned to total collapse of the building as well.

Figure B.1: Definition of flood damage grade D and assignment to damage cases form the flood 2002 in Saxony (Schwarz and
Maiwald, 2012)

B.1. Vulnerability matrices
Kelman (2002) developed vulnerability matrices for different residences, which can be used
as a tool for determining the mitigation options and risk- and damage assessment. Along
the axes the difference in flood depth in- and outside and the flood velocity can be found.
The cells present the expected damage scale based on failure of the URM cavity walls, glass
failure and rate of rise of the flood water inside the residence. The two storey-residence with
a surface area of 55 m closest to case-study residence 1, so this vulnerability matrix is
displayed in Figure B.2a. Due to the importance of the load carried by the wall, so also the
results for adding an additional storey (’heavy’) is displayed in Figure B.2c.
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(a) Vulnerability profile for 2-storey residence comparable with case-study residence 1 (b) Residences with 2 storeys

(c) Vulnerability profile for 3-storey residences comparable with case-study residence 1 (d) Residences with 3 storeys

Figure B.2: Vulnerability matrices for residences (Kelman, 2002)



C
Impact modelling

There are internationally multiple models and functions to assess the impacts of the floods.
A distinction is made between micro-, meso- and macro-scale approaches to assess damage
and flood fatalities in Table C.1. The smaller the scale, the more accurate the estimate, but
the more input parameters are needed. When looking especially at the damage, in a macro-
approach the spatial distribution of damage potential is equal over the whole municipality. In
the meso-approach a more realistic localization is used, such as a difference in the urban and
rural areas by making use of data in Geometric Information Systems (GIS). For the micro-
approach local hazard parameters are used to calculate damage to individual buildings.

Table C.1: Different approaches of flood modelling based on (Jonkman, 2007) and (Messner and Meyer, 2006).

Scale Area Type of information Damage level
Micro Local Individual causes/circumstances Object
Meso Regional Flood events Land-use types
Macro National Global statistics Municipalities

The impact of large scale floods from the main Dutch water courses is assessed with the
’Standard Flood Damage and Fatality Assessment Model’ (Slager and Wagenaar, 2017) or in
Dutch ’ Standard Schade en Slachtoffer Model’ (SSM2017). This model cannot be classified
as one of the approaches above, as it combines elements from all three types: The consid-
ered area is usually a dike ring, where flood parameters are based on models which include
land-use category, such as rural or urban areas (meso-scale). Small-scale socio-economic
data is used to assign for example house type, number of employees and inhabitants to a
geographic unit (micro-scale). The direct and indirect amount of damage can be estimated
with damage- and mortality-functions, which are determined based on data from historic
events in comparable areas (macro-scale).

73



74 C. Impact modelling

C.1. Dutch mortality functions
• Breach zone

𝐹 , = 1 𝑖𝑓 ℎ𝑣 ≥ 7𝑚 /𝑠 𝑎𝑛𝑑 𝑣 ≥ 2𝑚/𝑠 (C.1)

• Zone with rapidly rising water levels

𝐹 , (ℎ) = 𝜙 ( ( ) )
𝜇 = 1.46 𝑎𝑛𝑑 𝜎 = 0.28

𝑖𝑓 (ℎ ≤ 2.1𝑚 𝑎𝑛𝑑 ≤ 4𝑚/ℎ𝑟) 𝑎𝑛𝑑 (ℎ𝑣 < 7𝑚 /𝑠 𝑜𝑟 𝑣 < 2𝑚/𝑠)
(C.2)

• Transition zone

𝐹 , (ℎ) = 𝐹 , + (𝑤 + 0.5) , ,
.

𝑖𝑓 (ℎ ≤ 2.1𝑚 𝑎𝑛𝑑 0.5 ≤ < 4𝑚/𝑠) 𝑎𝑛𝑑 (ℎ𝑣 < 7𝑚 /𝑠 𝑜𝑟 𝑣 < 2𝑚/𝑠)
(C.3)

• Zone with slow rising water levels

𝐹 , (ℎ) = 𝜙 ( ( ) )
𝜇 = 7.60 𝑎𝑛𝑑 𝜎 = 2.75

𝑖𝑓 (( < 0.5𝑚/ℎ𝑟) 𝑜𝑟 ( ≤ 0.5𝑚/ℎ𝑟 𝑎𝑛𝑑 ℎ < 2.1𝑚)) 𝑎𝑛𝑑 (ℎ𝑣 < 7𝑚 /𝑠 𝑜𝑟 𝑣 < 2𝑚/𝑠)
(C.4)



D
Flood actions

Selection of flood actions
Hydrostatic:
For the lateral hydrostatic pressure only the most extreme situation is included. This is the
case without any infiltration of the flood water in the residence (ℎ = 0), which causes the
largest lateral load since there is no equalization. The flood infiltration rate is taken into
account by various researches, see section D.1, but the differences in values per residence
are too large to consider other situations as well.

Both buoyancy and capillary rise are excluded in further analysis, since timber frame
residences are rare in the Netherlands and the effect of capillary rise is negligible to the hy-
drostatic loads.

Hydrodynamic:
Since the value of the drag coefficient, 𝐶 , varies in different studies and practise documents,
more research is done on this factor, so the quasi-static loads are included in both Section
2.2.2 and the experiments. The wind waves will not be generated in the physical model, be-
cause these loads can be included in the structural analysis by making use of knownmethods
in Section 2.2.3. It is assumed that in the Netherlands mainly inundation floods occur due
to the failure of a levee, so without the development of a bore when the flood travels further
inland over the relatively flat surface. Only near the breach the impulsive loads could de-
velop, so these forces are excluded from further analysis.

Geotechnical:
Scour of the subsoil can only start when the top layer is washed away. This layer in the
Netherlands consist mainly of grass or pavement, which has a critical flow velocity of 5 m/s
(Roos, 2003). Since this velocity is quite high, it is assumed that collapse of the walls has
occurred before scour will have an effect. Also the effect of deposition is assumed to be neg-
ligible compared to the lateral hydrostatic force, so geotechnical actions are excluded.

Debris:
Modelling of the loads due to debris on a building is quite complex due to scaling effects and
uncertainties, so these actions will not be quantified with the physical model. Due to the high
uncertainty of the occurrence and magnitude, these are excluded in the structural analysis.

Non-physical:
Although these actions are assumed to have played a major part of the collapse of residences
in 1953, but are nowadays assumed to be only relevant for damage and not for collapse, so
these actions are excluded in the further analysis.

75



76 D. Flood actions

D.1. Flood infiltration rate
As soon as the water depth exceeds the lower part of the lowest window equalization is starting
according to Roos (2003). Kelman (2002) suggest to use the flood rate inside a residence
(FRR in 𝑚/𝑠), since water starts infiltrating into the building immediately through pores and
cracks. This value depends on the flood infiltration rate (FIR in 𝑚 /𝑠) and the footprint of the
building (A in 𝑚 ), with a typical upper bound value of:

𝐹𝑅𝑅 = 𝐹𝐼𝑅/𝐴 ≈ 0.005𝑚/𝑠 = 18𝑚/ℎ𝑟 (D.1)

Infiltration through the walls, interfaces of wall and window/door, pipes, postal flaps and
through the floor are considered. The smaller the water depth and flow velocity, the smaller
the infiltration rate.

In 2007 laboratory experiments for DCLG (Escarameia et al., 2007) found an average
leakage rate of 0.15 𝑚 /ℎ𝑟 per meter of typical cavity wall made out of bricks with a difference
in water level of one metre. Multiplying with the typical perimeter and diving by the typical
area used by Kelman (2002) in Equation D.1, give a value of 0.16 m/hr.

D.2. Impulsive load
The impulsive (or impact) load is caused by the leading edge of a bore or surge passing the
building in case of a tsunami or dam-break. Árnason (2005) observed the initial impact for
the rectangular cross section, which assumed to be 50% larger than the resistance force
during passing of a small bore. FEMA P646 (2012) used these laboratory data to derive an
amplification factor of 1.5 for the impulsive force in Equation 2.5. Nouri et al. (2010) also
observed a force reduction of approximately 55 to 60% after the initial impact force for an im-
poundment waterdepth to width/length ratio of 3.75, 4.25 and 5. For a ratio of 2.5 this drop
was only 30% followed by a gradual increasing force due to run-up of the bore on the column.

However, there is another approach of simulating tsunamis which create longer waves
with a volume-driven wave-maker by releasing a column of water of a specified volume at a
controlled rate. The inundation flow is gradually varying in these experiments and can be
considered as steady. So, impulsive loads are rarely observed and are preliminary proposed
to be neglected for long wave periods from 20 to 240 s in the updated design guidance for
tsunamis by Foster et al. (2017).

The magnitude of the impulsive loads are strongly influenced by the air entertainment
due to friction with the ”virtually” dry bottom, since perfectly dry is difficult to achieve. This
results in Euler and Cauchy number which are too large. To compensate for these overesti-
mation due to air effects a correction according to Cuomo et al. (2010) can be applied, based
on the Bagnold number, 𝐵𝑔𝑛 = , of both the model and in reality, see Figure D.1.

Figure D.1: Scale factors (left) and correction factors to Froud (right) as function of the Bagnold number (Cuomo et al., 2010)
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D.3. Blockage effect
The ratio of the width of the building to the width of the flume is known as the blockage ratio,
𝐵/𝑏, and can be used to take into account the presence of adjacent buildings. Empirically de-
termined drag coefficients are strongly influenced by the blockage, which cause an increase
of the average flow outside the wake. In some cases there is also a water level difference
between the upstream and downstream side of the building, which cause a contribution of a
hydrostatic pressure to the stream wise load. Recent research to the impact of this effect on
the hydrodynamic force is summarized.

Árnason (2005) conducted experiments to study the interaction of a hydraulic bore with
free-standing structures on a dry bed. In this research the coefficient of resistance, 𝐶 , in
stead of 𝐶 in Equation 2.4 are determined for a cylindrical, rectangular and rhomboidal
cross sections, which appear to be constant for either orientations of the square column.
This approach is similar to the research on steady flows around bridge piers by Gupta and
Goyal (1975): 𝐶 = .

Qi et al. (2014) proposed a framework where the relation between the blockage factor
and the magnitude of the hydrodynamic force can be quantified for turbulent flow, which is
shown by Foster et al. (2017) to be representative for the force of a tsunami inundation on
buildings (Lloyd (2016) and Foster et al. ( 2017)). For damage to buildings these quasi-steady
force estimation provides the best fit to damage data for three different tsunami areas by
Macabuag et al. (2016). The blockage ratio influence the Froude number, which determines
the flow regime to be subcritical or choked leading to the corresponding quasi-static or mean
drag force as followed:

𝐹 = {
𝐶 𝜌𝑣 𝐵ℎ Subcritical, 𝐹𝑟 < 𝐹𝑟

𝜆𝐵𝑔 𝑣 ℎ Choked, 𝐹𝑟 ≃ 𝐹𝑟
(D.2)

Figure D.2: Schematic diagram indicating the quantities described by the framework of Qi et al. (2014) adapted from Lloyd (2016)

The two different formulas are introduced to take into account the difference in waterdepth
on both sides of the object in case of the choked regime shown in Figure D.2. This hydraulic
jump downstream of the object cause a hydrostatic force component due to hydrodynamic
actions. In the experiments of Qi et al. (2014) this component varies in a choked regime from
25 to 60% when the blockage ratio increase from 0.1 to 0.4. Wei et al. (2015) also observed a
10 to 20% larger hydrodynamic peak force than solely from the drag effect for blockage ratios
between 0.2 and 0.28, depending on the shape of the object. This effect is included in the
empirical factor 𝜆 in Equation D.2 defined as:

𝜆 = 1
2𝐶 𝐹𝑟 + 12𝐶 ( 1

𝐹𝑟
− 1

𝐹𝑟
) with { 𝐶 = 𝐶 (1 + 𝐶 )

𝐶 = 0.58
(D.3)
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After this peak, the flow is less transient and a linear relationship between the blockage
fraction and the magnitude of the force is observed by Wei et al. (2015). Qi et al. (2014)
describes this as the subcritical regime, where a modification of the unbounded drag coef-
ficient, 𝐶 , is used, which is the drag coefficient of the submerged object in an unblocked
turbulent flow.

The blockage ratio also influence the magnitude of the impulsive force according to the
experiments of Nouri et al. (2010) on square structures. By changing this ratio from 0.125 to
0.250 and 0.375, the impulsive force increase up to respectively 125, 140 and 125% of the
initial force in an unblocked flow. The general form of the measured forces in time however
remains the same. Furthermore, the orientation of the object is important: both Árnason
(2005) and Wei et al. (2015) observed a less violent initial impact on when there is a clear
separation point in the leading edge of the object, which is the case for a diamond shaped
object.



E
Drag and pressure coefficients

Figure E.1: Drag coefficients from P-55, Coastal Construction Manual (FEMA, 2011)

E.1. Windload according to NEN-EN 1991-1-4
For the design of the walls against wind loads, the worst combination of external and internal
forces needs to be considered. The internal pressures coefficients depends on openings in the
façade of the residence, which are none if the windows are not shattered yet. The building
can be considered as ’closed’ and internal pressure coefficients of ± 0.3 can be used.

𝐹 =∑
⎧⎪
⎨⎪⎩

𝐹 , = 𝑐 𝑐 ∑ 𝑤 𝐴 𝑤 = 𝑞 (𝑧 )𝑐

𝐹 , = ∑ 𝑤 𝐴 𝑤 = 𝑞 (𝑧 )𝑐

𝐹 = 𝑐 𝑞 (𝑧 )𝐴
(E.1)

Figure E.2: Pressure coefficients
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Figure E.3: Velocity pressure profile for a building where H < B

Figure E.4: Windload on vertical walls of a building with a rectangular footprint



F
Selection of case-study residences

F.1. Type of residence BAG
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F.2. Building quality over the years
There are a five general periods where a lot of single-family residences where built with their
own specific points of attention. Between 1947 and 1956 there was a lot of variation in
the construction of terraced residences, which is changed with a variation factor of 3.1 to
1.7 due to the massproduction of residences between 1957 and 1973 (Thijssen, 1999). The
information about the construction of the buildings are gained from Kennisbank Bestaande
Woningbouw, Lijbers et al. (1984) and Thijssen (1999).

Blocks of terraced houses consist of 4 to 8 residences next to each other, up to 12 be-
fore 1965. The dimensions variate in time: for the most common width from 6 meter (60’s),
5.7 (70’s), 5.4 (80’s) to 4.8 (90’s) and depth from 7.5 (60’s), 8.5 till 9.2 (70-80’s) to 9.8 (90’s)
(Thijssen, 1999). The height of the residence is decreased from 2.8 in the sixties to 2.4 in
the nighties, where in the building codes over the years a smaller height is required for the
sleeping areas compared to the living area.

Figure F.1: Development of building quality of the years (Kennisbank Bestaande Woning Bouw)

Pre-war residences (< 1945)
Residences built after the first world war were obligated to fulfill the requirements of the first
Woningwet of 1901. These are built with the traditional building method with high quality,
durable materials. First a masonry or concrete foundation is built on timber piles if a shal-
low foundation is not able to withstand the forces. On top of that, walls consisting of single
stone (wall thickness of ±20 cm) or half stone brick wall (wall thickness of ±10 cm) are placed,
whereafter timber frame floors and roof.

Early-postwar residences (1945 - 1964)
Reconstruction after the Second World-war started slowly due to shortage of material and
construction workers. Most buildings are built traditionally with hollow brick cavity walls
with timber floors and roofs. From 1960, attics were able to enter through a timber floor.
The use of non-traditional building elements, or the ”system building method” increase from
1953, for example the use of concrete reinforced or stone-like material (hollowmasonry) floors
on concrete foundation on timber or concrete piles. Walls can consist of large hollow block
of porous concrete, prefab concrete elements or in-situ concrete.
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The focus in this period and the next one was to built affordable single-family residences
for the socially disadvantaged resulting in sober and cheap plans, fixed in standard selec-
tion plans also known as ”normaalwoningen” or the follow-up ”keuzeplanwoning”. Most fre-
quently built is the ”doorzonwoning” in the top figure of Figure 3.3b, characterized by the
stretch of the living room from front to back facade resulting in a lot of light in the room
and the load-bearing wall in the middle of the building. In this period almost 1.4 million
of these kind of residences are built in both the traditional as the system building method.
Approximately 450,000 residences are built from 1950 to 1979 as a ”system residence”.

Housing shortage residences (1965 - 1974)
In the sixties and seventies a lot of houses are built to overcome to housing shortage for
especially lower income families. Social housing corporations used an industrial approach
to construct fast, so prefabrication of large elements and in-situ concrete (in Dutch: giet-
bouw) become popular. Due to this production of large quantities of residences and quick
development in building techniques, the risk of poor quality is higher than before. Due to
the use of precast concrete panels as floor (in Dutch: breedplaatvloer) in 1970, floors could
span one residence with a width of 5.4 meter, which leads to a new selection plan without a
load-bearing wall in the building as shown in the bottom figure of Figure 3.3b.

Energy crisis residences (1975 - 1994)
In this period insulation requirements to floors, roofs and facades were introduced as result
of the oil crisis in 1973. The load-bearing walls are made of masonry or concrete and are
built on top of a concrete foundation with concrete piles. The cavity wall facades consist of
an inner leaf from calcium silicate or concrete elements, insulation material with a thickness
of ±6 cm and a wood-based or masonry panel as outer leaf.

Bouwbesluit residences (1995-2005)
In this period the government assigned areas in and around cities which needed to be used for
development of residences, called VINEX-location (Vierde Nota Ruimtelijke Ordening Extra).
These neighbourhood should combine living, working and services at the edges of existing
cities resulting in a decrease of pressure on the large cities. At 418,000 locations are more
than 680,000 residences built, resulting in a living space for almost 790,000 people (CBS).

Renovation (> 2005)
In this period the focus is on the current building stock in stead of the development of new
buildings, where a choice needs to be made between demolishing or renovation based on
the ease of replacing components. System residences are renovated by replacing the facade-
elements with new isolated elements or in case of traditional built residences isolation ma-
terial is placed in between the hollow cavity walls.



84 F. Selection of case-study residences

F.3. Case-study residences

Figure F.2: Traditionally built residences with masonry cavity walls and timber floors

Figure F.3: Traditionally built residences with masonry cavity walls and system floors



F.3. Case-study residences 85

Figure F.4: In-situ concrete walls and floors

Figure F.5: Stability systems in-situ concrete residences adapted from VOBN





G
Material models and properties for

structural analyses

G.1. Model approaches
To model this composite material, three common approaches are described in Figure G.1.
Figure G.1 (b) and (c) shows a discrete model, where the joints and units are modelled as
separate materials. A difference can be made between a detailed micro-model (b) , where
the mortar is modelled as a continuum element and the interface by discontinuous elements
and the simplified micro-model (c), where the behavior of the mortar joints and unit-mortar
interface are combined in discontinuous elements.

Another approach is to model the units and mortar as a homogeneous, an-isotropic ma-
terial, which is called macro-modeling pictured in Figure G.1 (d). This is a phenomenological
approach, somaterial parameters must be obtained from experiments onmasonry. For global
structural behaviour such as collapse, the use of a continuum model is preferred since this
approach is less time-consuming and exact knowledge of the unit-mortar interaction is gen-
erally not required (Laurenco et al., 1995). Since global structural behaviour is of interest and
laboratory test have already been conducted on similar masonry as the studied residences,
this last approach is used.

Figure G.1: Modeling strategies for masonry structures (Laurenco et al., 1995)
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G.2. Material properties
The properties defined in the studies from experiments on samples from existing building
(Jafari et al., 2017) and replicated masonry (Esposito et al., 2016) are summarized in Table
G.1.

Table G.1: Material properties for masonry (coefficient of variation between brackets)

Test specimen 𝑓 [MPa] 𝑓 [MPa] 𝑓 [MPa] 𝑓 [MPa] 𝜇 [-]
sample solid clay > 1945 17.7 (0.38) 0.43[ ] (0.38) 1.22 (0.09) 0.45 0.89
sample perforated clay > 1945 20.7 (0.13) 0.15[ ] (0.20) 0.87 (0.09) 0.82 0.66
replicated perforated clay 14.73 (0.07) 0.40 (0.26) 1.12 (0.25) 0.15 0.87
sample CS < 1985 12.4 (0.20) 0.18[ ] (0.33) 0.72[ ] (-) 0.24 0.81
replicated CS 5.93 (0.09) 0.21 (0.25) 0.76 (0.47) 0.14 0.43
[ ] (NEN-EN 1996-1-1+A1/NB) [ ] = ∗ (NEN-EN 1996-1-1+A1/NB)

For structural analysis, the characteristic values of the material properties are needed.
These values have a probability of non-exeedance of 5% and can be determined from the
tests by assuming a normal distribution of the strength properties over the samples. For
the compressive strength of the masonry, 𝑓 , the covariance, 𝑉, is needed. For the flexural
strength, the value should be divided by 1.5 and the 80%-value should be taken for the
characteristic initial shear strength.

𝑓 = 𝑓 − 1.645𝜎 with 𝜎 = 𝑓 𝑉
𝑓 = 𝑓 /1.5
𝑓 = 0.8 ∗ 𝑓

(G.1)

The characteristic tension stress which can develop in the concrete without forming cracks,
𝑓 , , is given in Equation G.2 (NEN-EN 1992-1-1+C2 art. 3.1.3) for the lowest quality URC
used for residences C20/25 (Van Boom et al., 2005). Using Equation G.3 under accidental
loading, gives a design tThe characteristic shear tension the wall can resist can be calculated
with Equation G.4 (NEN-EN 1992-1-1+C2/NB art. 6.2.2.). Both values are larger than those
of masonry in Table G.1.

𝑓 , = 0.7 ∗ 𝑓 = 0.7 ∗ (0.3 ∗ 𝑓 / ) = 1.55 MPa (G.2)

𝑓 = 𝛼 𝑓 ,
𝛾 = 1.0 ⋅ 1.55

1.2 = 1.29𝑀𝑃𝑎 (G.3)

𝑣 = 0.035𝑘 / 𝑓 / = 0.44 MPa with 𝑘 = 1 + √200𝑡 ≤ 2.0 (G.4)

The number of ties per square meter should be more than 2 according to the Eurocode,
which lead to 4 ties in practice by the use of a standard number of ties per isolation plate.
For residences built in the period with galvanized steel ties (residence 1), the number of ties
is reduced to 2 to take into account the uncertainty of the state of the ties. The force the tie
can bear before buckling (in case of compression) or before pulled out of the mortar (in case
of tension), can be found in Table G.2 (Esposito et al., 2016). It is assumed the ties are able
to transfer an uniform load, 𝑞 𝑑, from one leaf to the other:

𝑞 , = ±𝐹 , 𝑁 with 𝐹 , = 𝐹 − 1.645(𝐹 𝑉) (G.5)

Table G.2: Characteristic material properties for ties (coefficient of variation between brackets)

Case 𝐹 , [kN] 𝐹 , [kN] N [/𝑚 ] 𝑞 , , [MPa] 𝑞 , , [MPa]
1+3: perforated clay -1.83 (0.08) +2.76 (0.16) 2 -2.61 +3.84
2: CS -1.09 (0.37) +1.4 (0.08) 4 -1.48 +3.40



H
Experimental set-up

H.1. Instrumentation
Gate
The Wave Overtopping Simulator can be controlled with the software SoMove 2.5. The soft-
ware uses the unity, 𝑢𝑠𝑟, to describe both the opening height under the gate, velocity and
acceleration of the gate. The relationship between the height in usr-p and mm is created
simultaneously as calibration of the wave gauges. When the bottom of the gate touches the
water level, the water depth (in mm) and opening height (in usr-p) are saved to describe this
relationship. The maximum opening height is 0.23 m, so avoiding the influence of the gate
opening on the formation of the wave is only possible for impoundment depths lower than
0.23 m.

The time of opening of the gate is determined with a video record of 60 frames per second.
An acceleration of 10,000 usr-a and velocity of 6,000 usr-v gives an opening time of 0.13 and
0.20 seconds for opening heights respectively -30,000 and -60,000 usr-p. Using the calibra-
tion for the height, these periods are in between the values of Equation 4.1. These velocity
and acceleration are used in all the following experiments.

Wave gauges
Wave gauges generate electric signals (in volt), which correspond to a certain water depth.
This relationship (Equation H.1) can be described by the process of calibration: The flume is
filled to a certain water level, which can be verified with tapeline on the see-through side of
the flume. To create an equal water level in the flume and reservoir, the gate is open during
this process. The voltage from the wave gauges which correspond to this water depth are
saved and a trendline can be drawn through these points as shown in Figure H.1.

Figure H.1: Calibration of Wave Overtopping Simulator and wave gauges

ℎ[mm] = gain ⋅ 𝑉 + offset (H.1)
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EMS
The velocity in the direction aligned with the flow is measured with an electromagnetic velocity
sensor (EMS). The probe modifies an electric signal which is proportional to the flow velocity
parallel to the plane of the electrodes. Velocities are expected to exceed the small range of 0 to
+/- 1.0 m/s, so the larger range is chosen. A voltage of 1 V is comparable to a flow velocity of
0.10 m/s. To capture the occurring flow velocities, the EMS is set on 7.3 at stagnant water,
leading to the following calibration equation:

𝑣 [m/s] =
7.3 + 𝑉
10 (H.2)

Also the elevation of the EMS is of importance, because the results are only reliable when
the probe is under water. Furthermore, the velocity profile should be taken into account,
although it is assumed this is uniform over the height for the drag force. When looking to
experiments of bores propagating over a wet bed, it can be seen that this uniformity starts
from ±0.1ℎ (Wüthrich et al., 2018).

Pressure sensors
The buildings contain 12 sensors shown in Figure 4.3. These sensors measure the difference
in pressure inside the building (atmospheric pressure) and the external pressure due to the
flood wave perpendicular on the faces of the building. Calibration of the sensors is done
in the same way as the wave gauges, so the output in voltage can be converted to a height
as presented in Figure H.2. This height resembles the hydrostatic pressure due to a water
column with this height.

(a) Pressure sensors at the top (b) Pressure sensors at the bottom

Figure H.2: Calibration of pressure sensors

H.2. Scaling
The following three criteria needs to be met to provide similitude:

1. Geometric similarity: The shape should be the same and is defined as the ratio of geo-
metric dimensions, 𝜆 , so the real length, 𝐿 to the length used in the model, 𝐿 .

2. Kinematic similarity: Geometric similarity + similarity in motion

3. Dynamic similarity: Forces should act in the same ratio on the corresponding mass
through the entire flow field = Geometrical + kinematic similarly and identical force
ratios:
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Froude number (inertia - gravity) 𝐹𝑟 = 𝑣
√𝑔ℎ

(H.3)

Reynolds number (inertia - viscosity) 𝑅𝑒 = 𝑣𝐿
𝜈 (H.4)

Weber number (inertia - capillary force) 𝑊𝑒 = 𝜌𝑣 𝐿
𝜎 (H.5)

Cauchy number (force - elastic force) 𝐶𝑎 = 𝜌𝑣
𝐸 (H.6)

Euler number (pressure force - inertia) 𝐸𝑢 = 𝑝
𝜌𝑣 (H.7)

Scaling
The scale of the model or scale ratio, 𝜆 is usually defined as the ratio of geometric dimensions,
𝜆 . To scale the other parameters in the same way, scale rules needs to be applied according
to the most relevant force ratio. For the impact of water on structures the most important one
are gravity and inertia, so these should be the same in the model and reality. In experiments
this can be accomplished by scaling according to Froudes law, where the dimensionless
Froude number, 𝐹𝑟√ , should be equal in the model and in reality as well. A scale of 1:30
or 1:60 is typically used for models which imply a Froude similitude.

The scaling of different parameters can be found in Figure H.3a. An example is given for
velocity: Since the gravity is the same in the model as in reality, 𝜆 = 1 and the length is
scaled according to the scale of the model, 𝜆 = 𝜆, the flow velocity should be scaled with
𝜆 = √𝜆, to provide 𝜆 = 1.

Scaling of the building material, in this case masonry, is hard due to the difficulty in
scaling down of the modulus of elastic, stiffness, density and interaction between the blocks.
For this reason experiments are mainly done with the same material, which leads to more
scale effects depending on the failure mode of the masonry element shown in Figure H.3b. If
there is no effect due to scaling, the ratio of the strength of the scale model and the prototype
(full scale/real) strength along the y-axis should be 1. The variation of compressive strength
and stiffness is negligible, but there is an increase of shear stiffness and strength of the scale
model compared to the prototype with a reducing scale. Also the flexural bond strength at the
block-mortar interface is influenced by the scale factor, which is partially due to the variation
in water absorption and porosity (Sathiparan et al., 2016).

(a) Scale ratios for Froude scale (b) Ratio of scale model strength to real masonry strength for different
scales (Sathiparan et al., 2016)

Figure H.3: Scaling of hydraulics and masonry
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Scale effects
Since the model is made based on Froude scaling and the model fluid is identical to the real-
world fluid (water), only one force ratio can be met and dynamic similarity is not possible.
The remaining force ratios result in scale effects, which increase with the scale ratio.

The material properties of water, like viscosity, density and surface tension, cannot be
scaled when this same fluid is used in the experiments. This makes it impossible to make
sure the Reynolds and Weber number are the same in the model and reality. The ratio of
inertia to respectively viscosity in Equation H.4 is independent of the Reynolds number when
the flow is turbulent with Re > 2000. To maintain similar breaking characteristics, so take
into account the ratio between inertia and capillary force (i.e. surface stress) at the interface
air-water in Equation H.5, the Weber number cannot become below 120 according to Peakall
and Warburton (1996).

There is also a difficulty in scaling of the atmospheric pressure and elasticity of the object,
so the Euler and Cauchy number are too large. The Cauchy number results in a structure
interaction which behaves too stiff and strong and the impact of the water and air are too
large as well. Both result in an over prediction of the impact pressures, so the model is
conservative compared to reality. For impulsive loads this should be compensated for, see
Appendix D.2, but for quasi-static loads this is well accepted.

The dimensionless numbers are checked for the baseline measurements to see if scale
effects should be taken in account. In Figure H.4 it can be seen that these numbers are well
above the critical values of 120 for the Weber number and 2000 for the Reynolds number, so
scale effects can be neglected.

Figure H.4: Dimensionless numbers at the building from measurements of 5 runs with impoundment depth ≈ mm
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H.3. Analytical solution for a dam-break wave
Ritter (1892) determined an analytical solution for a one-dimensional dam-break wave on
frictionless bed based on mass and energy conservation in Equation H.8 and H.9. The prop-
agation speed of the front of the positive wave is not accurate enough, so Chanson used the
Saint-Venant equations for a prismatic or rectangular channel with frictionless horizontal
bed to predict the wave tip profile. The difference of the free surface profile is visible in Figure
H.3.

ℎ = 1
9𝑔 (2√𝑔ℎ − 𝑥/𝑡) (H.8)

𝑣 = 2
3(√𝑔ℎ + 𝑥/𝑡) (H.9)

FEMA 55 (2011) give an lower and upper bound for the design flood velocity in Equation
H.10 , where the initial velocity deduced from Equation H.9 is in between these boundaries
with 𝑣 = √𝑔ℎ .

ℎ /𝑡 ≤ 𝑣 ≤ √𝑔ℎ with 𝑡 = 1𝑠𝑒𝑐 (H.10)

In case of a steady flow the energy at any point of the streamline is constant according
to the Bernoulli equation of conservation of energy head. With zero kinetic energy upstream
and zero water depth downstream, the velocity can be calculated as followed:

1
2𝜌𝑣 + 𝜌𝑔ℎ = 1

2𝜌𝑣 + 𝜌𝑔ℎ → 𝑣 = √2𝑔ℎ (H.11)





I
Linear elastic approach

The non-load bearing (NB) wall is the pier in the facade are needed to provide stability to the
residence, the party walls provide the stability of case-study residence 3. The normal force
in this wall is caused only by the self-weight of the facade. An overview of the dead weights
is given in Table I.1 per case-study residence.

Table I.1: Normal forces on the lower walls

Case Material t [mm] 𝜌 [kg/m ] G [kN/m ] N [kN/m] N [kN/m]
1: floor timber - - 0.30 (+1)[ ] 0.81 (+2.7)

LB wall URM clay 100-50-100 1800 1.77 4.77 13.19
NB wall URM clay 100-50-100 1800 1.77 4.77 4.77

2: floor system - - 5.40 (+1)[ ] 14.57 (+2.7)
LB wall URM CS 120-60-120 - 2.01[ ] 5.43 38.55
NB wall URM CS 100-50-100 - 1.68[ ] 4.52 4.52

3: floor RC 180 2500 4.41 (+1)[ ] 11.92 (+2.7)
LB wall URC 120-60-120 2400 2.83 7.63 35.76
party wall URC 250 2400 5.89 15.89 43.19

[ ] . ⋅ / . / (Van Paasen et al.)
[ ] . / ∗ . /
[ ] surface load due to installations, furniture ect. /

I.1. Edge conditions
The façades on both sides are non-load bearing and consist of masonry wall panels with open-
ings for the windows and doors. It can be assumed that the arrangement of the units provide
a bonded connection between the load-bearing wall and façade. Depending on the ability of
the masonry pier to rotate in torsion, the edge condition can be defined as continuous (Figure
5.1 a) or simple (Figure 5.1 c).

A small opening can be dealt with by subtracting the area of the opening from the total
area to calculate the strength if a suitable frame is built in this opening. It is also possible
that the parapets are constructed of wood-based panels in stead of masonry, which are glued
to the floor and tied to the piers. To find the resistance of the façade, it can be divided into
sub-panels by defining the material and edge conditions. For the out-of-plane behaviour, the
parapet itself has only an clamped boundary condition at the base and the at the intersec-
tion of the masonry piers and the parapet, free edges can be assumed since no shear can be
transferred.

Over the years three types of floors are commonly used resulting in the following boundary
conditions:
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• Timber floors can be assumed to function as a simple edge condition based on the ca-
pacity of the anchors. Since the beams span in one direction, the floor behaves stiff in
the direction of the beams and flexible in the transverse direction. Due to this behaviour
and the non-load bearing function of the façade itself, a flexible façade-floor connection
is created and schematized as a free edge, so torsion of the piers is not restrained.

• ”System floors” are placed on top of the load-bearing walls and fixed with mortar result-
ing in a stiff diaphragm behaviour of the floor. Although the floor spans in the same
direction as the timber floor, this behaviour make it possible to provide a lateral support
in both the direction of the load-bearing wall and the non load-bearing façade wall.

• When the concrete floor is a fixed to the load-bearing walls by pouring concrete at the
edges and continuous or overlapping reinforcement through the elements, stability can
be found without adding piers. Both moments and shear can be transferred between
the walls and floors, so this is a continuous edge condition.

Beside the floors, also the type of foundation can be seen as an edge conditions for the
wall. The foundation consist of a shallow foundation or in combination with pile underneath,
resulting both in a fixed support at the base of the wall. Also the presence of a damp proof
course (dpc) needs to be considered based on the shear resistance of the material, which can
cause a discontinuity in the lateral load distribution. This layer, introduced around 1975, is
usually placed at ground level in between the units to prevent capillary rise of ground water
in the wall. Initially it is assumed the shear force can be transferred through this foil, so
schematized as a simple supported edge.

I.2. Linear elastic response
The differential equations describe the linear elastic response of any wall due to a lateral
load. If the stability moment of resistance (moment of the base in Equation I.1) exceeds the
maximum moment without the partially fixed base, it should be schematized as a propped
cantilever.

𝑀 , = 𝑁 ∗ 𝑧 with 𝑧 = 𝑡
2 −

𝑡
2 =

𝑡
2 −

𝑁
(2𝑓 ) (I.1)

𝜅 = −
d𝜙
d𝑦 = −

d 𝑤
d𝑦 kinematic

𝑀 = 𝐸𝐼𝜅 = −𝐸𝐼
d 𝑤
d𝑦 constitutive

𝑉 =
d𝑀
d𝑦 = −𝐸𝐼

d 𝑤
d𝑦 equilibrium

𝑞 = −
d𝑉
d𝑦 = 𝐸𝐼

d 𝑤
d𝑦 equilibrium

(a) Inner leaf 1 and 2 (b) Inner leaf 3 (c) Outer leaf

Figure I.1: Mechanic scheme of inner walls

Boundary conditions propped 𝑤 = 0 𝜙 = 0 − −
simple support 𝑤 = 0 − − 𝑀 = 0

Matching conditions end load 𝑤 = 𝑤 𝜙 = 𝜙 𝑉 = 𝑉 𝑀 = 𝑀
simple support 𝑤 = 0 𝑤 = 0 𝜙 = 𝜙 − 𝑀 = 𝑀
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Failure however occurs when the stability moment at the base is exceeded, so the opening
of the crack until reaching this stability moment, is colored yellow. For the second case-study
residence this rocking strength provides additional moment capacity, where this is negligible
for the first case-study residence. When the crack is totally opened, redistribution of the
loads cause an increase of the sagging moment until the ultimate strength is also reached at
this location (orange area in Figure I.2c and I.2g).

(a) Case 1: sagging moment (b) Case 1: hogging moment (c) Case 1: 40% redistribution

(e) Case 2: sagging moment (f) Case 2: hogging moment (g) Case 2: 40% redistribution

(h) Case 3: sagging moment (i) Case 3: hogging moment (j) Case 3: 30% redistribution

Figure I.2: Failure graph for one-way bending of the load-bearing inner leafs

(a) Case 1: fetch = 0.1 km (b) Case 1: fetch = 10 km (c) Case 2: fetch = 0.1 km (d) Case 2: fetch = 10 km

Figure I.3: Failure graph for out-of-plane bending of inner leaves for load combination 2
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I.3. Load distribution over shear walls
The shear force subjected to a pier consist of a direct component and a torsional component
due to the distance of the net force to the center of rigidity, see Equation I.2. In case the
front and back facade have openings at the same locations, the latter component is zero due
to symmetry.

𝑉 , = 𝑉
𝐸𝐼

∑ 𝐸𝐼 ,
𝑉 , = 𝑉𝑒

𝐸𝐼 𝑑
∑ 𝐸𝐼 , 𝑑

= 0

𝐼 =

⎫
⎪⎪

⎬
⎪⎪
⎭

𝑉 = 𝑉 , + 𝑉 , = 𝑉
𝐼

∑ 𝐼 ,
(I.2)

All the piers in case-study residence 1 are engaged due to the additional load-bearing wall
in the residence, where the pier in between the door and window(s) is isolated for case-study
residence 2. The moment of inertia for the engaged piers are much larger due to the bonded
load-bearing wall, which partially act as flange of the shear wall according to NEN-EN 1996-
1-1 art.5.5.3. The moments of inertia for the different piers and the number of piers present
in a row of 4 residences are given in Table I.2. In the last column the percentage of the total
load which the pier should resist according to Equation I.2 can be found.

Table I.2: Moment of inertia, amount and relative rigidity of piers in a row of 4 residences

Case L [m] t [mm] L [m] t [mm] N [/facade] I [⋅10 mm ] RR [%]
1:engaged 0.5 100 0.54[ ] 100 6 2.13 1.80
engaged 1.0 100 0.54 100 3 15.48 13.08

∑I = 59.19
2:isolated 0.5 100 0.54 120 4 1.04 0.89
engaged 0.5 100 0.54 120 2 4.02 3.42
engaged 1.0 100 0.54 120 3 15.52 13.20

∑I = 58.77
[ ] minimum of / , , , (NEN-EN 1996-1-1 art.5.5.3)



J
Tie and window failure

J.1. Tie failure
The load-bearing walls are cavity walls, so both leaves should not have to bear the total load.
The maximum load can be applied to the wall if the load will be distributed between the leaves
in the ratio 0.65:0.35 for case-study residence 1 and 0.75:0.25 for case-study residence 2
displayed in Figure J.1. Where the Clausen criteria is closely approached by the failure graph
of case-study residence 2, the difference between the Clausen criteria and the failure graph
of case-study residence 1 remains big.

(a) Inner leaf 1 (65%) (b) Outer leaf 1 (35%) (c) Inner leaf 2 (75%) (d) Outer leaf 2 (25%)

Figure J.1: Failure graphs for inner and outer leaf of case-study residences

It should be checked if the ties can bear this load transfer from one leaf to the other during
this the optimal load distribution. The location of check makes a big difference as can be seen
in Figure J.2a and J.2b, where the lower lines are the maximum tension force at a certain
location before pulling out of the ties and the upper line is the maximum compression force
before the ties will buckle. The boundaries at halfway of the water depth are shown in the
Figure 5.15a and 5.15d as well to compare this failure with bending failure of the load-bearing
inner leaf.
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100 J. Tie and window failure

(a) Case 1: Tie failure (b) Case 2: Tie failure

Figure J.2: Failure graph for ties of case-study residences

J.2. Windows
The red area in Figure J.3 represents the flood situation combination, which cannot be re-
sisted by the window pane. For load combination 1 is this the combination of water depth
and flow velocity, where for load combinations 2 a combination of water depth and the wind-
generated waves is given. The orange part represent the failure in case of a single-glazed
window, which fails at a slightly lower pressure. If this situation occurs, the window is as-
sumed to be broken and the water depth will equalize inside the residence. In the graphs only
the critical orientation for failure of the windows is taken into account, so the glass panes
perpendicular to the flow or wind direction.

(a) Window 2.80 x 1.80 m (LC 1) (b) Window 1.30 x 1.30 m (LC 1) (c) Window 0.65 x 1.30 m (LC 1)

(d) Window 2.80 x 1.80 m (LC 2) (e) Window 1.30 x 1.30 m (LC 2) (f) Window 0.65 x 1.30 m (LC 2)

Figure J.3: Failure graph for windows of different dimensions for load combination 1 (a,b,c) or 2 (c,d,e)



K
Failure graphs without the safety factors

To approximate the real failure values more closely the additional floor load, 𝐺 , of 0.53
(𝜓 𝑞 = 0.3 ⋅ 1.75 = 0.53 kN/m ) is included and the safety factor, 𝛾=0.9, for the dead load
is excluded. Also the characteristic strengths, 𝑓 , are used instead of the design strength,
𝑓 , leading to the values in Table K.1. The failure graphs from Figure 5.13 are recreated in
Figure K.1. For case-study residences 2 and 3, this gives an additional water height of ±0.20
m that can be resisted before the residence collapse. The difference for residence 1 and the
combinations causing the first crack is smaller than 0.10 m.

Table K.1: Moment resistance of lower walls (design values between brackets)

Case t [mm] 𝜎 [MPa] f [MPa] f [MPa] M [kNm/m] M [kNm/m]
1:LB URM clay 100-50-100 0.22 (0.13) 0.29 (0.22) 0.81 (0.62) 0.85 (0.59) 1.35 (1.04)
2:LB URM CS 120-60-120 0.43 (0.32) 0.14 (0.11) 0.51 (0.39) 1.36 (1.03) 1.22 (0.94)
3:LB URC 120-60-120 0.42 (0.30) 1.55 (1.29) 1.55 (1.29) 4.73 (3.95) 3.72 (3.10)

(a) Case 1 (design values) (b) Case 2 (design values) (c) Case 3 (design values)

(d) Case 1 (characteristic val-
ues)

(e) Case 2 ((characteristic val-
ues)

(f) Case 3 (characteristic val-
ues)

Figure K.1: Failure graphs from nonlinear analysis for load combination 1 for all three case-study residences
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