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A B S T R A C T

In Groningen, seismic activity has increased due to the extraction of gas in the area. A
large-scale research campaign has been launched with the aim to assess and safeguard
structures in the region. However, an accurate assessment of these buildings turned out to
be a challenge, due to the nonlinear behaviour of the masonry and the dynamic nature of
a seismic load. A Nonlinear Time History (NLTH) analysis takes into account both these
factors, but the computational demand of such a method is considerable. Another method
that is widely used to analyse the seismic response of a structure is the Modal Response
Spectrum (MRS) method. The computational demand of this method is considerably less
compared to NLTH, but nonlinear material behaviour is only taken into account in an
indirect manner via a behaviour factor, and the results are considered to be too conservative.
A third method is the Nonlinear Pushover (NLPO) method. It takes nonlinear material
behaviour into account and compared to NLTH, NLPO is computationally more efficient.
Furthermore, an advantage is that it separates capacity from demand. Even though the
NLPO method is commonly applied worldwide, its validity still needs to be proven for the
Groningen case.

Another aspect which requires attention is the different computational discretisation meth-
ods that can be used to execute an NLPO analysis, namely: the Macro Equivalent Frame
Method (EFM) and the Continuum Finite Element Method (FEM). Macro EFM models
describe the behaviour of piers and spandrels using macro elements, while FEM models
start from behaviour at a smaller scale, subdividing piers and spandrels into multiple
elements. Macro EFM models are commonly used. However, it is largely debated for which
building types the macro EFM method can be applied. One of the building typologies
for which the applicability of the NLPO method and EFM are of interest is the low-rise
URM apartment building typology. A significant amount of such structures can be found in
the province of Groningen, according to ARUP and NAM (2018). Two main objectives are
defined based on the aforementioned information which can be described by the following
research questions:

• To what extent can the nonlinear pushover method be used for the seismic assessment of
low-rise URM apartment buildings in Groningen?

• To what extent is the equivalent frame method applicable as computational discretisation
method for the pushover analysis of low-rise URM apartment buildings in Groningen?

Both objectives were studied by looking into a single case study, consisting of a low-rise
URM apartment building. The behaviour of the structure is characterised by a weak and
strong direction, in which the weak direction is characterised by a relatively low stiffness
and lateral capacity compared to the strong direction. The seismic response of the structure
is determined according to the MRS, NLPO and NLTH methods. Furthermore, the NLPO
analyses are executed using two different computational discretisation methods, namely
continuum FEM and macro EFM. DIANA is used as a FEM solver for the MRS, NLPO and
NLTH analyses and 3MURI is used for the EFM model. Moreover, a modal and uniform
lateral load pattern are taken into account for the NLPO analyses. The conclusions which are
drawn from the case study can generally be applied to low-rise URM apartment buildings
in Groningen. However, it must be noted that significant alterations in geometry and
building materials might influence the results. Furthermore, modelling assumptions have
been applied, and it is important to note that the possible influence of these assumptions,
may partially limit the extent of the conclusions. Moreover, several limitations are inherent
to the studied methods, and cannot be accounted for somehow.
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All analyses are performed by incrementally increasing the seismic load until one of the
near collapse limit state criteria according to NPR 9998 is met. Furthermore, three target
displacement methods are evaluated: the capacity spectrum method according to NPR 9998,
the regular N2-method, included in the Eurocode 8, and an adaptation of the N2-method
which is developed specifically for URM structures by Guerrini et al. (2017). The perfor-
mance of the structure according to each of the methods is studied subsequently, by looking
into the force-displacement behaviour, displacement profile and damage at failure, failure
mechanisms and the maximum admissible seismic load.

Two significant disadvantages of macro EFM were identified when comparing the results of
the NLPO analyses using 3MURI and DIANA. First, the fact that out-of-plane behaviour is
not taken into account in 3MURI could significantly influence the behaviour of a structure
in terms of base shear capacity, which is especially true when structures are characterised
by an extremely low total length of piers in the in-plane direction. Furthermore, DIANA
allows for a more gradual softening behaviour, which helps the post-peak force redistri-
bution. As a consequence, the maximum admissible seismic load according to DIANA
could be higher. However, despite the two aforementioned disadvantages of the macro
EFM method as implemented in 3MURI, all other relevant results of both methods are
similar. The fact that the two identified disadvantages of 3MURI can only result in more
conservative results, suggests that macro EFM, as implemented in 3MURI, is a suitable
computational discretisation method for the seismic assessment according to the NLPO
method for low-rise URM apartment buildings in Groningen. However, it should be taken
into account that the conservativeness of 3MURI could lead to a significantly larger amount
of required retrofitting, in comparison with DIANA.

The applicability of the NLPO method is reviewed by comparing the results of the MRS,
NLPO and NLTH methods. Similar behaviour of the structure according to the NLPO
and NLTH method was captured, which suggests that the NLPO method is a suitable
analysis method for the studied typology. The maximum admissible seismic load using
the target displacement method according to NPR 9998 is in-line with the NLTH analysis.
However, the governing load case made use of a uniform load pattern, which returns a
structural behaviour different than that obtained by NLTH analyses, as can be seen from the
force-displacement behaviour as presented in Figure 1. If only the capacity curve according
to the modal load pattern would be considered, then the allowable seismic load according
to NLTH is similar to that of NLPO using the target displacement method of Eurocode 8.
Furthermore, from the results of the case study can be concluded that the choice of target
displacement method has a significant influence on the maximum admissible seismic load.
For the case study, NPR 9998 is more conservative in the strong direction, and Eurocode 8

is more conservative in the weak direction. Regarding the MRS method, very conservative
results were found. A reason that was found for these conservative results is that the
prescribed behaviour factor by NPR 9998 is too low for the case study when compared to
that derived from the NLPO analysis. However, even with a larger behaviour factor, the
results according to the MRS method would still be conservative in the weak direction.
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Figure 1: Comparison Force-Displacement Behaviour According to DIANA - Weak Direction
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1I N T R O D U C T I O N

1.1 context of study

One of the richest gas fields in Europe can be found in Groningen, a province located
in the north of the Netherlands. A Dutch petroleum company, the Nederlandse Aardolie
Maatschappij (NAM), started extracting gas from the field in 1963. This extraction of gas
resulted in depletion of the pressure within the reservoir causing the reservoir to compact.
This compaction increases the friction in pre-existing faults, and this friction can lead to
seismic activity. In Figure 1.1 can be seen that higher magnitude earthquakes occur for a
bigger reservoir contraction. From this figure can also be seen that the magnitude of the
earthquakes increases by time and Muntendam-Bos and de Waal (2013) concluded that the
risk of even higher magnitude increases if the gas extraction continues. Even though the
earthquakes are of a relatively low magnitude, some caused considerable damage to the
affected buildings, because these buildings were not designed to withstand a seismic load.

Figure 1.1: Seismic Activity versus Reservoir Compaction.
Source: Bourne and Oates (2014)

VIIA Groningen, a collaboration between the companies Royal HaskoningDHV and Visser &
Smit Bouw, was commissioned to analyse the seismic capacity of these masonry structures
and provide retrofitting measures where necessary. However, an accurate assessment of
these buildings turned out to be a challenge, due to the nonlinear behaviour of the masonry
and the dynamic nature of a seismic load. A Nonlinear Time History (NLTH) analysis takes
into account both these factors, but the computational demand of such a method is consid-
erable. Another method that is widely used to analyse the seismic response of a structure is
the Modal Response Spectrum (MRS) method. The computational demand of this method
is considerably less compared to NLTH, but nonlinear material behaviour is only taken
into account in an indirect manner via a behaviour factor, and the results are considered to
be too conservative. A third method is the Nonlinear Pushover (NLPO) method. It takes
nonlinear material behaviour into account and applies an equivalent lateral load pattern
in a quasi-static fashion, producing a capacity curve which is subsequently compared to a
demand in terms of an acceleration-displacement response spectrum. Compared to NLTH,
NLPO is computationally more efficient, and an advantage is that it separates capacity
from demand. Even though the NLPO method is commonly applied worldwide, its validity
still needs to be proven for the Groningen case. Aspects which differ the Groningen case
from other areas in the world are the type of earthquakes, namely shallow short duration
earthquakes, and the fact that the structures were not designed to withstand seismic loads.
A comparison between the different procedures is required, to gain insight about which
method is the most applicable in the various cases that can be found in Groningen.
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2 introduction

One of the building typologies for which the applicability of the NLPO method and macro
EFM are of interest is the low-rise unreinforced masonry (URM) apartment building typol-
ogy. A significant amount of such structures can be found in the province of Groningen,
according to ARUP and NAM (2018). The NLPO method is an analysis method that could
be considered for such buildings because the structures are of considerable size, which
makes an NLTH analysis time-consuming. Furthermore, the NLPO method is found to be
less conservative than the MRS method. Thus, especially for structures of a considerable
size, it is possible to reduce the amount of required retrofitting significantly when applying
the NLPO method, compared to the MRS method. Moreover, the stiffness of the low rise
apartment blocks is often of a different magnitude in the longitudinal and transverse direc-
tion. Thus a study of such a structure is deemed useful, to see in what extent the NLPO
method is applicable in a relatively weak and relatively strong direction of the building.

Another aspect which requires attention is the different computational discretisation meth-
ods that can be used to execute an NLPO analysis, namely: the Macro Equivalent Frame
Method (EFM) and the Continuum Finite Element Method (FEM). Macro EFM models
describe the behaviour of piers and spandrels using macro elements, while continuum
FEM models start from behaviour at a smaller scale, subdividing piers and spandrels into
multiple elements. Macro EFM models are commonly used. However, it is largely debated
for which building types the macro EFM method can be applied. Especially the applica-
bility of macro EFM on complex structures is under discussion. Continuum FEM models
are commonly used for MRS, NLPO and NLTH, but such models require a considerable
computational effort, compared to EFM, as stated by Siano et al. (2017). A comparison
between the continuum FEM and macro EFM is deemed useful.

1.2 objectives

Two main objectives are clarified in this report which can be described by the following
research questions:

• To what extent can the nonlinear pushover method be used for the seismic assessment of
low-rise URM apartment buildings in Groningen?

• To what extent is the equivalent frame method applicable as computational discretisation
method for the pushover analysis of low-rise URM apartment buildings in Groningen?

Both objectives are studied by looking into a single case study, which a low-rise URM
apartment building. All research is based on the Groningen case, taken into account
conventional structures, soil properties and seismic activity in the area. All analyses are
performed according to the methodology as described in NPR 9998:2018. An overview of
the studied methods is shown in Table 1.1.

Table 1.1: Overview Studied Analysis Methods

MRS NLPO NLTH

Continuum FEM X X X

Macro EFM X X X
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1.3 report structure

The content of this report is divided into three parts: Literature Study, Case Study and
Results. A short elaboration of the subject-matter of each of the parts is presented hereafter.

literature study

An extensive literature review is preliminarily executed to provide the reader with an
overview of the existing knowledge of the seismic behaviour of unreinforced masonry
structures. First, the material behaviour of masonry and failure mechanisms of URM
structures are elaborated. Computational strategies for modelling the aforementioned
material properties and failure modes are described secondly. Two different computational
discretisation methods are studied: the continuum finite element method and the macro
equivalent frame method. The material models which are applied in the case study for these
computational discretisation methods are elaborated subsequently, which is the engineering
masonry model for the continuum FEM model and the 3MURI macro element model
for EFM. The last step of the literature study is to elucidate the commonly used analysis
methods for determining the seismic response of a structure. These studied methods are
the MRS, NLPO and NLTH method. Furthermore, three target displacement methods are
evaluated: the capacity spectrum method according to NPR 9998, the regular N2-method,
included in the Eurocode 8, and an adaptation of the N2 which is developed specifically for
URM structures by Guerrini et al. (2017)

case study

The second part of this reports consists of a description of the case study. The goal of
the case study is to acquire results, which are used to achieve the aforementioned main
objectives of this study. First, the building stock in Groningen is studied, and these buildings
are subdivided based on their typology. A structure is chosen afterwards, based on the pre-
requisites for a pushover analysis and the building stock in Groningen. Second, comparison
methods are prescribed on how the conclusions can be drawn based on the results of the
studied analyses. Furthermore, the limitations of the strategy are also presented. The last
step of this part is a description of the model set-up in DIANA and 3MURI. It should be
noted that an NLTH analysis has already been performed of the studied structure by an
engineer within Royal HaskoningDHV. The model used for this analysis is used as a basis
for all performed analysis in DIANA. It is mentioned in the report which parts of the case
study are not the work of the author of this document. Ultimately, several model checks are
presented of the DIANA and 3MURI model.

results

The third part is comprised of the comparison of the procedures and the conclusions which
are drawn based on the results. First, a comparison between the equivalent frame method
and the continuum finite element method as a computational discretisation method for the
NLPO method is presented. Second, the output of the analyses is used for the evaluation
and comparison of the different methods for analysing the seismic response of a low-rise
URM apartment building. Ultimately, the conclusions, discussion and recommendations for
further research are presented.

appendices

All chapters which can be found in the appendices fulfil a supporting role for this study.
It is not required to read the appendices to understand the synopsis of this report, but
clarifications of the methodologies and conclusions can be found. However, it should be
noted that the chapters related to the response spectra and the results of the studied
analyses are of vital importance for this study.
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2S T R U C T U R A L B E H AV I O U R O F U R M S T R U C T U R E S

This chapter provides an overview of the existing knowledge of the structural behaviour
of unreinforced masonry (URM) structures. The mechanical behaviour of masonry is
elaborated first, where the attention first lies with the behaviour on a micro level. The step
is made afterwards to the behaviour on a macro level. This means that the mechanical
properties of the components of masonry are elaborated first, and the composite behaviour
of the masonry is presented subsequently. This composite behaviour in its part is linked to
the local and global failure mechanisms of URM structures. The failure mechanisms are
divided over in-plane and out-of-plane behaviour. Computational strategies for modelling
the aforementioned material properties and failure modes are described afterwards. Two
different computational discretisation methods are presented: the continuum finite element
method and the macro equivalent frame method.

2.1 mechanical behaviour of masonry

URM structures are made out of brick units which are connected by mortar joints. The
behaviour of a masonry structure strongly depends on the type of brick, the composition of
the mortar, the dimensions of the bricks and the way bricks are assembled as formulated by
Mosalam et al. (2009). In general, the behaviour of brick and mortar is quite similar. Both
perform sufficiently well under compression, but their tensional capacity is considerably
lower. Typical stress-strain plots for a masonry material are shown in Figure 2.1.

(a) Tension (b) Compression

Figure 2.1: Stress-Strain Curves Masonry.
Source: Angelillo et al. (2014)

It should be noted that the graphs are only qualitative since usually the values of the tensile
strength σt and the compressive strength σc and differ of at least one order of magnitude.
Angelillo et al. (2014) states that the ratio between the compressive and tensile strength is
usually larger than ten, but it could be as big as a hundred. It is difficult to relate the tensile
strength of the masonry units to its compressive strength, due to the ratio is influenced
by its shape, material, manufacture process and volume of perforations. The behaviour
of masonry due to a compression, tension or shear load is described in the following
sections, where the distinction is made in its capacity due to an in-plane or out-of-plane
load. This distinction has to made, due to the anisotropic behaviour of masonry caused by
the geometry of the joints.
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8 structural behaviour of urm structures

2.1.1 compressive behaviour

Masonry behaves essentially as an elastic material in compression up to approximately
ninety per cent of its strength. Micro-cracks are developing during this elastic phase, but
the deformations return to their initial stage after unloading. After this elastic phase,
the material behaviour becomes inelastic where the deformations become irreversible.
The material shows hardening after some initial crushing. Loading the material beyond
its compressive strength leads to a parabolic softening curve. The compressive strength
in the direction normal to the bed joint is regarded to be the most relevant structural
material property. Thus extensive research on the determine the compressive strength
in this direction has been performed. It is commonly accepted that a RILEM test can be
performed to determine this strength. A description of this method is elaborated by Wesche
and Ilantzis (1980). Compression tests in the direction parallel to the bed joints have received
less attention. Tests from Hoffmann and Schubert (1994) show that the ratio between the
compressive strength parallel and normal to the bed joints range from 0.2 to 0.8.

2.1.2 tensile behaviour

The tensile behaviour of masonry can also be divided into two phases, as was done for its
compressive behaviour. An elasto-plastic phase occurs first until the tensile strength σt of
the masonry is reached. After this phase, the micro-cracks start to develop into macro-cracks.
Due to this, softening behaviour can be observed around the fracture zone. This results
in a decrease of the mechanical strength under a continuous increase of the deformation,
according to Angelillo et al. (2014). Research has been performed on the tensile capacity
parallel to the bed joints by Backes (1985). The distinction can be made between two types
of failure, depending on the material properties of the joints and units, see Figure 2.2. The
first type of failure (a) occurs with a stepped crack through the head and bed joints. The
second type (b) of failure occurs trough head joints and units vertically. Failure due to a
perpendicular tensile load is generally caused due to a low tensile bond strength between
the mortar and the unit. Tests have also been performed by van der Pluijm (1992) to study
the tensile failure behaviour. The focus of these tests was to study the tensile bond strength
and the fracture energy. These tests showed an exponential tension softening curve with a
fracture energy ranging from 0.005 to 0.02 Nmm/mm2. The tensile bond strength ranged
from 0.3 to 0.9 Nmm/mm2. Tensile failure between mortar and brick units is called Mode I
failure.

Figure 2.2: Tensional Stress-Strain Curves.
Source: Backes (1985)
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2.1.3 shear behaviour

Shear behaviour of masonry is directly correlated to the properties of mortar and the
roughness of the connection with the bricks. Borri and Maria (2012) found that the shear
resistance of masonry elements is linearly proportional to the tensile strength of the mortar
parallel to the bed joints. Tests to study the shear behaviour of URM structures have been
performed by van der Pluijm (1993). The shear stress on a masonry wall was incrementally
increased during these, while the compressive stresses were kept constant. Three different
compressive stresses have been studied, as shown in Figure 2.3. From the diagram can be
concluded that higher compressive stresses result in higher maximum shear stresses and
shear fracture energies. The fracture energy ranges from 0.01 to 0.25 Nmm/mm2. This type
of failure is called Mode II failure.

(a) Shear Stress-Strain Diagram (b) Shear Fracture Energy

Figure 2.3: Typical Shear Bond Behaviour.
Source: van der Pluijm (1993)

2.1.4 bi-axial behaviour

The bi-axial behaviour cannot be completely described from the aforementioned uniaxial
loading conditions, according to Lourenço (2017). The behaviour of masonry cannot be
defined by the principal stresses only, but the orientation of the units with respect to the
principal stresses has to be taken into account. Tests were performed by Page (1982), on
masonry walls where not only the magnitude of the principal stresses was varied, but also
the orientation of the units with respect to the principal stresses. The failure surface which
was determined after one of these tests is shown in Figure 2.4. The first point of interest
from this figure is that the compressive capacity in a direction increases if a compressive
stress is applied perpendicular to the direction in which the capacity is determined. Another
point of interest is that the compressive capacity strongly depends on the direction of the
principal stresses with respect to the orientation of the joints.

Figure 2.4: Failure Surface for Masonry under Bi-Axial Compressive Stresses.
Source: Page (1981)
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2.2 behaviour components of urm structures

The local failure mechanisms which can occur due to a seismic load acting on URM
structures are elaborated hereafter. The components of a URM structure which are presented
are the walls and floors. The distinction is made between in-plane and out-of-plane failure
concerning the walls. Failure of the foundation is not taken into account in this study.

2.2.1 in-plane failure

Three different in-plane failure mechanisms can occur in URM walls according to Angelillo
et al. (2014) and Petrovčič and Kilar (2013): diagonal cracking, shear sliding and rocking.
These failure modes are illustrated in Figure 2.5. Diagonal cracking and shear sliding are
failure modes caused by the shear behaviour of a wall and rocking is caused by its flexural
behaviour. The occurrence of the different failure modes depends on the geometry of the
pier, boundary conditions, axial load, mechanical properties of the masonry and geometrical
characteristics of the masonry. Several experimental tests have been performed to find the
relation between the different failure modes and the aforementioned parameters. In general,
it has been concluded that rocking tends to occur in slender piers, shear sliding in squad
piers and diagonal cracking tends to occur in moderately slender piers, as described by
Magenes and Calvi (1992) and Mahmoud et al. (1995).

(a) Rocking (b) Shear Sliding (c) Diagonal Shear

Figure 2.5: Mechanisms of Lateral Force Resistance.
Source: Source: Messali (2015)

shear capacity

Two failure modes are related to the shear behaviour of a masonry wall: diagonal cracking
and shear sliding. Diagonal cracking is the result of several interacting factors, where the
heterogeneity of masonry plays a dominant role, according to Petrovčič and Kilar (2013).
The failure occurs with a diagonal crack that typically involves both the mortar joints and
the masonry bricks. The crack usually develops at the centre and propagates towards the
corners. The formation of such cracks is strongly influenced by the quality of bricks and
mortar. Diagonal cracking propagating through blocks tends to prevail over diagonal crack-
ing propagating through mortar joints for increasing levels of vertical compression as stated
by Mann and Muller (1980). Shear sliding occurs when cracks form continuously along a
single mortar bad-joint. This mode of failure usually presents itself in walls subjected to
combined compressive and shear loads.
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Several models have been developed to describe the failure associated with shear behaviour.
In general, these models can be divided into two types. Those who describe masonry as
a composite material where the joints and blocks are taken into account separately and
models where the assumption is made that masonry behaves as an equivalent isotropic
material. Most models describe the shear failure based on a Mohr-Coulomb-type criterion,
which has the following shape:

k1dτ̄ ≤ k1s c̄ + µ̄σ̄ (2.1)

where k1d is a coefficient which takes into account the actual compressed part of a section,
which is assumed as the ratio between its uncracked and total length. The coefficient k1s
depends on the slenderness of the pier and represents the ratio between the shear stress
of a reference point and the average shear stress τ̄. This reference point is the location of
the wall where the shear stress is determined. The masonry characteristics are taken into
account by parameters c̄ and µ̄, which are the cohesion and friction parameters respectively.
The mean vertical stress is σ̄. The base of the pier is usually chosen as the reference point
in models describing shear sliding since this section has the shortest uncracked length.
The stress at the base is assumed to be equal to the mean shear stress thus k1d = 1. In
models describing diagonal cracked the reference stress is determined in the centre of the
pier. In this case is k1s = 1 and k1d > 1. The description of the parameters c̄ and µ̄ is more
complex because it involves the failure of both the mortar head and the bed joints. Mann
and Muller (1980) developed a formulation of these parameters, taken into account two
hypotheses. The first hypothesis is that bricks are much stiffer than mortar joints and the
second is that no shear stresses can be transferred through the head joints. From the second
hypothesis follows that the blocks are subjected to a torque, thus from vertical equilibrium
follows that a non-uniform distribution of compression stresses will occur on the bed joints.
These hypotheses lead to a definition of c̄ and µ̄ which takes into account the geometrical
characteristics of the masonry pattern.

c̄ = c
1

1 + µ
(

2h
b

) and µ̄ = µ
1

1 + µ
(

2h
b

) (2.2)

where h and b are the height and width of a block respectively. Based on the same
hypotheses Mann and Muller (1980) also developed a criterion for the cracking of the units.
The criterion states that the reference stress in the middle of a wall has to be smaller than
the tensile strength of the units ftu.

σ̄

2
+

√
(k1dk2dτ̄)2 +

(
σ̄

2

)2
≤ ftu (2.3)

The most popular used model where the assumption is made that masonry behaves as an
equivalent isotropic material is the one by Turnšek and Čačovič (1970). For the model is
assumed that the reference stress in the centre of the pier has to be smaller than a tensile
strength of masonry ft.

σ̄

2
+

√
(k1dτ̄)2 +

(
σ̄

2

)2
≤ ft (2.4)
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flexural capacity

The failure mode related to the flexural capacity of a wall is rocking. A moment occurs
when a horizontal load is applied on the wall at a distance from the ground. The pier
begins to behave as a rigid body rotation around the corner of the pier due to this moment.
This results in high compressive stresses in the corner around which the wall is rotating,
while tensile stresses could occur in the other corner. Models that are used to determine the
flexural capacity of a pier usually determine a reference stress at the base section of the
pier. The assumption is made that the maximum normal stress occurs in the compressed
toe. The compressive strength of the masonry should be higher than this reference stress
in the compressed toe. It should be noted that tensile stresses are neglected in this model.
This relation can be expressed in the following way according to Calderini et al. (2008):

σ̄

k2r (1− 2κk1r)
≤ fc (2.5)

where κ is the ratio between the applied horizontal and vertical force. Coefficient k1r is the
shear ratio, which is the ratio between the effective height and the width. The effective
height is the distance from the base to the height where the moment is equal to zero.
Coefficient k2r takes into account the ductility of the pier. If the assumption is made that
the structure has infinite ductility, implies that k2r = 1. The following expression should be
applied to determine the coefficient, where µ is the ductility of the material:

k2r =
(2µ− 1)2

4(µ2 − µ + 1/3)
(2.6)

2.2.2 out-of-plane failure

Even though the out-of-plane action is typically not considered to be part of the building
seismic load path, the walls still require sufficient capacity to avoid out-of-plane failure.
Failure of load-bearing walls could lead to failure of the complete structure, due to the
fact the walls will not be able any more to transfer in-plane loads. Several post-earthquake
studies have been carried out where the out-of-plane failure was identified as the pre-
dominant mode of failure of a URM structure. Examples of such studies are the ones by
Ingham and Griffith (2011) and Bazzurro (2009) for the earthquakes of Christchurch, New
Zealand and L’Aquila, Italy respectively. Studies have shown that in various cases where
the out-of-plane collapse of a wall occurred, the walls were not designed to withstand such
actions. Furthermore, the failure was preventable if the walls were designed according to the
relevant design likes, as elaborated by Scrivener (1993). Walls subjected to an out-of-plane
load, undergo bending perpendicular to the wall. The orientation of the internal stresses
due to this bending is dictated by the position of its supported edges. Walls can be classified
as one-way or two-way spanning walls. One-way spanning walls undergo uniaxial bending,
which can be horizontal and vertical depending on the orientation of the span. This results
in cracks that run parallel to the panel’s supports, as shown in Figure 2.6.

Figure 2.6: Out-of-Plane Behaviour One-way Spanning Walls.
Source: Vaculik (2012)



2.2 behaviour components of urm structures 13

Two-way spanning walls are walls which are supported by at least one vertical and one
horizontal edge. Such walls undergo biaxial bending, where the internal bending stresses
act in both the horizontal and vertical directions. Due to this, a crack pattern can develop
which are a combination of vertical, horizontal and diagonal crack lines, as shown in Figure
2.7.

Figure 2.7: Out-of-Plane Behaviour Two-way Spanning Walls.
Source: Vaculik (2012)

Most procedures for determining the capacity of two-way walls are based on plastic analyses.
Such procedures assume simultaneous attainment of moment capacities along the various
cracks. This means that at the point of ultimate strength, the wall behaves as a set of flat
plates with deformations concentrated along the crack lines in the form of rotations. Several
adaptations of this procedure have been developed which are applied in design codes. The
most commonly employed are the virtual work method by Lawrence and Marshall (2000),
fracture line method by Bazzurro (1978) and failure line method by Drysdale and Essawy
(2003). The procedures differ from each other in the way the moment capacities along the
cracks are determined, the inclusion of crack energies toward the internal work and the
treatment of the diagonal crack slope.

2.2.3 floor related failure

The floors of a structure should be able to transfer horizontal and vertical loads to the
load-bearing walls. It is possible that during an earthquake the floors or roofs itself fails,
but this type of failure is rarely observed. It is more likely that the connection between the
wall and the floor fails, according to Bruneau (1994). There are different methods on how a
floor can be supported by a wall. The floor could be fixed to the load-bearing walls using
anchors, or the wall floor could be clamped between two walls. The connection could fail
due to the capacity of the anchors is exceeded, or rupture of the wall could occur locally at
the position of the anchors. A result of the failure of the connection is that gravitational
forces cannot be transmitted any more from the floor to the wall, which could result in
slipping of the structural elements.

(a) (b) (c)

Figure 2.8: Influence of Floor Stiffness on Seismic Behaviour Walls
Source: Javed (2009)
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The structural interaction of walls between each other strongly depends on the stiffness
of the connected floors. For example, flexible floors are not capable of redistributing the
seismic load to the walls equally, which could significantly decrease the seismic capacity
of a structure. The stiffness of the floor also influences the acceleration of the floors and
the attached walls. Tena-Colunga and Abrams (1996) showed this in their study of three
different buildings with different floor stiffnesses. This effect of the floor stiffness on the
behaviour of a structure can be seen in Figure 2.8. Figure 2.8a shows a system with a flexible
floor and walls where a proper connection with each other is lacking. Figure 2.8b shows
a flexible floor, but the walls have been attached to each other. Figure 2.8c shows a rigid
floor and the walls are connected to each other. Thus it can be concluded that both the
stiffness of the floor and the connection between the walls have a significant influence on
the behaviour of a structure.
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2.3 numerical modelling strategies

The two numerical modelling strategies which are used in the case study are elaborated in
this section, namely the continuum finite element method and the equivalent frame method.
Different ways on how masonry can be represented computationally are briefly elucidated
for each method. An elaborate description of the material models used in the case study
can be found in Chapter 2.4.

2.3.1 continuum finite element method

A general description of what kind of elements can be used to modal masonry using the
continuum finite element method is presented hereafter. As described in Chapter 2.1, the
properties of masonry are dependent on the properties of its components. These individual
properties can be taken into account in various ways. The distinction can be made between
micro and macro modelling. Micro modelling focusses on representing the components of
masonry separately while macro modelling represents masonry as a composite material.
This distinction is shown schematically in Figure 2.9.

(a) Detailed Micro (b) Simplified Micro (c) Macro

Figure 2.9: Computational Strategies for Modelling Masonry.
Source: Lourenço (2017)

micro-modelling

Micro-modelling is a numerical representation, where all components of the material are
modelled separately. This means for masonry that the units and mortar are taken into
account separately. The different components are connected using interface elements. The
distinction can be made between detailed micro-modelling and simplified micro modelling,
as stated by Lourenço (2017). Detailed micro-modelling represents the units and mortar
using separate elements. These elements are connected by discontinuous interface elements.
The properties of both the unit and mortar have to be defined separately. The units and
mortar are connected by an interface element, which represents a possible crack plane

Simplified micro-modelling represents the units represents with separate elements, just
as for the detailed method, but the mortar and the connection between the mortar and
the unit is lumped into continuous interface elements. This new interface element should
represent the behaviour of the mortar and the old interface as adequately as possible. The
masonry is modelled as a set of blocks which are connected by a potential crack line at the
new interface elements. The distinction can be made between lumped interface elements
(Ngo and Scordelis 1967) which evaluate the traction and displacements at nodes and
continuous interface elements (Goodman et al. 1968), which smooth the behaviour along
with an interpolated field.
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macro-modelling

In practice is it not feasible to create a FEM model using micro-modelled masonry, due to
the considerable computational time and due to the difficulty of defining the properties
of the interface elements. Several continuum methods have been developed which do not
require interface elements. The masonry is modelled as a composite material. One of these
continuum models is the smeared crack model, as described by Rots and Blaauwendraad
(1989). This approach is initially introduced by Rashid (1968). This approach is a simplified
model which describes the composite behaviour in terms of average stresses and strains. A
consequence of this assumption is that the material can be assumed to be homogeneous.
Cracking is modelled as a continuous medium which is smeared over the element. It should
be noted that this medium has anisotropic properties.

A popular model that is used for simulations for masonry is the Total Strain Crack model.
This model describes stress as a function of the strain. Loading and unloading behaviour
is modelled with secant unloading. This model has two shortcomings when the masonry
is cyclically loaded, as described by Schreppers et al. (2017). The model was derived for
isotropic materials, and the secant reloading curves underestimate the energy dissipation
under cyclic conditions.

A type of masonry model which avoids the limitations of the Total Strain Crack model is
the Engineering Masonry model. This model has been proposed by DIANA FEA and the
Technical University of Delft. The Engineering Masonry model describes the unloading
behaviour more realistically, compared to the Total Strain Crack model. It does so by
assuming a strong stress decay with the initial linear stiffness. Anisotropy is included by
considering a different stiffness in the direction of the bed and head joints. Stresses in both
directions are defined by their respective strain components and the maximum value of the
strain that has been reached in the lifetime of an element. The Engineering Masonry Model
is described more thoroughly in Chapter 2.4.1, since this material model is used in the case
study in the DIANA model.

2.3.2 equivalent frame method

An alternative to using a continuum model is the equivalent frame method. An advantage
of this method is that the number of degrees of freedom can be limited, which decreases the
computational effort compared to the continuum FEM method. This approach subdivides
a wall in a set of deformable panels, which are connected by rigid panels. The wall is
modelled as an idealised frame, in which the nonlinear response of the wall is concentrated,
while the rigid parts are parts which are usually not subjected to damage. The deformable
parts can be divided into piers and spandrels. Piers are the main vertical resistant elements,
which transfer vertical and lateral loads. Spandrels connect the piers and the couple the
response of adjacent piers. Figure 2.10 shows the idealisation of the method.

Figure 2.10: Equivalent Frame Method Idealisation.
Source: Lagomarsino et al. (2013)
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The geometry of the piers and spandrels are often defined as a function of its adjacent
openings. The height of a pier is equal to the height of the wall until an adjacent opening
stops, plus a bit of extra effective height. A commonly accepted method is to determine this
effective height, is the one proposed by Dolce (1991). He assumes a maximum 30deg angle
from the corner of the opening which contributes to the effective height of the pier. Another
commonly accepted method is the one proposed by Yi et al. (2006), where a maximum angle
of 45 deg is suggested. This based on the fact that this is the angle over which a compression
strut is most likely to develop. It should be noted that a systematic parametrical analysis has
never been performed in order to define these criteria, as stated by Lagomarsino et al. (2013).

Two-dimensions models were only discussed so far, but it is also possible to model three-
dimensional structure. 3MURI created a three-dimensional model based on a few hypothe-
ses. First, the walls the load bearing elements, while the diagrams govern the sharing of
horizontal actions among the walls. The effect of the flexural behaviour of the diagrams
and the out-of-plane response of the walls are considered to be neglectable with respect to
the global behaviour of the structure. Thus, these effects are not computed in the model.
An example of a three-dimensional EFM model in 3MURI is shown in Figure 2.11.

Figure 2.11: Three-Dimensional Equivalent Frame Model in 3MURI.
Source: Lagomarsino et al. (2013)

A global coordinate system (X,Y,Z) has to be defined, in order to assemble such a three-
dimensional model. The walls are described as the coordinates of one point and the angle
formed with the global X-axis. By doing so is it possible to model the plane frames in
the local coordinate system, while the internal nodes can still be two-dimensional nodes
with three degrees of freedom. Three-dimensional nodes are used at corners where two
walls intersect. These nodes are characterised by five degrees of freedom in the global
coordinate system (ux, uy, uz, φx, φy), as shown in Figure 2.11. The rotational degree of
freedom in the Z-direction is neglected in this model. These nodes are made by assembling
two-dimensional nodes in each wall plane and projecting the local degrees of freedom along
the global axis. The two-dimensional nodes do not have a degree of freedom orthogonal to
the wall plane. The modal mass component related to the out-of-plane degree of freedom
is shared with the corresponding degree of freedom of the two nearest three-dimensional
nodes.

Once the masonry wall is subdivided into its components, the prediction of its overall
behaviour mainly depends on the response of its individual elements. A general description
of the behaviour of such elements is elaborated below, where the distinction is made the
behaviour of the piers and spandrels. A more elaborate description of the material model
used in the case study is presented in Chapter 2.4.2, which is the 3MURI macro-element
model.
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2.4 material models

The material models which are used in the case study are elaborated in this section. The
Engineering Masonry Model is used for the Continuum FEM model the 3MURI Macro-
Element model is used for the macro EFM model.

2.4.1 engineering masonry model

The material model used in DIANA is the Engineering Masonry model. This model has
been proposed by DIANA FEA and the Technical University of Delft. Anisotropy is taken
into account by considering a different stiffness in the direction of the bed- and head-joints.
The following failure mechanisms could occur when using this material model: Tensile
cracking of the bed and head-joint, compressive crushing in the direction normal to the bed
and head-joint, cracking in the direction normal to the diagonal staircase cracks, frictional
shear sliding and out-of-plane shear failure. The behaviour of an element due to a tensile,
compressive and shear force is briefly described below. It should be noted that all equations
and graphs are directly taken from Schreppers et al. (2017), but the symbols have been
adjusted for the sake of consistency in this report.

tensile behaviour

The stresses in a wall are defined by the strains in the two in-plane directions and the
maximum value of the strain αtensile that has been reached during the loading history.
Secant unloading occurs based on the maximum strain that has occurred in the lifetime of
an element. The corresponding stress at this maximum value of the strain that has been
reached is denoted with σr f . Other important parameters are the tensile strength ft and its
corresponding ultimate tensile strain εult. This ultimate strain is determined using:

εult =
2G f t

h ft
(2.7)

where G f t is the crack energy, and h is the crack bandwidth of the element. An element is
not able to transfer stresses after the ultimate tensile strain is reached. The tensile stress-
strain diagram is shown in Figure 2.12. Expressions which describe the loading, unloading
and reloading behaviour can be found in Schreppers et al. (2017).

Figure 2.12: Tensile Behaviour of Engineering Masonry Model
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compressive behaviour

The compressive behaviour of an element is defined by the strain component ε and the
minimum stain that has ever been reached αcomp in the lifetime of an element. The occurring
stress at this minimum stain is called σr f . Figure 2.13 illustrates the compressive behaviour
of the Engineering Masonry Model, where εult is the ultimate strain, εpeak is the strain at
the compressive strength fc and λ is the unloading factor.

Figure 2.13: Flexural Behaviour of Engineering Masonry Model

The compressive stress-strain curve consists of a third order curve, up to the compressive
strength and a linear softening curve until a residual stress of ten percent is reached. The
ultimate compressive strain is equal as the strain value for which the linear softening
curve would have reached a zero stress level. The following formula is applied to find this
ultimate strain:

εult = max
[

εpeak,
2G f c

h fc
− fc

A2E
− A + 1

A

(
εpeak −

fc

E

)
+ εpeak

]
(2.8)

where G f c is the crack energy, h is the crack bandwidth and:

A =

(Eεpeak

fc

) 1
3

(2.9)

The unloading factor is defined in such a way that λ = 0 corresponds to unloading with
the initial stiffness of the system. λ = 1 corresponds to secant unloading to the origin with
stiffness σr f /αcomp. The initial stiffness is applied until the compressive stress level λσr f is
reached. Afterwards a secant stiffness Esec is applied, which is defined as:

Esec =
λσr f

αcomp − λ
σr f
E

(2.10)

The occurring stress in the material is dependent on three different conditions. First, has to
be checked if a new compressive extreme is met. If a new compressive extreme is not met,
the check has to be made if a strain increment ∆ε loads to a higher or lower strain that the
strain at the beginning of the load increment. Compressive reloading is occurring, if the
strain increases. Compressive unloading is occurring, if the strain decreases.
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shear behaviour

The in-plane shear stress τ is defined by the in-plane shear strain γ and the stress σ in
the direction normal to the joint. The maximum shear stress is defined according to the
Coulomb friction criterion as shown in Equation 2.11.

τmax = max [0, c− σ tan(φ)] (2.11)

where c is the cohesion and φ the friction angle. This implies that the shear stress cannot be
larger than τmax and not smaller than −τmax. The shear stress-strain diagram is shown in
Figure 2.14.

Figure 2.14: Shear Behaviour of Engineering Masonry Model

From the figure can be seen that the stress increases linearly if the shear strain increases,
until it reaches τmax. The cohesion reduces after this point until its equal to zero. The strain
between at taumax and c = 0 is γult. γult is defined as:

γult =
2G f s

ch
− c

G
(2.12)

where G f s is the shear energy and G is the shear modulus. It should also be noted that
when an integration point is cracked, the cohesion is reduced to zero.

2.4.2 3muri macro-element model

The components of a wall are subdivided into spandrels and piers according to the
equivalent frame method as described in Chapter 2.3.2. 3MURI represents these elements
using macro-elements as shown in Figure 2.15. The distinction between the joints, mortar
and the joint mortar interface is not made for these elements. The assumption is made that
masonry behaves as an anisotropic material, where the properties of its components are
spread over the element.

Figure 2.15: Macro-element used in 3MURI.
Source: 3MURI (2018)
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The behaviour of the macro-element expressed in degrees of freedom u, w and φ and by the
internal normal force N, internal shear force V and internal moment M, located at node i
and j. This element behaves elastoplacticly, where the element first deforms with a constant
stiffness until its capacity is met. After this point the element enters its plastic phase where
the stiffness of the element is equal to zero. Hardening or softening behaviour does not
occur. The element is able to deform until it reaches a predefined drift limit. The relation
between the degrees of freedom and internal forces in its elastic phase as described by
Lagomarsino et al. (2013) is:
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where:

C =
EIη

1 + ψ
and ψ = 1.2

Eb2

Gh2 (2.14)

The behaviour of the 3MURI macro-elements can be characterised by three possible fail-
ure modes: rocking, shear sliding and diagonal shear. The used equations in 3MURI to
determine the capacity of the macro-elements are elaborated below.

rocking behaviour

The rocking failure mechanism is based on the fact that the compressive capacity in the
toe of a wall could be exceeded due to a rigid body rotation of the wall. The assumption is
made that tensile stresses cannot occur on the other side of the wall. The moment capacity
of the wall is based on the scheme as shown in Figure 2.16.

Figure 2.16: Scheme Rocking Behaviour.
Source: Lanting (2016)
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A parabolic compressive stress distribution occurs to the rotation around the toe of the
wall. The surface of this stress block is approximated by a square-shaped stress block with
a height (κ ∗ fc) and length a. In 3MURI is assumed that κ is always equal to 0.85. fc is the
average resistance in compression of the masonry. The length a of the square-shaped stress
block can be determined using the following equation.

a =
NEd
κ fct

(2.15)

The moment capacity of the wall can de determined subsequently using:

MRd = NEde and e =
l − a

2
(2.16)

The rocking capacity of a wall can be determined by combining Equation 2.15 and 2.16.

MRd =
Nl
2

(
1− N

κ fmlt

)
(2.17)

shear sliding

The shear sliding capacity VRd,s is derived from the stress scheme as shown in Figure 2.17.

Figure 2.17: Scheme Shear Sliding.
Source: Lanting (2016)

The shear sliding resistance of a masonry pier in 3MURI is derived based on the Mohr-
Coulomb criterion, as described in Chapter 2.2.1.

VRd,s = clct + µN (2.18)

where lc is the effective length of the wall which is under compression. This effective
length is equal to the width of the wall, except for when tensional stressed occur due
to the eccentricity of the axial force in the wall. These tensional stresses occur when the
eccentricity of the wall is larger than the width of the wall divided by six. This results in
the following equation of the effective length of the compressed part of the wall.

e ≤ l
6

: lc = l (2.19)

e >
l
6

: lc = 3
(

l
2
− MEd

NEd

)
(2.20)
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If the occurring shear force VEd in the wall exceeds the shear capacity, then the occurring
shear force should be reduced. The equilibrium is disturbed due to the reduction of the shear
force. Thus the occurring moments Mi and Mj should be reduced as well. A consequence
of the reduction is that the eccentricity reduced which also reduces the effective length
the compressed part of the wall. The occurring moment is determined using the following
formulas:

M = αvVEdh with αv =
Mmax

Mmax + Mmin
(2.21)

where av is a reduction factor which depends on the boundary conditions of a wall. The
reduction factor is equal to 1.0 for a cantilever and is equal to 0.5 for a wall which is
clamped at both sides. If the shear resistance of the wall is exceeded, the effective wall
length can be determined by substitution Equation 2.21 in Equation 2.20. This results in the
following expression:

lc = 3
(

l
2
− VEdαvh

NEd

)
(2.22)

If Equation 2.22 is substituted in the Mohr-Coulomb criterion and assumption if made that
µ = 0.4, then the shear capacity can be determiend for the limit state that VEd = VRd. This
results in the following expressions for the shear capacity and its corresponding effective
length lc,R:

VRd,s =
1
2

NEd

(
3clt + 0.8NEd
3αvcht + NEd

)
and lc,Rd =

3
2

(
l − 3αvclt + 0.8αvNEd

3αvcht + NEd
h
)

(2.23)

The effective length lc,R should comply with two limit state criteria. First, the effective
length of the wall may not exceed the total width of the wall l. The second limit is based on
the transition from a shear-based failure mechanism to a flexural failure mechanism. The
square-shaped stress scheme as described in Equation 2.17 for flexural failure should be
reached first before the effective length is reached. These limits are described in formula
2.24.

NEd
κct

< lc,R ≤ l (2.24)

In addition to the Mohr-Coulomb resistance, the value of the shear tension may also not
exceed a limit value of fv,lim. This results in the following expression of the shear capacity:

Vlim = fv,limlct (2.25)

The effective compressed part lc has to be consistent with the value of Vlim and thus is it
possible that this value is different than lc,R. The following expressions can be used to find
the shear resistance Vlim and the corresponding effective length lc,lim, when the limit of the
shear resistance is reached, VEd = Vlim.

Vlim =
3
2

NEd

(
fv,limlt

3αv fv,limht + NEd

)
and lc,lim =

3
2

(
l −

3αv fv,limlt
3αv fv,limht + NEd

h
)

(2.26)

The sliding shear capacity is the minimum of VRd and Vlim, as shown in Equation 2.27.

VRd = min (VRd, Vlim) (2.27)
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diagonal shear behaviour

Diagonal shear failure in 3MURI is computed using the Turnsek-Cacovic criterion, as
described in Chapter 2.2.1. The limit state criteria for the diagonal shear resistance can be
optained by rewriting Equation 2.4. This results in the following equation:

VRd,s = lt
1.5τ0

b

√
1 +

NEd
1.5τ0lt

(2.28)

where b is a shape factor which depends on the geometry of the pier with a limit of
1 ≤ b ≤ 1.5.

failure mode interaction

Depending on a pier’s slenderness, boundary conditions, vertical loading and geometrical
characteristics of the masonry components, one of three types of in-plane failure mecha-
nisms could occur. Other coefficients which have to be defined are the masonry friction
coefficient µ, pier shear ratio αv and shear stress distribution coefficient b. The pier shear
ratio and shear stress distribution coefficient are both solely depended on the slenderness
of the pier. Expressions for these parameters are elaborated by Petrovčič and Kilar (2013).
From Equation 2.17, 2.27 and 2.28 can be concluded that the maximum lateral force is
only depended on the mean axial stress NEd the pier slenderness λ and the strength of the
masonry. It is thus possible to represent the lateral strength as a failure mode interaction
surface. The ultimate lateral strength in this surface is equal to the minimum failure mode
for a specific pair of the axial load and slenderness. An example of such a graph is shown
in Figure 2.18. Such a graph can be made for each set of material parameters.

Figure 2.18: Failure Mode Interaction Surface Contour Graph.
Source: Petrovčič and Kilar (2013)
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The normalised ultimate lateral strength is represented by the contour lines. Each contour
in Figure 2.18, corresponds with an increase of the ultimate lateral strength of 0.01. Both
the axial compressive force and maximum lateral force have been normalised by a reference
axial force. This has been done to scale the values on the vertical axis in such a way the
values range from 0 to 1. In this case, has been chosen that the reference axial force is equal
to the compressive strength at λ = 0.25. The red line represents the maximum local maxima
for each slenderness. From the failure mode interaction surface can be seen which failure
mode is relevant for a specific slenderness. For example, it can be seen that if λ > 1.5 then
only rocking failure would occur. It should be noted that it is not always easy to find the
type of failure, because the surface intersections of the failure modes overlap closely in
some cases.

spandrel behaviour

Spandrels are the elements which connect the piers in a URM structure. Such elements
are similar to the pier elements, but a different bed-joint orientation has to be taken into
account. In general only shear cracking failure and rocking failure are taken into account.
For shear cracking failure the assumption is made that the vertical stress acting in the
spandrels is equal to zero. This is due to the fact that above and underneath the spandrels
no material is present, thus the vertical load will be significantly small. This results in that
the shear strength is only provided by the cohesion in the masonry. The shear capacity can
therefore be expressed as:

VRd,s = τ0hsptsp (2.29)

where hsp and tsp are the height and thickness of the spandrel respectively. The rocking
capacity is based on the assumption that a tension member is included at the bottom of the
spandrel. Also, the assumption is made that the bending moments are equal on each side
of the spandrel. By doing so, the rocking capacity can be expressed as:

MRd =
Fphsp

2

(
1−

Fp

κ fchsptspht

)
(2.30)

which is similar to the expression for the pier as shown in Equation 2.17. Fp is equal to
the minimum of tension resistance in the assumed tension member and 0.4 fchspts. From
Equation 2.29 and Equation 2.30 can be seen that the failure modes only depend on the
slenderness of the spandrel. This is different compared with the piers because also the axial
force acting on the element was of importance.
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This chapter provides an overview of the existing knowledge of the studied seismic
analysis methods. The studied methods are the modal response spectrum (MRS), nonlinear
pushover (NLPO) and nonlinear time history (NLTH) method. The theoretical background
of all the methods is presented first, where the equation of motion is used as a starting
point. Subsequently, all the relevant characteristics of the methods are described, where
the focus lies with parameters and methods which need to be defined in the modelling
phase. Concerning the NLPO method, three different calculation methods for determining
the target displacement are presented, namely the regular N2-method, included in the
Eurocode 8, and an adaptation of the N2 which is developed specifically for URM structures
by Guerrini et al. (2017).

3.1 modal response spectrum

The modal response spectrum (MRS) analysis is used to obtain the likely maximum response
of a structure due to a seismic load. The ground motion in this model is introduced using
response spectra. A structure is idealised as multiple single degree of freedom (SDoF)
systems, which represent the different modes of a structure. The response of all these
systems is combined afterwards. Nonlinear material behaviour is taken into account by
using a behaviour factor, which reduces the seismic load applied to the structure.

3.1.1 theory

A good starting point for explaining the theoretical background of the MRS method is the
equation of motion (EoM) of a linear SDoF system. The derivation of this equation is shown
in Appendix A.1. It is common practice to divide the EoM, as shown in Equation A.4, by
the mass of the system m and to rewrite the formula using the natural frequency ωn and
the damping ratio ζ, which results in Equation 3.1.

ẍ(t) + 2ζωn ẋ(t) + ω2
nx(t) = üg(t) (3.1)

where:

ωn =

√
k
m

and ζ =
c

2ωnm
(3.2)

It is clear from the Equation 3.1 that the response of a linear SDoF system only depends on
its natural frequency and damping ratio. Thus two systems which have the same values
of ωn and ζ have the same response. Thus it is possible to characterise the response of all
possible linear SDoF systems to a specific ground motion. This is done with a response
spectrum, which is a graph of the peak value of a response quantity as a function of the
natural period and the damping ratio. It is common use to make different plots for a fixed
damping ratio and where the response quantity is shown versus the natural period. For
example, the deformation response spectrum is a plot of the peak displacement xp against
the natural period Tn for a fixed damping ratio. Thus the following expression can be used
to determine the response spectra of the deformation:

xp (Tn, ζ) = max |x (t, Tn, ζ)| (3.3)

27
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An example of how an elastic response spectrum can be created is given by Tsouvalas
(2017b). He shows the acceleration of three SDoF systems with a different natural period
due to the same seismic input. If the peak values of the accelerations of the various systems
are combined in one graph, it is possible to create the response spectrum for that ground
motion. This method is shown in Figure 3.1.

Figure 3.1: Elastic Acceleration Response Spectrum for 1995 Earthquake in Kobe, Japan.
Source: Tsouvalas (2017b)

An advantage of this method is that if the response spectrum for a given ground motion
is known, the peak value of the displacement for any linear single degree of freedom
system can be found. Thus using the response spectrum method is it possible to transform
a dynamic problem into a static problem, by captioning the ground motion in an elastic
response spectrum. As elaborated above, the method can only be applied if response spectra
for a given ground motion are known. Research has been performed to develop elastic
design response spectra which display the maxima of several single degree of freedom
systems, subject to the same ground motion. Since it is not practical to develop a spectrum
for every possible earthquake that could happen, simplified design response spectra have
been proposed by the building codes. These curves are based on the seismic hazard and
the soil properties of a region. The design spectra are not indented to match the response
spectrum for any particular ground motion but are constructed to represent the average
characteristics of many possible ground motions. An example of how a design spectrum
can be constructed is shown in Figure 3.2. It should be noted that different ground motion
signals could lead to the same elastic response spectrum. This is due to the fact that the
spectrum only represents the maximum response values and neglects any other information
of the response.

Figure 3.2: Example of Design Spectrum Based on Earthquake Spectrum A,B and C.
Source: Timur (2017)
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Two types of elastic design response spectra are proposed in the Eurocode 8. This distinction
is made based on the surface wave magnitude that is approximated by a probabilistic seismic
analysis. Furthermore, five ground types are considered. The effect of the stiffness of the
soil on its corresponding spectrum is shown in Figure 3.3. For the Groningen case, a special
elastic ground acceleration spectrum has been prescribed in NPR 9998. The ground peak
acceleration including soil factor should be used as input for the construction of the spectra.
These typical ground peak accelerations of the affected area in Groningen have been studied
and can be found using an online tool. Another difference with the Eurocode 8 is that the
relationship between the peak ground acceleration and the plateau value of the spectrum is
always 2.5 in the Eurocode and this a variable in NPR 9998.

Figure 3.3: Influence Soil Conditions on Spectrum.
Source: Vrouwenvelder (2016)

3.1.2 behaviour factor

The modal response spectrum method as described previously does not take into account
nonlinear material behaviour. This type of behaviour is included by introducing a behaviour
factor q. This purpose of this behaviour factor is to reduce applied load, anticipating the
fact that the response will undertake as nonlinear deformation. This behaviour factor can be
determined using a ductility factor µ, which is defined as the ratio between the maximum
displacement um and the yield displacement uy of an elasto-plastic model. Design inelastic
spectra haven been proposed, based on the belief that there is a relationship between the
natural period Tn, the ductility factor and the behaviour factor. It has been observed that
for short period structures the behaviour factor is close to one and for long periods the
reduction factor is close to the ductility factor. Several mathematical relationships have been
proposed based on these observations, and one that is commonly used is one proposed by
Newmark and Hall (1973) as shown in Equation 3.4

q =


1 Tn < Ta√

2µ− 1 Tb < Tn < Tc

µ Tn > Tc

(3.4)
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Behaviour factors can be obtained from NPR 9998 based on the characteristics of a structural
system. It should be noted that viscous damping is already taken into account in these
factors. Using the behaviour factor and the values of TB, TC, TD and p, which are location
depended parameters, it is possible to formulate the inelastic design spectrum using the
following formulas:

0 ≤ T ≤ TB : Sd(T) = agS
[

1 +
T
TB

(
p
q

)
− 2

3

]
(3.5)

TB ≤ T ≤ TC : Sd(T) = agS
p
q

(3.6)

TC ≤ T ≤ TD : Sd(T) = agS
p
q

[
TC
T

]
(3.7)

TD ≤ 4 : Sd(T) = agS
p
q

[
TCTD

T2

]
(3.8)

3.1.3 peak response for mdf systems

In Chapter 3.1.1 is presented how the peak values of forces and deformations can be found
using MRS for SDoF systems. This method can also be applied for a multi-degree of freedom
(MDoF) system, by transforming the MDF system into several SDF systems. This can be
done by looking into all relevant modes of an MDoF system separately. The responses
of the SDoF systems can then afterwards be combined to estimate the behaviour of the
MDoF system. NPR 9998 specifies two requirements for which modes should be taken into
consideration in this method. First, the sum of the effective modal masses of the modes
taken into account amounts to at least 90 per cent of the total mass of the structure. Second,
all modes with an effective model mass greater than 5 per cent of the total mass should be
taken into account. These conditions should be verified for each relevant direction. Some
approximation must be introduced in combining the peak model responses rp because their
information on when the peak responses occur is not included in this method. It could be
assumed that all modal peaks occur at the same time. This provides an upper bound of the
peak value of the total response.

rp =
N

∑
n=1
|rnp| (3.9)

This upper bound value is usually too conservative. A method which provides a better
estimate of the total peak response is a method developed by Rosenblueth (1951). This
method is called the square-root-of-sum-of-squares (SRSS) method.

rp =

(
N

∑
n=1

r2
np

)1/2

(3.10)

The peak response of each mode is squared, afterwards summed and the square root of this
summation provides the peak response of the MDF system. This method provides accurate
results, as long as the natural frequencies are well separated. According to NPR 9998, the
response of two modes i and j can be considered independent of each other, if their natural
periods Ti and Tj satisfy the following condition:

Ti ≤ 0.9Tj (3.11)
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A method which overcomes the limitations of the SRSS rule is the complete quadratic
combination (CQC) rule:

rp =

(
N

∑
i=1

N

∑
n=1

ρipriprnp

)1/2

(3.12)

The peak responses of the ith and nth mode and the correlation coefficient pin are multiplied
for all relevant modes. pin varies from 0 to 1 and is equal to 1 for i = n. Several formulations
for the correlation coefficient were published over the years, where there the one published
by Rosenblueth and Elorduy (1969) was the earliest. The formulation of the correlation
coefficient that is now widely used is the one by Kiureghian (1981). In this equation the
correlation coefficient is solely dependent on the viscous damping ζ and the ratio βin, which
is defined as βin = ωi/ωn. If the assumption is made that the damping for all frequencies
is equal, the equations is as follows:

ρin =
8ζ2(1 + βin)β3/2

in
(1− βin)2 + 4ζ2βin(1 + βin)2 (3.13)
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3.2 nonlinear pushover

The nonlinear pushover (NLPO) analysis is a nonlinear static method used for the seismic
analysis of structures. A pushover analysis is a procedure in which the magnitude of the
lateral load excited in a structure is increased monotonically until failure. The lateral load
is applied in a predefined load pattern. The relation between the control displacement
and base shear is plotted subsequently in a so-called capacity curve. This capacity curve
is used to determine the seismic capacity of a structure. In this chapter the theoretical
background of the pushover method is elaborated, where the equation of motion is used
as a starting point. Secondly, two commonly pushover methods are described, namely the
capacity spectrum method and the N2-method.

3.2.1 theory

The description of the theoretical background NLPO analysis is based on the work of
Tsouvalas (2017a). The equation of motion as derived in appendix A.2, is used as the basis
for the elaboration of the background, just as was done for the description of the theory
behind MRS analyses. The equation of motion is shown in Equation 3.14.

Mẍ + Cẋ + fs(x, ẋ, t) = −Mrüg(t) (3.14)

When trying to solve this differential equation, it is logical to look for a response which has
the following shape:

xi =
N

∑
n=1

Φ̂rqr (3.15)

where xi is the response of mode i and Φ̂r is the eigenmode of node r. This means that al
the modes are coupled, thus the response of mode i is influenced by the sum of all modes r.
This coupling has to be taken into account, due to the nonlinear stiffness of the system. An
assumption has to be made, to make the problem solvable with the NLPO method. This
assumption reads:

xi =
N

∑
n=1

Φ̂rqr ≈ Φ̂iqi = Φq (3.16)

In Equation 3.16 is assumed that qr is zero for all modes in which r 6= i. This means that
the individual modes are not influencing each other. This approximation is theoretically
only valid for linear systems, but the assumption can also be made for nonlinear systems
if the response of the structure is such that the total response of the system can found by
searching for each mode individually. This assumption is valid for structures which have
a high mass participation in certain modes. This is only the case for structures which are
not severely irregular. Consequences of this assumption are elaborated in a further stage of
this report. Substitution of the assumed displacements as shown in Equation 3.16 in the
equation of motion 3.14 results in:

MΦq̈ + CΦq̇ + fs(Φq, Φq̇, t) = −Mrüg(t) (3.17)

Pre multiplying this equation with ΦT results in:

ΦT MΦq̈ + ΦTCΦq̇ + ΦT fs(Φq, Φq̇, t) = −ΦT Mrüg(t) (3.18)
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Several notations are introduced to shorten the equation which shorten Equation 3.18 to:

M∗q̈ + C∗q̇ + f ∗s q = −ΦT Mrüg(t) (3.19)

where:
ΦT MΦ = M∗, ΦTCΦ = C∗ and ΦT fs(Φq, Φq̇, t) = f ∗s (3.20)

The model mass matrix M∗ and the model stiffness matrix f ∗s are diagonal, which follows
from the orthogonally principle. The modal damping matrix C∗ is fully populated, but by
introducing Rayleigh damping is it possible to force the matrix diagonal. A description of
Rayleigh damping is presented in Chapter 3.4.2. Due to the fact that all matrices in 3.19

are diagonal, is the EoM a set of uncoupled equations. Thus it is possible to rewrite the
equation in scalar form:

m∗ii q̈i + c∗ii q̇i + fsi = −Liüg (3.21)

where:

Li = ΦT
i Mr (3.22)

Equation 3.21 can be simplified by dividing the equation by m∗ii which results in:

q̈i + 2ζiωi q̇i +
fsi

m∗ii
= −Γiüg (3.23)

in which:

ω2
i =

k∗ii
m∗ii

, ζi =
c∗ii

2m∗iiωi
and Γi =

Li
m∗ii

(3.24)

Another transformation of coordinates is introduced and substituted in Equation 3.23 to
make sure that only the ground acceleration appears on the right-hand side of the equation.

qi = ΓiDi (3.25)

D̈i(t) + 2ζiωiḊi(t) +
fsi(D, Ḋ, t)

Li
= −üg(t) (3.26)

The only unknowns in the equation above is the displacement Di, and the nonlinear force-
displacement relation fsi and the ground acceleration. Thus if the ground motion and
nonlinear force-displacement relation are introduced in some way, the equation can be
solved to find the displacements. This force-displacement relationship can be derived from
the capacity curve, and the ground motion is introduced using response spectra. The total
response of the structure can be found subsequently by substituting Di in Equation 3.16.
This results in:

xi(t) = Φ̂iΓiDi(t) (3.27)

It should be noted that it is not allowed to sum the responses to the different modes,
because superposition only holds for linear systems.
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3.2.2 capacity curve

The most important aspect of the NLPO method is the determination of the capacity curve.
The capacity curve is the relationship between the base shear and the displacement of a
control node. Three methods are generally accepted to determine the capacity curve:

• Mechanistic hierarchy of strength analysis.

• Pseudo nonlinear analysis using sequential elastic analysis

• Nonlinear finite element analysis.

Since only the nonlinear finite element method is applied in this study are the other
analysis types not further elaborated. An important aspect is the assumed load distribution
applied to the structure. These loads are representing the inertia forces which would be
experienced by a structure due to a seismic event. In a conventional pushover analysis,
only the magnitude of the load is increasing while the distribution of the load remains
constant. The inertia forces could be approximated more accurate if the load pattern would
vary during the pushover analysis. Research on such adaptive pushover methods has been
performed by Shakeri et al. 2008 and Gupta and Kunnath 2000.

(a) Mechanics Model (b) Capacity Curve

Figure 3.4: Schematic Representation of Pushover Analysis Procedure

Eurocode 8 and NPR 9998 prescribe constant load patterns that should be applied for
the pushover analysis. Since constant distribution methods are incapable of capturing the
variations of the structural behaviour of a structure during an earthquake, at least two
different load patterns are required. The intention behind the multiple load patterns is to
bind the loads that could occur during the actual dynamic response. The following two
load distributions are prescribed:

• A uniform distribution based that is proportional to the mass. A uniform acceleration
is applied to the structure.

• A modal pattern based on the lateral force distribution determined with an elastic
analysis. This generally corresponds to a triangular load pattern based on the first
dominant mode.

The pushover analysis can be performed after the load distribution is defined. The result of
such an analysis is a capacity curve, which is the relation between base shear force Vb and
the control node displacement un. This control displacement may be taken at the centre of
the mass of the roof of the building.
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3.3 target displacement methods

Several different target displacement calculations methods have been developed and imple-
mented in guidelines. The first commonly applied methods were the capacity spectrum
method and the displacement coefficient method. These were described in ATC-40 and
FEMA-273 respectively, with are both building codes from the United States. The most
commonly applied method in Europe is the N2-Method. An adaptation of the capacity
spectrum method is prescribed in NPR 9998. It should be noted that even though NPR 9998

describes the capacity spectrum method, it is mentioned in the code that other methodolo-
gies may also be applied. Three methodologies are studied in this report, namely: Capacity
Spectrum Method (NPR 9998) and the N2-Method (Eurocode 8) and an adapted version of
the N2-Method which has been developed for low period URM structures. This method
has been developed by Guerrini et al. (2017).

3.3.1 n2-method (eurocode 8)

The method prescribed in Eurocode 8 is an adoption of the N2-method as proposed by
Fajfar (1999). A characteristic of this method which differs from the other methods is that
the determination of the target displacement depends on whether the equivalent idealised
SDoF system is in the short, medium or long-period range. This check is performed by
comparing the natural period of the equivalent idealised SDoF system with the corner
period of the demand. Non-linear material is only taken into account if the structure is in
the short period range, and if the factor qu is larger than 1. This factor is explained more
thoroughly later in this chapter.

The first step of the N2-method is to determine the horizontal elastic response spectrum
based on the viscous damping, soil conditions and location of a structure. Such a spectrum
is typically shown as a graph for a constant viscous damping and with the spectral
acceleration and natural period on its axis. It is necessary to transform this graph into an
acceleration - displacement format, as shown in Figure 3.5.

Figure 3.5: Transformation Spectrum from Traditional to Acceleration-Displacement Format
Source: Fajfar (1999)

The following relation applies to transform an elastic spectrum to the elastic its acceleration
- displacement format:

Sead =

(
T

2π

)2
Se (3.28)



36 seismic analysis methods

The second step is to transform the MDoF system into an equivalent SDoF system. This
is done by transforming the capacity curve from its force-displacement format Fb − dn to
a force-modal displacement graph F∗ − d∗. This transformation can be done by applying
Equation 3.29 where the original capacity curve is written in a Fb − dn format and the
capacity curve of the SDoF system is written in F∗ − d∗ format. The asterisk next to a
symbol indicates that it is related to a property of the SDoF system.

F∗ =
Fb
Γ

, d∗ =
dn

Γ
and Γ =

ΣFi

Σ
(

F2
i

mi

) (3.29)

Using this idealised system it is possible to find the yield force F∗y , which is equal to the
force at the formation of the plastic mechanism. An idealised force-displacement diagram
has to be constructed based on the aforementioned F∗ − d∗ relation. This idealised force-
displacement relationship is idealised with an equivalent relationship, where a constant
stiffness assumed until the yield point F∗y of this system. The post-yield stiffness is assumed
to be equal to zero. The initial stiffness is determined in such a way that the area under the
actual and idealised force-deformation curves are equal. This method is shown graphically
in Figure 3.6. This area is the deformation energy up to the formation of the plastic
mechanism. The yield displacement d∗y can be found based on this assumption using:

d∗y = 2

(
d∗m −

E∗m
F∗y

)
(3.30)

Figure 3.6: Stiffness Relation of Equivalent SDF System.
Source: Eurocode 8

The elastic period T∗ of this equivalent SDOF system can be determined, using the effective
mass me f f , the yield strength F∗y and yield displacement d∗y .

T∗ = 2π

√
me f f d∗y

F∗y
and me f f = ∑ miφi (3.31)

The target displacement of the equivalent SDF system assuming unlimited elastic behaviour
is given by:

d∗et = Sead(T∗) (3.32)
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Nonlinear material behaviour has to be taken into account if the response of the SDF system
is nonlinear. The response is considered to be nonlinear if the acceleration at the yield point
of the idealised SDF F∗y /me f f is smaller than the spectral acceleration Sead at period T∗. For
medium and long-range periods is assumed that the response is always elastic. A structure
is considered short range if T∗ < TC. This is shown graphically in Figure 3.7. The following
formulas are applied to determine the target displacement d∗t .

F∗y /me f f > Sead(T∗) and T∗ < TC : d∗t = d∗el (3.33)

F∗y /me f f < Sead(T∗) and T∗ < TC : d∗t =
d∗el
qu

(
1 + (qu − 1)

TC
T∗

)
> d∗el (3.34)

T∗ > TC : d∗t = d∗el (3.35)

The factor qu is the ratio between the acceleration with unlimited elastic behaviour and in a
structure with limited strength.

qu =
Sead(T∗)me f f

F∗y
(3.36)

Figure 3.7: Graphical Representation of Target Displacement.
Source: Eurocode 8

The last step is to transform this target displacement D∗t of the SDF system to the target
displacement dt of the MDF system. This transformation is executed by applying the same
transformation factor as was used to transform the MDF to the SDF system:

dt = Γd∗t (3.37)
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3.3.2 guerrini

A method has been developed by Guerrini et al. (2017) for the evaluation of inelastic
demands for short-period masonry structure. Short period structures are structures with
a fundamental period between 0.1 and 0.5 s. This method has been developed because
a significant underestimation of the ductility demand and inelastic displacement ratio
was observed when using the N2-method and other similar methods for short-period
structures. It was found that the amount of energy dissipated by material hysteresis has a
significant influence on the displacement demand, even though it is not accounted for in
the N2 method. An adapted formulation is proposed for Equation 3.34 is proposed which
is used to relate the inelastic and elastic displacement demands. The following equation is
proposed:

d∗t =
d∗el
qu

 (qu − 1)c(
T

Thyst
+ αhyst

) (
T

TC

)b + qu

 (3.38)

Parameters αhyst, b, c and Thyst are calibrated with the results of multiple NLTH analyses
performed on a set of oscillators. Sets of parameters where optained for three ranges
of hysteric dissipation, specifically for mainly flexure dominated (FD) systems (13% ≤
ξhyst < 15%)), intermediate systems (15% ≤ ξhyst < 18%) and mainly shear dominated (SD)
systems (18% ≤ ξhyst < 20%). The values are shown in Table 3.1

Table 3.1: Calibrated Parameters for Proposed Equation.
Source: Guerrini et al. (2017)

Case αhyst (-) b (-) c (-) Thyst (s)

Mainly FD 13% ≤ ξhyst < 15% 0.7 2.3 2.1 0.055

Intermediate 15% ≤ ξhyst < 18% 0.2 2.3 2.1 0.030

Mainly SD 18% ≤ ξhyst < 20% 0 2.3 2.1 0.022

3.3.3 capacity spectrum method (npr 9998)

The capacity spectrum method was initially proposed by Freeman and Tyrell (1975). The
main difference of this method in comparison with the N2-method is that inelastic behaviour
is taken into account by reducing the demand based on a level of equivalent damping. This
equivalent viscous damping depends on the inherent damping of the structural system,
the hysteric damping and the soil conditions. A brief explanation of all relevant steps
is presented below. The first step of the capacity spectrum method is to transform the
elastic acceleration response spectrum into an elastic displacement response spectrum. This
transformation is done in the same way as for the N2-Method. The following relation has
to be applied for the transformation:

Sead =
T2

4π2 Se (3.39)
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This next step is to reduce Sead to take into account nonlinear behaviour. This can be done
by multiplying the elastic ADRS spectrum with the spectral reduction factor ηξ .

Snlad = ηξ Sead (3.40)

where:

ηξ =

(
7

2 + ξsys

)0.5
> 0.55 (3.41)

where ξsys is the effective equivalent viscous damping. The effective equivalent viscous
damping is a combination of the inherent damping ξ0, the hysteric damping ξhys and the
soil damping ηsoil . The inherent damping is taken as 5% as is specified in NPR 9998. The
hysteric damping is derived based on the global ductility of a system. Equation3.42 is given
to determine the hysteric damping if a ductile failure mechanism occurs.

ξhys = 0.42

(
1− 0.9
√

µsys
− 0.1

√
µsys

)
≤ 0.15 (3.42)

where µsys is the ductility of the structure. The soil damping can be determined by taking
into account the soil properties. An extensive procedure on how the soil damping could
be included is shown in NPR 9998. The next step of the capacity spectrum method is to
convert the capacity curve into an equivalent single degree of freedom system. This is done
in exactly the same matter as is prescribed in EN-1998, as described in Equation 3.29. The
pushover curve of the equivalent system has to be divided by the effective mass of the
system subsequently using the following equation:

Sa =
F∗

me f f
(3.43)

where Sa is the generalised capacity curve. This generalised capacity curve has to be bi-
linearised subsequently. This is done by first determining the initial lateral stiffness of the
equivalent SDoF system, by taken the secant stiffness at a base shear equal to sixty perfect
of the maximum base shear. Second, the maximum spectral displacement ucap;sys is taken
as the lateral near collapse displacement capacity of the equivalent SDoF system. Third,
the spectral acceleration of the SDoF system Sa;y is computed assuming an elastoplastic
force-displacement relationship and equal energy criterion, which can be determined as
follows:

Sa:y =
ucap;sysKinit −

√(
ucap;sysKinit

)2 − 2EmKinit

m∗
(3.44)

An example of a bi-linearised pushover curve is shown in Figure 3.8.

Figure 3.8: Example of a Bi-Linearised Capacity Curve
Source: NPR 9998:2018



40 seismic analysis methods

Both the capacity Sa and demand Snlad are expressed in the same units, namely: acceleration
on the vertical axis and displacement on the horizontal axis. If both spectra are now drawn
in the same graph, it is possible to find the target displacement d∗t . This point can also be
calculated by using the following expressions:

k∗ =
Vcap

ucap
, T∗ = 2π

√
m∗

k∗
and xt = Snlad(T∗) (3.45)

where k∗ and Te f f are the effective stiffness and natural period of the equivalent SDoF
system respectively. The difference These values are derived from the displacement capacity
ucap and base shear capacity Vcap of the equivalent SDoF system. It should be noted that
Te f f according to NPR 9998 represents a different value than T∗ which had to be determined
to calculate the target displacement according to Eurocode 8. Te f f is the effective period of
the SDoF system, which depends on the ultimate capacity in terms of displacement and
base shear and T∗ is the fundamental period of the SDoF system and depends on the yield
displacement and base shear capacity.

Figure 3.9: Capacity Curve Assessment
Source: NPR 9998:2017
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3.4 nonlinear time history

The NLTH analysis is a nonlinear dynamic method used for the seismic analysis of struc-
tures. The seismic load is taken into account by applying a ground motion signal to the
soil or directly to a structure. Several earthquake signals have to be applied, to take into
account the considerable spread an earthquake scatter could have at a single location.
Nonlinearity is taken into account by applying nonlinear material properties in the model
and by including geometrical and transient nonlinearity in the analysis. The nonlinear
analysis is executed by determining the response of the structure per timestep by using a
numerical iteration method.

3.4.1 theory

The theoretical background of the NLTH analysis presented in this chapter is based on
the work of Gavin (2016). Symbols have been changed with respect to his work, due to
consistency reasons. A good basis to describe the background of the NLTH method is the
equation of motion (EoM) of a multiple degree of freedom (MDoF) system. The derivation
of this EoM can be found in Appendix A.2. It should be noted that bolted capital symbol
represent matrices, bolted lowercase symbols represent vectors and regular lowercase
symbols represent scalars. The EoM of an MDoF system is shown in Equation 3.46.

Mẍ(t) + Cẋ(t) + fs(x, ẋ, t) = −Mrüg(t) (3.46)

The difficulty in solving this differential equation is the nonlinear stiffness term. The
NLTH method overcomes this problem by solving the equation numerically. It does so
by discretizing the time scale in timesteps t = ti+1. These timesteps are subsequently
substituted in the EoM, which results in Equation 3.47.

Mẍ(ti+1) = Cẋ(ti+1) + fs(x(ti+1), ẋ(ti+1), ti+1) + Mrüg(ti+1) (3.47)

A numerical procedure is required to find the acceleration, velocity and displacement at
t = t + 1. Most numerical procedures use methods which extrapolate ẋ(t1+i) and x(t1+i)
from already known data. If x(t1+i) and ẋ(t1+i) are known is it possible to determine
ẋ(t1+i) by applying Equation 3.47. Thus by using a numerical method it is possible to find
all kinematic quantities, by extrapolating two of the three forward in time and solving the
third one analytically. Several numerical integration algorithms are developed to extrapolate
the kinematic parameters. The most commonly used integration scheme for solving NLTH
problems is the Newmark method. This method approximates the displacements and
velocities at timestep i + 1 with:

xi+1 ≈ hẋi + h2
[(

1
2
− β

)
ẍi + βẍi+1

]
(3.48)

ẋi+1 = ẋi + h [(1− γ) ẍi + γẍi+1] (3.49)
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The parameters β and γ determine certain characteristics of the method like the stability,
the order of accuracy and if the method is implicit or explicit. Commonly used values for
these parameters are given by Gavin (2016). If β = 1/4 and γ = 1/2 the Newmark method
is unconditionally stable. The method is equal to the linear acceleration method if β = 1/6
and γ = 1/2 and the method is identical to the central difference method if β = 1/4 and
γ = 1/2. Several relationships are introduced of the increments of the kinematic variables,
the nonlinear stiffness relation and the ground acceleration, solely to keep further equations
as brief and clear as possible.

δxi = xi+1 − xi, δẋi = ẋi+1 − ẋi and δẍi = ẍi+1 − ẍi (3.50)

δ fs = fs(x(ti+1), ẋ(ti+1)− fs(x(ti), ẋ(ti) and δügi = üg(i+1) − ügi (3.51)

Equation 3.48 can be rewritten now by expressing the acceleration by the other parameters.
This leads to the following expression:

δẍi =
1

βh2 δxi −
1

βh
ẋi −

1
2β

ẍi (3.52)

Futhermore, if Equation 3.52 is substituted in Equation 3.49, it is possible to find an
expression for the finite difference relationship of the velocity:

δẋi =
γ

βh
δxi −

γ

β
ẋi + h

(
1− γ

2β

)
ẍi (3.53)

The aforementioned increments should now be substituted in the EOM as shown in
Equation 3.46. This results in the incremental equilibrium over timestep h.

Mδẍi + Cδẋi + δ fs = Mrδẍgi (3.54)

By substituting the expressions for δẍi and δẋi in Equation 3.54 and by re-grouping the
equation in such a way that the change in displacement is expressed therms of velocity and
acceleration, can the expression be written in the following matter:

[
1

βh2 M +
γ

βh
C
]

δxi =

[
1

βh
M +

γ

β
C
]

ẋi +

[
1

2β
M − h

(
1− γ

2β

)
C
]

ẍi − δ fr + Mrẍgi

(3.55)
This nonlinear system of equations can be solved using several numerical methods, which
are further elaborated in Chapter B.1. The goal of solving the equations is to find the
increment of the displacement δxi. This displacement increment should added afterwards
to the initial displacement using:

xx+1 = xi + δxi (3.56)

The velocities ẋx+1 can also be found by applying the just found displacement increment in
Equation 3.49.

ẋi+1 = 2ẋi −
h
2

ẍi +
3
h

δxi (3.57)

The displacement xx+1 and the velocity ẋx+1 were the only unknowns in Equation 3.47,
thus it is possible to solve the EOM to find the acceleration ẍx+1.

ẍ(ti+1) = M−1 [Cẋ(ti+1) + fs(x(ti+1), ẋ(ti+1), ti+1) + Mrüg(ti+1)
]

(3.58)
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3.4.2 damping

An important aspect of an NLTH analysis is defining the damping matrix. It is not practical
to determine the global damping matrix using the damping properties of its elements.
This is due to the fact that the damping properties of materials are not as well defined
as for the stiffness properties. Another reason is that it is impossible to take into account
additional energy dissipation mechanisms, like friction in connections. In practice, the
assumption is made that similar damping mechanisms occur throughout the structure. The
most commonly used idealisation of the damping matrix is called Rayleigh Damping. The
basis of the method is the assumption that the damping is proportional to the mass and
stiffness of the structure:

C = a0M + a1K (3.59)

The constants a0 and a1 can be determined by looking into the model damping, which is
defined as:

C∗ = ΦTCΦ = ΦTa0MΦ + ΦTa1KΦ = a0M∗ + a1K∗ (3.60)

The derived camping matrix is diagonal due to the fact that the mass and stiffness matrix
are also diagonal and due the orthogonality principal. The matrix can now be decoupled
and the damping coefficient λi can be expressed as:

ζi =
c∗ii

2m∗ii
=

a0m∗ii + a1k∗ii
2m∗iiωi

=
a0

ωi
+

a1ωi
2

(3.61)

From Equation 3.61 can be seen that in the stiffness term the damping is inversely propor-
tional to the frequency and that the mass term is directly proportional to the frequency.
This is graphically shown in Figure 3.10.

(a) Mass and Stiffness Proportional Damping (b) Rayleigh damping

Figure 3.10: Variation of Modal Damping Ratios with Natural Frequency.
Source: Chopra (2013)

The coefficients a0 and a1 can be solved by by estimating the modal damping ratios zetai
and zetaj for specified modes i and j. If both modes have the same damping ratio ζ, can the
coefficients be expressed as:

a0 = ζ
ωiωj

ωi + ωj
and a1 = ζ

2
ωi + ωj

(3.62)
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3.4.3 ground motion input

NPR 9998 prescribes two methods on how the seismic load can be modelled for an NLTH
analysis. These methods are the direct and indirect method. The direct method models
the soil with 3D elements, on which the ground motion signals are applied at a depth of
30 meters. The indirect method represents the soil by means of springs and dampers at
the base of the structure, on which the ground motion signals are directly applied. Both
methods are elaborated more in-depth underneath.

direct method

The direct method models the soil and structure with nonlinear properties. The seismic
load is applied as a force at a depth of 30 meters. This force is the product of a damping
coefficient and a velocity. Dampers in x,y and z different directions are used to transfer the
forces to the soil column. The viscous damping coefficients have to be determined using
Equation 3.63.

Ch = ρAVs and Cv = ρAVv (3.63)

where Ch should he applied for horizontal dampers and Cv for vertical dampers. ρ is the
density of the elastic medium, and A is the plan area tributary to each damper. The shear
wave velocity Vs and pressure wave velocity Vp depend on the soil properties. A schematical
overview of the direct method is shown in Figure 3.11a.

indirect method

The indirect method divides the analysis into two parts, with the goal to reduce the
total computational time. First, the same steps as for the direct method are executed, but
the difference is that the structure is modelled with linear properties, while the material
properties of the soil block are still nonlinear. The output of this step are the forces and
velocities at the bottom of the foundation of the structure. The second part of the indirect
method is to model the structure with nonlinear properties and to model the soil as springs
and dampers underneath the degrees of freedom of the foundation. The output of step 1 is
subsequently used to determine the load that should be applied to the free ends underneath
the springs and dampers.

(a) Direct Method (b) Indirect Method

Figure 3.11: Soil Structure Interaction Representation Methods
Source: NPR 9998:2017
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4S T R AT E G Y

This chapter provides an overview of the overall strategy, which is employed to acquire
results, which are used to achieve the main objectives of this study. First, the building stock
in Groningen is studied, and these buildings are subdivided based on their typology. A
structure is chosen afterwards, which suits the characteristics of the low-rise URM apartment
building typology and fulfils the pre-requisites for performing an NLPO Analysis. Second,
comparison methods are prescribed on how the conclusions can be drawn based on the
output of the studied analyses.

4.1 building stock and typologies groningen

Building typology is the study of and documentation of a set of buildings which have
similarities in their type or form. The geometry and material properties of the studied
structure in the case study should be complying with a commonly occurring typology in
Groningen. This is important, because if the case study is representative of a certain typology,
then the conclusions of this study could be used for the analysis of other structures from
the same typology. The grouping of the buildings can be performed based on a combination
of similar features like building use, adjacency, material and structural system. A database
is currently under development to subdivide all structures based on their features, which
are affected by earthquakes in Groningen ARUP and NAM (2018). All relevant features
which are taken into account in defining the typology in this study are shown in Figure 4.1.

Geometric
Layout

Structural
Layout

Building
Materials

Figure 4.1: Building Classification Steps

The first subdivision that is made in this database is based on the geometry of the buildings.
Four relevant categories are defined by ARUP and NAM (2018), which are shown in Figure
4.2. A fifth defined category are tower structures, but since the amount of these structures
on relatively low, they are not indicated in the pie chart.

Unit (60 %)

Shed (32 %)

Block (2 %)

Warehouse (6 %)

Figure 4.2: Geometric Layout Classification

• Shed: Small sized buildings

• Unit: Medium sized buildings

• Block: Buildings that contain horizontal and vertical repetition of unit structures

• Barn/Warehouse: Large span buildings
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The most commonly occurring typology are unit structures. Purely based on this fact would
it make sense to also select a unit structure for the case study, but the applicability of the
NLPO method on this type of structure has already extensively been studied by Dijkema
(2018), Michalaki (2015) and Kumar (2016). Thus the decision has been made to study a
block type structure, since this type of structure has been studied less. The structures which
belong in the block category can in their part be sub-divided based on their structural
layout. The following unit buildings layout are described by ARUP and NAM (2018):

Block Tall (38 %)

Block Tall Complex (6 %)

Block Low (43 %)

Block Low Complex (13 %)

Figure 4.3: Structural Layout Classification

where the "Tall" means that a structure is larger than 10m and "Complex" means that the
building is formed by multiple structures with a different structural layout. The last step
of the classification process is to combine the structural layout category with its building
year and available inspection data. By doing so is it possible to determine the expected
properties of the walls and floor types. ARUP and NAM (2018) provide an overview of the
expected properties of block structures, as shown in Figure 4.4. The walls are subdivided
into calcium silicate (CS), clay brick (CB) and concrete (CO) walls. With the second index is
indicated if cavity walls are present (CW) or not (NCW). The last index indicates the floor
type, which could be concrete (CF) or timber (TF) floors.

CS+CW+CF (29 %)

CS+NCW+TF (26 %)

CO+NCW+CF (13 %)

CB+CW+CF (10 %)

Other Combinations (22 %)

Figure 4.4: Material Walls and Floors Classification

Bases on the pie charts shown in Figure 4.3 and 4.4, it would make sense to choose a
structure for the base study which does not have a complex structural layout, has calcium
silicate cavity walls and concrete floors. The structure which is selected for the case study
complies with all these criteria.
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4.2 characteristics of the studied building

A building which has already been studied by VIIA has been chosen for the case study. It
concerns a low-rise URM apartment building. A front view of the building is shown in
Figure 4.5. The building could be described by the ’block tall’ structural layout classification,
as described in Chapter 4.1. These are buildings which are expected to contain horizontal
and vertical repetitions of unit structures without large spans, where the gutter height is
larger than 10 meter. The building was constructed in 1968. The building is located in the
province of Groningen, but the exact location of the building is not shown in this report,
due to privacy reasons. The structure can be divided into three parts from which the wall
configuration is almost the same. Thus, the decision has been made to only model part of
the structure, to reduce the computational demand. Furthermore, a staircase can be found
next to the structure, which can be considered as structurally detached. Thus, this staircase
is not taken into account in this study.

Figure 4.5: Front View of Building

It is of interested to analyse the NLPO method for this structure for several reasons. First,
because the structure is of a considerable size, which makes an NLTH analysis time-
consuming. Furthermore, the NLPO method is considered to be more conservative than
the MRS method. Thus, especially for structures of a considerable size, it is possible to
reduce the amount of required retrofitting significantly when applying the NLPO method,
compared to the MRS method. Moreover, the wall configuration is regular. Thus the NLPO
method is applicable to the structure. Furthermore, the stiffness of the structure is of a
different magnitude in the longitudinal and transverse direction. Therefore a study of this
structure is deemed useful, to see in what extent the NLPO method is applicable in a
relatively weak and relatively strong direction of the building.
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4.2.1 structural layout and materials

The top view of the structure which is analysed is shown in Figure 4.6. The masonry which
is part of the façade is now shown in this top view. The same wall configuration can be
found on all floors of the structure. More detailed drawings of the front, top and side view
can be found in appendix C. The numbering system that is applied to indicate the floor
levels is also presented in this appendix. A coordinate system has also been defined in
Figure 4.6, which is used throughout the report.

Figure 4.6: Top View First Floor

The structure contains 100 and 200 millimetre thick walls. The 100-millimetre walls separate
the rooms within the structure, and these walls are non-load bearing. The 200-millimetre
walls are apartment-separating walls, and they are load bearing. These apartment-separating
walls provide stability during a seismic event. The seismic capacity in the longitudinal
direction of the structure is considerably less, due to the lack of load-bearing walls in that
direction. The reason for this significant difference in seismic strength in both directions is
that initially, the only horizontal load acting on the structure is a wind load. Furthermore,
the surface area on the front of the structure is considerably higher than on the sides
of the structure. Therefore the wind load that was taken into account when designing
the structure was significantly higher in the transverse direction, in comparison with
the transverse direction. Furthermore, the distinction has to made between primary and
secondary seismic elements. Primary seismic elements are elements which are part of
the structure which should withstand the seismic load. Secondary seismic elements are
elements which are not meant to transfer a seismic load and failure of these elements does
not lead to global failure of the structure. Even though, some limit state criteria apply to
the secondary seismic elements. All of the 200-millimetre thick walls are primary seismic
elements, and the 100 millimetre thick walls are secondary elements.
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An overview of all the materials which can be found in the structure is presented in Table
4.1. The structure is founded by concrete prefab piles, which are attached to concrete
foundation beams. The bottom floor is a ribbed floor while all other floors are in situ
constructed concrete floors. The roof of the building is also made out of in situ concrete. All
walls are made out of calcium silicate, except for the capacity wall, which is made out of
clay brick. The inner and outer leaves are connected by anchors. The balconies and galleries
are supported by concrete beams, which are supported by the walls. Timber lintels can be
found underneath all the spandrels.

Table 4.1: Overview Materials Building

Material Thickness (mm]

Supporting Beams Concrete 430x230

Foundation piles Concrete 320x320

Foundation strips Concrete 550

Floors and Roof Concrete 150

Load Bearing Walls Calcium Silicate 200

Non Load Bearing Walls Calcium Silicate 100

Outer leaf cavity walls Clay Brick 100

Inner leaf cavity walls Calcium Silicate 100

Lintels Timber 50x50

4.2.2 soil properties

The properties of the soil underneath the building are of importance for the seismic analysis.
Several ground penetration tests have been performed close to the building. A representative
soil composition has been formulated based on the penetration tests. It should be noted that
this step has been executed by a geotechnical engineer from VIIA and not by the author of
this study. The output of this study is presented in Table 4.2.

Table 4.2: Representative Soil Composition

Top Layer Bottom Layer Description

0.0 0.5 Sand

-0.5 -1.5 Clay

-1.5 -2.5 Peat

-2.5 -4.0 Clay

-4.0 -5.5 Peat

-5.5 -7.0 Sand

-7 -30 Pot Clay
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4.2.3 additional loads

The dead weight of the structure and the variable loads acting on the structure influence
the seismic capacity of a structure significantly. The permanent and variable load should
be taken into account in determining the seismic load. The dead weight of the structural
elements is automatically taken into account by DIANA and 3MURI, but the dead load of
non-structural elements and the variable load has to be manually given as input. The inertia
effects of the variable load may be reduced, due that it is not likely that the maximum
variable load and a seismic event occur at the same time. The following formula is given in
Eurocode 8 and NPR 9998 for determining the additional load Ed that should be taken into
account for determining the seismic load.

Ed = ΣGk,j + ϕψ2iQk,i (4.1)

where Gk,j are the masses of structural and non-structural elements and Qk,i the variable
loads. The coefficients ϕψ2i take into the likelihood of the variable loads during a seismic
event and also the reduced participation of the masses in the motion of the structure
due to the non-rigid connection between them. The permanent load acting on the roof is
compromised of a 0.40 kN/m2 load that is specified for a roof without gravel and a 0.20
kN/m2 load for the lowered ceiling. A variable load acting on the roof does not have to be
taken into account, because it has to been taken into account because of ψ2i = 0 for the roof
while performing a seismic analysis. The permanent load acting on the floors and galleries
of 1.00 kN/m2 is due to the floor covering. The variable load acting on these elements is
1.75 kN/m2 or 2.00 kN/m2 for the floors and galleries respectively, which are the values
specified by NEN-EN 1991-1-1 for Class A structures. These loads have to be reduced with
coefficients ϕ = 0.3 and ψ2i = 0.6, which results in a variable load of 0.32 kN/m2 and
0.36 kN/m2 for the floors and galleries respectively. An overview or the additional loads
including coefficients is presented in Table 4.3.

Table 4.3: Overview Additional Permanent and Variable Loads

Permanent Load Variable Load Total Load

kN/m2 kN/m2 kN/m2

Roof 0.60 - 0.60

Floors 1.00 0.32 1.32

Gallery 1.00 0.36 1.36
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4.3 comparison strategies

The comparison strategies which have been applied to fulfil the two main objectives are
defined in this chapter. The comparison strategies are based on the limit state criteria as
defined in NPR 9998. Thus, a description of these criteria is presented first. Afterwards,
the comparison strategy for each of the objectives is presented separately. Ultimately, the
limitations of the case study are shown.

4.3.1 near collapse limit state criteria

Three different limit states are defined in NPR 9998, namely: Near Collapse (NC), Significant
Damage and Damage Limitation. The extent of this research is limited to the NC limit state,
which states that the stability of a building is heavily damaged with a low residual strength
and stiffness in the horizontal direction. However, vertical elements should still be able
to transfer vertical loads. The capacity of the structure is such that the building will not
collapse within a short time limit after the earthquake, but it is likely that the building will
collapse due to another seismic event. This level is achieved corresponding to a seismic
action with a probability of exceedance of 2 % in 50 years. Which translates to a return
period of 2475 years. The verification of a building is done using the following expression:

Ed ≤ Rd where Rd =
R
(

fk
γm

)
γM

(4.2)

where Ed is the design value of the seismic load and Rd is the design value of the resistance.
The characteristic values of the material properties fk have to be divided by the partial
material factor γM and by the partial factor for the material properties γm. The partial
material factor takes into account modelling uncertainties and dimensional deviations,
which is prescribed by NPR 9998 to be 1.0. The partial factor for the material properties
depends on the type of material and the used material model. If degradation effects are
taken into account, γm can be taken as 1.0, which is the case for the nonlinear methods.
For linear analyses, like MRS, it is prescribed by NPR 9998 to apply a partial factor for the
material properties of 1.5.

The design value of the seismic load is defined as the seismic load which has applied in
a model, when performing a check for a particular characteristic load. This load will be
described in terms of peak ground acceleration (PGA) at ground level. The relation between
the design and characteristic load varies per analysis method. The maximum admissible
seismic load acting on the structures according to each of the studied methods is expressed
in terms of the characteristic seismic load.
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The structural behaviour is investigated at the NC limit state for each method, however each
method requires a different way to achieve this scope. An overview of the limit state criteria
per analysis type is presented in Table 4.4. The out-of-plane check can only be performed
using the NLTH method. Thus, global failure due to the out-of-plane failure of an element
would lead to an unfair comparison with the other methods, because out-of-plane failure
cannot occur due to the nature of MRS and NLPO. Special measures will be taken to prevent
out-of-plane failure, if it is the governing failure mechanism according to NLTH method.
However, it should be noted that in practice, a Nonlinear Kinematic Analysis (NLKA) has
to be executed next to the MRS and NLPO method to overcome the lack of these methods
to check the out-of-plane capacity of walls. This NLKA is not performed, because it would
not contribute to the objectives of this study.

Table 4.4: Limit State Criteria per Analysis Type

MRS NLTH NLPO

In-Plane Wall Capacity X X X

Out-of-Plane Wall Capacity X X X

Inter-story Drift X X X

It is usually also required to perform checks on the floors and foundation. However, in
Chapter 2.2.3 was shown that the failure of floors due to a seismic event is not likely. Thus,
this type of failure is not taken into account. Furthermore, failure of the foundation is not
taken into account, because the decision was made to scale the seismic signal at ground
level. The near collapse limit state criteria which have to be applied according to each
analysis method are presented hereafter.

modal response spectrum

The NC limit state criteria which have to be met according to the modal response spectrum
method are based on the in-plane capacity of the piers and spandrels. The lateral force
in each primary seismic element may not exceed the shear and flexural capacity of that
element. Redistribution of forces is not allowed due to the fact that MRS is a linear method.

The capacity checks which have been performed on the piers are prescribed in NPR 9998.
The following expression is given to determine capacity VRd,s of a pier based on the shear
sliding failure mechanism:

VRd,s = fvdD′t where fvd =
fvm0

γm
+ 0.4

N
D′t

< 0.065 fm (4.3)

where D′ is the width of the compressed area and fvd is the masonry shear strength taken
into account the presence of the vertical load N. The mean shear strength in the absence of
the vertical load is fvm0 and the mean compressive strength is fm. The assumption is made
for the determination of the shear capacity of a wall that only the compressive zone is able
to transfer shear forces.

The flexural capacity is based on the toe-crushing mechanism. The assumption is made that
flexural failure of a pier always occurs due to compression in one of its corner and not due
to tension in the other corner. Equation 4.4 is given to determine the flexural capacity of a
wall. Where H0 is the distance between the section where the flexural capacity is attained
and the contraflexure point, which is equal to the height of each wall if the wall is clamped
on both sides.

VRd, f =
DN
2H0

(1− 1.15vd) where vd =
N

Dt fm
(4.4)
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The maximum admissible seismic load acting on the structure according to the MRS method
is prescribed in terms of the maximum PGA at ground level of the characteristic seismic
load Ek. The design load Ed which has to be applied in the model to check if the structure
is complying to the characteristic load is determined using Equation 4.5, where q is the
behaviour factor.

Ed =
Ek
q

(4.5)

nonlinear pushover

Three limit state criteria are prescribed by NPR 9998 for NLPO analyses, which have to be
applied when determining the capacity curves. These capacity curves are determined by
incrementally increasing the lateral load acting on the structure according to a predefined
vertical distribution of the lateral load, until one of the NC limit state criteria are met.
NPR 9998 prescribes that at least one uniform and one modal lateral load pattern has to
be applied. The uniform distribution is proportional to the mass of the structure, which
could be modelled as a uniform acceleration acting on the structure. The modal pattern is
based on the lateral force distribution determined with an elastic analysis. This generally is
similar to a triangular load pattern based on the governing eigenmode.

The first criterion is the dynamic instability of the structure, which can occur due to the
absence of static convergence of an analysis or due to the lack of vertical load bearing
capacity of a structure. The second criterion is a strength degradation of 80% with respect
to the base shear capacity. The last criterion is an inter-story drift limit. The inter-story drift
limit for brittle inelastic mechanisms is equal to 0.6 % and is to 1.5 % for ductile inelastic
mechanisms. The inter-story drift has to be determined by dividing the displacement of the
top of an pier with respect to the bottom by the height of that pier.

The allowable seismic load according to the NLPO method is determined by evaluating the
demand and capacity of a structure. The demand of the structure is defined according to
three different methods, namely the Capacity Spectrum method according to NPR 9998, the
N2-method according to Eurocode 8 and an adopted N2-method which has been developed
for short-period URM structures, according to Guerrini. A description of all these methods
can be found in Chapter 3.3.

nonlinear time history

The limit state criteria for NLTH can be divided into two categories: explicit and indirect
checks. Explicit checks are checks which are directly related to the stability of the model,
and indirect checks are related to inter-story drift limits. Concerning the explicit checks,
the limit state criteria shall not be exceeded in each of the simulations. The capacity of the
structural elements is directly taken into account in the material model of the masonry.
Exceedance of the capacity of these elements results in the failure of that element. If the
failure of this element results in the collapse of the structure, then the global NC limit state
is reached. This is the point where the results of the NLTH analysis are diverging. If the
assumption is made that all elements are modelled correctly and the analysis properties are
correct, then divergence can only occur due to global failure of the structure.
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The second type of criteria are the drift limits. The mean of the response of all simulations
may not exceed the inter-story drift limits. Drift limits have to be applied during an NLTH
analysis because it is deemed difficult to capture post-peak behaviour using the available
masonry material models. The drift limits have been introduced to provide an additional
upper limit. For example, it could be numerically correct for a wall to reach a high drift
limit without collapsing, but the results should not be trusted. NPR 9998 specifies that the
same drift limits as for the NLPO method have to be applied.

The maximum admissible seismic load according to the NLTH method is prescribed in
terms of the maximum PGA at ground level of the characteristic seismic load Ek at the
moment of failure. The design load Ed which has to be applied in the model to check if the
structure is complying for the characteristic load is determined using:

Ed = Ek × γn (4.6)

where γn is a factor relating to the number of ground motion sets used and to the type
of limit state criteria applied. The values of γn which are specified in the NPR 9998 are
presented in Table 4.5. It is important to note that the limit state may not be exceeded
in each of the simulations for the explicit checks, while the mean of the response of all
simulations may not exceed the inter-story drift limits.

Table 4.5: Values of γn according to NPR 9998:2018

7 Signals 11 Signals

Explicit Checks 1.40 1.25

Indirect Checks 1.10 1.00

4.3.2 comparison strategy : continuum fem and macro efm

The comparison strategy of the studied computational discretisation methods for the NLPO
method can be found hereafter. A study of a single case study is performed using a contin-
uum FEM and Macro EFM model. The results of the case study are subsequently evaluated
and compared with each other. Based on the comparison is it possible to draw conclusions
which in their part can be extrapolated to conclusions for the entire typology of the structure.

The first point of interest is the behaviour of the structure under static conditions, which
gives an indication of the stiffness distribution of the structure, and it shows how the gravity
and the live loads are transferred to the foundation. The mass of the structure according
to both programs can also be determined by this analysis, which gives an indication the
loads were introduced correctly. The mass can be determined by summing up the vertical
reaction forces.

The second point of interest is the results of the modal eigenvalue analyses. The output
of these analyses are the modal shapes, natural periods and modal mass participation of
the eigenmodes. These properties indicate the overall behaviour of a structure. Especially
the modal shapes are of importance because one of the lateral load patterns applied to the
structure according to the NLPO method is based on the model shape of the governing
eigenmode.
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The next step is to compare the capacity curves according to the two discretisation methods.
Characteristics which are of interest are the base shear capacity and the displacement
capacity in terms of displacements of the control node. Furthermore, it is also of interest to
study the initial slope of the capacity curve, during its elastic branch because it indicates
the initial stiffness of the structure.

Moreover, the position and type of inelastic mechanisms are studied. In DIANA this is
done by looking into the crack widths, principal stresses and masonry state parameter.
Damage in 3MURI is presented by indicating if an element has already surpassed its force
or displacement capacity. The displacement profile also provides information about where
in the structure the most damage can be expected.

The last step of the comparison strategy is to analyse the maximum allowed seismic load in
terms of maximum PGA at ground level. The maximum allowed seismic load is determined
according to the NC limit state criteria as prescribed in NPR 9998. However, three different
methods are used to determine the maximum seismic load, namely: NPR 9998, Eurocode
8 and Guerrini. The maximum seismic load is determined by incrementally scaling the
demand until one of the demand is exceeding the capacity. The demand of the structure is
represented by the response spectra which are determined by the NLTH analysis of the
soil-block.

4.3.3 comparison strategy : mrs , nlpo and nlth

The seismic response of the case study structure is determined, using three different
methods, namely MRS, NLPO and NLTH. The comparison of the results of these methods
quite a challenge, due to the differences in the methods and due to the fact that different
limit state criteria have to be applied for each method. An overview of the differences in
methods is presented in table 4.6. The procedure of how the methods are executed and how
these differences are taken into account is presented hereafter for each method separately.

Table 4.6: Differences in Seismic Analysis Methods

Material Properties Description of Seismic Load

MRS Linear Response Spectra

NLPO Nonlinear Response Spectra

NLTH Nonlinear Time-Dependent Load

The MRS analysis is performed by using a fixed base model. A difference with the NLPO
and NLTH analyses is that linear material properties have to be applied. These linear
material properties are based on the cracked stiffness properties, as prescribed by NPR
9998. The seismic load is represented by response spectra, which are determined by an
NLTH analysis of a representative soil-block. The method of how the response spectra are
determined is described in Chapter 4.3.4. The MRS analysis is executed in the longitudinal
and transverse direction separately. The response spectra are linearly scaled until one of the
limit state criteria is exceeded.
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The NLPO analysis is executed by using a fixed base model with nonlinear material proper-
ties. The demand and the capacity of a structure are defined separately. The capacity of the
structure is defined in terms of capacity curves. These capacity curves are determined by
incrementally loading the structure until one of the limit state criteria is met. The structure
is loaded by applying a predefined vertical distribution of the lateral load. Two different
lateral load patterns are taken into account, which are a uniform distribution an distribution
based on the shape of the governing eigenmode. The demand is defined determined in
terms of response spectra, which are determined by an NLTH analysis of a representative
soil-block. The method of how the response spectra are determined is described in Chapter
4.3.4. Subsequently, the target displacement is determined using three different methods,
namely: the Capacity Spectrum method according to NPR 9998, the N2-method according
to Eurocode 8 and an adopted N2-method which has been developed for short-period
URM structures, according to Guerrini. The demand is linearly scaled until the target
displacement and the displacement capacity are equal.

The NLTH analysis is performed by using a model with nonlinear material properties,
where the seismic load is introduced as a time-dependent load at a depth of 30 meters.
The seismic is applied in the longitudinal, transverse and vertical direction simultaneously.
An incremental dynamic approach is applied, in which the multiple NLTH analyses are
performed, each scaled to several levels of seismic intensity. The seismic signals are scaled
at ground level.

Based on the aforementioned differences in methods, the following comparison strategy has
been defined. The first point of interest is the maximum admissible seismic load according
to the methods. The maximum admissible seismic load is defined as the load at which
the near collapse (NC) one of the limit state criteria is exceeded, according to NPR 9998.
However, it should be mentioned that each method requires a different way to achieve this
scope. The maximum admissible seismic load is found by incrementally scaling the seismic
load until one of the limit state criteria is exceeded. The maximum admissible seismic load
is expressed in terms of PGA at ground level.

Furthermore, the force-displacement behaviour according to the various analyses is also of
interest. The force-displacement behaviour is represented by plotting the base shear versus
the displacement of the roof of the structure. This results in a straight line for the MRS
analyses because it is a linear analysis. The force-displacement behaviour according to the
NLPO method is represented by the capacity curves. The force-displacement behaviour
according to the NLTH analyses is captured by by performing multiple NLTH analyses
for several magnitudes of the seismic load. The maximum predicted displacement and
corresponding base shear of each of these analyses is subsequently determined. By plotting
these points in a graph, it is possible to formulate a capacity curve for each studied signal.

The last step is to look into the inelastic mechanisms which occur and the failure mecha-
nisms. This is done by looking into the displacement pattern over the height of the structure
at the moment of failure and by looking into damage parameters like occurring crack
widths and the masonry status parameters from the engineering masonry model. It should
be noted that the failure mechanism can be determined for each analysis method, but the
inelastic mechanisms can only be determined for the nonlinear methods since the evolution
of damage does not occur when linear material properties are applied.
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4.3.4 representation of the seismic load

The seismic load for the NLTH method is introduced as a time-dependent load at a depth
of 30 meters, while for the MRS and NLPO methods the seismic load is introduced using re-
sponse spectra at ground level. Thus, it is necessary to make these two ways of representing
a seismic load as equivalent as possible. It should be noted that it is not possible to make
these to methods completely equivalent, because some properties of an NLTH load are lost
when creating a spectrum. For example, the hysteretic aspect of a real seismic load is lost in
a spectrum, because only the maximum response of an SDF system is represented with
response spectra. It is possible though, to formulate a ground motion spectrum at ground
level, based on the results of a seismic load which is applied at a depth of 30 meters.

Seven representative ground motion signals for Groningen, based on NPR 9998:2015 spectra,
have been developed by ARUP (2016). These ground motions are intended to be applied
at a depth of 30 meters. The ground motion signals are based on seven real earthquake
signals, which have been selected taking into account the project area specific attributes.
These signals are matched and processed so that they are suitable for analysis, by matching
the signals in such a way, that the response spectra at ground level due to these signals
match the response spectra as defined in NPR 9998:2015.

These horizontal signals are introduced at the bottom of the soil column in the transverse,
longitudinal and vertical direction. The accelerations at ground level caused by these signals
are measured. It is possible to determine the response spectra based on the measured
accelerations at ground level, by applying the measured acceleration signals to several SDoF
systems, from which the natural period of the SDoF systems is incrementally increased. It
should be noted that the viscous damping of these SDoF systems is kept constant at 5%.
By doing so, it is possible to determine the maximum response of the SDoF systems, due
to the accelerations of the soil at ground level. The outer envelope of the response spectra
of the seven signals is used as input for the MRS and NLPO analyses. The results of this
methodology are presented in appendix F.1.

4.4 limitations of case study

Several limitations of the aforementioned comparison strategy have to be taken into account.
It is important to note that the possible influence of these assumptions, may partially limit
the extent of the conclusions. Some limitations are inherent to the methods and some are
related to the modelling assumptions which were made.

4.4.1 limitations inherent to seismic analysis methods

The horizontal seismic load applied in the NLTH analysis is of a bilateral nature, while MRS
and NLPO study each direction separately. As a consequence, it is possible that damage
which occurs due to the seismic load in one direction, might influence the behaviour of the
structure in the other direction, which is not accounted for in MRS and NLPO. Furthermore,
the vertical component of the seismic load is not taken into account in the MRS and
NLPO method. This vertical component of the seismic load could have a weakening effect,
especially on structures in which the connections are friction based. Moreover, the axial
load in a pier has a significant influence on the capacity of that pier, which varies during an
NLTH analysis, but is constant in MRS and NLpo analyses.
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Furthermore, hysteretic effects taken into account in an NLTH analysis, which are cannot
be captured with MRS and NLPO. Hysteretic effects which influence the behaviour of a
structure significantly are viscous damping and energy dissipation.

Moreover, the uncracked stiffness properties of masonry have to be applied in the nonlinear
analyses, while the cracked stiffness properties are applied for the MRS analysis. As a
consequence, the initial stiffness and natural periods according to the methods will be
different.

4.4.2 limitations modelling assumptions

Next to the limitations which are inherent to the methods, also several modelling assump-
tions could have a significant effect on the results. First, the seismic signals which are applied
for the NLTH analysis are based on seven real earthquake signals, which have been matched
and processed in a way that the response spectra at ground level due to these signals match
the response spectra as defined in NPR 9998:2015. However, the choice and duration of
these signals are not prescribed by the NPR 9998, and a different set of signals could lead to
different results. Second, the seismic signals have been scaled at ground level and SSI effects
are not taken into account in the NLTH analysis as a consequence. These SSI effects could
have a positive effect on the seismic resistance of a structure according to the NLTH method.

Concerning the 3MURI model, several assumptions which were made in the approach
might have influenced the results. Several structural elements which were modelled in
DIANA were not modelled in 3MURI due to limitations of the program, which could result
in a different behaviour of the structure. Second, the assumption is made that the modelling
approach provides accurate results for both the NLPO analysis in DIANA and 3MURI.
Extensive research has been performed by VIIA on the effects of the modelling assumptions
in the DIANA model, while such research has not been performed concerning 3MURI.
Thus, no guarantee can be given that the assumptions in 3MURI are able to describe the
behaviour of the structure accurately.

Furthermore, the engineering masonry model is applied in DIANA and the 3MURI macro-
element model is used in 3MURI. However, the choice of these material models for masonry
are not prescribed by the NPR 9998 and the choice of a different material model, could
significantly influence the results.

Ultimately, the decision has been made to only study a single structure and the assumption
is made that the results of the case study can be generally applied to the entire typology.
However, it must be noted that significant alterations in geometry and building materials
might influence the results. For example, higher mode effects could become relevant if
the wall configuration is more irregular compared to the case study, which are difficult to
capture with an NLPO analysis. Furthermore, the results of the NLPO method generally
less reliable for structures with flexible diaphragms, and only rigid diaphragms were
considered in the case study.
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The characteristics of the DIANA and 3MURI models are described in this chapter. The
description of the DIANA model is subdivided into four parts. First, the characteristics of
the DIANA model which are relevant for all analyses are elaborated. The changes that have
been to this general model to make the model suitable to perform an MRS, NLPO or NLTH
analysis with respectively are presented afterwards. A description of how the analyses are
performed can also be found. The characteristics of the 3MURI model can be found in the
last section of the chapter. All properties of the models are briefly explained in this chapter,
to keep this chapter as organised as possible. A more elaborate description and tables with
all relevant material properties can be found in Appendix D. Ultimately, validation checks
of the DIANA and 3MURI modal are presented.

5.1 diana continuum fem model

A DIANA model is used to perform the NLTH, NLPO and MRS analyses. It should be
noted that an NLTH analysis has already been performed of the studied structure by an
engineer within Royal HaskoningDHV. The model used for this analysis is used as a basis
for all performed analyses in DIANA. It is mentioned in the report which parts of the case
study are not the work of the author of this document. This chapter is subdivided into four
parts. First, the characteristics of the DIANA model which are relevant for all analyses are
elaborated. The changes that have been made to this general model to make the model
applicable to the studied analyses are presented afterwards.

5.1.1 general model

The characteristics of the model described in this chapter are used for the MRS, NLTH and
NLTH analyses. It should be noted that the entire general model has not been created by
the author of this study. All material properties have been taken from NPR 9998 or derived
from studies done by VIIA.
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walls

The wall configuration in DIANA of the second floor is presented in Figure 5.1. The same
wall configuration can also be found on all other floors. All walls have been modelled
using two-dimensional shell elements (T15SH/Q20SH). These are curved shell element
which follows the Mindlin-Reissner theory. The elements are based on linear interpolation
and Gauss integration over the element area. It should be noted that the inner and outer
leaf of the cavity walls are modelled separately. The material model which is used is the
engineering masonry model, as described in Chapter 2.4.1. The applied material properties
for calcium silicate and clay brick respectively, can be found in the appendices in Table D.1,
which are prescribed in NPR 9998.

Figure 5.1: Walls Configuration in DIANA

Two types of connections between walls can be found in the structure. Those where the
connection is continuously bonded and those where a small gap can be found between
the walls which is filled by mortar. The type of connection has a considerable influence
on the behaviour of a wall. The connection between the two walls is modelled as a closed
connection without a special interface element if the walls are continuously bonded. Special
interface elements are used to model the connection if the connection is not continuously
bonded. These interface elements are only able to transfer compressional forces in the
normal direction. Shear and tension forces cannot be transferred through these elements.
The position of these nonlinear elements is presented in Figure 5.2. It should be noted that
these elements can be found on all floors.

Figure 5.2: Nonlinear Line Interfaces on the Fourth Floor
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It is not required to apply interface in the connection between the floors and walls, due to the
fact that the assumption is made that the strength of the connection has the same capacity
as the bed joints of the wall. Thus it is not deemed necessary to model the connection using
non-linear interface elements.

anchors

The inner and outer leaf of the cavity walls are connected by anchors. These anchors are
modelled using 2-node spring elements (SP2TR) which can only transfer forces in the
normal direction. The capacity of these anchors depends on the distance between the two
leaves. An elasto-plastic behaviour is assumed where the springs deform linearly until it
reaches its capacity. The stiffness in the plastic range is assumed to be zero. The anchors are
not able to transfer shear forces. The mechanical behaviour of these anchors is presented in
Figure 5.3.
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Figure 5.3: Force-Elongation Behaviour of Anchors

floors

The floors are modelled with the same shells elements as the walls. The first floor is a
ribbed floor. This floor is modelled with linear orthotropic material properties. The floor
has to be modelled with these orthotropic properties because the joints are hardly able
to transfer shear stresses and the Young’s modulus differs per direction. An example of
a ribbed floor and the chosen coordinate system is shown in Figure 5.4. The connection
between the walls and floor is a continuous one. Thus the floor is able to transfer moments
to the wall. All other floors and the roof are massive concrete walls with a thickness of 150

millimetres. They are modelled using linear concrete properties. The material properties of
the ribbed floor and the linear concrete can be found in the appendices in Table D.2 and
Table D.3 respectively.

Figure 5.4: Coordinate System Ribbed Floor
Source: VIIA (2017b)
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galleries and balconies

Galleries and balconies can be found on the front and back of the structure. They are
supported by concrete beams, which in their part are supported by the walls. The galleries
are modelled with the same shell elements as were used for the floors. The concrete beams
are modelled with two-node, three-dimensional beam elements (L12BEA). These are fully
numerical integrated Mindlin beam elements which follow a 1-point Gauss integration
scheme along the bar axis. Linear concrete is used for both elements, for which the material
properties can be found in the appendices in Table D.2. The position of these beams is
shown in Figure 5.5.

Figure 5.5: Concrete Beams in DIANA model

loads

Surface loads acting on the floors are taken into account by increasing the density of the
floors on which the load is acting. The applied densities in DIANA are shown in Table
D.6.The weight of the windows, the facade and internal walls which are not modelled are
taken into account by applying line loads. The magnitude of these line-loads is described
by VIIA (2017b). Two different magnitudes of line-loads are applied in the model, those
of 0.55 kN/m, which represent the doors and 0.7 kN/m which represent the glass in the
facade. The position where those line-masses are applied is shown in Figure 5.6.

(a) Line-Mass 0.55 kN/m (b) Line-Mass 0.70 kN/m

Figure 5.6: Applied Line-Masses in DIANA
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5.1.2 modal response spectrum analysis

Two measures need to be taken, to transform the general DIANA model to a model which
is suitable for an MRS analysis. First, all non-linear material properties need to be made
linear. Second, the seismic load according to MRS standards need to be applied.

linear material properties

The only nonlinear elements in the structure are the masonry walls and nonlinear interface
elements which connect the walls to each other. NPR 9998 specifies that the cracked
properties of masonry should be applied for an MRS analysis. It is also specified that the
stiffness properties of cracked masonry, may be taken as half of the uncracked masonry
properties. The properties of the cracked masonry are presented in appendices in Table
D.7. The properties of the nonlinear interface elements have been adjusted in such a way,
that they are not able to transfer any forces any more. This has been done by changing the
stiffness of the elements to a neglectable small value.

seismic load

The seismic load for an MRS analysis is applied as a base excitation. This base excitation
will be amplified per eigenmode based on a modal response spectrum. A design modal
response spectrum has to be used. This spectrum can be determined by dividing the elastic
spectrum by the behaviour factor q. This behaviour factor is specified in NPR 9998 to be
equal to 1.5 for unreinforced masonry. It is also specified that it is allowed to multiply this
factor by 1.33 for horizontal excitations when checking the structure according to the NC
limit state criteria. This results in a behaviour factor of 2.

analysis parameters

A model response analysis is a built-in option in DIANA. Parameters which have to be
defined for this analysis is the response spectrum, the number of eigenmodes that have
to be considered, the modal superposition method and the modal damping coefficient.
The number of eigenmodes that have to be taken into account is based on regulations as
specified in the NPR 9998. It is specified that the sum of the modal mass participation of
the eigenmodes, should be at least 90 %. In Chapter G.2 is shown that this is the case if
450 eigenmodes are taken into account. Furthermore, the CQC method is chosen as the
modal superposition method, because in Chapter 3.1.3 was shown that this method also
provides reliable results if the modes are not well separated from each other. The modal
damping coefficient that is taken into account is 5%, which is the value as is prescribed in
the NPR 9998. An overview of all relevant analysis parameters is presented in Figure 5.1. A
reference is added to a chapter or an appendix where extra information can be found, with
respect to each analyses parameter.

Table 5.1: MRS Analysis Parameters

Analysis Settings Applied in Model Reference

No of Eigenmodes 450 Chapter 5.3.1

Behaviour Factor 2.00 Chapter 3.1.2

Modal Superposition CQC Chapter 3.1.3

Modal Damping Coefficient 5% -
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5.1.3 nonlinear pushover analysis

The only measure that is required to make the general model applicable for an NLPO
analysis is to apply the lateral loads. Two different lateral load patterns are required namely
a uniform and a model load pattern. Capacity curves need to be determined in both the
longitudinal and transverse direction and the positive and negative direction. Thus in total,
there are eight different load cases.

lateral load patterns

The lateral load patterns are applied by adding a load in terms of accelerations to the
structure. Two different load patterns of the applied accelerations are applied. The first
load pattern is a uniform load, which is applied by applying an acceleration which is
constant over the height of the structure. The second load is a load pattern which is based
on the governing eigenmode of the structure. This load is applied by using the built-in
modal pushover analysis function in DIANA. The shape of the governing eigenmodes
is determined by performing a modal eigenvalue analysis, from which the results are
presented in Chapter 5.3.1. The shape of the governing eigenmode in the longitudinal and
transverse direction is presented in Figure 5.7.

(a) Longitudinal Direction (b) Transverse Direction

Figure 5.7: Governing Eigenmodes according to DIANA

analysis parameters

Parameters which have to be defined for an NLPO analysis in DIANA are the iterative
method, the type and magnitude of the convergence norm, the arc length control method,
the type of nonlinearities which are taken into account, the maximum number of iterations
and the load step size. The secant method is chosen as the iterative method, for which a
description can be found in Appendix B.1. The advantage of the secant method compared
to the regular Newton-Raphson method is that the stiffness matrix does not have to be
updated every iteration, which saves time. However, it should be mentioned that more
iterations are required due to the lower convergence rate. Furthermore, the advantage over
the linear stiffness method is that fewer iterations are required. The convergence norm was
chosen to be energy because both the out of balance force and relative displacements are
taken into account. A convergence norm of 10

-4 was chosen based on common practice. A
force-controlled pushover analysis is executed, and in general, it is difficult for DIANA to
find convergence during a force controlled pushover analysis because the load-displacement
curve could become horizontal and could even decline.
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Arc length control is applied during the analysis to overcome this difficulty, where the
type of arc length control method is the spherical path method. However, it should be
mentioned that the updated normal plane method has also been experimented with, and it
did not influence the results. More information about the arc length control method can
be found in Appendix B.3. The nonlinearities which are taken into account are physical
and geometrical nonlinearities. The size of the load step has been chosen together with
the maximum number of iterations. Both parameters have been iteratively varied until the
convergence norm was met for almost all iterations. An overview of all analysis parameters
for the performed NLPO analyses is presented in Table 5.2. A reference is added to a
chapter or an appendix where extra information can be found, with respect to each analyses
parameter.

Table 5.2: NLPO Analysis Parameters

Analysis Settings Applied in Model Reference

Iterative Method Secant Appendix B.1

Convergence Norm Energy Appendix B.2

Arc Length Control Spherical Path Appendix B.3

Nonlinear effects Phys, Geo -

Maximum no. of iterations 20 -

Convergence Tolerance 10
-4 -

Abort criterion 10000 -

Load step size 0.1 m/s2 -

5.1.4 nonlinear time history analysis

Several measures are required to make the general model suitable for an NLTH analysis.
Elements which have to be added are foundation strips, foundation piles and the soil-block.
The seismic load is applied to the bottom of this soil-block using dampers and springs.

foundation

The foundation of the building consists of concrete prefab piles which are attached to the
concrete foundation strips. The foundation strips are modelled with a linear concrete model
for which the material can be found in the appendices in Table D.2. The foundation piles
are modelled as embedded beam elements in the soil-block, for which the properties can
be found in the appendices in Table D.4. Both the properties of the pile and the interface
between the pile and the soil-block are defined by these properties.

Figure 5.8: Foundation Strips and Piles in DIANA
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The connection of the pile and the foundation strips is modelled by a set of springs, an
additional 1D beam element and a tying. An overview of all the elements is presented in
Figure 5.9. The tying, as indicated with, has the sole purpose of increasing the numerical
stability of the model. While the springs, as indicated with E, and the additional 1D element,
as indicated with B, are used to model the failure mechanisms of the structure. The spring
elements deform linearly elastically until they reach a specific critical value of the internal
load, after which the stiffness of the elements becomes zero. The additional 1D element is
modelled using a nonlinear concrete model. Failure of the foundation is not considered in
this report. Thus the properties of the springs have been adjusted in such a way, that failure
of the foundation cannot occur. This is done by assigning a capacity of the piles which can
never be reached. It should be noted that the properties of the piles and the connection of
the piles and the foundation have a significant influence on the behaviour of a structure
due to a seismic event and a proper selection of these properties quite a challenge. However,
due to the fact that failure of the foundation and soil structure interaction is considered
outside of the scope of this report, these properties are not studied more in detail. The
used properties are based on extensive research that has been performed by VIIA, and
the assumption is made that using these properties results in a realistic behaviour of the
foundation.

Figure 5.9: Connection Pile and Foundation Strip

Source: VIIA (2017b)

soil

The soil-block is modelled until a depth of 30 meters because reference accelerations are
given at this depth. Due to the relatively high amount of elements required to model this
soil-block was chosen to replace part of the soil-block by a smaller small soil-column. This
can be done because the sole purpose of the soil at a depth of approximately 5 to 30 meter
is to determine the influence of the soil, on possible amplification or damping of certain
frequencies of the ground motion signal. It should be noted though that the properties of
this soil-column should be equivalent of the part of the ground block that it replaces. How
this is done is outside the scope of this study, but an elaboration of this method can be
found in VIIA (2017a). In Figure 5.10 is shown how the soil-block and column are modelled.

Figure 5.10: Soil-Block and Soil-Column in DIANA
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seismic load

There are two different methods prescribed in the NPR 9998 for executing an NLTH analysis,
namely the direct and indirect method. The differences between these types of analysis are
elaborated in Chapter 3.4.3. The decision has been made to perform the analysis using the
indirect method. This is mostly due to the fact that the computational time can significantly
be decreased using this method. The following steps have been taken to execute these
analyses. The first step is to change the nonlinear DIANA model in such a way that the
material properties of the structure become linear. The material properties of the soil are still
nonlinear. Seven NLTH analyses are subsequently executed, one for each seismic signals.
The results of these analyses are the forces and velocities at the top of the foundation piles.
The position on where this data is extracted is at the bottom node of the springs as indicated
with an E in Figure 5.10. The next step is to create a new model based on the original
nonlinear model. However, all elements underneath the nodes in which the results were
extracted are removed from this model. Thus, the soil-block, soil-column and foundation
piles are not included any more. Furthermore, springs and dampers are added to the model,
which represent the behaviour of the upper layer of the soil. The last step is to apply loads
to all these springs and dampers, which represent the forces and velocities which were
measures during the previous steps. Thus by doing so, it is possible to represent a seismic
signal at a depth of 30 meters, by several loads underneath the top node of the foundation
piles. These loads applied to the foundation are subsequently linearly scaled, to determine
the response of the structure, for different magnitudes of the load. It should be noted that
when the seismic signal at ground level scaled is scaled by a certain scaling factor, then
the PGA at ground level that corresponds to that seismic load is equal to the PGA of the
original seismic load times the scaling factor.

analysis parameters

Most of the analysis parameters which are used for the NLTH analysis are the same as
for the NLPO analysis and also the same reasoning could be applied. For example, the
iterative method, the type of convergence norm and the convergence tolerance are the same.
The Newmark method is used as the time integration method, and Rayleigh damping is
applied. An elaboration of these methods can be found in Appendix 3.4.1 and Chapter 3.4.2
respectively. The use of these parameters is based on common practice. The same nonlinear
effects are taken into account as for the NLPO method. However, transient effects are also
taken into account. The step size is based on the fact that the minimum frequency of the
seismic load is smaller than 15 Hz a minimum of six time steps is required to capture a
time step with linear steps. The minimum step size can subsequently be determined, by
dividing the frequency by the minimum amount of steps that are required.

Table 5.3: NLTH Analysis Parameters

Analysis Settings Applied in Model Reference

Damping Rayleigh Chapter 3.4.2

Time Intergration Method Newmark Chapter 3.4.1

Iterative Method Secant Appendix B.1

Convergence Norm Energy Appendix B.2

Nonlinear effects Phys, Geo, Trans -

Maximum no. of iterations 10 -

Convergence Tolerance 10
-4 -

Abort criterion 10000 -

Step size 0.01 s -

No. of steps 1050 -
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5.2 3muri macro efm model

A 3MURI model is used to perform an NLPO analysis using the equivalent frame method.
It should be noted that the modelling possibilities are way more limited compared to
DIANA. Thus several modelling solutions have to be performed, to create an as equivalent
model as possible compared to DIANA. These modelling solutions are related to the walls
of the structure and to additional loads that have been added, to replace elements which
could not be modelled.

walls

It is not possible to model cavity walls in 3MURI. This the decision has been made to leave
out the outer leaf of the cavity wall, which can be found at the side of the structure. No
measures were taken to find an equivalent way to include this outer leaf. It is also not
possible to model the walls in the façade of the structure, due to the fact that 3MURI is
not able to find convergence if the gap between a wall and the floor above is too large. A
similar kind of problem occurred for openings between internal walls, where the walls
are not connected to each other by spandrels. Dummy walls have been added in these
openings and at the front and back of the façade to solve the convergence problems. The
properties have been chosen in such a way that they do not affect the global behaviour of
the structure. Material properties of the dummy wall can be found in appendices in Table
D.10. The configuration of all modelled walls on the first floor 3MURI model is shown in
Figure 5.11. The same wall configuration is repeated for all other floors.

Figure 5.11: Walls Configuration in 3MURI

It should also be noted that the masonry of the walls can be modelled using two different
kinds of shear failure criterion. Mohr-Coulomb could be used, which represents shear
sliding and Turnsec-Cacovic, which represents diagonal shear failure. The capacity curves
using both criteria will be analysed, from which the one with the lowest capacity will be
studied more in detail.
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equivalent static loads

It is not possible to model several elements in 3MURI, which were modelled in DIANA,
due to the limitations of the program. The elements which could not be taken into account
are the outer leaves of the cavity wall in the façade, the galleries, the extension of the roof
above the galleries, the balconies and the concrete beams. All of these elements do not
contribute to the global seismic capacity of the structure, but the mass of these elements
has to be taken into account for determining the seismic response of the structure. The
mass these elements is calculated first and subsequently applied to the structure in 3MURI.
The mass of the concrete beams is added as a line load, acting on the walls. All other loads
are applied as point loads acting on the edge of the walls. Some of these loads would
have normally be applied to the floor, but it only possible in 3MURI to apply point loads
directly to the walls. The positions of were the additional loads have been applied have
been assigned with an identification number, as shown in Figure 5.12.

Figure 5.12: Equivalent loads in 3MURI

The magnitude of the point load differs per position and floor level. The numbering
convention which is used for the floor levels can be found in Appendix C. The loads
acting on floor 1, 2 and 3 are the same for each floor. The point loads are determined by
multiplying the line loads with the length over which the load is acting, and subsequently
dividing this load over the walls which are the closest to this line load. Different loads
are determined for five positions. A summary of all the equivalent point loads which are
applied to the model are shown in Table 5.4. An elaboration of how the load on each
position is determined can be found in Appendix D.3.2.

Table 5.4: Equivalent Loads in 3MURI

Ground Floor Floor 2,3,4 Roof Unit

Position 1 7.30 7.30 1.15 kN

Position 2 8.95 25.8 3.30 kN

Position 3 3.30 36.4 3.30 kN

Position 4 1.65 18.5 16.1 kN

Position 5 3.30 37.0 32.2 kN
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Furthermore, it is not possible in 3MURI to assign a density to the floors in 3MURI. Thus
equivalent surface loads have been determined to model the own weight of the floors. These
densities have been determined by dividing the densities of the floors which are applied in
DIANA, by the thickness of each floor. The results of this calculation are presented in Table
5.5.

Table 5.5: Surface Loads in 3MURI

Element Value Unit

Roof 4.27 kN/m2

Floor 1,2,3 4.97 kN/m2

Ground Floor 3.97 kN/m2

5.3 model checks

The DIANA and 3MURI model are validated in this chapter. This is done by first looking
into the results of a modal eigenvalue analysis. Subsequently, an analysis under static
conditions is performed to check if the deformations and the internal forces throughout
the structure are as they should be. The modal mass participation provides a method for
judging the significance of each eigenmode.

5.3.1 modal eigenvalue analysis

A model eigenvalue analysis is performed to find the eigenmodes of the structure. Important
properties of the eigenmodes are the natural period, shape and the modal mass participation.
The modal eigenvalue analysis would give a good indication if any modelling mistakes
were made in the geometry of the structure. Furthermore, a modal eigenvalue analysis also
provides a good indication if any mistakes were made in the geometry and connections in
the structure.

governing eigenmodes

The governing eigenmodes of the structure according to DIANA are presented in Figure
5.13. The natural period and modal mass participation are shown in the caption of the
figure. It is clear that both the eigenmodes are typical sway modes. Furthermore, the fact
that DIANA is able the execute the modal eigenvalue analysis is an indication that all
elements are properly connected to each other.

(a) Governing Mode in Longitudinal
Direction 0.53 s (77.3%)

(b) Governing Mode in Transversal
Direction 0.20 s (63.1%)

Figure 5.13: Governing Eigenmodes according to DIANA
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The governing eigenmodes according to the 3MURI model are shown in Figure 5.14. Due
to the fact that it is not possible to obtain three-dimensional images of the eigenmodes in
3MURI, is chosen to show the top view of the model. The black lines indicate the original
position of the walls at the top of the structure. The purple lines indicate the deformation
of the top walls of the structure, which correspond to the eigenmode. It can clearly be seen
that two typical sway modes are occurring, similar to the ones in DIANA. The natural
period and the modal mass participation is comparable to that of the results of the DIANA
model.

(a) Governing Mode in Longitudinal Direction
0.55 s (69.7%)

(b) Governing Mode in Transversal Direction
0.26 s (63.1%)

Figure 5.14: Governing Eigenmodes according to 3MURI

Not only the natural period of the structure and modal mass participation of the structure
is of importance, but also the modal shapes. The modal shape indicates in which way a
structure is most likely going to deform due to a dynamic load. The modal shapes are
also used directly as input in the MRS and NLPO method because the load is applied in
these shapes. The modal shape of the governing eigenmode in each direction are shown
in Figure 5.15. These modes are presented by showing the normalised displacement of
each floor, where the normalised displacement is determined by dividing the displacement
of each floor by the displacement of the top roof. It can be seen that the modal shapes in
the transverse direction are almost the same in 3MURI and DIANA. The modal shapes
in the longitudinal direction are slightly different in both programs. The displacement is
more localised on the first floor in 3MURI in comparison with DIANA. Thus a weak floor
mechanism of the first floor is more likely to occur in 3MURI.
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Figure 5.15: Shape Governing Eigenmode per Load Case
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5.3.2 analysis under static conditions

Analyses under static conditions are performed in DIANA and 3MURI to validate both
models and to compare the results with each other. Aspects which can be studied after a
static analysis are the deformations, internal forces and reaction forces. The analyses are
performed by applying the dead weight and live loads to the structure. The output of the
static analysis in DIANA are deformations, internal forces and reaction forces. The only
available output of a static analysis in 3MURI are internal forces and reaction forces. It is
not possible to extract the deformations from the static analysis.

deformations

The deformations in the longitudinal, transverse and vertical direction, due to the gravity
loads, are presented in Figure 5.16. All occurring deformations follow a displacement
pattern which can be explained. The deformations in the horizontal directions and are
all relatively small. This is due to the fact that only loads are applied to the structure in
the vertical direction. The centre of mass in the longitudinal direction is exactly in the
middle, due to the fact that the structure is symmetric in that direction. Thus the resultant
the dead weight does not have an arm with respect to the centre of the structure. Thus
the deformations in the longitudinal direction are the same everywhere in the structure.
This is not the case for the deformations in the transverse direction. The centre of mass
in the transverse direction is slightly positioned to the side with the gallery. A moment
occurs due to the eccentricity of the dead load with respect to the centre of the structure.
Thus deformations occur in the transverse direction, to the side with the galleries. When
looking at the deformations in the vertical direction, can clearly be seen that the highest
deformations occur in the galleries. This is due to the fact that the galleries are cantilevers.
Another important aspect for the deformations in all directions is that the deformations are
equal to zero at the location of the supports. Based on the deformations can be concluded
that all elements are properly connected and that the dead loads are applied in the correct
direction. It is not possible in 3MURI to view the deformations on a static analysis.

(a) Longitudinal Direction (b) Transverse Direction (c) Vertical Direction

Figure 5.16: Deformations according to DIANA
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internal forces

The internal forces of the static analysis can be extracted from DIANA and 3MURI. It makes
sense to check the reaction forces first, before comparing the internal forces, to check if the
magnitude of the total load is the same in both models. The mass of the structure including
live loads according to both programs is shown in Table 5.6. The mass of the structure in
DIANA is determined by adding up all the vertical reaction forces, and the mass in 3MURI
is determined by adding up all the internal forces at the bottom of all walls.

Table 5.6: Mass of Structure according to DIANA and 3MURI

DIANA 3MURI Unit

Mass Structure 9834 9786 kN

The next step is to compare the internal forces from both models. The internal forces are
presented in DIANA by showing the distributed forces over the width of the wall. The
distributed internal vertical force is shown in Figure 5.17. From the image can be seen that
the compressive forces increase from the top to the bottom of the structure, which is an
indication that the dead weight and live loads are applied correctly.

(a) Distributed Internal Vertical Forces (b) Distributed Internal Shear Forces

Figure 5.17: Internal Distributed Forces according to DIANA

It is not possible to obtain images of the internal forces in 3MURI like was done in DIANA.
The only available output in 3MURI is resultant force per wall. To check if the transfer of the
dead load in similar in DIANA and 3MURI it is necessary to calculate the resultant forces
per wall in DIANA. This is done by taking the average distributed vertical force per wall
and by multiplying this value with the width of that wall. The results of this calculation
and the output of 3MURI is shown in Table 5.7. The Numbering system of the walls is
shown in Figure 5.18.
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The magnitude of the vertical loads in the walls if comparable in both directions. This
indicates that the distribution of stiffness is comparable in both models. It should be noted
though that the vertical force in walls in the transverse direction is slightly higher in 3MURI,
while the vertical force of walls spanning in the longitudinal direction is higher in DIANA.
However, it is not expected that the results are influenced significantly by this difference.

Figure 5.18: Wall Numbering System

Table 5.7: Internal Load Distribution

Wall no. 3MURI DIANA Unit

T1 1497 1454 kN

T2 1290 1231 kN

T3 1556 1486 kN

L1 195 225 kN

L2 90 108 kN

L3 77 92 kN
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6C O M PA R I S O N O F P R O C E D U R E S

This chapter is comprised of a comparison of the results which have been acquired by the
case study. The comparison is divided into two parts, based on the two objectives of this
thesis. It should be noted a more elaborate description of the results of each method can be
found in Appendix G, H, and I for the MRS, NLPO and NLTH results respectively. Only a
brief representation of the results which are directly related to the objectives of this study
are presented in this chapter.

6.1 comparison results of continuum fem and macro efm

analyses

A comparison of the studied computational discretisation methods for the NLPO method
can be found hereafter. The studied methods are continuum FEM and macro EFM. DIANA
is applied to model the structure according to continuum FEM, and 3MURI is used to create
the macro EFM model. The methods are first compared with each other by looking into the
results an analysis under static conditions and a modal eigenvalue analysis. Furthermore,
the capacity curves according to the studied methods are compared. Moreover, the failure
mechanisms are compared with each other and maximum admissible seismic load according
to the NC limit state criteria is presented.

6.1.1 comparison analyses under static conditions

The analyses under static conditions are performed by only taking into account the self-
weight and live loads acting on the structure. The seismic load is not taken into account.
This comparison is of interest because several elements have been modelled in the DIANA
model, which were not modelled in 3MURI, due to the limitations of the latter. For example,
the balconies and galleries have not been modelled in 3MURI. However, the mass of these
elements has been taken into account by applying equivalent loads. It should be noted that
the elements which have not been modelled, do not contribute to the overall capacity of the
structure. However, it of importance that the total mass of both models is the same because
it influences the results of the NLPO analyses. The mass of the structure according to both
models is presented in Table 6.1, from which can be concluded that the mass is similar.

Table 6.1: Mass of Structure according to DIANA and 3MURI

DIANA 3MURI

Mass Structure 9834 kN 9786 kN

The internal force distribution due to the self-weight of the structure is also of importance
since it gives an indication of the distribution of stiffness throughout the structure. The
vertical force distribution of several walls is presented in Chapter 5.3.2. It can be seen that
the magnitude of the vertical force in each wall is comparable in both models.

79
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6.1.2 comparison modal eigenvalue analyses

The results of the modal eigenvalue analyses are of importance for the NLPO analyses for
several reasons. First, the modal mass participation of the governing eigenmodes should be
larger than 60 %. Otherwise, the structure is not recommended by NPR 9998 to perform an
NLPO analysis of the structure. Second, one of the vertical distributions of the lateral load
has to be based on the shape of the governing eigenmode. In Chapter 5.3.1 is shown that the
modal mass participation of the governing eigenmode in the transverse and longitudinal
direction according to DIANA and 3MURI is higher than 60 %, as also presented in Table 6.2.
It should be noted that even though the governing eigenmode in the longitudinal direction
has a slightly higher modal mass participation in DIANA compared to 3MURI, it does
not influence the results of the NLPO analysis. Because only the shape of the eigenmode
is used as input, the modal mass participation only provides an indication if the NLPO
method is applicable.

Table 6.2: Participating Modal Mass of the Governing Eigenmodes

DIANA 3MURI

Longitudinal 77.3 % 69.7 %

Transverse 63.1 % 63.1 %

Another difference in the results of the modal eigenvalue analyses are the magnitudes of
the natural periods of the governing eigenmodes, as presented in Table 6.3. These natural
periods in 3MURI are higher compared to DIANA, from which can be concluded that the
structure behaves stiffer according to DIANA. A reason for this difference is that walls in
3MURI do not provide any stiffness in the out-of-plane direction. Thus, the structure in
3MURI behaves more flexible, which results in a higher natural period. However, it should
be noted though that the difference in natural period does not influence the results of the
NLPO analysis, because it is not used as input in the method.

Table 6.3: Natural Period of the Governing Eigenmodes

DIANA 3MURI

Longitudinal 0.53 s 0.55 s

Transverse 0.20 s 0.26 s
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The modal shapes of the governing eigenmodes are presented in figure 6.1. It can be seen
that the shape of the eigenmodes in 3MURI and DIANA are the same in the transverse
direction. However, a difference can be seen in the longitudinal direction, where a relatively
higher displacement of the first floor occurs in 3MURI in comparison to DIANA. As a
result, it is more likely for damage to occur on the first floor while a modal load distribution
is applied in 3MURI compared to DIANA.
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Figure 6.1: Shape Governing Eigenmode per Load Case

6.1.3 comparison capacity curves

The capacity curves are determined by applying a lateral load to the structure using a
particular vertical distribution of the load. It is specified in NPR 9998 that at least two
vertical distributions of the lateral load have to be applied. Furthermore, a capacity curve
has to be determined in each of the four directions. These directions are the positive
longitudinal direction, negative longitudinal direction, positive transverse direction and
negative transverse direction. Thus in total, eight capacity curves have to be determined
for a single NLPO analysis. However, only the governing case of the positive and negative
direction has to be studied. Thus, only the governing load case of these two is presented.
These capacity curves are presented in Figure 6.2. The limit state criterion which was met is
presented next to the curves. The first limit state criterion which was met in 3MURI for all
load cases is dynamic instability (DI) of the structure. Dynamic instability could occur due
to two reasons. First, due to the absence of static convergence of an analysis. Second, due
to the lack of vertical load bearing capacity of a structure. In DIANA a different criterion
was met in the transverse and longitudinal direction. In the transverse direction, a base
shear strength degradation (SD) of 80 % occurred before any other criteria were met. In the
longitudinal direction, the 1.5 % inter-story drift limit (DL) was exceeded first.

Figure 6.2: Pushover Curves
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An overview of the characteristics of the capacity curves is presented in Table 6.4. The base
shear capacity and displacement capacity are denoted with Vb and ucap respectively. The
initial stiffness kinit is determined by dividing the base shear at a displacement of the roof
of a few millimetres.

Table 6.4: Overview Characteristics Capacity Curves

Direction
Load

Pattern
Program

kinit

(kN/mm)

Vb

(kN)

ucap

(mm)

Violated

Criterion

Transverse Modal DIANA 309 2785 99.7 Strength Degredation

Transverse Modal 3MURI 281 2994 89.1 Dynamic Instability

Transverse Uniform DIANA 489 4109 91.6 Strength Degredation

Transverse Uniform 3MURI 435 4353 60.2 Dynamic Instability

Longitudinal Modal DIANA 66 1159 103.4 Drift Limits

Longitudinal Modal 3MURI 69 576 85.3 Dynamic Instability

Longitudinal Uniform DIANA 95 1443 62.5 Drift Limits

Longitudinal Uniform 3MURI 99 835 60.3 Dynamic Instability

The first point of interest when comparing the capacity curves according to DIANA and
3MURI is that the initial stiffness in both models for all load cases is similar. This indicates
that the structure according to both models acts similarly in its elastic range. This was as
expected because in Chapter 6.1.1 and Chapter 6.1.2 was already shown that the behaviour
of the structure according to the analysis under static conditions and modal eigenvalue
analysis according to both programs was similar.

The second point of interest is the base shear capacity according to the studied programs.
The base shear capacity in the longitudinal direction is considerably larger according to
DIANA in comparison with 3MURI. This is probably due to the fact that the out-of-plane
behaviour of walls is not taken into account in 3MURI. The stiffness of the walls in the
longitudinal direction is considerably lower than the strength of the walls in the transverse
direction. An effect of this is that the out-of-plane behaviour of the walls spanning in
the transverse direction has a considerable influence on the strength in the longitudinal
direction. This out-of-plane behaviour is taken into account in the DIANA model, but it is
neglected in the 3MURI model.

Furthermore, the lack of out-of-plane stiffness in 3MURI can be seen by looking at the
position in the capacity curves of where the capacity curve becomes horizontal. This is the
point where the structure does not have any more force capacity, but only displacement
capacity. The deformation at which this point occurs is significantly smaller in 3MURI in
comparison with DIANA when looking at the results in the longitudinal direction. This
is due to the fact that after the force capacity of all piers has been reached, they only
have deformation capacity. However, from the DIANA results can be seen that hardening
behaviour occurs, after the capacity curve according to 3MURI already becomes horizontal.
This is mostly to the fact that the forces in the walls spanning in the longitudinal direction
are redistributed to the walls spanning in the transverse direction. Subsequently, the out-of-
plane capacity of the transverse walls starts contributing to the global capacity. The effect of
the redistribution of forces to walls spanning in the perpendicular loading direction cannot
be seen by looking at the capacity curves which were determined by loading the structure
in the transverse direction. This is as expected, because the capacity of the walls spanning
in the transverse direction, is significantly higher as the wall spanning in the longitudinal
direction.
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The base shear capacity in the transverse direction according to both models is similar,
where the base shear capacity according to 3MURI is even slightly higher in comparison
with DIANA. One of the reasons for the slightly higher base shear capacity could be related
to the differences in material models. Marco-elements are used in 3MURI, from which
the force-capacity is based on design equations for the piers and spandrels as given in
NPR 9998:2017. However, DIANA defines the strength of the piers and spandrels with a
continuous material model, based on the strains which occur in the pier.

The last point of interest is the deformation capacity that was found for the various load
cases. In all cases can be seen that the deformation capacity according to DIANA is similar
to that of 3MURI, except for the load case in the transverse direction using a modal load
pattern. 3MURI was not able to find convergence any more after a deformation of the
control node of 62 millimetres, while a drop of the capacity also occurs in DIANA at this
deformation. It is likely that also this drop in capacity occurred in 3MURI, but the program
was not able to find convergence any more. This can be explained due to the differences in
material models, which are presented in figure 6.3. The engineering masonry model is used
in DIANA, which described the behaviour on a continuous scale. Thus even if the force
capacity of a particular part of a pier is exceeded, the material model is able to redistribute
the forces to other parts of that pier. Another aspect is that softening behaviour occurs
after the force capacity of an element has been exceeded, which provides a more smooth
transition of the force capacity is exceeded. The material model in 3MURI is based on a
macro level. If the capacity of a pier is exceeded the stiffness of the entire element becomes
zero. An effect of this is that it is more difficult to redistribute forces throughout the model.
Thus, is it also more difficult to find convergence if the displacement capacity of an element
is exceeded.

(a) Pier Behaviour 3MURI
Source: 3MURI (2018)

(b) Shear Behaviour in DIANA
Source: Lanting (2016)

Figure 6.3: Comparison Material Model DIANA and 3MURI
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6.1.4 damage at failure

The damage at failure indicates what kind of inelastic mechanisms are occurring in the
structure according to the studied load cases. Another reason why the damage at failure
is of interest is because the type of inelastic mechanism which occurs in the structure
determines which inter-story drift limit has to be applied. The inter-story drift limits are 1.5
% for a ductile response and 0.6 % for a brittle response. The type of inelastic mechanism is
determined by looking into the deformation profile at the moment of failure, the damage
parameters and by studying the shape of the capacity curves. The displacement profile at
the moment of failure is presented in Figure 6.4.
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Figure 6.4: Displacement Profile

The normalised displacement is determined by dividing the displacement of each floor by
the displacement of the roof. It can clearly be seen that the displacement profile for all load
cases in both programs is similar. This is an indication that also damage also occurs in both
programs occur on the same floors. This is supported by the figures which are shown in
Chapter H.4. In this chapter is shown that the position of the damage is the same according
to both programs. The wall numbering convention can be found in Figure H.10.

In the longitudinal could clearly be seen that shear related mechanisms occur wall L1, L2,
L3, L4, L5 and L6. In DIANA, these inelastic mechanisms are indicated by the diagonal crack
patterns. Furthermore, the bed joint status, head joint status and shear status parameters
all show diagonal failure patterns. Moreover, the compressive strains in the structure do
not surpass the critical compressive strain. In 3MURI, it is not possible to extract such
detailed output, due to the fact that the behaviour of the structure is defined on a macro
level. However, shear inelastic mechanisms could be found in the same walls as in DIANA.
A distinction between the two programs is that in DIANA could clearly be seen that
considerably damage occurs on the first floor compared to the other floors for the uniform
load pattern, while 3MURI showed a similar damage on all floors. This difference occurs
mostly due to the fact that 3MURI does not quantify the amount of damage that occurs,
it only specifies in which elements the force capacity is exceeded. However, from the
displacement profile according to 3MURI can be concluded that the inter-story drifts of the
first floor a considerably higher than the other floors. Thus the conclusion can also be made
from the results of 3MURI, that more damage occurs on the first floor, compared to the
other floors. Furthermore, the problem that the magnitude of the damage of a pier is not
visible is not a problem inherent to a macro EFM model, but it is a problem of the program
3MURI. This problem could be fixed by indicating the amount of displacement capacity
which each pier still have during each stage of the capacity curve.
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In the transverse direction, a combination of flexural and shear-like inelastic mechanisms
are visible. Most damage occurs in wall T2 according to both 3MURI and DIANA. However,
some elements failed according to 3MURI while in DIANA only a considerable amount
of damage could be found. On the other hand, the elements which fail first according to
3MURI, are the elements in which the most damage occurs according to DIANA.

It is of importance to determine if the inelastic mechanisms which occurred are brittle
or ductile because the magnitude the inter-story drift limit depends on it. In 3MURI
was shown that the capacity curves using the Mohr-Coulomb material model were more
conservative than using the Turnsec-Cacovic material model. The Mohr-Coulomb model is
based on a shear sliding mechanism, which is a ductile mechanism. However, the damage
parameters from DIANA diagonal patterns in the piers. This could be a diagonal shear
failure mechanism, which is brittle, or a stairs-like pattern due to a bed joint sliding
mechanism, which is ductile. However, the capacity curves show that a significant amount
of plastic deformations occurs after the yield point. Thus it can be concluded that the type
of shear failure mechanism is a bed joint sliding failure mechanism. Thus the behaviour of
the structure can be considered as ductile.

6.1.5 pga at nc

In the previous chapter was shown that ductile inelastic mechanisms are predicted according
to all load cases. Thus, it can be concluded that the 1.5 % drift limit has to be applied. The
maximum admissible seismic loads in terms of PGA at ground level according to the NC
limit state criteria, are presented in Table H.6. It can be seen that the governing load case is
the load case in the longitudinal direction when applying the uniform load distribution.
The maximum admissible seismic load which correspond to this load case are presented
in Table 6.5. This maximum PGA at ground level has been determined according to three
different methods, namely: the regular N2-method, included in the Eurocode 8, and an
adaptation of the N2 which is developed specifically for URM structures by Guerrini et al.
(2017).

Table 6.5: Maximum Admissible Seismic Load according to the NLPO Method

Max PGA

NPR 9998

Max PGA

Eurocode 8

Max PGA

Guerrini

DIANA 0.27 g 0.18 g 0.17 g

3MURI 0.30 g 0.17 g 0.14 g

It can be concluded that for the case study the maximum admissible seismic load is similar
according to DIANA and 3MURI. This is mostly due to the fact that for all capacity curves
the displacement capacity is governing and the displacement capacity according to both
programs is similar. It should also be noted that even though the displacement capacity
according to DIANA is higher than the displacement capacity according to 3MURI, the
maximum PGA according to NPR 9998 is lower. This is due to the shape of the used
response spectrum, which is irregular, in comparison with a design spectrum as would
normally be applied. The displacement capacity of a design spectrum as defined in NPR
9998 is constant for natural periods higher than the corner period Tc. Thus, the maximum
admissible seismic loads for cases in which the displacement capacity is governing is the
same for structures which a different base shear capacity. However, due to the fact that the
response spectrum used in the case study is irregular, it is possible that different base shear
capacities can lead to different results, even if the displacement capacity is governing.



86 comparison of procedures

However, when looking at the maximum admissible seismic load according to the other load
cases, as presented in Chapter H.2.4, a significant difference can be found when looking
at the load case in the transverse direction, when applying the uniform load distribution.
The maximum admissible seismic load according to 3MURI is significantly smaller, due
to the fact that the displacement capacity is considerably smaller. The reason why the
displacement capacity is due to the fact that 3MURI is less capable in redistributing forces
compared to DIANA, as described in Chapter 6.1.3.

Furthermore, the maximum admissible seismic load according to NPR 9998 and Eurocode 8

is considerably different. The reason for this difference is explained thoroughly in Chapter
H.2. The reason for this difference is not discussed in this chapter, because it is not related
to the properties of a continuum FEM and macro EFM model, but to the properties of the
methods that are used to determine the target displacement.

The last aspect which should be noted is that even though the maximum admissible seismic
load according to DIANA and 3MURI is similar, it should be noted that if the capacity of a
structure is not sufficient, a significantly larger amount of retrofitting could be required
according to 3MURI in comparison with DIANA. This difference in the required amount of
retrofitting is due to the fact that in most cases, it is only possible to increase the base shear
capacity of a structure. Thus even in a case in which the displacement capacity is governing
and the displacement capacity according to 3MURI and DIANA is similar, the base shear
capacity greatly influences the required amount of retrofitting. For example, this would
be the case in the longitudinal direction, since the base shear capacity is almost two times
smaller in 3MURI in comparison with DIANA.
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6.2 comparison results of mrs , nlpo and nlth analyses

A comparison between the results of the MRS, NLPO and NLTH analyses can be found
hereafter. These methods are first compared with each other by looking into the force-
displacement behaviour according to the studied methods. Moreover, the failure mecha-
nisms and damage at failure are shown. Ultimately, the maximum admissible seismic load
according to the NC limit state criteria is presented.

6.2.1 force-displacement behaviour

The force-displacement behaviour according to the studied analysis methods is visualised
by showing the displacement of the control node versus the corresponding base shear at
that displacement. The force-displacement behaviour is presented up until one of the NC
limit state criteria are met. The force-displacement behaviour in the longitudinal direction
according to all analysis methods is presented in Figure 6.5. The force-displacement plots
for the MRS analysis are straight lines, due to the fact that MRS is a linear analysis. The
plots for the NLPO analysis are the capacity curves. The force-displacement behaviour
according to the NLTH method is presented by first creating hysteresis plots of each of the
scaled signals. Subsequently, the maximum displacement and corresponding base shear are
determined for each of the hysteresis plots and these points are plotted.
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Figure 6.5: Comparison Force-Displacement Behaviour - Longitudinal Direction

The first point of interest is the initial slope of all the curves because it represents the
stiffness in the elastic stage. The initial stiffness of the MRS curve is the lowest, which is
a result of the properties of the masonry in the MRS model. The cracked stiffness of the
masonry is applied, which means that the Young’s modulus is half of the Young’s modulus
used in the nonlinear models. Furthermore, the results of the NLTH analyses seem to be
in line with the results of the NLPO analysis using the modal load distribution pattern.
A reason for this is that the modal mass participation of the governing eigenmode in the
longitudinal direction is 77.3 %, which is relatively high. Thus, it can be expected that the
results of the NLTH analysis are in line with the NLPO analysis, which uses a load pattern
shape which is based on this eigenmode.
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Furthermore, the displacement capacity of the different methods is interest. The displace-
ment capacity of the NLTH and NLPO using the modal load distribution are similar, while
the displacement capacity according to the MRS is approximately ten times smaller. A
reason for this difference is that the capacity of a structure according to the MRS method,
solely depends on the force capacity of its elements. It the capacity of a single primary
seismic element is exceeded, does that result in the failure of the structure. When looking
at the capacity curve using the modal load distribution, it can be seen that the slope of the
curve starts to change, at the displacement capacity according to the MRS method. Thus
at this point, the force capacity of an element has been reached, which results in that the
forces are redistributed throughout the structure, which a linear method like MRS cannot
do. This also results in a lower base shear capacity for MRS than the other studied methods.

It is also of interest that the base shear capacities according to the nonlinear methods seem
to be in line with each other, which can also be explained by the high modal participation
of the governing eigenmode in the longitudinal direction. However, a difference between
the results of the NLPO and NLTH results is the amount of degradation that occurs. The
capacity curve according to NLPO method seems to be horizontal, while the NLTH results
show a decreasing base shear for an increase of the control node displacement. This can be
explained by the fact that hysteretic behaviour is taken into account in the NLTH analysis,
and it cannot be taken into account due to the nature of the NLPO method.

The force-displacement behaviour in the transverse direction is presented in Figure 6.6. The
conclusions which were drawn related to the force-displacement behaviour according to
the MRS method in the longitudinal direction are in line with the results in the transverse
direction, except for the base shear capacity. The ratio between the base shear capacity
according to the MRS and NLPO method in the longitudinal direction is 1:3 and the ratio
in the transverse direction is 2:3. Thus, the MRS method is able to achieve a relatively
higher capacity in the transverse direction, in comparison with the longitudinal direction.
This difference can be explained by the fact that the out-of-plane strength is not taken into
account in the MRS method, while it is taken into account in the NLPO method. As already
explained when comparing 3MURI with DIANA in Chapter 6.1.3, the out-of-plane capacity
of the walls spanning in the transverse direction has a significant influence on the capacity
in the longitudinal direction. This out-of-plane capacity is not taken into account in the
MRS method because the out-of-plane capacity is activated after the walls spanning in the
longitudinal direction start to deform plastically, which is not possible to capture with a
linear method.
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Figure 6.6: Comparison Force-Displacement Behaviour - Transverse Direction
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Another difference can be found when looking at the force-displacement behaviour of the
NLTH method in comparison with the NLPO method. In the longitudinal direction, the
results of the NLTH analyses seem to be in line with the results of the NLPO analysis using
a modal load distribution. However, the force-displacement behaviour in the transverse
direction according to the NLTH method seems to fall in between the capacity curves
according to the uniform and modal load distribution patterns. This difference in results
can be explained by looking at the modal mass participation in both directions. The
modal mass participation in the transverse direction, which is 63 %, is significantly smaller
than the modal mass participation in the longitudinal direction, which is 77.3 %. Thus
other eigenmodes than the governing eigenmode have a more substantial influence on the
behaviour of the structure in the transverse direction. The fact that the force-displacement
behaviour according to the NLTH analysis can be described by a capacity curve which
graphically in between the two capacity curves according to the NLPO method, shows why
it is necessary to perform the NLPO analysis using at least two different load distribution
patterns.

6.2.2 failure mechanisms

All analyses have been performed in such a way, that the seismic load has been scaled
until one of the NC limit state criteria were met according to NPR 9998. In the longitudinal
direction, which is the governing direction, the inter-story drift limit of the first floor was
exceeded first according to the NLTH and NLPO method. The first limit state criterion
which was met according to the MRS method is the exceedance of the capacity the pier on
the fourth floor of wall L2. A flexural failure mechanism occurs in this pier. However, it
should be mentioned that the capacity of all piers in wall L2 was also almost exceeded.

In the transverse direction, a failure mechanism was never reached according to the NLTH
method. This is due to the fact that while performing the NLTH method, a seismic load is
always applied in the transverse, longitudinal and vertical direction at the same time. Thus
if the capacity in one of those directions is considerably less, then the capacity is never
exceeded in the other direction. The failure mechanism which occurred according to the
NLPO method is a strength degradation of 80 % in comparison with the base shear capacity.
The failure mechanism according to the MRS method was exceedance of the capacity of pier
B in wall T2 on the fourth floor. A flexural failure mechanism occurs in this pier. However,
it should be mentioned that the capacity of almost all piers in part B and C of wall 2 were
exceeded.
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The fact that the location of the failure mechanism is different from the location of the
failure mechanism which occurs according to the NLPO and NLTH analyses shows one of
the limitations of the MRS method. This limitation is that it is not possible to redistribute
forces during an MRS analysis. Thus an exceedance of the capacity of a single element leads
to failure of the entire structure. A result of this limitation is that the allowed deformations
in a structure are considerably smaller than for the nonlinear methods. This is clearly visible
when looking at the inter-story drifts at the moment of failure, as presented in Figure 6.7.
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Figure 6.7: Comparison Inter-Story Drifts at Failure

It should be noted that only the inter-story drifts of the governing NLTH are shown, which
is signal 2. Furthermore, both the inter-story drifts at failure according to the NLPO method,
while applying the uniform and modal load distribution are shown. Another interesting
aspect related to Figure 6.7 is that the displacement profile at the moment of failure of the
NLTH and NLPO using the modal load distribution are similar. This is as expected because
the force-displacement behaviour as presented in Chapter 6.2.1 was also similar.

6.2.3 damage at failure

The damage in the structure at failure according to the nonlinear methods is presented in
this chapter. However, a comparison is made with the failure mechanisms which occurred
according to the MRS method, to see if the inelastic mechanism which occurs according to
the NLPO and NLTH method are in line with the failure mechanism which occurs according
to the MRS method. The crack width at the moment of failure according to the NLTH
and NLPO method using the modal pattern, are presented in Figure 6.8. The crack widths
according to the NLPO method the uniform load pattern are not presented, because the
results of the modal load pattern are more similar to the results of the NLTH method. The
maximum crack widths up until the last time step are presented for the NLTH signal 2. For
both the NLPO analyses is clearly visible that shear dominated inelastic mechanisms occur.
The NLTH analysis shows that the crack widths are way more distributed throughout the
structure. However, the diagonal crack patterns indicate that shear-like inelastic mechanisms
occur.

(a) NLPO Modal Load Distribution (b) NLTH - Signal 2 - t = 10.50 s

Figure 6.8: Crack Widths at Failure - Wall L1, L2, L3, L4, L5 & L6
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The position and type of inelastic mechanisms are not inline with the failure mechanisms
which occur according to the MRS method. The first failure mechanisms which would occur
according to MRS is flexural failure of one of the piers on the fourth floor. However, initial
failure does not always correspond to further crack developments. Thus, it not possible
to draw conclusions based on the fact that the most damage according to the nonlinear
methods is not in line with the predicted failure mechanisms according to the MRS method.

It is not of interest to compare the damage of the structure in the transverse direction
according to the NLTH method with the NLPO method, because the structure is not
deforming plastically yet according to the NLTH method. However, it is of interest to
compare the inelastic mechanisms which occur according to the NLPO method with
the failure mechanisms according to the MRS method. Concerning the NLPO method, a
combination of flexural and shear inelastic mechanisms could be seen when looking at
the damage parameters, as presented in chapter most substantial presence on the first two
floors of wall T2. When comparing these inelastic mechanisms which the failure mechanism
according to the MRS method, it can be seen that all the piers in which a considerable
amount of damage occurs, also have a unity check according to the MRS method. However,
the unity check which is exceeded the most is one which corresponds to a pier on the
fourth floor, which is not visible in the results of the NLPO analysis.

6.2.4 maximum admissible seismic load

The maximum admissible seismic load acting on the structure in terms of the maximum
allowed PGA at ground level is determined according to the MRS, NLPO and NLTH
method. The maximum admissible load has been determined by incrementally increasing
the seismic load until one of the NC limit state criteria according to NPR 9998 was exceeded.
The methodology of executing the methods has been done according to NPR 9998. However,
two additional methods for the post-processing of the capacity curve and demand for
an NPLO have also been applied, namely according to Eurocode 8 and Guerrini. An
overview of the maximum admissible seismic load according to the studied methods can
be found in Table 6.6. It should be noted that for the NLTH method, only the capacity in
the longitudinal direction is given. This is the case because an NLTH analysis is always
performed by applying a seismic signal in both horizontal directions simultaneously and
the structure always failed in the longitudinal direction before it could fail in the transverse
direction.

Table 6.6: Maximum Admissible Seismic Load according to Codes

MRS

NPR 9998

NLPO

NPR 9998

NLPO

Eurocode 8

NLPO

Guerrini

NLTH

NPR 9998

Transverse 0.22 g 0.46 g 1.12 g 0.76 g -

Longitidinal 0.03 g 0.27 g 0.18 g 0.17 g 0.26 g

The first point of interest when looking at the maximum admissible seismic load acting
according to the studied methods is that the capacity according to the MRS method is
considerably lower compared to the nonlinear methods. A reason for this difference is
that when looking at the force-displacement behaviour according to the NLPO and NLPO
methods, that a considerable amount of plastic deformation can occur, without failure
of the structure. A part of this plastic deformation is taken into account by introducing
the behaviour factor. However, this behaviour factor if often conservative. It is possible to
determine a more appropriate behaviour factor based on the output of the NLPO method.
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Equation 6.1 can be used to determine the behaviour factor q based on the ductility of a
system µ. An explanation of the background of this equation can be found in Chapter 3.1.2.

q =
√

2µ− 1 (6.1)

This ductility can be determined by performing an NLPO analysis, where the ductility
is defined as the ratio of the displacement capacity and yield displacement. The ductility
factor and corresponding behaviour factor for the governing load cases in the transverse
and longitudinal direction are presented in Table 6.7. It should be noted that the behaviour
factors are determined taking into account that the governing natural period in both
directions is in the short-period range.

Table 6.7: Behaviour Factor according to NLPO Analysis

µ q

Longitudinal 3.7 2.5

Transverse 8.4 4.0

The behaviour factor which is specified for unreinforced masonry is 1.5. Thus, it can be
concluded that the behaviour as specified in NPR 9998 for this case study is too conservative.
However, even if a ductility factor of 2.5 would be applied in the longitudinal direction, then
the maximum admissible seismic load would still be significantly lower according to the
MRS in comparison with NLPO and NLTH. Nonetheless, when looking at the maximum
admissible seismic load in the transverse direction according to the MRS method when
using the behaviour factor as determined with the NLPO analysis, then the maximum
admissable seismic load is more in line with the NLPO results.

The maximum admissible load according to the NLPO method using the methodology of
NPR 9998 and Eurocode 8 are significantly different. Moreover, the maximum admissible
seismic load is more conservative in the transverse direction according to NPR 9998

compared to Eurocode 8, while it is the other way around in the longitudinal direction.
This difference can be explained by the calculations steps which have to be performed
to determine the target displacement according to both methods. Eurocode 8 takes into
account the natural period of the idealised SDoF system into account directly, while this
is not the case for the method as described in NPR 9998. Thus two structures which have
the same displacement capacity but a significantly different natural period could have
the same maximum admissible seismic load according to NPR 9998, but the maximum
admissible Eurocode 8. A thorough description of the differences in the methods can be
found in Chapter H.2. In conclusion, structures which have a capacity curve and natural
period similar to the case study in the transverse direction, NPR 9998 is more conservative.
However, for structures which behave similar to the structure in the longitudinal direction,
Eurocode 8 is more conservative.
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When comparing the results of the NLPO and NLTH method, can be seen that the maximum
admissible seismic load according to the NLTH method is similar to the capacity according
to the NLPO using NPR 9998. However, the NLPO load case using the uniform load pattern
is the governing load case, which corresponds to a behaviour of the structure, which was
not captured by the NLTH analysis. Thus, even though the maximum admissible seismic
load according to the NLTH method is in-line with that of the NLPO using the NPR 9998

target displacement method, both cases represent a different behaviour of the structure. If
only the capacity curve according to the modal load pattern would be considered, then
the results of the NLTH are more in line with the results of the NLPO using the target
displacement method of Eurocode 8. These results are presented in Table 6.8.

Table 6.8: Maximum Admissible Seismic Load when Neglecting Uniform Load Pattern for NLPO

MRS

NPR 9998

NLPO

NPR 9998

NLPO

Eurocode 8

NLPO

Guerrini

NLTH

NPR 9998

Transverse 0.22 g 0.46 g 1.12 g 0.76 g -

Longitidinal 0.03 g 0.45 g 0.25 g 0.21 g 0.26 g





7C O N C L U S I O N S

7.1 conclusions

This work aims at answering the following research questions:

• To what extent can the nonlinear pushover method be used for the seismic assessment of
low-rise URM apartment buildings in Groningen?

• To what extent is the equivalent frame method applicable as computational discretisation
method for the pushover analysis of low-rise URM apartment buildings in Groningen?

Both objectives are studied by looking into a single case study which is a low-rise apartment
building for which the wall configuration on the second floor is presented in Figure 7.1.
The behaviour of the structure in the longitudinal direction is characterised by a relatively
low stiffness and lateral capacity compared to the transverse direction. The conclusions
which are drawn from the case study can generally be applied to low-rise URM apartment
buildings in Groningen. However, it must be noted that significant alterations in geometry
and building materials might influence the results. For example, higher mode effects could
become relevant if the wall configuration is more irregular compared to the case study,
which are difficult to capture with an NLPO analysis. Furthermore, the results of the
NLPO method generally less reliable for structures with flexible diaphragms, and only
rigid diaphragms were considered in the case study.

Figure 7.1: Walls Configuration in DIANA

7.1.1 applicability of the equivalent frame method

The following conclusions are drawn based on the comparison of the results of the NLPO
analyses using the DIANA and 3MURI models:

• No significant differences were found between the results of the analyses under static
conditions and the modal eigenvalue analyses. Furthermore, the displacement profile
at failure, type and position of inelastic mechanisms and the maximum admissible
seismic load according to DIANA and 3MURI are similar.

• The base shear capacity in the longitudinal direction according to DIANA is higher
compared to 3MURI, while in the transverse direction the base shear capacity is similar
in both programs. This difference occurs because 3MURI does not take into account
out-of-plane behaviour of walls, which has a significant effect on the behaviour
of the structure in the longitudinal direction, due to the fact that this direction is
characterised by very short piers and a low in-plane capacity.

95
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• The displacement capacity of the load case in the transverse direction using the
uniform load pattern is considerably smaller in 3MURI compared to DIANA, due to
the fact numerical instability of the 3MURI model occurs at an earlier stage compared
to DIANA. A reason for this difference is that DIANA allows for gradual softening,
which helps the post-peak force redistribution.

The fact that the behaviour of the structure according to DIANA and 3MURI is similar,
and the fact that the two identified disadvantages of 3MURI can only result in more con-
servative results, suggests that the macro EFM as implemented in 3MURI is a suitable
computational discretisation method for the seismic assessment according to the NLPO
method for low-rise residential URM structures in Groningen.

However, several assumptions which were made in the approach might have influenced
the results. First, several structural elements which were modelled in DIANA were not
modelled in 3MURI due to limitations of the program, which could result in a different
behaviour of the structure. Second, the assumption is made that the modelling approach
provides accurate results for both the NLPO analysis in DIANA and 3MURI. Extensive
research has been performed by VIIA on the effects of the modelling assumptions in the
DIANA model, while such research has not been performed concerning 3MURI. Thus, no
guarantee can be given that the assumptions in 3MURI are able to describe the behaviour
of the structure accurately.

7.1.2 applicability of the nlpo method

The following conclusions are drawn based on the comparison of the results of the MRS,
NLPO and NLTH analyses:

• Very conservative results were found regarding the MRS method. A reason that was
found for these conservative results is that the prescribed behaviour factor by NPR
9998 is too low for the case study, when compared to that derived from the NLPO
analysis. However, even with a larger behaviour factor, the results according to the
MRS method would still be conservative in the longitudinal direction.

• The force-displacement behaviour according to the NLTH analysis is in line with
the capacity curve according to the NLPO method using the modal load pattern, as
presented in Figure 7.2. However, in the transverse direction, the force-displacement
behaviour according to the NLTH analysis is enveloped by the capacity curves
according to the NLPO method using the uniform and modal load patterns. A
reason for this difference could be that the modal mass percentage of the governing
eigenmode in the longitudinal direction is considerably higher compared to the
transverse direction.
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Figure 7.2: Comparison Force-Displacement Behaviour According to DIANA - Longitudinal Direction

• Concerning the longitudinal direction, the predicted failure mechanisms, position
and type of inelastic mechanisms and the displacement profile at failure according to
the NLTH and NLPO analysis (using the modal load pattern) are similar.
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• The target displacement calculation method has a significant influence on the max-
imum admissible seismic load, as presented in Table 7.1. It was found that NPR
9998 is more conservative in the transverse direction and Eurocode 8 and Guerrini
are more conservative in the longitudinal direction. This difference occurs because
the target displacement method according to Eurocode 8 takes the natural period
of the structure into account directly, while this is not the case in the NPR 9998

method. Concerning the longitudinal direction, the maximum admissible seismic load
according to NPR 9998 is the most similar compared to the NLTH analysis.

Table 7.1: Maximum Admissible Seismic Load according to Codes

MRS

NPR 9998

NLPO

NPR 9998

NLPO

Eurocode 8

NLPO

Guerrini

NLTH

NPR 9998

Transverse 0.22 g 0.46 g 1.12 g 0.76 g -

Longitidinal 0.03 g 0.27 g 0.18 g 0.17 g 0.26 g

Given the above, the behaviour of the studied structure is similar according to the NLPO
and NLTH method, where maximum admissible seismic load using the target displacement
method according to NPR 9998 is in-line with that of the NLTH analysis. However, the gov-
erning load case made use of a uniform load pattern, which returns a structural behaviour
different than that obtained by NLTH analyses. If only the capacity curve according to the
model load pattern would be considered, then the results of the NLTH are more in line
with the results of the NLPO using the target displacement method of Eurocode 8.

Several aspects which are taken into account in an NLTH analysis cannot be captured by
the other methods. First, the horizontal seismic load applied in the NLTH analysis is of
a bilateral nature, while MRS and NLPO considerer both loading directions separately.
Furthermore, NLTH takes into account a vertical load, which is not considered in the MRS
and NLPO analyses. Moreover, hysteretic effects included in the masonry model are taken
into account in the NLTH method, which are impossible to capture by the static methods.

Furthermore, several modelling assumptions have been applied, and it is important to
note that the possible influence of these assumptions, may partially limit the extent of
the conclusions. Three assumptions which might have influenced the results are listed
below. First, the seismic signals which are applied for the NLTH analysis are based on
seven real earthquake signals, which have been matched and processed in a way that the
response spectra at ground level due to these signals match the response spectra as defined
in NPR 9998:2015. However, the choice and duration of these signals are not prescribed
by the NPR 9998, and a different set of signals could lead to different results. Second,
the seismic signals have been scaled at ground level, and SSI effects are not taken into
account in the NLTH analysis as a consequence. These SSI effects could have a positive
effect on the seismic resistance of a structure according to the NLTH method. Ultimately,
the engineering masonry model has been applied to model the masonry for all analyses in
DIANA. However, it is not prescribed to use this material model by the NPR 9998, and the
use of other material models could have a significant influence on the results.

In conclusion, taken into account the aforementioned limitations of modelling assump-
tions and the fact that several limitations are inherent to the studied methods, the fact
that the behaviour of the structure according to the NLPO and NLTH method is similar,
suggests that the NLPO method is a suitable method for the seismic assessment of low-
rise URM apartment buildings in Groningen. Furthermore, the NLPO method is greatly
recommended over the MRS method for this typology, due to the fact that the maximum
admissible seismic load according to the MRS method is significantly lower.
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7.2 recommendations

The objective of this study was to find out in which extent the pushover method and
equivalent frame method are applicable for the seismic assessment of URM low-rise resi-
dential buildings in Groningen. This objective is studied by looking into a single case study.
However, it is expected that the conclusions of this study are not applicable if significant
alterations in geometry and building materials are made. It is recommended to perform a
similar study like the one performed in this report but by looking into variations of the
studied building. Variations which are of interest are irregular wall configurations because
higher modes will become more relevant, which are difficult to capture with the NLPO
analysis. Furthermore, only rigid diaphragms were considered in the case study, and the
NLPO method is generally less accurate for more flexible floors. Thus, it is also of interest
to study the effect of more flexible floors such as timber.

The two main identified disadvantages of macro EFM are not directly related to the nature
of EFM, but to the used material model in 3MURI. These disadvantages are that out-of-
plane behaviour and softening are not taken into account. It is of interest to investigate the
possibility to include these aspects in a macro EFM model.

In the conclusions is stated the maximum admissible seismic load according to the NLTH
method could be higher, if SSI effects were taken into account. An additional study if of
interest to see what the magnitude this influence is.

The capacity of the structure according to the studied methods is expressed in terms of
the maximum admissible seismic load and conclusions are drawn based on the differences.
However, it would also be of interest to describe the capacity of the structure in terms of
the amount of retrofitting which is required.

When comparing the force-displacement behaviour according to the NLTH method and
the capacity curves according to the NLPO method, could clearly be seen that a more
substantial amount of degradation occurs according to the NLTH method. This degradation
occurs due to hysteretic effects which are not taken into account in the NLPO method. It
could be an option to include these hysteretic effects in the determination of the capacity
curves according to the NLPO method. For example, these effects could be included in
the material model. Furthermore, it is also possible to capture these hysteretic effects by
performing a cyclic pushover. A study into both these options is deemed useful.

The pushover analyses have been performed using vertical distributions of the lateral load
which are constant during the loading process. An alternative is an adaptive pushover,
in which the load patterns are updated as a function of the response of the structure. A
study using the adaptive pushover is especially of interest for structures in which a clear
sway-like eigenmode is not visible.

Ultimately, a recommendation to building practice is to only consider the nonlinear methods
for the seismic assessment of structures of the studied typology. Advantages which were
identified of the nonlinear methods over the MRS method are a considerably higher
maximum admissible seismic load, the possibility to trace the sequence of damage and
failure on a local level and the use of behaviour factors, which cannot be rigorously
assessed, can be avoided. All aforementioned advantages result in a lower amount of
required retrofitting according to the nonlinear methods in comparison with MRS.
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AD E R I VAT I O N E Q UAT I O N O F M O T I O N

This chapter is compromised the derivation of the equation of motion of a single and
multiple degree of freedom system. The equations of motion describe the behaviour of a
physical structure as a set of mathematical functions in terms of dynamic variables. This
derivation is required because the studied seismic assessment methods are all based on the
EOM of a system. Firstly, the EOM for a linear single degree of freedom (SDF) system is
derived, since this EOM is required for the modal response spectrum method. Secondly,
the EOM for a nonlinear multi-degree of freedom (MDF) system is derived, since it used as
a basis for the nonlinear pushover and nonlinear time history method.

a.1 linear single degree of freedom system

A single degree of freedom system as shown in Figure A.1 is considered. Such a system
consists of a mass m connected to the ground by a spring k and a viscous damper c. The
spring provides stiffness, and the damper dissipates the energy of the system.

Figure A.1: Single Degree of Freedom System

It should be noted that the total displacement xt of the mass is the summation of the
ground displacement xg due to an earthquake and the relative displacement of the mass
with respect to the ground x, as shown in Equation A.1.

xt(t) = ug(t) + x(t) (A.1)

The relevant forces for determining the response of the mass due to an earthquake excitation
are the inertia force fi, spring force fs and damping force fd. The inertia force is related
to the total acceleration of the structure and its mass. The internal force due to the spring
which resists the displacement of the mass is called the spring force. This force acts in the
opposite direction of the displacement. It should be noted that the magnitude of this force
is related to the relative displacement of the mass with respect to the ground. The stiffness
of the system is denoted with a k, and this stiffness can be determined by taking into
account the material properties of a structure. The process by which free vibration steadily
diminishes in amplitude is called damping. The energy of a vibrating system is dissipated
by the various mechanism like friction at connections, opening and closing of micro-cracks
and friction between the structure itself and non-structural elements. It is a challenge to
identify or describe these mechanisms mathematically. As a result, the damping is usually
represented highly idealised. The damping force is modelled as an internal force which is
related to the velocity. The constant c is introduced as the viscous damping coefficient. The
expressions of the forces are given by:

fi = mẍt(t), fd = cẋ(t), fs = kx(t) (A.2)
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Using Newton’s second law of motion results in the following equilibrium equation in the
x-direction:

fi + fd + fs = 0 (A.3)

The forces as shown in Equation A.2 are substituted in equation A.3, taken into account
that the inertia force is related to the absolute displacement and the other forces to the
relative displacement of the mass with the ground.

mẍ(t) + cẋ(t) + kx(t) = −müg(t) (A.4)

a.2 nonlinear multi degree of freedom system

The derivation of the EOM for an SDoF system is shown in Chapter A.1. A similar deriva-
tion is required for MDoF systems since this EOM is used as the basis for the nonlinear
methods. The same methodology as for the SDoF system is applied, where the inertia,
spring and damping forces are defined first. Then, making use of Newton’s second law is
the EOM formulated. The EOM for a linear system is first determined, and afterwards this
equation is converted into one including nonlinear behaviour.

It is necessary to idealise a structure as an assemblage of elements, which are interconnected
at nodes. These elements could be for example beams, columns and walls. The displace-
ment of these nodes are the degrees of freedom. In general, a node in a three-dimensional
structure has six degrees of freedom, three translations and three rotations. It is possible to
relate these degrees of freedom to the spring, damping and friction forces. Only the fuss
derivation of this relation is elaborated for the spring force since the derivation is similar
for the inertia and damping force.

The relation between the displacement and the spring force is determined by applying a
unit displacement along DOF j, while holding all other displacements to zero. A force must
be applied to maintain these displacements. The stiffness influence coefficient kij is the
force required along DOF i due to a unit displacement at DOF j. The total spring force fsi
at DOF i can be found by the superposition of all components of xj.

fsi = ki1x1 + ki2x2 + · · ·+ kijxj + · · ·+ kiN xN (A.5)

One of these equations exists from i = 1 to N. This set of equations can be written in matrix
form, 

fS1

fS2
...

fSN

 =


k11 k12 · · · k1j · · · k1N

k21 k22 · · · k1j · · · k2N
...

...
...

...

kN1 kN2 · · · kNj · · · kNN




x1

x2
...

xN

 (A.6)

fs = Kx (A.7)

where K is the stiffness matrix. The stiffness matrix is a symmetrical matrix. The most
common method to determine the values of the stiffness influence coefficients is the direct
stiffness method. In this method, the stiffness matrices of the individual elements are
assembled to obtain the structural stiffness matrix.
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Exactly the same method can be used to determine the damping and inertia forces. Thus
the derivation of these vectors is not shown in this chapter. Keeping this in mind is it
possible to relate the damping force vector fd with the velocity vector ẋ by introducing
damping influence coefficients cij. This coefficient is the external force in DOF i due to a unit
velocity in DOF j. It is impractical to relate these coefficients directly to the properties and
dimensions properties of individual structural elements. Therefore these values are mostly
based on experimental data for similar structures. It is possible to collect al individual
equations for the structural elements in matrix form, where C is the damping matrix.

fd = Cẋ (A.8)

Before defining the equations for the inertia forces is it necessary to make a distinction
between the global and local displacements. The displacement of the ground is denoted by
ug, the total displacement of the masses by xtj and the relative displacement of the masses
with respect to the ground by xj. These displacements are related by:

xtj(t) = ug(t) + xj(t) (A.9)

If these equations are taken for N masses it results in the following vector,

xt = rug(t) + x (A.10)

where r is the influence vector, which is obtained by displacing the structure as a rigid body,
towards the ground motion direction.
The same steps should be taken to determine the inertia forces, only in this case the force is
related to the total acceleration of the mass of a node. The mass is distributed throughout a
structure. Thus an idealisation is required. This can be done by representing the mass of
an element as a point mass at the nodes of an element. Collecting all the equations for the
separate nodes results in the following equation, where M is the mass matrix.

fi = Mẍt (A.11)

The equation of motion can now be determined by using Newton’s second law of motion,
taken into account no external dynamic forces.

fi + fd + fs = 0 (A.12)

Substituting the force vectors as defined in Equation A.7, A.8 and A.11 and taking into
account the relation between the displacements as defined in Equation A.10 gives:

Mẍ + Cẋ + Kx = −Mrüg(t) (A.13)

This equation of motion takes into account the fact that the relative motions with respect to
the ground produce spring and damping forces, while the inertia forces are related to the
total accelerations. The last step that should be taken is converting the EOM for a linear
system, to one for a nonlinear system. For an inelastic system, the relation between the
spring forces and node displacements is path depended. This means that the force depends
on whether deformation if increasing or decreasing during a time step. This changes the
EOM into:

Mẍ + Cẋ + fs(x, sign(ẋ), t) = −Mrüg(t) (A.14)





BP R O C E D U R E S F O R N O N L I N E A R A N A LY S I S

Several mathematical procedures are required to be able to solve a nonlinear set of equations.
This chapter is comprised of an overview and theoretical background the procedures, which
are required to analyse a structure with FEM package. These procedures are numerical
iteration schemes, convergence criteria and the arc length control. It should be noted that
purpose of this chapter is not to provide the reader with an extensive description of each
of the methods, but more like an overview of the methods which are available and the
advantages and disadvantages of the possible modelling choices.

b.1 numerical iteration schemes

In the previous chapter was specified that the only unknowns in in Equation 3.55 are the
displacement increment δxi and the nonlinear stiffness relation δ fs. This nonlinear stiffness
relation is dependent on the displacement increment. Thus an iterative method is required
to solve the system of equations. The general procedure of such methods is first to increase
the external load, which is a ground acceleration in the case of an earthquake. Secondly,
the out of balance force is determined, by extracting the internal forces from the external
forces. The method predicts a displacement increment afterwards, which will result in
a change of the internal force. The last step is to check the convergence criteria are met.
These criteria could be based on the equilibrium of force or the change in incremental
displacement after an iteration. If this convergence limit is not met, the process starts again
by predicting another displacement increment. Possible convergence criteria are elaborated
in Chapter B.2.In all procedures the goal is to find the total displacement increment δxi.
This total displacement increment is found by adopting the displacement increment by
iterative increments δu until equilibrium is reached. This equilibrium is reached if the
convergence criterion is met. The incremental displacement at iteration i + n are calculated
from:

δx(n+1)
i = δx(n)

i + δun+1 (B.1)

where the top right superscript indicates the iteration number. The difference between the
several procedures is the way in which δu is determined. In general, this iterative increment
is calculated by using stiffness matrix K which represents the relation of the force vector
and displacement vector. In some methods the stiffness can change every iteration. Thus
the relation between the out of balance force gi and the iterative increment is:

δu(n) = K(n)−1
gi (B.2)

where K(n)−1
is the inverse stiffness matrix at increment n. The amount of times the stiffness

matrix is updated and how this is done depends on the chosen method. In the Regular
Newton-Raphson method the stiffness matrix is updated at every iteration, as shown in
Figure B.1a. An advantage of this method that it required relatively few iterations, but
a disadvantage is that the stiffness matrix has to updated at every iteration and this is a
computationally demanding procedure. Another disadvantage is that if the initial prediction
is far from the final solution, the method easily fails due to divergence.
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The Secant method does not have to update the stiffness matrix at every iteration. This
method uses information from earlier determined solution vectors and out of plane balance
forces to determine the stiffness after an increment. More iterations are necessary compared
to the Regular Newton-Raphson method, but the iterations take less time because it is not
required to update the stiffness matrix at every iteration. Ehiwario and Aghamie (2014)
have found at that the convergence rate of the Secant method is close to that of the Newton-
Raphson method.

Another commonly used method is the Linear Stiffness method. As shown in Figure B.1c,
this method solely determines the stiffness matrix at the start of an iteration. This method
has the slowest convergence rate. Thus it required the highest amount of iterations, but
since the stiffness matrix only needs to be determined once, the iterations take the least
amount of time. The method is also very robust.

(a) Newton-Raphson (b) Secant (c) Linear Stiffness
Figure B.1: Commonly used Iteration Methods.

Source: DIANA FEA BV (2017)

b.2 convergence criteria

It is of importance to check the convergence of a numerical analysis. This is done by
adopting the displacement increment by iterative increments until equilibrium is reached.
The displacement increment is reached if the convergence criterion is met. This convergence
criterion can be based on displacements, forces and energies.

The force criterion is a check of the out-of-balance force. The convergence criterion is met
if the remaining force imbalance is a small fraction of the total applied force. Because
the reference force is known before the first prediction of displacements, it is possible to
calculate the force form directly after the first prediction. This means that the behaviour of
a system is still linear and no unnecessary iterations have to be performed. The force norm
as applied in DIANA is:

ε =

√
gT

0 gi√
gT

0 g0

(B.3)

The displacement norm is a check of the iterative displacement increment. The displacement
criterion met if the last update of the displacement increment is a small fraction of the initial
displacement increment. Equation B.4 is applied in DIANA to determine the convergence
norm. From this equation can be concluded that always one additional iteration is necessary
because the norm is equal to 1 for the first prediction.

ε =

√
δuT

0 δui√
∆uT

0 ∆u0

(B.4)
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The last way to check convergence is the energy norm. This norm contains the internal
forces and relative displacements. The last update of the stored energy is a small fraction of
the initial stored energy. As for the displacement norm, an additional step is required to
detect convergence.

ε =
δuT

0 ( fint,i+1 + fint,i)

∆uT
0 ( fint,1 + fint,0)

(B.5)

b.3 arc length control

A force-controlled pushover is executed in DIANA. A disadvantage of a force controlled
pushover is that it is difficult to find convergence in the nonlinear branch of the pushover
curve. This is due to the fact that if a fixed load increment is prescribed, the predictions of
the displacement could get very large. This problem could be solved by using the Arc-length
method. The arc length method constrains the norm of the incremental displacements to a
fixed value. This is done by simultaneously adapting the size of the increment. It should
be noted that the size of the increment is adapted within the iteration process and is not
fixed at the moment the increment starts. An external force at the start of the increment
is defined, where the increment of this external force is indicated as ∆λi f̂ , where ∆λi is a
load factor which is multiplied with a unit load f̂ . Substitution of these vectors in Equation
B.1, results in the following equation for the displacement increment of a single iteration:

δui = K−1
(

∆λi f̂ +t fint − fint

)
(B.6)

The solution can be divided into two parts:

δuI
i = K−1 (t fint − fint

)
and δuI I

i = K−1 f̂ (B.7)

By substituting Equation B.7 in Equation B.6 results in the following equation:

δui = δuI
i + ∆λiδuI I

i (B.8)

The load factor ∆λi is the only unknown in the equation above, and it can be used to
constrain the displacement increment. Two methods can be used in DIANA to determine
this load factor. The first method is called the Spherical Path method, which uses a quadratic
constraint. The second method, the Updated Normal Plane method, uses a linearised
constraint.





CD R AW I N G S C A S E S T U D Y

Drawings of the case study structure can be found in this chapter. These drawings include
a top view, a front view and a side view of the structure. A legend can also be found
underneath each of the figures in which the material properties are indicated.

c.1 top view - ground level

Figure C.1: Top View Ground Floor

109



110 drawings case study

c.2 front view - section aa

Figure C.2: Front View - Section AA



C.3 side view - section bb 111

c.3 side view - section bb

Figure C.3: Side View - Section BB





DM O D E L P R O P E RT I E S

This chapter is comprised of an overview of all used material properties and the position
and magnitude of additional loads. The chapter is subdivided into three parts: The nonlinear
DIANA model, the linear DIANA model and the 3MURI model. All material properties
have been taken from NPR 9998:2015 or derived by VIIA by additional studies. The origin
of the material properties of each material is mentioned.

d.1 diana model for nonlinear analayses

The material properties used for the DIANA model which is used for the nonlinear analyses
are specified in this hereafter. The material properties of masonry, concrete, the ribbed floor,
the foundation piles and the nonlinear interface elements between the walls are presented.

Two different types of masonry can be found in the structure, namely calcium silicate
and clay brick. NPR 9998 prescribes material properties for these materials depended on
the time of construction the structure. The engineering masonry model as described in
Chapter 2.4.1 is used to model masonry. The following material properties have been used
for the masonry in DIANA. It should be mentioned that a compressive unloading with
λ = 0 is assumed. This means that unloading occurs with the initial stiffness until zero
compressive stress. Other parameters which require further elaboration are the Rayleigh
damping parameters. These have been based on the 2% ζ at a frequency of 6 HZ and 15

HZ.

Table D.1: Material Properties Masonry - Nonlinear DIANA Model

Material Property Calcium Silicate Clay Brick Unit

Density 2.00E+03 2.00E+03 kg/m3

Young’s Modulus (x) 2.33E+09 3.00E+09 N/m2

Young’s Modulus (y) 3.50E+09 6.00E+09 N/m2

Shear modulus 1.22E+09 1.90E+09 N/m2

Tensile Strength (x) 3.00E+05 4.50E+05 N/m2

Tensile Strength (y) 1.00E+05 2.00E+05 N/m2

Residual Tensile Strength 5.00E+03 1.00E+04 N/m2

Compresive Strength 7.00E+06 1.00E+07 N/m2

Tensile Crack Energy 5.00E+00 1.00E+01 Nm/m2

Compressive Crack Energy 1.70E+04 2.00E+04 Nm/m2

Shear Crack Energy 1.00E+02 2.00E+02 Nm/m2

Cohesion 2.50E+05 4.00E+05 N/m2

Friction Angle 5.40E-01 6.44E-01 rad

Damping Parameter a 2.51E-01 2.51E-01 rad/s

Damping Parameter b 7.09E-06 7.09E-06 s/rad
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Concrete is modelled with linear material properties. The damping parameters have been
based on a ζ of 5% at a frequency of 0.1 HZ to 15 HZ. This type of concrete is applied to
model the roof, floors, balconies, galleries, foundation strips and the beams which support
the balconies. The Young’s modulus is based on the cracked stiffness properties of concrete.

Table D.2: Concrete Material Properties - Nonlinear DIANA Model

Material Property Value Unit

Density 2.50E+03 kg/m3

Young’s Modulus 1.50E+10 N/m2

Poison Ratio 2.00E-01 -

Damping Parameter a 6.24E-02 rad/s

Damping Parameter b 1.05E-03 s/rad

The bottom floor of the building is a ribbed floor. This floor has orthotropic material
properties. These material properties have been defined by VIIA (2017b).

Table D.3: Material Properties Ribbed Floor - Nonlinear DIANA model

Material Property Value Unit

Density 1.04E+03 kg/m3

Young’s Modulus (x) 1.11E+10 N/m2

Young’s Modulus (y) 2.37E+08 N/m2

Young’s Modulus (z) 1.06E+11 N/m2

Shear Modulus (x) 1.33E+08 N/m2

Shear Modulus (y) 1.33E+10 N/m2

Shear Molulus (z) 2.51E+10 N/m2

Damping Parameter a 6.24E-02 rad/s

Damping Parameter b 1.05E-03 s/rad

The foundation piles have been modelled as one-dimensional beam elements. Both the
properties of the pile and the interface between the pile and soil block had to be given as
input. These properties have been determined by a geotechnical engineer from VIIA.

Table D.4: Material Properties Foundation Piles - Nonlinear DIANA Model

Material Property Value Unit

Density 2.50E+03 kg/m3

Young’s Modulus 3.00E+10 N/m2

Lateral Stiffness between Pile and Soil 1.00E+10 N/m3

Parallel Stiffness between Pile and Soil 1.00E+10 N/m3

Damping Parameter a 6.24E-02 rad/s

Damping Parameter b 1.05E-03 s/rad
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Nonlinear interface elements are used to model the connections between certain walls. The
elements are not able to transfer shear or tensional forces.

Table D.5: Material Properties Nonlinear Interface Elements - Nonlinear DIANA Model

Material Property Value Unit

Normal Stiffness modulus-y 1.00E+9 N/m3

Normal Stiffness modulus-x 1.00E+0 N/m3

Normal Stiffness modulus-z 1.00E+0 N/m3

Damping Parameter a 1.00E+0 rad/s

Damping Parameter b 1.00E-5 s/rad

Surface loads acting on the floors are taken into account by increasing the density of the
floors on which the load is acting. The applied densities in DIANA are shown in Table D.6.

Table D.6: Applied Densities in DIANA

Density Material

(kN/m2)

Design Load

(kN/m2)

Thickness

(mm)

Density in DIANA

(kN/m3)

Roof 25.0 0.60 0.15 29.0

Floor 2,3,4 25.0 1.32 0.15 33.8

Gallery 25.0 1.36 0.15 34.1

First Floor 10.0 1.32 0.26 15.0
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d.2 diana model for mrs analysis

The material properties that are used for the linear model used for the MRS analyses are
described hereafter. The only material properties which differ from the nonlinear model,
are those of the masonry and the interface elements.

NPR 9998 prescribed that the cracked properties of masonry should be applied for a linear
model. It is also specified that the stiffness properties of cracked masonry, may be taken as
half of the untracked masonry properties.

Table D.7: Material Properties Masonry - Linear DIANA Model

Material Property Calcium Silicate Clay Brick Unit

Density 2.00E+03 2.00E+03 kg/m3

Young’s Modulus (x) 1.17E+09 1.5E+09 N/m2

Young’s Modulus (y) 1.75E+09 3.00E+09 N/m2

Shear modulus 0.61E+09 0.85E+09 N/m2

The line interface between the walls is defined in such a way that its stiffness is considerably
smaller than the stiffness of the walls. Thus forces will not be transferred through the
interface elements.

Table D.8: Material Properties Interface Elements - Linear DIANA Model

Material Property Value Unit

Normal Stiffness modulus-y 1.00E+0 N/m3

Normal Stiffness modulus-x 1.00E+0 N/m3

Normal Stiffness modulus-z 1.00E+0 N/m3
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d.3 3muri model

d.3.1 material properties

The material properties used for the 3MURI model are specified hereafter. The material
properties which are described are the those of the masonry, concrete, the ribbed floor and
the dummy walls.

Masonry is modelled in 3MURI using macro elements. The material properties are pre-
scribed in NPR 9998.

Table D.9: Material Properties Masonry - 3MURI Model

Material Property Value Unit

Density 2.00E+03 kg/m3

Young’s Modulus 3.50E+09 N/m2

Shear modulus 1.22E+09 N/m2

Compressive Strength 7.00E+06 N/m2

Initial Bed Joints Shear Strength 2.50E+05 N/m2

Limit Shear Strength 9.10E+05 n/m2

Characteristic Compressive Strength 4.20E+06 n/m2

Dummy walls are applied in 3MURI because without them the program had numerical
stability problems. The properties of the dummy walls have been chosen in such a way, that
they do not influence the global behaviour of the structure.

Table D.10: Material Properties Dummy Walls - 3MURI Model

Material Property Value Unit

Density 1.00E-1 kg/m3

Young’s Modulus 0.75E-1 N/m2

Shear modulus 0.29E-1 N/m2

Compressive Strength 9.99E+2 N/m2

Initial Bed Joints Shear Strength 9.99E+2 N/m2

Limit Shear Strength 4.99E-1 N/m2

Characteristic Compressive Strength 9.99E+2 n/m2

All floors are concrete, except for the floor on ground level. Linear material properties are
used to model the concrete.

Table D.11: Material Properties Concrete - 3MURI Model

Material Property Value Unit

Young’s Modulus 1.50E+10 N/m2

Shear Modulus 6.25E+09 N/mc

Poison Ratio 2.00E-01 -
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The wall on the ground floor is a ribbed floor. This floor has been modelled with linear
properties, which are the same as the material properties used for the ribbed floor in
DIANA.

Table D.12: Material Properties Ribbed Floor - 3MURI

Material Property Value Unit

Young’s Modulus (x) 1.11E+10 N/m2

Young’s Modulus (y) 2.37E+08 N/m2

Shear Modulus 1.33E+10 N/mc

Poison Ratio 2.00E-01 -

d.3.2 equivalent static loads

It is not possible to model several elements in 3MURI, which were modelled in DIANA,
due to the limitations of the program. The elements which could not be taken into account
are the outer leaves of the cavity wall in the façade, the galleries, the extension of the roof
above the galleries, the balconies and the concrete beams. All of these elements do not
contribute to the global seismic capacity of the structure, but the mass of these elements
has to be taken into account for determining the seismic response of the structure. The
mass these elements is calculated first and subsequently applied to the structure in 3MURI.
The mass of the concrete beams is added as a line load, acting on the walls. All other loads
are applied as point loads acting on the edge of the walls. Some of these loads would have
normally be applied to the floor, but it only possible in 3MURI to apply point loads directly
to the walls. The positions of where the additional loads have been applied have been
assigned with an identification number, as shown in Figure D.1.

Figure D.1: Equivalent loads in 3MURI
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This results in the following loads which are applied in the 3MURI model.

Table D.13: Equivalent Loads acting on the Ground Floor

Position Facade Cavity Wall Total Unit

1 1.65 5.65 7.30 kN

2 3.30 5.65 8.95 kN

3 3.30 0.00 3.30 kN

4 1.65 0.00 1.65 kN

5 3.30 0.00 3.30 kN

Table D.14: Equivalent Loads acting on Floor 2,3 and 4

Position Facade Cavity Walls Balconies Galleries Total Unit

1 1.65 5.65 0.00 0.00 7.30 kN

2 3.30 5.65 16.7 0.00 25.7 kN

3 3.30 0.00 33.4 0.00 36.7 kN

4 1.65 0.00 0.00 16.9 18.5 kN

5 3.30 0.00 0.00 33.7 37.0 kN

Table D.15: Equivalent Loads acting on the Roof

Position Facade Roof Total Unit

1 1.65 0.00 1.70 kN

2 3.30 0.00 3.30 kN

3 3.30 0.00 3.30 kN

4 1.65 14.5 16.1 kN

5 3.30 28.9 32.2 kN





EM A S O N RY S TAT E PA R A M E T E R

This chapter is comprised of a description of the masonry damage state parameter from the
engineering masonry model. DIANA FEA has included a masonry state parameter output
in their software. This masonry state parameter (STATUS EMASON) returns a number
corresponding to the branch of the stress-strain curve on which the node is currently
located. This is provided for the normal stress behaviour of bed and head joints and the
shear behaviour of the masonry. It should be noted that the descriptions and the images
hereafter are directly taken from VIIA (2018).

bed and head joint parameter

The possible status values and their definitions for the head and bed joint are presented in
Table E.1 and Figure E.1.

Table E.1: Definition of Head and Bed Joint Failure Status Parameter

Parameter Description

-3 Ultimate branch of the compressive stress-strain curve

-2 softening branch of the compressive stress-strain curve

-1 unloading/reloading section of the compressive stress-strain curve

0 no crack and no compressive failure

1 unloading/reloading section of the tensile stress-strain curve

2 partially open crack loading

3 fully open crack loading

(a) Tension (b) Compression
Figure E.1: Numbered Stress-Strain Curve

Source: VIIA (2018)
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shear parameter

The possible status values and their definitions for the head and bed joint are presented in
Table E.2 and Figure E.2.

Table E.2: Definition of Shear Failure Status Parameter

Parameter Description

3 Coulomb friction criterion not reached

2 Linear unloading/reloading branch after reaching Coulomb criterion

1 Progressive Coulomb friction sliding with reduced cohesion

0 Progressive Coulomb sliding after fully used cohesion

Figure E.2: Numbered Shear Stress-Strain Curve
Source: VIIA (2018)



FR E S P O N S E S P E C T R A

This response spectra which are used for the MRS and NLPO analyses are presented in this
chapter. These chapters have been determined based on NLTH analysis of the soil column.
Furthermore, the effect of scaling the signal at ground level on the applied response spectra
is also presented.

f.1 design spectra

The response spectra which are used for the MRS and NLPO analyses are derived from the
NLTH analyses of the soil column. The method of how this is done is explained in Chapter
4.3.4. The response spectra for each signal are shown in Figure F.1.
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Figure F.1: Response Spectra Derived from NLTH Analyses

The outer envelope of these spectra is used as input for the MRS and NLPO analyses. These
outer envelopes are shown in Figure F.2. The response spectra have been scaled in such a
way that the PGA which corresponds to each response spectrum are equal.
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Figure F.2: Outer Envelope of Derived Response Spectra
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It should be noted that usually when evaluating a structure according to NPR:9998:2018

using a location-specific spectrum, a minimum value of the spectral acceleration is given
for each natural period, based on the response spectra which are prescribed in the code. It
is prescribed that the minimum value of the spectral acceleration at a particular natural
period, is 80% of the spectral acceleration at that period as prescribed in the NPR 9998. This
criterion is not applied for this study, because the design spectrum which is prescribed for
this case study in NPR 9998:2015 is significantly higher than the location-specific spectrum
which resulted from the NLTH analyses, which would result in that the NPR 9998:2015

spectrum would be governing for all natural periods.

f.2 effect scaling signal at ground level

The seismic signals are scaled linearly at ground level for all analysis methods. Thus the
material properties of the soil are only taken into account once. A consequence of this is
that the applied seismic signals are different than as they would be if the signals were
scaled at a depth of 30 meters, as is prescribed in the NPR 9998. The effect of this modelling
assumption is elaborated hereafter.

An additional study has been performed to show the effect of scaling the signal at a ground
level. Signal 2 is used as an example to show this effect. Several NLTH analyses of the
soil column have been performed, where the signal is scaled at a depth of 30 meters. The
accelerations are measured at ground level, and response spectra have been determined
based on these accelerations. These response spectra are presented in Figure F.3. It can
clearly be seen that if the response is scaled at ground level linearly, that this not result in a
linear change of the response spectra at ground level. The signal which corresponds to the
PGA at ground level of 0.23 g is used as the basis signal, which is linearly scaled.
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Figure F.3: Influence Non Linear Soil Properties on Response Spectrum
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The difference between the real spectra and the scaled spectra can be seen even more clearly
in Figure F.3. The real spectrum is the spectrum which has been determined by applying
a signal at a depth of 30 meters. The scaled spectrum is the spectrum which has been
determined by linearly scaling the basis signal, which is the spectrum which corresponds
to a PGA at ground level of 0.23 g.
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Figure F.4: Comparison Real and Scaled Spectrum for PGA = 0.39 g





GR E S U LT S : M O D A L R E S P O N S E S P E C T R U M A N A LY S I S

The results of the MRS analysis are presented in this chapter, which are evaluated according
to NPR 9998. The chapter is subdivided into three parts. First, the response spectra which
are used as input are linearised, to make them suitable for the MRS method. Second, the
results of a modal eigenvalue analysis are presented. Ultimately, the maximum admissible
seismic load is determined.

g.1 linearised response spectrum

The seismic load is introduced in an MRS analysis by introduced by applying a base
excitation, which is amplified by the shapes of the eigenmodes and a factor which is based
on a response spectrum. The response spectrum as defined in Appendix F is used as input,
which is defined on the outer envelope of the results of NLTH analyses of the soil column.
A disadvantage of using the maximum envelope of the response spectra is that a small
change in the natural period could lead to a significant change in spectral acceleration. This
could have a significant effect on the results of the MRS analyses. Thus the decision has
been made the linearise the response spectra for the MRS analyses. This is done by applying
the method as is described in NPR 9998:2015. The parameters which define this linearised
spectrum are SMS, the design acceleration in the short period range and SM1, the design
acceleration in the long period range. SMS is equal to the spectral acceleration at a natural
period of 0.2 seconds. It is not allowed to apply a value of SMS which is lower than 90 % of
the spectral acceleration for each natural period higher than 0.2 s. The parameter SM1 is
equal to the spectral acceleration at a natural period of 1 second or to twice the spectral
acceleration at a natural period of 2 seconds. Equation G.1 can be used subsequently to
determine the corner period Tc, based on these parameters. This corner period is also used
as input during the NLPO analyses according to Eurocode 8 and Guerrini. The values of
the spectrum parameters in the longitudinal and transverse direction are presented in Table
G.1.

Tc =
SM1

SMS
(G.1)

Table G.1: Calculation of Parameters for Location-Specific Spectrum

Se(0.2 s) max(0.9Se) Se(1 s) 2Se(2 s) SMS SM1 Tc

Longitudinal 0.42 g 0.79 g 0.28 g 0.11 g 0.79 g 0.28 g 0.60 s

Transverse 0.45 g 0.94 g 0.28 g 0.14 g 0.94 g 0.28 g 0.55 s
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The position of the left corner period of a location-specific spectrum is not specified in NPR
9998:2015. Thus the decision has been made to choose a value for the corner period in such
a way, that the outer envelope of the spectra is always smaller than the linearised spectrum.
The linearised spectra are presented in Figure G.1.
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Figure G.1: Response Spectra derived from NLTH analyses

g.2 modal eigenvalue analysis

The model used for the MRS analysis is different compared to the model used for the NLPO
and NLTH analysis because the masonry is modelled using a smaller Young’s modulus.
For this reason, the MRS model behaves less stiff compared to the model used for the
nonlinear analyses. It is thus required to perform an additional model eigenvalue analysis
because due to the change in stiffness, the results will be different compared to the results
of the model eigenvalue analysis of the nonlinear model, as described in Chapter 5.3.1.
The displacements according to the governing eigenmodes are presented in Figure G.2.
The first aspect which can be noted is that the shape of the eigenmodes is almost exactly
the same as according to the model eigenvalue analysis of the nonlinear model. However,
some significant differences can be seen when looking at the magnitude of the natural
periods. The natural period in the longitudinal direction increased from 0.53 second to 0.67

second and the natural period in the transverse direction increased from 0.20 seconds to
0.28 seconds. The linear model behaves less stiff compared to the nonlinear model, which is
as expected.

(a) Governing Mode in Longitudinal
Direction 0.67 s (72.2%)

(b) Governing Mode in Transversal
Direction 0.28 s (64.2%)

Figure G.2: Governing Modes Part of DIANA Model



G.3 maximum admissible seismic load 129

Another aspect which is of importance is the cumulative modal mass participation, as pre-
sented in Figure G.3. The modal pass participation indicates the significance of eigenmode
on the total response of the structure. NPR 9998 states that the sum of the participating
mass of the considered eigenmodes during an MRS analysis should be larger than 90 %.
The minimum amount of 90 % is exceeded for 248 eigenmodes in the transverse direction
and 450 eigenmodes in the longitudinal direction.
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Figure G.3: Cumulative Modal Mass Participation

g.3 maximum admissible seismic load

The maximum admissible seismic load is found, by incrementally the demand, until one of
the NC limit state criteria are exceeded. The seismic resistance of the structure according to
the MRS method will be expressed in terms of the maximum admissible seismic load in
terms of PGA at ground level. It should be noted that when checking a structure according
to the MRS method for a characteristic load Ek, that a design load Ed has to be applied,
which can be determined using EquationG.2. The behaviour factor q takes into account
that nonlinear effects are not included in the model. The behaviour factor for unreinforced
masonry is defined to be 1.5 in NPR 9998. However, it is allowed to multiply this factor by
4/3 because the NC limit state is studied.

Ek = Ed × q (G.2)

In NPR 9998 is defined that primary seismic elements may not fail for the NC limit state
criterion. Redistribution of forces is not possible, because MRS is a linear method. Thus
exceedance of the force capacity of one of the primary seismic elements results into ex-
ceedance of the limit state criteria. Equations are given in NPR 9998 for the force capacity
of piers. A more thorough description of these equations can be found in Chapter 4.3.1.
Both shear and flexural failure are taken into account by these limit state criteria.

The shear force is determined by determining the maximum average distributed shear
force over the height of the pier, and subsequently multiplying this average distributed
shear force by the width of the pier. The axial force is determined at the bottom of the
pier by determining the distributed axial force in the compressive zone, and subsequently
multiplying it by the width of the compressive zone. The shear force is subsequently
divided by the capacity of the piers and the results of these calculations are presented using
unity checks, which have to be smaller than 1.0, to fulfil the limit state criteria. Several
MRS analyses are performed where the seismic demand is scaled until all unity checks are
smaller than 1.0.
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From the MRS analysis was found that the walls in which the capacity was exceeded the
first are wall T2 in the transverse direction and wall L1 in the longitudinal direction. The
same wall numbering convention is used as in Chapter 5.3.2, however additional symbols
have been added, to indicate the different piers of wall T2. These additional symbols are
presented in figure G.4. All performed calculations to determine the capacity according
to the MRS method in the transverse and longitudinal direction are presented hereafter.
However, the performed calculation steps are only presented for the case in the transverse
direction, but the performed calculation steps in the longitudinal direction are exactly the
same.

Figure G.4: Wall Numbering

transverse direction

The seismic demand has been scaled until one of the limit state criteria was met. The first
limit state criterion was exceeded for a design load of 0.11 g. The characteristic load can be
determined subsequently by multiplying the design load with the behaviour factor.

Ek = Ed × q = 0.11× 2 = 0.22 g (G.3)

The output of DIANA which was used to determine the capacity of all the piers is presented
in Figure G.5. The axial force is presented twice, using different contour plot settings. This
is done because Figure G.5a is required to determine the magnitude of the axial force in
the piers and Figure G.5b is required to determine the compressive width of each pier.

(a) Axial Force (b) Axial Force (c) Maximum Shear Force
Figure G.5: Distributed Forces - Transverse Direction - Wall T2
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The pier in which the limit state criteria are exceeded the first is pier B of wall T2 on the
fourth floor. All calculation steps which were taken to determine the capacity of this pier
are presented hereafter, as an example. The calculation steps are exactly the same for all
other piers. The properties of the governing pier are presented in Table G.2.

Table G.2: Properties Pier 4th Floor Part A

Properties Pier Symbol Value Unit

Width D 2200 mm

Effective Height He f f 2100 mm

Thickness t 200 mm

Cohesion c 0.25 N/mm2

Mean compressive Strength fm 7 N/mm2

Material Factor γm 1.5 -

The first step is to determine the width of the compressive zone because shear can only be
transferred through this width. The width of the compressive zone can be determined from
Figure G.5b. Tensile forces are presented by the red colour and compressive forces by blue.
Thus the compressive zone of the pier is equal to:

D′ = 2100 mm (G.4)

The axial and shear force in the pier are determined next. The shear force is determined by
determining the maximum average distributed shear force over the height of the pier, and
subsequently multiplying this average distributed shear force by the width of the pier. The
axial force is determined at the bottom of the pier by determining the distributed axial force
in the compressive zone, and subsequently multiplying it by the width of the compressive
zone. This results in the following values of the shear and axial force in the pier:

VEd = 40 kN and NEd = 86 kN (G.5)

It is required for the shear check to determine the masonry shear strength fvd, which takes
into account the presence of the axial load. The masonry shear strength may not exceed
0.065 fm/γm.

fvd =
c

γm
+ 0.4

N
D′t

=
0.25
1.5

+ 0.4
86

1200× 200
= 0.25 N/mm2 (G.6)

The maximum allowed shear force based on the shear failure criterion can subsequently be
determined by using:

VRd,s = fvdD′t = 0.25× 2100× 200 = 101kN (G.7)

It is required for the flexural check to determine the normalised axial load vd.

vd =
N

Dt fm
=

86
2100× 200× 7

= 0.03 (G.8)

The maximum allowed shear force based on the flexural failure check is determined using:

VRd, f =
DN
2H0

(1− 1.15vd) =
2100× 86
2× 2200

(1− 1.15× 0.03) = 40 kN (G.9)

The maximum allowed shear force for the flexure controlled failure mechanism is lower.
Thus this is the governing failure mechanism for this pier. The unity check can be deter-
mined by dividing the design load by the capacity of the pier:

UC =
VEd
Vf , f

=
40
40

= 1.0 (G.10)
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The calculations steps as described above have been performed for all piers in wall T2. The
results of these calculations steps are presented in Table G.3. The first point of interest is
that for several piers a flexural failure mechanism would occur and for some a shear-like
failure mechanism would occur. It can clearly be seen that a higher axial force would lead
to a shear-like failure mechanism. The first failure mechanism which occurs at the smallest
load is flexural failure of the pier on the fourth floor of part B. However, the next failure
mechanism which occurs is a shear-like failure mechanism of part C of the first floor. This
gives an indication that damage in the structure will not be localised on one floor, but it is
distributed throughout the structure.

Table G.3: Design Checks MRS - Wall T2

Part

(-)

Floor

(-)

D′

(mm)

VEd

(kN)

NEd

(kN)

VRd,s

(kN)

VRd, f

(kN)

UC

(-)

A 4 1200 2 62 65 18 0.1

A 3 1200 11 127 73 35 0.3

A 2 1200 17 191 73 50 0.3

A 1 1300 29 259 79 64 0.4

B 4 2000 40 86 101 40 1.0

B 3 2000 72 174 121 78 0.9

B 2 2100 86 254 127 109 0.8

B 1 2100 101 342 127 141 0.8

C 4 4400 81 152 207 154 0.5

C 3 4400 157 317 267 313 0.6

C 2 4400 205 474 267 453 0.8

C 1 4300 238 616 261 573 0.9
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longitudinal direction

The same steps as described for the transverse direction are taken to determine the capacity
in the transverse direction. The seismic demand has been scaled until one of the limit state
criteria are met. The first limit state criterion is exceeded for a design load of 0.015 g. The
characteristic load can be determined subsequently by multiplying the design load with
the behaviour factor.

Ek = Ed × q = 0.015× 2 = 0.03 g (G.11)

The relevant output of DIANA which is required to perform the limit state checks is
presented in Figure G.6. The axial force is presented twice, using different contour plot
settings. This is done because Figure G.6a is required to determine the magnitude of the
axial force in the pier and Figure G.6b is required to determine the compressive zone of
each pier.

(a) Axial Force (b) Compressive Zone (c) Shear Force
Figure G.6: Distributed Forces - Longitudinal Direction - Wall L2

The pier in which the limit state criteria are exceeded the first is the pier on the fourth floor
of wall L1. The unity checks of all the pier in wall L1 are presented in Appendix G.4. It can
clearly be seen that a flexural type of failure mechanism occurs before a bed joint sliding
failure mechanism would occur.

Table G.4: Design Checks MRS - Wall L1

Floor

(-)

D′

(mm)

VEd

(kN)

NEd

(kN)

VRd,s

(kN)

VRd, f

(kN)

UC

(-)

4 2000 20 46 85 20 1.0

3 2000 33 95 104 38 0.9

2 2000 46 142 121 55 0.8

1 2200 59 202 133 77 0.8
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The results of the nonlinear pushover analyses are presented in this chapter. The capacity
curves are shown first, which will be evaluated according to NPR 9998, Eurocode 8

and Guerrini subsequently. The maximum admissible seismic load is determined next.
Furthermore, the inter-story drifts during the pushover analyses are presented. The section
closes with an overview of the damage parameters at failure.

h.1 capacity curves

The first step in performing an NLPO analysis is determining the capacity Ecurves of a
structure. These capacity curves are determined by applying a lateral load to the structure
using a particular vertical distribution of the loads. It is specified in the NPR 9998 that
at least two vertical distributions of the vertical load have to be applied. Furthermore,
an individual capacity curve has to be determined in each of the four directions. These
directions are the positive longitudinal direction, negative longitudinal direction, positive
transverse direction and negative transverse direction. Thus in total eight capacity curves
have to be performed for a single NLPO analysis. However, only the governing case of the
positive and negative direction has to be studied. Thus also only the governing load case
of these two is presented. Furthermore, the capacity curves are determined according to
DIANA and 3MURI. These capacity curves are presented in Figure H.1.
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Figure H.1: Pushover Curves

The structure is incrementally loaded until one of the limit state criteria according to NPR
9998 are met. These limit state criteria are the following: Dynamic instability of the structure,
a strength degradation of 80 % in comparison with the maximum base shear or exceedance
of the inter-story drift limit criteria. Each capacity curve has also been determined twice in
3MURI, once taken into account failure according to the Mohr-Coulomb criterion and once
using the on as formulated by Turnsec-Cacovic. It turned out that the capacity curve of the
Mohr-Coulomb criterion had a lower capacity in all cases. Thus only the results of these
analyses are shown.

135
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An overview can be found in Table H.1 of the limit state criteria, which were exceeded
first per load case. A more thorough description of which elements are failed in case
of numerical instability or in which elements the most damage occurred is presented in
Chapter H.4. The inter-story drifts during the analyses are presented in Chapter H.3.

Table H.1: Overview Characteristics Capacity Curves

Direction
Load

Pattern
Program

kinit

(kN/mm)

Vb

(kN)

ucap

(mm)

Violated

Criterion

Transverse Modal DIANA 309 2785 99.7 Strength Degredation

Transverse Modal 3MURI 281 2994 89.1 Dynamic Instability

Transverse Uniform DIANA 489 4109 91.6 Strength Degredation

Transverse Uniform 3MURI 435 4353 60.2 Dynamic Instability

Longitudinal Modal DIANA 66 1159 103.4 Drift Limits

Longitudinal Modal 3MURI 69 576 85.3 Dynamic Instability

Longitudinal Uniform DIANA 95 1443 62.5 Drift Limits

Longitudinal Uniform 3MURI 99 835 60.3 Dynamic Instability

h.2 maximum admissible seismic load

The maximum admissible seismic load according to the NC limit state criteria is determined
for all the load cases. This maximum admissible seismic load is expressed in terms of
the PGA at ground level. Three methods are used to determine the maximum admissible
seismic load: NPR 9998, Eurocode 8 and Guerrini. All methods are presented hereafter by
showing all the calculations steps taken for one of the load cases. The load case that is used
as an example is the uniform lateral load pattern in the transverse direction using DIANA.
The first calculation steps are exactly the same for all methods, and it is noted where the
methods start to differ from each other.

The first step according to all methods is to transform the capacity curve of the MDoF
system into an equivalent SDoF system. This is done by dividing the base shear Fb and
displacement of the control node dn by the transformation factor Γ. The transformation
factor depends on the distribution of mass throughout the structure and the displacements
which correspond to the governing modal eigenmode. The following equations are used to
determine the transformation factor:

Γ =
me f f

Σmiφ
2
i

and me f f = Σmiφi (H.1)
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where mi is φi are the mass and displacement of each floor respectively. me f f is the effective
mass of the structure. The mass of each floor is determined by adding up the dead weight
of the elements which are connected to the floor and the dead weight of the floor itself. The
mass of the walls is taken into account by adding half of the mass to the floor which is
on top of it, and the half to the floor underneath it. An overview of the mass per floor is
shown in Table H.2.

Table H.2: Overview Mass per Floor

Floors Balconies Galleries Walls Beams Line Loads Total Unit

Roof 934 0 0 433 90 25 1481.0 kN

Floor 3 955 67 139 911 90 41 2198 kN

Floor 2 955 67 139 911 90 41 2198 kN

Floor 1 955 67 139 911 90 41 2198 kN

Ground Floor 769 0 0 478 0 25 1272 kN

The effective mass can subsequently be calculated by multiplying the mass of each floor
with the corresponding displacement of that floor of the governing eigenmode. The dis-
placements are normalised in such a way that the displacement of the roof is equal to 1.
The calculation of the effective mass is shown for the governing pushover case.

Table H.3: Example Effective Mass Calculation

mi (kN) φi (-) miφi (kN) miφ
2
i (kN)

Roof 1481.0 1.00 1481.0 1481.0

Floor 3 2198.0 0.80 1766.6 1419.9

Floor 2 2198.0 0.54 1195.8 650.6

Floor 1 2198.0 0.25 559.5 142.4

Ground Floor 1271.9 0.00 0 0

The effective mass and the transformation factor can be calculated subsequently by applying
Equation H.2. The effective mass is determined in the same way, for all the other load cases.
These results are summarized in Table H.4.

me f f = Σmiφi = 5003 (kN) Γ =
me f f

Σmiφ
2
i
= 1.35 (H.2)

Table H.4: Effective Mass and Transformation Factor per Load Case

Effective Mass (kN) Γ(-)

DIANA Longitudinal 5003 1.35

3MURI Longitudinal 5216 1.31

DIANA Transverse 4717 1.39

3MURI Transverse 4650 1.39
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The second step is to transform the capacity curves of the MDoF systems to the capacity
curves of their equivalent SDoF systems. The equivalent capacity curve for the pushover in
the longitudinal direction with a uniform lateral load pattern in DIANA is presented as an
example in Figure H.2.
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Figure H.2: Example Transformation Capacity Curve

The capacity curve of this equivalent SDoF system should subsequently be bi-linearised.
Eurocode 8 and NPR 9998 prescribe different methods for doing this. The bi-linearised
curve according to the NPR 9998 method is formulated in such a way that the deformation
energy of the original curve should be the same as the bi-linearised curve. This is different
in comparison with Eurocode 8 because there is stated that only the deformation energy up
until the formulation of the plastic mechanism in both curves should be equal. Another
difference is that the yield force of the bi-linearised system in Eurocode 8 is specified as
the ultimate strength of the generalised system. In NPR 9998 this yield force is determined
based on the initial system of the bi-linearised system, which in its part is determined using
displacement of the control node at 60 % of the maximum load capacity. Thus in Eurocode
8 the yield force is given, and the yield displacement has to be determined accordingly,
and for the NPR the yield displacement if given and the yield force has to be determined
accordingly. Both methods are described thoroughly in Chapter 3.3. Both the bi-linearised
curves according to the NPR 9998 and Eurocode 8 are presented in Figure H.3. The next
step is to evaluate the capacity of the bi-linearised pushover curves with the demand. The
demand is defined differently according to the three studied methods.
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Figure H.3: Bi-Linearisation of Equivalent SDoF Pushover Curve
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h.2.1 npr 9998

The demand, which is represented by a response spectrum, is scaled until the capacity and
the demand are equal. This equilibrium situation is presented in Figure H.4. The capacity
of a structure is evaluated according to NPR 9998 by comparing the bi-linearised curve with
a nonlinear acceleration displacement response spectrum (ADRS). This nonlinear ADRS
is determined by reducing the elastic spectrum by introducing a spectral reduction factor
ηξ . This reduction factor takes into account, hysteretic, inherent and soil damping. Soil
damping does not have to be taken into account, because it is also excluded in the NLTH
analyses, because the signal is scaled at ground level. The inherent damping is prescribed to
be 5% in the NPR 9998. A description of all the parameters and explanation of the formulas
can be found in Chapter 3.3. The following equations are used to determine the hysteresis
damping:

µsys =
ucap,sys

d∗y
=

46.1
12.4

= 3.73 (H.3)

ξhys = 0.42

(
1− 0.9
√

µsys
− 0.1

√
µsys

)
= 14.3% (H.4)

Thus the equivalent viscous damping ξsys can be determined using:

ξsys = ξinherent + ξhysteric = 5% + 14.3% = 19.3% (H.5)

And subsequently the reduction factor can be determined:

ηξ =

√
10

5 + 19.3
> 57.3% (H.6)

The following step is to draw the elastic spectrum, nonlinear spectrum and the bi-linearised
pushover curve drawn in the same graph. The elastic spectrum is subsequently scaled until
the nonlinear spectrum crosses the pushover curve. The demand and capacity are equal
when the two lines cross. This situation is presented in Figure H.4.
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Figure H.4: Comparison Capacity and Demand according to NPR 9998

The situation in which the capacity and the demand are equal is shown in Figure H.4. The
peak ground acceleration, in this case, is equal to the spectral acceleration of the elastic
spectrum at a control node displacement of zero. Thus, in this case, the maximum admissible
seismic load is equal to a PGA of 0.27 g. An overview of the maximum admissible seismic
load according to the other load cases can be found in Table H.5 and H.6.
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h.2.2 eurocode 8

The demand is scaled until the capacity and the demand are equal, according to Eurocode
8. This equilibrium situation is presented in Figure H.5. The capacity of a structure is
evaluated according to Eurocode 8 by comparing the bi-linearised curve with the elastic
ADRS. A description of all the parameters and explanation of the formulas can be found
in Chapter 3.3. The first step of the method according to Eurocode 8 is to determine the
period of the idealised equivalent SDoF system.

T∗ = 2π

√
m∗d∗y

F∗y
= 2π

√
509, 987× 0.017

1, 065, 585
= 0.57 s (H.7)

The elastic acceleration response Se at period T∗ and the corresponding target displacement
of the structure assuming unlimited elastic behaviour d∗el can now be determined using:

Se (T∗) = 0.56 g and d∗el = Se (T∗)
(

T∗

2π

)2
= 0.56

(
0.57
2π

)2
= 44.6 mm (H.8)

For the determination of the target displacement d∗ should be checked if the period of the
SDoF system is larger or smaller compared to the corner period.

Tc = 0.60 s and T∗ = 0.57 s thus T∗ < Tc (H.9)

Subsequently has to be checked if the response is elastic or nonlinear by using:

F∗y
m∗

=
1, 066, 000
509, 9879

= 0.21 g and Sc (T∗) = 0.56 g thus
F∗y
m∗

< Sc (T∗) (H.10)

thus the response is nonlinear. The ratio qu between the capacity of the structure assuming
unlimited elastic behaviour and the nonlinear capacity has to be determined subsequently:

qu =
Sc (T∗)m∗

F∗y
=

0.56× 509, 987
1, 065, 585

= 2.61 (H.11)

The target displacement can be determined subsequently using:

d∗t =
d∗el
qu

(
1 + (qu − 1)

TC
T∗

)
=

0.0446
2.61

(
1 + (2.61− 1)

0.60
0.57

)
= 46.1 mm (H.12)

The last step is to transform the target displacement of the equivalent SDoF system back to
the MDoF system.

dt = Γd∗t = 1.35× 46.1 = 62.5 (H.13)
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Thus in the situation as described above, the capacity dcap is equal to the demand dt. The
situation in which the capacity and the demand are equal is shown in Figure H.5. The
seismic load, in this case, is equal to the spectral acceleration of the elastic spectrum at a
control node displacement of zero. Thus, in this case, the maximum admissible seismic
load is equal to a PGA at ground level of 0.18 g. An overview of the PGA at NC for the
other load cases can be found in Table H.5 and H.6.
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Figure H.5: Comparison Capacity and Demand according to Eurocode 8

h.2.3 guerrini

The demand is scaled until the capacity and the demand are equal, according to Guerrini.
This equilibrium situation is presented below. The same bi-linearised capacity curve has
to be used as was used for the Eurocode 8 assessment. The only difference between the
methods is the equation that is used to relate the elastic and inelastic demands of the
equivalent SDoF system. Thus the same natural period as determined in Equation H.7 can
be used. This results in the following values of the elastic acceleration response Se and the
target displacement t∗d :

Se (T∗) = 0.53 g and d∗el = Se (T∗)
(

T∗

2π

)2
= 0.53

(
0.57
2π

)2
= 42.2 mm (H.14)

The ratio qu between the capacity of the structure assuming unlimited elastic behaviour
and the nonlinear capacity has to be determined subsequently:

qu =
Sc (T∗)m∗

F∗y
=

0.53× 509, 987
1, 065, 585

= 2.47 (H.15)

The target displacement can be determined by using Equation H.16 which is proposed by
Guerrini. This equation replaces Equation H.12 which is used to relate the inelastic and
elastic displacement demands.

d∗t =
d∗el
qu

 (qu − 1)c(
T

Thyst
+ αhyst

) (
T

TC

)b + qu

 (H.16)
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An explanation of all parameters required in this formula can be found in Chapter 3.3.
The parameters b, c, αhyst and Thyst depend on the amount of hysteretic dissipation in a
structure. This hysteretic dissipation was already calculated for the NPR 9998 assessment.
In the NPR 9998 is prescribed that the hysteretic damping in a URM structure is always
smaller than 15 %. The decision has been made, given this information, that a hysteretic
damping of 15% is also taken as a maximum for the assessment according to Guerrini.
A consequence of this assumption is that the most conservative values are used for the
parameters b, c, αhyst and Thyst. Thus the following parameters have to be used in Equation
H.16:

b = 2.3 c = 2.1 αhyst = 0.7 Thyst = 0.055 s (H.17)

The target displacement can be determined subsequently:

d∗t =
42.4
2.47

(
(2.47− 1)2.1( 0.57

0.055 + 0.7
) ( 0.57

0.6
)2.3 + 2.46

)
= 46.1 (H.18)

The last step is to transform the target displacement of the equivalent SDoF system back to
the MDoF system.

dt = Γd∗t = 1.35× 46.1 = 62.5 (H.19)
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Figure H.6: Comparison Capacity and Demand according to Guerrini

The situation in which the capacity and the demand are equal is shown in figure H.6. The
seismic load, in this case, is equal to the spectral acceleration of the elastic spectrum at a
control node displacement of zero. Thus, in this case, the maximum admissible seismic
load is equal to 0.17 g. An overview maximum admissible seismic load according to the
other load cases can be found in table H.5 and H.6.
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h.2.4 overview results

An overview of the maximum admissible seismic load according to all load cases and target
displacement calculation methods is presented in Table H.5 and H.6. Both the maximum
PGA which correspond to the 0.6 and 1.5 % drift limit criteria are presented. Which
one of the inter-story drift limits is governing depends on if a ductile or brittle inelastic
mechanisms are occurring. This is elaborated more thoroughly in the discussion of the
results.

Table H.5: Maximum Admissible Seismic Load according to 0.6 % Drift Limit

Direction
Load

Pattern
Program

Displacement

Capacity

(mm)

Max PGA

NPR 9998

(g)

Max PGA

Eurocode 8

(g)

Max PGA

Guerrini

(g)

Transverse Modal DIANA 61.1 0.31 0.78 0.63

Transverse Modal 3MURI 53.0 0.27 0.59 0.56

Transverse Uniform DIANA 41.7 0.28 0.89 0.78

Transverse Uniform 3MURI 35.2 0.30 0.73 0.71

Longitudinal Modal DIANA 48.0 0.20 0.11 0.11

Longitudinal Modal 3MURI 53.0 0.25 0.13 0.13

Longitudinal Uniform DIANA 32.6 0.12 0.09 0.09

Longitudinal Uniform 3MURI 37.0 0.14 0.11 0.11

Table H.6: Maximum Admissible Seismic Load according to 1.5 % Drift Limit

Direction
Load

Pattern
Program

Displacement

Capacity

(mm)

Max PGA

NPR 9998

(g)

Max PGA

Eurocode 8

(g)

Max PGA

Guerrini

(g)

Transverse Modal DIANA 99.7 0.46 1.12 0.76

Transverse Modal 3MURI 89.1 0.44 0.91 0.72

Transverse Uniform DIANA 91.6 0.47 1.67 1.00

Transverse Uniform 3MURI 60.2 0.30 1.06 0.95

Longitudinal Modal DIANA 103.4 0.45 0.25 0.25

Longitudinal Modal 3MURI 85.3 0.40 0.21 0.21

Longitudinal Uniform DIANA 62.5 0.27 0.18 0.17

Longitudinal Uniform 3MURI 60.3 0.30 0.17 0.14

The first point of interest when looking at the assessment of the capacity curves is that
maximum admissible seismic load of the structure according to Guerrini is always lower
or the same as the maximum admissible seismic load according to Eurocode 8. This is as
expected because Guerrini developed his method because he found out that the demand of
low period structures was often underestimated when applying the regular N2-method.



144 results : nonlinear pushover analysis

Another point of interest is the difference in the maximum admissible seismic load ac-
cording to the NPR 9998 and Eurocode 8. It can be seen that the maximum admissible
seismic load is higher according to NPR 9998 for the longitudinal cases while it is smaller
for the transverse cases, in comparison with Eurocode 8. This difference can be explained
by looking into the different calculations methods for determining the target displacement
and the properties of the capacity curves in the different loading directions.

First of all, it should be noted that the displacement capacity in both directions is comparable.
Thus it could not be a reason for the difference in results. Also should be noted that the
capacity in terms of displacement was governing in all cases. Thus the capacity in terms
of base shear is also not the reason for the difference in results. A parameter which could
explain the difference is the natural period of the idealised equivalent SDoF systems. These
natural periods are presented in Table H.7.

Table H.7: Natural Periods of Idealized Equivalent SDoF System

Direction
Load

Pattern
Program

Natural Period

NPR 9998

(s)

Natural Period

Eurocode 8

(s)

Transverse Modal DIANA 0.23 0.26

Transverse Modal 3MURI 0.26 0.29

Transverse Uniform DIANA 0.18 0.20

Transverse Uniform 3MURI 0.21 0.23

Longitudinal Modal DIANA 0.61 0.73

Longitudinal Modal 3MURI 0.54 0.64

Longitudinal Uniform DIANA 0.50 0.57

Longitudinal Uniform 3MURI 0.45 0.51

It can be seen that the natural periods of the equivalent SDoF systems are considerably
lower in the transverse direction compared to the longitudinal direction. This is due to the
fact that the structure behaves significantly stiffer in the transverse direction. This difference
in natural period could be related to the difference in results between Eurocode 8 and
NPR 9998. Eurocode 8 uses the natural period as input for the determination of the target
displacement, while this parameter is not taken into account directly in the method as de-
scribed in the NPR 9998. However, it should be noted that the natural period of the structure
is taken into account indirectly in the NPR 9998 method. Because if the assumption is made
that the displacement and force capacity of a capacity curve are kept constant, then a change
of the natural period would lead in a change in the ductility of the structure. Furthermore, a
change in ductility would lead to a change in the amount of hysteretic damping which could
be taken into account, which has an effect on the reduction factor which is used to transform
the elastic demand to the nonlinear demand. It should be noted though that a change in
ductility only affects the target displacement if the ductility is smaller than 4. The effect
that a change of the natural period has, while all other parameters are kept constant, has
a more substantial effect on the target displacement according to Eurocode 8 than NPR 9998.
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Thus the results indicate that the NPR 9998 is more conservative for structures which
behave with a comparable stiffness and displacement capacity in the transverse direction
and Eurocode 8 is more conservative for structures which behave with a comparable
stiffness and displacement capacity in the longitudinal direction. More research should
be performed to support this hypothesis, but this research is considered to be outside of
the scope of this study. However, one aspect that is studied in this report is which of the
building codes predicts the same capacity as is determined by an NLTH analysis. This topic
is elaborated in Chapter 6.2.4.

h.3 inter-story drifts

The inter-story drifts are one of the limit state criteria which are given by the NPR 9998.
Furthermore, the inter-story drifts also indicate where in the structure damage is most
likely occurring. NPR-9998 specifies an inter-story drift limit of 1.5 % for ductile inelastic
mechanisms and an inter-story drift limit of 0.6 % for brittle inelastic mechanisms. In
Chapter H.1, was specified that the 1.5 % drift limit was only met for the load cases in
the longitudinal direction using the DIANA model. The evolution of the inter-story drifts
during the loading of the structure according to the different load cases is presented in
Figure H.7. The maximum inter-story drifts are shown during the pushover analyses. It
can first be seen that during all load cases, the 0.6% drift limit is exceeded before any other
limit state criterion is met. Secondly, it can be seen that the 1.5% drift limit is only exceeded
for the NLPO analyses in DIANA in the longitudinal direction. In all other cases, other
limit state criteria are met, before the 1.5 % drift limit is met. Another interesting aspect of
the graph is that the behaviour of the structure in terms of maximum occurring inter-story
drift in DIANA and 3MURI is similar.

0 50 100
0

0.5

1

1.5

Control Node Displacement (mm)

M
ax

im
um

In
te

r-
St

or
y

D
ri

ft
(%

)

(a) Transverse Direction

0 50 100
0

0.5

1

1.5

Control Node Displacement (mm)

DIANA Modal Load
DIANA Uniform Load
3MURI Modal Load
3MURI Uniform Load

(b) Longitudinal Direction
Figure H.7: Maximum Inter-Story Drift vs Control Node Displacement



146 results : nonlinear pushover analysis

The next step is to look into the displacement profile at the moment of failure. This is done
by plotting the normalised displacement of each floor. The normalised displacement is
determined by dividing the displacement of each floor, by the displacement of the roof.
This is shown in Figure H.8.
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Figure H.8: Displacement Profile

An interesting aspect of Figure H.8 is that in both directions, the deformation of the uniform
load patterns is more concentrated in the lower floors. This becomes even more clear when
looking at the inter-story drift per floor at the moment of failure, which is plotted in Figure
H.9.
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Figure H.9: Interstory Drift per Floor at Failure

It can clearly be seen that in almost all load cases, the inter-story drifts of the first floor are
governing, except for the modal load distributions in the transverse direction and the modal
load distribution in the longitudinal direction in 3MURI. Another interesting aspect is that
the inter-story drifts of the first floor for the uniform load distributions are significantly
higher than those of the other floors.
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h.4 damage parameters at failure

The damage parameters at the failure of all load cases are presented in this section. The
output of DIANA which is presented are the crack widths, bed joint state parameter and
head joint state parameter. A description of the masonry damage status parameters can be
found in Appendix E.

3MURI is not able to plot a similar output. The only output from 3MURI which is available
is an indication of each element what kind of damage is occurring and if the element
has failed due to that kind of damage. An element which is damaged is defined as an
element in which the force capacity has been reached, but the element still has displacement
capacity. An element is defined to be failed if the displacement capacity has been reached.
The decision has been made to not show the output of all walls in the same image, to
keep the output as clear as possible. The output of all walls has been studied first and
afterwards a selection of walls is made in which the most damage occurred at failure. The
same wall numbering is used as was done in Chapter 5.3. The wall numbering configuration
is presented in Figure H.10 for convenience.

Figure H.10: Wall Numbering

From the results of the analyses can be seen that for the load cases in the longitudinal
direction, most damage was concentrated in walls L1, L2, L3, L4, L5 and L6. For the load
cases in the transverse direction, the most damage is found in wall T2. Thus only these
walls will be shown in the elaboration of the damage at failure hereafter.
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longitudinal direction - uniform load distribution

The capacity curves of this load case are characterised by failure due to the exceedance
of the 1.5% drift limit of the first floor according to DIANA and numerical instability
according to 3MURI. From the inter-story drifts which are presented in Figure H.9 can
be seen that the inter-story drifts of the first floor are significantly higher in comparison
with the other floors. Thus the most damage can also be observed in this floor. This is
supported by the crack widths which are shown in Figure H.11a. It can clearly be seen that
the only significant cracks are developed on the first floor. The cracks in the left bottom
corner indicate that some rocking behaviour is occurring. When looking at the bed shear
parameter, can be seen that in the right bottom corner some crushing failure occurs, but the
parameter 3 is not reached yet, which means that the compression is stiff in its softening
phase. Some diagonal cracks can also be seen, which goes together with the failure of the
head joints, as shown in Figure H.11c. Based on the fact that no clear crushing behaviour
can be found, and clear diagonal cracks are developing, it can be concluded that a shear
dominated failure mechanism occurred.

(a) Crack Widths (b) Bed Joint Status

(c) Head Joint Status (d) Shear Status
Figure H.11: DIANA Damage Parameters at Failure - Uniform Load Distribution

The output of 3MURI is not as specific as in DIANA. The only damage parameters available
indicates that a shear governed mechanism is occurring. This is a sliding shear mechanism,
due to the choice of the masonry model in 3MURI, which is explained in Chapter H.1. An
interesting aspect is that only damage occurred in the elements and none of the elements in
the entire model has failed, even though the program was still not able to find numerical
stability.

Figure H.12: 3MURI Damage Parameter at Failure - Uniform Load Distribution
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longitudinal direction - modal load distribution

The capacity of the pushover curve was reached when the inter-story drift limits of the
of the second floor were exceeded. This is partly visible by looking at the distribution of
the crack widths throughout the structure. It can clearly be seen that diagonal cracks have
developed on the first, second and third floor. This was not the case for the uniform load
distribution, where only significant cracks occurred on the first floor. That the damage is
way better distributed over the structure is even more clear when looking at the head and
bed joint failure parameters, where tensional failure is visible on all floors. An interesting
aspect is that compressional failure of the bed joints can be observed which was not the
case for the uniform load distribution. Even though some crushing behaviour can be found,
is it more like that the structure would fail due to its shear behaviour, which is clearly
visible on wall 1, 2 and 3.

(a) Crack Widths (b) Bed Joint Status

(c) Head Joint Status (d) Shear Status
Figure H.13: DIANA Damage Parameters at Failure - Modal Load Distribution

The output of 3MURI of the uniform load distribution and modal load distribution in terms
of the damage parameter is exactly the same. A shear governed type of behaviour can be
found over the entire height of the structure, but it does not result in the failure of a single
element.

Figure H.14: 3MURI Damage Parameter at Failure - Modal Load Distribution
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transverse direction - uniform load distribution

Failure of the structure was reached for the DIANA load case due to the strength degrada-
tion limit state criteria of 80 % and in 3MURI due to numerical instability. When looking at
the crack widths, it is visible that the crack widths are way more evenly distributed over
the walls than in comparison with the longitudinal load cases. This is an indication that a
kind of flexural failure is occurring. This is also confirmed by that the highest crack widths
are occurring in the left bottom corner of the wall. High crack widths, bed joint failure and
head joint failure can also be observed at the connection of the piers and spandrels. The
pier in the middle appears to behave more in a shear-like mechanism, as can be seen by
the diagonal cracks and diagonal pattern of the head joint status parameter. Hardly any
damage is occurring in the most right pier of the wall.

(a) Crack Widths (b) Bed Joint Status

(c) Head Joint Status (d) Shear Status
Figure H.15: DIANA Damage Parameters at Failure - Uniform Load Distribution

Two types of failure are occurring according to 3MURI. First, the middle pier is failing due
to shear sliding, which was also visible in DIANA. Second, the spandrels are failing due to
shear. This is also visible in DIANA, as can be seen by the head joint failure around the
connection of the pier and the spandrels. Damage seems not to occur in the most right pier,
which was also visible in DIANA.

Figure H.16: 3MURI Damage Parameters at Failure - Uniform Load Distribution
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transverse direction - modal load distribution

The first aspect which is clearly visible are the high crack widths at the connection of the
piers and the spandrels. Another interesting aspect at the crack widths which develop at
the left bottom of each floor in the most left pier. This indicates a flexural type of failure
mechanism. The compressive failure of the head and bed joints in the most right pier is
also clearly visible. Diagonal cracks are not visible for this load case. When comparing the
results with the results of the uniform load distribution, then can be seen that the damage
is divided more equally throughout the structure, while damage is mostly located on the
first floor for the uniform load distribution.

(a) Crack Widths (b) Bed Joint Status

(c) Head Joint Status (d) Shear Status
Figure H.17: DIANA Damage Parameters at Failure - Modal Load Distribution

The different failure mechanisms can be seen in the results of the DIANA model. First,
flexural failure of the most right pier, which is visible in DIANA by the failure of the head
and bed joints in the corner of the element. Second, flexural failure of the most left joint,
which could also be observed in the DIANA model. Third, the failure of the spandrels,
which is also visible in DIANA, as can be seen by the high crack widths at the connection
of the spandrels and the piers.

Figure H.18: 3MURI Damage Parameter at Failure - Modal Load Distribution





IR E S U LT S : N O N L I N E A R T I M E H I S T O RY A N A LY S I S

The results of the nonlinear time history analyses are presented in this chapter. The results
of the incremental dynamic approach will be shown first. Furthermore, a description of the
force-displacement behaviour according to the seven signals is presented. The displacement
profile of the structure is studied next. Ultimately, the damage at the moment of failure is
presented.

i.1 maximum admissible seismic load

An incremental dynamic analysis (IDA) is performed. This involves performing multiple
NLTH analysis, each for a different seismic intensity. The seismic load has been incre-
mentally scaled until one of the failure criteria according to the NPR 9998 was met. The
inter-story drift criterion of 1.5 % in the longitudinal direction was met first for all signals
before any other failure criteria were met. The overall behaviour of the structure according
to the IDA is presented in Figure I.1. It should be noted that even though for an NLTH
analysis a seismic load is applied simultaneously in the transverse and longitudinal direc-
tion, only the results in the longitudinal direction are presented hereafter. This decision has
been made because the structure is considerably more flexible in the longitudinal direction,
compared to the transverse direction. It was found that failure in the longitudinal direction
occurs for a particular seismic load, while at that point the structure did not start to deform
plastically in the transverse direction.
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From Figure I.1 can be seen that the highest deformations of the control node occur for
signal 2 while comparing the deformations with the deformations that occurred due to
the other signals with the same PGA. This is an indication that also the highest inter-story
drifts also occur for this signal. The maximum inter-story drift that occurred during each of
the signals is presented in Figure I.2 to support the assumption.
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Figure I.2: Maximum Inter-Story Drift during IDA

It should be noted that the PGA at ground level which is shown in Figure I.2 is the design
load. It is required to transform this design load to the characteristic load. If a structure
has to be checked for a characteristic load Ek, than a design load Ed has to be applied. The
difference in the characteristic and design load is introduced in the NPR 9998, to take into
account if an explicit or indirect check is performed, and to take into account how many
signals are applied. The characteristic load can be determined using:

Ek =
Ed
γn

(I.1)

where γn is equal to 1.1 because an indirect check is performed and the seven seismic
signals are taken into account. The design load is equal to the mean value of the PGA at
ground level of the seven signals at the inter-story drift limit. The characteristic load at the
limit state criteria is equal to the maximum admissible seismic load according to the NLTH
method, which is presented in Table I.1. Both the maximum admissable seismic load is
shown if a ductile or a brittle inelastic failure mechanism occurs.

Table I.1: Maximum Admissible Seismic Load according to NLTH Method

Brittle Ductile

Max PGA 0.10 g 0.26 g
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i.2 force-displacement behaviour

It is also of interest to look into the behaviour of the structure, in terms of forces and
displacements. This is done by plotting the displacement of the top node versus the base
shear which occurs at the same time moment. This is called a hysteresis plot. The hysteresis
plots of signal 2 are presented in Figure I.3. The hysteresis plots of six different PGA’s are
presented.
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Figure I.3: Hysteresis Plots for Signal 2

The same hysteresis plots as in Figure I.3, have been made for all signals. It is possible
to create capacity curves of the signals based on these graphs, by taking the maximum
displacement of each hysteresis plot and the corresponding base shear for each of the scaled
signals. The capacity curves which are acquired using this method are shown in Figure I.4.
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Figure I.4: Capacity Curves according NLTH Analyses

From the capacity curves can be seen that all signals show similar elastic behaviour for a
relatively small seismic load. It is also clear that the plastic branch also starts for each signal
round the same deformation. Degradation of the structure occurs after this point.
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i.3 displacement profile

The displacement profile of the structure at the time step at which the inter-story drift
limit was exceeded, gives a good indication on which floor the most damage occurs. The
displacement profile at this time step is shown in Figure I.5. The displacement profiles
of the signals are presented by showing the normalised displacement of each floor. The
normalised displacement is determined by dividing the displacement of each floor, by the
displacement of the roof.
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Figure I.5: Displacement Profile at Exceedance of NC Limit State Criteria

It can be seen that the displacement profile at the moment of failure is similar for al NLTH
signals. Thus it is likely that a similar damage behaviour in the structure occurs for each
the signals. Another interesting aspect from the normalised displacement of the first floor
is the largest for signal 2. This indicates that for this signal, the inter-story drift limits are
reached as first. This can also be seen from Figure I.5, in which the inter-story drifts at the
time step in which the drift limits are exceeded, of each floor per signal, are presented. This
is an indication that for signal 2 the most damage of the first floor occurs, in comparison
with the other signals.
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Figure I.6: Inter-Story Drifts at Exceedance of NC Limit State Criteria
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i.4 damage parameters at failure

The damage parameters at the moment failure due to the governing NLTH signal, which is
signal 2, are presented in this chapter. The output of DIANA which is presented are the
crack widths, bed joint state parameter and head joint state parameter. A description of
the masonry damage status parameters can be found in Appendix E. The output of all
walls has been studied first and afterwards a selection of walls is made in which the most
damage occurred at failure. The same wall numbering is used as was done in chapter 5.3.
From the results of the analyses can be seen that the most damage is concentrated in walls
L1, L2, L3, L4, L5 and L6. Thus only these walls will be shown in the elaboration of the
damage at failure hereafter.

The damage parameters of the structure in three different time steps will be presented. The
shown time steps are the moments on which the most deformations occur in the structure
and the end of the time signal. These studied time steps are shown in Figure I.7.
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The displacement profile at these time moments gives a good indication of in which parts of
the structure the most damage occurs. The normalised displacement profiles are presented
in Figure I.8 The displacement profile at the end of the time signal is not presented because
it not relevant.
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Figure I.8: Normalised Displacement Profile at Studied Time Steps
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time step t = 2.48 s

From the normalised displacement profile in Figure I.8 can clearly be seen that the displace-
ments are localised on the first floor. The exceedance of the 1.5 % inter-story drift limit also
occurs at this time step. Thus most damage is to be expected to occur on the first floor. This
can clearly be seen when looking at the crack widths, as presented in Figure I.9 because
the magnitude of the crack widths of the first floor is significantly higher compared to the
other floors. The shape of the crack widths indicates that a type of shear failure occurs. This
is supported by the diagonal shapes that can be found when looking at the bed and head
joint status parameters. Crushing does not occur because significant crack widths in the
bottom corners of the piers do not occur. When looking at the bed joint parameter can be
seen that some compressive softening occurs, but the failure does not occur, because the
parameter does not reach 3. Based on the fact that no clear crushing behaviour occurs and
that clear diagonal cracks are developing, can be concluded that a shear dominated failure
mechanism is occurring.

(a) Crack Widths (b) Bed Joint Status

(c) Head Joint Status (d) Shear Status
Figure I.9: Damage Parameters at Failure - Signal 2 (PGA = 0.26) - t = 2.48 s



I.4 damage parameters at failure 159

time step t = 2.95 s

The highest displacement of the roof the structure occurs for time step t = 2.95 s, but the
inter-story drifts are lower compared to time step t = 2.48s . This is possible because the
displacements are distributed more equally over all the floors. This can also be seen from
the normalised displacement profile as presented in Figure I.8. Since the displacements are
distributed more evenly throughout the structure, can also be expected that the damage is
distributed more equally. This can be seen when looking at the crack widths throughout the
structure. The magnitudes of the crack widths which occur on each floor are comparable.
The type of failure behaviour has not changed with respect to time step t = 2.48, because
the same diagonal patterns can be found and the bed and head joint status parameter does
not reach 3, which means crushing failure.

(a) Crack Widths (b) Bed Joint Status

(c) Head Joint Status (d) Shear Status
Figure I.10: Damage Parameters at Failure - Signal 2 (PGA = 0.26) - t = 2.95 s

time step t = 10.5 s

The crack widths at the final time step are presented in Figure I.11. The decision has been
made not to present the masonry status parameters because the parameters are linked
to the stress-strain curves, and the stresses and strains are almost equal to zero at this
time moment because the deformations are almost equal to zero. Thus the masonry status
parameters do not provide the reader with any useful information at this time step. From
the crack widths can be seen that almost everywhere in the piers some cracking occurs. The
significant cracks are still diagonal cracks, which can be found on all floors.

Figure I.11: Crack Widths - Signal 2 (PGA = 0.26) - t = 10.50 s
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