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PREFACE

The Scientific Committee wishes to express her appreciation to the authors

and co-authors of the papers presented at this International Symposium.

We know that they had only a very short time for the preparation of their

contributions. Moreover, most of the authors were at the same time heavily

involved in the actual design activities.

Because of the late reception the Scientific Committe was not able to

study most of the papers in detail and therefore restricted her responsi

bility to the checking whether the content of the various contributions

were in accordance with the rough directions given to the authors pre

viously.

If necessary writers were asked to make in general minor changements for

the sake of comprehension or to shorten their contribution. Nevertheless

some papers exceed the desired length considerably.

The Scientific Committee did not refuse these papers. Due to the late

arrival of these papers rewriting or shortening to the desired 16 pages

was not always possible. Moreover, some papers present such an amount of

interesting information that it was not possible to maintain the restrict

ion.

The publications do not give a complete picture of all the work which was

done for the foundation design of the storm surge barrier and related

problems.

The ScientificCommittee expects, however, that the participants at the

Symposium will get an impression of the often very advanced methods and

techniques that were applied for this purpose.

DELFT, September 13, 1978

W.J. Heijnen,

Chairman of the Scientific Committee.



1.1

SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

'OVERALL PICTURE OF THE PROJECT

by:

Ir. H. Engel, Chief Engineer and Director of the Deltadienst Rijkswaterstaat
The Hague, The Netherlands

SYNOPSIS

The low lands, called the Netherlands, have alternately been a blessing and
a curse for the people who lived on it. Most of it is low-lying sand, peat
and clay along a North Sea that is and has been one of the busiest navigation
areas of the world but can also produce floods when northwestern storms
raise the waterlevel in the cone shaped southern part. The Dutch prefer to
enjoy the prosperity that the shipping on the North Sea and the Rhine brings
them behind dikes or barriers that are able to keep the stormsurges out.
The stormsurge of February 1953 that killed nearly 2.000 people and disor
ganized an area in the southwest where 150.000 people were living gave the
impulse to the Deltaplan, a project primarily aiming at the protection of the
southwestern part of the Netherlands. The Deltaplan as it was conceived in
1956 consisted of the closure of 4 estuaries, 3 by dams and 1 by a dam and a
number of sluicegates that could take care of high Rhine discharges. Several
secundary dams were necessary for the execution of the plan. The last of the
closures, the damming of the Oosterschelde estuary would be finished in 1978.
Around 1970, when 3 of the 4 estuaries were closed, the closure of the
biggest estuary, the Oosterschelde, got strong opposition, not only from the
oyster- and mussselfisheries that were threatened by the plan but also from
nature conservancy committees and biologists. They pleaded for keeping the
Oosterschelde open and accept more risk as to safety against flooding and
advocated heightening the 145 km stretch of dikes around the estuary.
In 1976 the government decided on a compromise consisting of a stormsurge
barrier, which normally allows the water to flow in and out of the basin but
would be closed unde2 storm conditions. As the barrier would need a total
aperture of 14.000 m , had to be build in a sandy bottom and under open sea
conditions it demanded for co-operation of all experts in the coastal
engineering field.
In an early stage the Rijkswaterstaat (part of the Ministry of Transport,
Water Control and Public Works) responsLble for the design and the execution
of the project has sought co-operation with a selected consortium of con
tractors to work out a design that was feasible, that could be realised in
1985 and for price limited by the government to 3000 million 1976 guilders.
A great number of consultants are involved; the Delft Hydraulic Laboratory
and the Delft Soil Mechanics Geotechnical Laboratory play a leading part
among them.
Due to the great number of experts in many fields that are involved in the
project, the main problem for management seems to be communications.

LOCATION

The Netherlands are situated at cross roads of navigation traffic, the
southern part of the North Sea and the main inland shipping artery of
Europe, the Rhine.



From a point of view of economy this
location has big advantages, from a
point of view of security against
flooding, the location is not so well
chosen.
Since the prevailing winds in West
Europe come from south-west to north
west directions and the North Sea is
relatively shallow, it is obvious that
during long lasting storms the sea will
raise considerably in the cone shaped
basin of the southern North Sea. A
raised sea level combined with high
waves can mean a disaster for the low
lying lands around the North Sea.
Flood disasters form part of our his
tory and occurred as often as three
times in a century. In former ages the
defense has always been to dam off
small creeks and to heighten the dikes.
Only this century, big plans have been
executed to shorten our coast line. This began by the closing of the
Zuiderzee in 1932, launched by the severe flood of 1916 and the Delta
plan that followed the disasterous flood of February 1953.
The Deltaplan was based on ideas of Dutch engineers which were formed
during and after the war of 1940-1945. The Deltaplan reduced the coast
line of the southern part of the Netherlands with 700 kilometer. Only
two estuaries would be left open: The Western Scheldt, the connection
between the Antwerp sea port and the North Sea and the entrance to
Rotterdam, The Rotterdam Waterway. These estuaries will be protected by
higher dikes. The Deltaplan was approved in the Dutch Parliament in
1958. It offered not only a better protection against the sea, it had
also advantages for the fresh water management and it would connect the
isles in the south west with the main land.
The south western part of the
Netherlands form a delta of the rivers
Rhine, Meuse and Scheldt; by nature
such an area is flat and low. Geologi
cally speaking the Netherlands are
formed very recently and its soils are
composed of sediments of the rivers:
sand, silt and clay. Often interspaced
by peat layers formed in the recent
interglacial epoch. Solid rock in the
western parts of the Netherlands can
only be found at depths of one kilome
ter and more. In some parts of the
world such a type of seil is considered
unsui table for heavy structures. The
Dutch geotechnical engineers owe their
positions to the fact that the Dutch
have always been building on this soils.
It seems strange that we praise oursel
yes lucky that the sub soil at the loca
tion of the stormsurge barrier consists
mostly of fine sands.

I. 1
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1.1

T"rlE DELTAPLAN AND lTS RECENT CHANGES

The period in which the
1953 disaster occurred, was
favourable for the underta
king of great improvements.
The reconstruction of the
past war period came to an
end, the increase of the
population and the expan
ding industrialisation rai
sed questions concerning
our environment. Questions
not only on how to protect
the country against the
stormsurges from the North
Sea, but also questions on
how to use the water of the
Rhine and the not very
accessible archipelago in
the south west.
The Deltaplan, in the first place conceived to enhance the security of
the Dutch people, brought more than protection alone.
In the fifties the main extra aims of the Deltaplan beside protection
were seen in the area of the water management and the extra planning.
pos.sibilities around the fast growing harbour of Rotterdam, while much
attention was given to the problem of leaving the main shipping arteries
through the Delta undisturbed. The total plan seemed daring enough and
logically the execution started with the defence of the most vulnerable
spots of the country around Rotterdam and with the closures on the
smallest scale. 50 in 1958 the barrier in the Hollandse IJssel near
Rotterdam was fineshed and at the same time work was started at the
closure of the Veerse Meer that got its dams in 1961. The most important
construction of the Deltaplan was the big discharge-sluices complex in
the Haringvliet; this was finished in the mid sixties and the closure
came in 1971. In 1965 and 1970 the closure of the Grevelingen and the
Volkerak were finished and in 1972 the closure of the Brouwershavensche
Gat was a facto The original time schedule was closely followed and the
development of new methods for bottom protection, for dike construction
and for closing operation seemed to indicate that the biggest estuary,
the Oosterschelde could be closed in 1978 by an impervious dam. Behind
that dam a brackish lake turning gradually into a fresh water lake would
give extra possibilities for the agriculture in the surrounding areas.
In the meantime the port of Rotterdam was enlarged in such a way that it
became one of the world's most important harbours. In the growth
philosophy of that time still other big extensions were designed. Towards
the end of the sixties many people became aware that the extension of
ports and industries not only brought wealth but also brought air pollu
tion, water pollution and a general deterioration of the environment.
As the Dutch were already prosperous ,more prosperi ty could not be the only
goal. The people became more interested in the environment and the
preservation of the landscape and more or less natural areas.
The Oosterschelde basin with its big tidal differences, its tidal flats
and banks became more and more interesting not only for the oyster and
mussel fisheries but also for the biologist who found in it an area where
very interesting ecological processes take place. It proved to be an
estuary with a big bio-mass production and probably one of the craddles of
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the Marine life in the North Sea.
Reevaluationof the Oosterschelde closure was necessary and it certainly
did not take place in a serene atmosphere. On the one side the people
who asked for the promised protection at the earliest possible date, on
the other side action groups which considered the engineers as barbarians,
only interested in the building of dams and the killing of nature. In
november 1974 the government decided that the work on the closure dam
would be stopped and in a one and a half year period the feasibility,
the price and the construction time of a barrier in the Oosterschelde
should be assessed. If a barrier could be built before 1985 and the
extra costs would not exceed two billion guilders than a barrier would be
built but, if the engineers could not meet one of these requirements,
the original plan for damming the Oosterschelde would be executed.
In the period following this decision a great number of plans for the
construction of the barrier was designed and analysed on the aspects
of feasibility, cost, execution time. At the same time plans for the
necessary secundary dams were worked out. And finally a policy analysis
was executed which compared three possible solutions for the protection

of the Oosterschelde
area: closing of the
estuary with a dam,
closing of the estua
ry with a storm surge
barrier and the heigh
tening of the 140 ki
lometers dike around
the es tuary .
Rijkswaterstaat,being
the agency respon
sible for the execu
tion of the Deltaplan
was in charge of
these studies. The
fact that the storm
surge barrier with
its opening of ten to
twenty thousand
square meters had to
be built on a sandy
bottom in open sea
conditions made it a
very complex project
that asked for the
most in advanced t.ech-:
niques of coastal engineering. For this reason Rijkswaterstaat proposed a
cooperation with a consortium of Dutch contractors with great experience
in the execution of works at sea or in the coastal areas. Besides a great
number of consultants the Delft hydraulic laboratory and the Delft
geotechnical laboratory were involved mriplayed a very important role.The
conditions under which the feasibility study had to be executed were not
very favourable. The time to do such an important study was extremely
short, pressure groups doubted the integrity of the engineers and the
engineers between themselves had to come out with a plan they all could
support.

I. 1
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I. 1

The policy analysis tried to give a qualitative and if possible a
quantitative assesment of the impact of the three alternatives in the
fields of security, ecology, fishery, cost and time schedules, socio
economic effects like: manpower required and houses disowned, shipping,
water management and recreation. Especially enlightening for civil
engineers was the ecological study. A closed and open estuary kept
about the same amount of animal life but big changes occurred in the
population. The unique character of the tidal system could only be
conserved without a dam and security could only be gained within a
reasonable periode of time by building a barrier or a dam. In 1976 the
government decided that a barrier should be built; the parliament
approved and the design was completed.

THE COOPERATION BETWEEN RIJKSWATERSTAAT, CONTRACTOR AND MAIN CONSULTANTS

Rijkswaterstaat is the government organisation responsible for the main
dikes and other sea defense works, for the main navigation channels and
canals, the motor ways and the water management. As a part of the Ministry
of transport, water control and public works Rijkswaterstaat consists of
26 departments totalling 11.000 persons In the building of the storm
surge barrier 3 departments are greatly involved:
- Deltadienst, the Delta Department, coordinator, general designer fer

all projects in the Delta area
- Directie Bruggen, Department of Bridges, acting as designer for all

steel structures
- Directie Sluizen en Stuwen, Department of Locks and Weirs, acting as

designer for all concrete structures.
Usually a project is designed by Rijkswaterstaat and consequently
tendered.
Supervision during the construction fase remains Rijkswaterstaats respon
sibility. Because of the complexity, size and duration of the main
closures in the Deltaplan, a different approach is followed. In an early
stage several groups of contractors are invited to take part in a
tendering procedure and compared by general criteria concerning their
ability, the cost of their equipment, the overhead etc. To one of the
groups an overall project contract is given wich lays out the criteria
for the subcontracts which are to be defined in a later stage and the
way in which the price of such subcontract will be settled.
This method has been beneficial both for the contractors and for the
government.
As the project takes usually several years of construction new techniques
are developed in cooperation with the contractor. The contract form
makes it possible that both contractor and government profit by this new
developments. Progress in the field of hydraulic engineering and con
structions techniques are a must for the execution of the Deltaplan.
With the hydraulic knowledge of the fifties the closure of the Ooster
schelde would have beentoo big an adventure. The development of the
hydraulic modelling techniques, the mathematic tidal models and the
construction techniques for the bottom protection, for ciosure operation
and dam construction were necessary to render the projects feasible and
to keep them within the financial limits.
Of course the described method of dividing the project in subconstracts
and coming to terms with a contractor chosen beforehand asks for a good
knowledge of construction techniques on the side of the qovernmen t; and:makes
a careful and informed price calculating group essential.
For the Oosterschelde storm surge barrier no tendering was done as the
main Dutch contractors in the field were already involved in the
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feasibility study. However in the same way ·as the earlier closureswere
executed a general contract has been agreed to and the total project is
subdivided in parts. which will be agreed to as soon as the design

permits.
The progress in the hydraulic field and in the geotechnical field were
greatly enhanced by the work of the Delft Hydraulics Laboratory and the
Delft Soil Mechanics Laboratory. These institutes were created about
fifty years ago when the Zuiderzee works asked for advanced knowledge
in these fields. Both con tractors and laboratories have profited from
the knowledge gained during the Zuiderzee works and the Delta works.

Around six hundred highly qualified
scientists and engineers worked to
gether on the design and the related
studies of the storm surge barrier.
The design is subdivided in a number
of substudies, executed by project
groups of scientists, designers and
builders. The integration of the
result of the project groups is a
difficult work. From time to time
all partial results had to be put
together in a total design. New ele
ments came up which resulted in
changes in the design of the
crnstituents.
Changes which required the repro
gramrning of the work ina greatnumber
of project groups. As one.can under
stand the communication between all

I. 1

Rijkswaterstaat
215

PLATE5

Manpower involved in the bar-
rier design.

concerned asks for al lot of attention. A communication system with a
strict formal basis could hamper severely the flexibility to react on
new ideas and solutions. Too little and haphazard communication leads
to big time losses in the groups while they are working without sufficient
knowledge of the state of de design.
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SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

REVIEUW OF THE VARIOUS DESIGNS.

by:

• Frank Spaargaren, Rijkswaterstaat
Engineering Division of the Delta department

Burghsluis The Netherlands

SYNOPSIS

The designers of the Oostersehelde storm surge barrier had to
deal with a number of widely differing aims and criteria.
On the one hand hard political limits were imposed regarding
the allowable construction time and the costs. On the other
hand natural criteria specific to the site of construction
were present.
Special hydr~ulic, morphological and soil mechanical conditions
are met by construction works in the mouth of the tidal Ooster
sehelde estuary which opens into the North Sea. With this data
as starting point a design philosophy has been developed and
will be described.
The barrier should all ow the tides to penetrate the estuary
under normal conditions and at the same time it should prevent
the penetration of extremely high waters during stormconditions.
To fulfil the conflicting requirements several solutions were
studied for their technical and economie feasibility.
In these studies special attention was paid to the foundation
technique, the method of construction, the design of filters and
scour protection.
The paper sho~s the development of the design, from caisson-type
structures via piers on a cell foundation to a monolithic pier
design.



1.2

Ultimately in 1985 a heavy civil engineering construction, known
as the "storm surge barrier", has to be completed in the month of
the Oosterschelde estuary. The barrier consists essentially of a
number of concrete elements between which the openings can be
closed by means of sliding gates.

During normal weather conditions the gates are held open to allow
tidal flow in and out of the estuary. In this way the aquatic
environment of the Oosterschelde can be preserved. During storms
the barrier can be closed, thus effectuating the shortening of the
coast desired in the Delta Act, and protecting the terrestrial
environment against storm flooding.

The present design of the storm surge barrier is a result of ex
tensive studies carried out both in The Netherlands and abroad, Dy
the Dutch Public Works Authority (Rijkswaterstaat),laboratories,
engineering contractors, institutes and advising consultants. A
mobilisation of scientific knowledge was, and still is, necessary
because the studie of the design and construction method is a
problem of integration of the first order- an integration problem
because the barrier must be constructed in a dynamic situation of":
physical factors; air, water and soil, of wind and storm, of
waves and tides, and 0: a shifting sandy sea bed. Moreover, the
barrier must be adjusted to the ecological dynamics of the Ooster
schelde estuary.

The study of this dynamic environment, together with the conditions
stipulated by the government with respect to the technical feasi
bility, costs and construction duration, have led to a large
number of boundary conditions and design criteria.

The first boundary condition is defined by the present topography
at the mouth of the estuary, (see fig. 1) the desired environ
mental circumstances and the execution of the works. The barrier
must be build on the site originally approved for the dam in the
Oosterschelde, thus in the three 25 to 35 m. deep channels, the
Roompot, the Schaar van Roggenplaat, and the Hammen, which to
gether give a total breadth of approximately 4 km (see fig. 2).

It is not possible to apply a dry method of construction since
the necessary temporary works would dam the Oos~erschelde and
damage the natural environment. In addition it is desirable to
limit the on-site constructior, activities in the open sea as far
as possible. And so the study was directed on the prefabrication
possibilities of the structure.

Another boundary condition is the one concerning the ultimate
total area of the flow openings in the barrier. And this condi
tion is defined on the one hand by the fact that the barrier may
not be too expensive and on the other hand by the ecological
requirement that the tidal flow in the Oostersehelde must be
preserved as much as possible. In the study of the flow openings
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1.2

the assumption was made that in any case 65% of the present
tidal amplitude, corresponding with a mean amplitude of 2.30 m.
at Yerseke, was to be maintained. A rough check has been made
of the design conse~uences should 90% of the mean amplitude,
corresponding to 3.1 m. and for approx 100% corresponding to
3.50 m. mean tidal amplitude at Yerseke, be maintained. The
reduction in the area of the Oosterschelde estuary due to the
compartment dams was taken into consideration during these
studies (see fig. 3 and fig. 4).

The barrier must further be able to withstand any storm surge
vith a waterlevel that occurs with a mean fre~uency of at least
2.5 x 10-4 times per year.

Other boundary conditions are the following:
- the flow division over the barrier must correspond by approxi

mation to the present flow division over the channels.
- it must be possible to close the barrier at the low water turn

of the tide preceeding a storm, and also by tidal currents in
both directions.

- the stability of the barrier must remain ensured should one or
more of the gates refuse to work during the closing operation.

From these boundary conditions for the design and construction,
and also the effect of the storm surge barrier on the environment,
other aspects and re~uirements are derived concerning both the
form of the barrier as a whole and its component parts. During
the studies carried out between 1974 and 1976 tens of widely dif
fering preliminary designs were tested on their merits. After
early selection the remaining designs evolved in three serious
alternatives. These designs differd both in the foundation method
and in the choice of the main structure.

The three alternatives are;
1. Caissons founded on a sill
2. Columns on foundation-caissons
3. Caissons on foundation-caissons

Comparative cost estimates and construction schedule have been
compiled for each of the alternatives. In each case the reduc
tion in the flow opening from 70,000 m2 in the channels to
14,000 m2 in the barrier is achieved with a sill construction
in or under the barrier and further with large concrete box
beams in the barrier, thus reducing the open profile in the
vertical sense (see fig. 5). The form of the open profile is
furthermore such that optimum hydraulic conditions are abtained
in the barrier.

Further the configuration of the three alternatives is defined
for the following main elements (see fig. 6):
- the foundation: the base which delivers.the reaction to the

oVD weight of the barrier and the forces working upon it.
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1.2

- the scour protection: measures against erosion of the sand
under and at both sides of the barrier.

- the construction: the concrete frame in which the sluice
gates are able to move and through which the forces acting
on the gates are transmitted to the foundation.

- the sluice gates: the means by which the barrier can be
opened and shut.

In the alternative "caissons founded on a sill" (see fig. 7)
the sill is a filter construction, built up in layers of stone
which, during execution, are compacted and levelled. The cais
sons, placed·on this sill, are concrete structures consisting
of a lower box-section, two end-walls, two intermediary walls
and an upper box-section. The traffic road is visualised on top
of the upper box-section. The flow opening is further reduced
by means of box-beams (stop logs) which rest on the lower box
section. The scour protection af both sides of the barrier
consists of scour protection matting and shoulders of concrete
blocks.

In the alternative " columns on foundation_caissons" (see fig.
8) the sill consists again of a compacted and levelled filter
construction made of stone layers. The foundation caissons are
large, open (at both ends), reinforced concrete elements which
are sunk and then buried in the sea bottom. The columns are
reinforced concrete walls which are placed on top of the foun
dation caissons. Their function is to bear the water pressure
and wave loads and to transmit them through the foundation
caissons to the lower bearing soil layers. Again, the same
erosion protection and box-beams (for the reduction of the flow
openings) are applied in this alternative.

In the alternative "caissons on foundation_caissons" (see fig.
9) a combination of the above described elements is used.

The concrete elements such as foundation caissons, caissons,
columns, box-beams etc. are all prefabricated, either in con
struction docks or on construction sites, and from there are
transported and placed with specially designed floating equip
ment. The sluice gates are prefabricated steel structures
operated by a lifting mechanism.

By these studies a large number of alternative configurations and
elements for the barrier have been considered and investigated
with respect to the most favourable form of the flow opening -
in other words, with respect to the flow coefficient of the ope
ning. Another aspect of the studies concerns the compaction of
the loose soils under the barrier in order to reduce the risk
of internal instability under the influence of the cyclic wave
loading, and also the compaction of the sea bed along the edges
of the scour protection in order to reduce the risk of settle
ment gradients, as a result of scour holes, to an acceptable
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1.2

minimum (see fig. 10).

And so these three alternatives were comparatively judged,
whereby ultimately the preference was given to the design al
ternative "columns on foundation caissons" because:
- it was thought, even though there is very little experience

with the construction of such structures, that a solution
could be found to the design and construction problems connec
ted to this alternative. The uncertainties in the construc
tion of the alternative "caissons founded on a sill" were
considerd too large in connection with the problem of sand
deposits during construction.

- the barrier could be operational in 1985.
- the estimated costs were within the imposed limits.

Moreover, the application of a single set of sluice gates was
worthy of serious consideration, since the design was such that,
should one of the gates refuse, the stability of the barrier
would not be endangered, and also the waterlevel in the estuary
would still remain within acceptable limits.

Meanwhile, the column-foundation caissons idea has been subjec
ted to continuous reappraisal and has evolved in a storm surge
barrier comprising monolithic piers, a barrier with a total
length of about 3.2 km. and with 70 openings (see fig. 11).
With this design the on-site construction time for one pier has
been reduced from 13 weeks to 3 days. Expected high construction
phase loading by the foundation caisson solution was also reason
for this reconsideration.

In the three channels, and at a centreline distance of 45 m.,
piers will be placed with a height of 35 to 45 m. and footplates
measuring 25 x 50 m. Between the piers the sill will be heighte
ned and box-beams will be placed in order to achieve the desired
effective flow opening of 14,000 m2. A single set of steel
sluice gates will be installed between the piers. The electro
mechanical installation serving the gates will be housed in the
reinforced concrete box-section bridge elements to be placed
above the piers. Along the centre-line of the barrier the sea
bed will be dredged deeper and will be consolidated at the pier
locations.

The prefabrication of the piers will take place in a drained
construction dock measuring 800 x 1200 m. and which is subdi
vided into 4 compartments. As soon as the piers in a compartment
have been completed, it will be flooded and the ring dyke will
be opened. By means of a special transport-pontoon the piers
will be brought to their locations in the channels, and there
they will be lowered onto the prepared sill of stone.

At this moment the construction doek for the piers is dry, and
1n March next year the construction of the piers is scheduled
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1.2

to commence. In order to transport labour and materials to the
construction doek, which is situated on a work island in the
middle of the Oostersehelde, is, at this moment, a temporary
bridge being built between Schouwen-Duiveland and the work
island. It will be ready early in December of this year. Mean
while the existing and - in the revised design - redundant scour
protectionmattingis being removed and the new protection lS
being layed. Further, a work harbour is being built.

The design activities which now take place concern, amongst
others, the transport pontoon (see fig. 12) for the transport
and placing of the piers, and the compaction pontoon for the
soil improvement works in the sea bed.

It is of importance for the successfull completion of the storm
surge barrier that all the activities which have to be carried
out between now and 1985 take place in careful accordance with
the time and cost schedules.

- 6 -
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~.
Fig.2 Long-section at the site of the Oostersehelde dam
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Fig. 11 Piers with sill, box beams and sluice gates.

Fig. 12 Preliminary design of the new pier transport equipment.
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FOUNDATION ASPECTS OF COASTAL STRUCTURES

GEOTECHNICAL OOSTERSCHELDE STUDIES
and

SOME UNEXPECTED ASPECTS

by:

Jan Willem Boehmer,
Senior engineer in science and engineering analysis at

Rijkswaterstaat Deltadienst, a department in the Dutch Public Work Service

PART (I)

on the interaction between the designer and the geotechnical engineer.

1. SUMMARY

The scope of this paper is to start a presentation of the basis for past and
future design-oriented studies and to give an overview of them at the same
time. The present paper is focussed on the interaction between the geotech
nical engineer and the "designer" of which examples are given.
Some key aspects in this interaction process like field tests, modeltest
studies, parametrie studies with analytical modeis, site work and geological
interpretation are highlighted. Some initial conclusions are added, just as
far as they could be of interest to the designer.

2. INTRODUCTION

2.1. Key questions

One of the key problems in the interaction between the "designer" and the geo
technical engineer is, "how to ask the really important questions".
Experience in Rijkswaterstaat is, that these questions should be design-oriented.
We learned that, by this, the researcher eventuelly reduces the unsafe feelings
of the designer. Also the researcher then seems to do a better job than if he
treats the subject from just an academie point of view.
The first step in an efficient design process seems to be that the designer
and the researchers should gradually refine the "design criteria" which deter
mine this work.
Appropriate studies of mechanisms, field evidence and possible malfunctioning
are needed to help develop these criteria.
Extensive evaluation of field evidence and of the observed mechanism in the
past is an important first step in this process, as will be shown.

2.1. Request for criteria

Rijkswaterstaat has a continuous interest in a systematic documentation on how
we arrived at the performance criteria which now support the design. Priority
were to be given to the criteria for barrier. Table I shows in concept a check
list for the design criteria of the barrier. Tables 11 and 111 show how in con
cept the same sort of criteria can be summarized for the dikes and flow slides.
1 added these "criteria checklists" to invite discussion and improve on them,
in later discussion paper. Also shown are "criteria charts" and the "criteria
profiles", which can be used to set criteria for construction control as during
densification and for barrier control.
This sort of checklists, charts and profiles need further refinement before
actual application on design. Time is short however to do so.
Such an integrated study of criteria is in agreement with the recommendations
from a study by the Rand corporation. They recommend to apply "safety programs"
to the overall "system".
Table IV gives the recommendations from Rand studies, for a
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comparison of geotechnical problems in three alternative plans for the
Oosterschelde closure.
Table V applies some judgement to the safety of various aspects in the three
'closure systems. However criteria on which these judgements are based should
be improved. Since the improvement of these criteria depend on evaluation of
past experience and a good interaction between the designer and the geotech
nical engineer, we will first proceed on these two aspects.

Fig. 3 HOLLAND WAS .FLOODED

Fig. 4 HOLLAND WAS PROTECTED
STONE BY STONE
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Table IV SUMMARY OF GEOTECHNICAL
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Table V ASSESSMENT OF SAFETY
FOR THREE CLOSURE
STRATEGIES

After twenty five years hydraulic studies
became so integrated into design, con
struction and watermanagement, that we
cannot imagine to do without them any more.
Some examples are:
- the hydraulic model studies for the initial

design of the Deltaplan (see paper by
Engel)

- the hydraulic studies to obtain loads on
the barrier i.e. the probabilistic loads
in particular (see paper by Kooman)

- the hydraulic studies for the future
operation and closing strategies of the
barrier.

Hydraulic studies served construction control
of Oosterschelde borders since 1868. From
that time on, the regular soundings of the
borders provided enough data on stability
against flow slides. As a result flow slide
statistics could be started and used success
fully in border protection.

(a) field evidence
of the influence
of geology on
flow slide

(b) last measured
slopes just
before flow
slides

(c) influence of
stormtypes on
flow slide
occurranceN.A"~

- - _.- ..... :~:.. " .',.: :.::.: ClAY.PEAT lAYER

. .,',:._" ::: LATE SEA5ANJ
,_ .: .. " . ::: FORM

N.~.- - -. ._. RECENTlY

.
'. :' ',:::: .' .:.:.; :.: SEDtM.ENTATED

. -, -: EARLY SEA5AN:l
',-' -: "FORM

Fig. 5 FLOW SLIDE STATISTICS FOR
OOSTERSCHELDE BORDERS NEAR
BARRIER
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Geotechnical experience has not been as extensive. In the thirties and fourties
there was considerable cooperation with LGM in making borings, defining "cri
tical densities" and discussing flow slide mechanisms (Koppejan, van Wamelen,
Weinberg 1948).
Integrated foundation research really started in the late sixties. Some specific
examples are described in the following.

One test - at Zonnemaire - served to
test predictions of pore pressures
during installation of the caisson and
to set a criterium for the maximum rate
of loading. The other test, at the
worst part of the site, in "the Kous"
served as construction control in the
site itself.
Aspects like installation procedures,
field instrumentation, construction
control, and performance evaluation
became part of this action.
In particular the goals of this test were:
- to check prediction methods for consolidation

3.1. Safety program on surface caissons

In 1966 prototype measurements of pore
pressure were made to check the stabili
ty of the caissons under a cableway tower
in the Grevelingen. In fact this was the
first test which was meant to check a
prediction method for pore pressure
generation (Koning and Loof, 1966).
Then in 1970 two full scale model tests
were executed with Brouwersdam caissons.

o
'10
E

JO

40

__ m.a."r.d_al"es
(~] n<.u por.p,ns",u In 1/",1

Fig.6 Predicted and measured excess
pore pressures under Grevelingen
caissons just after passage of 3
cable way cars.
Note: shaded zone indicates unaccept

able shearstresses from elastic
analysis.

in sands
- to obtain a criterium for the maximum excess pore pressure
Predictions were performed by LGM (Koning, 1971), and by Rijkswaterstaat using
CONSOL. Special interest existed in checking the results of parametric studies
as described by Christian and Boehmer (1971) and of the effect of time depen
dent loading (Segaar, 1973).
Both caisson tests in the Grevelingen and in the "Kous" were in fact early
tests with cyclic loading, and had as a goal, to check pore pressure generation
in the field as a result of statie and cyclic loading.

IN SITU CAISSON TESTS FOR BROUWERSOAIoICLO$URE

.•1 ""~mll
'-]1111 l.:r

:~}iFJJJJ ttiHJj
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"Unfortunately" no summer storm occurred
in the "Kous" before the caissons were
buried in the sand. So no results were
obtained.
Results of the Grevelingen test indica
ted no danger of generation.
An other more recent test in which the
effect of cyclic loading was tested in
situ was with a large diameter pile in
the Oosterschelde. This was meant to
check the prediction of deformations
from slow cyclic horizontal loading
as a result of cableway-car passing.

Fig. 7 Predicted and measured excess pore
pressures under Brouwersdam caissons
(a) tests in drydock "Zonnemaire"
(b) tests in closuregap "Kous".



3.2. Safety program for dikes

A similar prediction evaluation procedure
was applied in 1971 to check the safety
of dikes along the Schelde-Rijn-Canal.
A full scale dike was forced to failure.
Specific goals were:
- to check the rate of consolidation in

the foundation
- to check the effectiveness of drainage

of the dike crests, in case consoli
dation would not occur fast enough

- to check the "failure factor" for
Bishop's method after correct account
for excess pore pressures and slib 0,96

surfaces
- to check other prediction methods

as well, like CONSOL
to check the "critical depth after
a flow slide"; this is the depth
beneath which a dike will undergo
a complete failure instead of a pro
gressive type of failure (page 10). In the latter
fast enough, for the dike to fail in slices.

3.3. Safety program for flow slides, including flow slide statistics

First densification tests were executed
with blasting and vibroflotation, to
obtain densities below "critical". Also
a test was set up in 1973 - in the
Noordland harbour to check the safety
of dikes against flow slides. Goals
were now:
- to check the mechanism of flow slides
- to check the rate of sliding of a

sand dike, when it fails in slices.
Observed mechanisms in this test were
so unexpected, that it was decided to
proceed with flow slide tests in a
large flume at the hydraulic laboratory.
The problem with the tests in the large
flumes is that we have artificial soil
conditions, i.e. the variability of the
soil in the field cannot be reproduced.
Also the geometry is so much different,
that:
- stress level differences influences

the initial liquefaction
- consolidation and turbidity currents

are difficult to scale
- the load which controls the flow slide

in the field cannot be simulated.

Fig. 9 Dike sliding in a forced
failure of an existing dike at
Noordland dry dock.

Fig. 10 Sand
water boils
during un
expected flow
side in a bor
der protected
by pumping.

1.3
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Fig.8a Dike slide
in a forced failure
of an existing dike
at Auvergne polder

Fig.8b Profile be
fore and after
sliding

case consolidation occurs

At the same time a program "Flow Slide Statistics" has been started to produce
"criteria Charts" and "criteria profiles" which are used to judge the safety
of broder slopes. (See page 2). The activities are meant as well to obtain more
insight in the flow slide mechanism and to predict where the next flow slide
will fall.
If successfull, we hope to intrument a test section, where a slide is forced
or just waited for.
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(a) History of prediction.

Fig. 11 PREDICTED AND OBSERVED FLOW SLIDE MECHANISMS

(b) Detail of mechanism.
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(c) Measurements at Noordland.
c.1 profile with piezometers.
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\ott
Fig.12 PREDICTED AND OBSERVED LIQUEFA~ SLIDE MECHANISMS

(a) Detail of mechanism.

UQUEFACTION SliDE (b) Observed liquefaction slide
in large scale flume.

(cl Test set up
in large flume.

SAt«) IN EQUILIBRIUM

(dl Sandrain in
large flume.

(el Liquefaction slide
in dredge flume.

llQUEFIEO SAND
AFTER COLLAPSE

I
L

~ FLOWING SAND
~ AFTER DllATANCY.

CONSOLIOATION

Fig.13 SCOURHOLE SLIDES

(al Impression of mechanism.

FLOW SLIDE FOLLOWED SY BARRIER SLiDE

progressive failure mechanism altered battem protection?

(bl Impression of damage
and backward erosion.

(cl Brouwersdamslide
situation.

(dl Profile of sliding and
backward erosion.

(e) Experience with slope
development versus depth
of scour hole •
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I feel more field (test) information is needed before continuing an expensive
laboratory program in still larger flumes. This is motivated in table IX.
The above described examples are design oriented activities, namely to design
the extent of new slope protection in front of the raised dikes.

4. INTERACTION BETWEEN RESEARCH AND DESIGN IN THE BARBIER STUDIES

Fig.14 HOLLAND IS SAFE AGAIN

It is not difficult to recall our hesita
tion when, in 1974, we were asked whether
a storm surge barrier of surface caissons
on a sill would be feasible. Although
caissonlike structures in the past tempo
rarely have been subjected to the cyclic
loading of relatively mild summer storms,
this barrier will be subjected to heavy
winterstorm conditions for a number of
years.
Fortunately the described experience was
of great help to set up an integrated pro
gram of civil- and geotechnical engineer
ing, when the barrier studies started.

4.1. Problem description

From the moment, the storm surge barrier was proposed, the geotechnical engi
neers were faced with two problems area's in which experience was missing in
order to answer the designer's questions, both in and outside Holland.
One area included the behaviour of a caisson type structure under winter storm
conditions. In particular non symmetrie loading conditions were faced, i.e. a
combination of cyclic loading, as a result of waves and of statie loading as a
result of headloss. A second area was the stability of slopes of scour holes
which become more than 10 meter deep.
For the prediction of caisson behaviour, little use could be made of existing
offshore and earthquake experience, since long term aeeumulation of horizontal
movement had to become an object of study as important as the short term gene
ration of exeess pore pressures. Methods to prediet sueh movements caused by
non symmetrie loading were not weIl developed.

In addition experience show that settiements of caissons under statie loading
are big if the sill is not densified. The winterstorm eonditions would make
these settiements only bigger.
As a result of the loose conditions and the application of eompressible sills,
settiement estimates or "shake downs", were up to 1 meter initially. No com
parabie experience existed in offshore practice.

Effective densification of the sill was eonsidered especially difficult since
sand might move in the pores between stones before densification and move out
afterwards.
An additional soil structure interaction problem was that originally a heavy
deformation criterium was set on the caissons, in the order of several centi
meters. This criterium was derived from the Haringvlietbarrier, the only 'com
parabie' structure around, where differential settiements of only centimeters
were allowed to avoid cracking of the floor. This was the consequence of the
application of a pile foundation. In the case of the barrier loads were to be
transferred by a caisson floor. Since the caissons were to be independent units,
each with its own gates, they allowed for more deformations as long as the cais-
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Fig.15: Results from preliminary site investigation
(a) situation
(b) geologie profile
(e) measured eone
(d) measured porosity and relative density
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son floor would be strong enough to whitstand pressure differences. For the time
being it was requested to limit deformation to less than 20 cm.

4.2 Scour slide research ánd site conditions

Predicted depths and slopes of scour holes at the end of a bottom protection
on both sides of the structure, exceed the scale of past experience. Especially
since the Oosterschelde sands are known for their potential to liquefy and to
cause flow slides.
Figure15 shows soil cmnditions at the Oosterschelde site at the start of the
barrier project.
The site is located in an area which is known for its flow slides. Most of
these flow slides occured right near the southern abutment of the dam. Some of
them -even recent ones- would cause dike failures overnight.
They always occur in the holecene sand layer with relative densities as low as
35% or porosities as high as 40-40% locally. Since this layer will reach until
15 meter under the future sill, flow slides can develop, which can cause back
ward erosion in the bottom protection. They eventually can create the same sort
of damage as erosion of the sill might do.
As we saw from past flow slide research the mechanism of the flow slides is not
yet fully known. Therefore is will be difficult to predict the damage and the
rate of backward erosion when a scour slide occurs. A research program for it
cannot be carried out in the course of 1,5 years, which is the time which we
were allowed to spend to investigate the feasibility. Therefore an early
decision was taken to densify the Oosterschelde bottom, both at the site of the
barrier itself and at the site of the scour holes.
An extensive program of soil exploration and densification tests was undertaken
to investigate the feasibility of densification, as is discussed in the papers
of session V.

4.3. Modeltests in field, laboratory and computer

Meanwhile two field model tests were set up in the Neeltje Jans harbour.
An as large as possible test caisson was subjected to cyclic loading including
a headloss component. The tests were set up to check the effectiveness of den
sification and to check prediction methods. Just as was the case in the Zonne
maire and Kous tests one test was instrumented without a sill to check the pre
diction models, if possible until failure conditions.
In the other test a sill was included to check the behaviour of both drainage
under the caisson and the influence of densification. This sill was included
in order to satisfy the designer's request for a representative model test. A
procedure with stepwise improving predictions was adapted to set up a success
full loading program, and to give the designer updated estimates of the defor
mations.
Important to know is that the designer felt convinced the necessity to test the
effect of the variability of the subsoil in the field and to see how succesful
densification could be, despite the difficulties with earlier in situ tests.

4.4 Shift to embedded caissons after the Neeltje Jans field tests

One outcome of the test was that loose zones directly under the caisson could
cause large movements to occur at small ratio's of hiv (order 0,3). This was
alarming to the designer, since he had still not solved his problem how to keep
the loose zones of sand out of his soil before densification would start.
Also problems arose with designing a soil-structure interaction which would
allow for an hiv design ratio of 0,45 (0,6 at failure). The designer therefore
shifted to an embedded caisson design. Since the pressure on the project became
big due to this shift, the work on the evaluation of the field test was freezed.
That is the reason that not much yet is published on these tests.
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STRATIFICATION OFF STIFF ANO WEAK LAYERS

AS RECOVEREO IN MAY 1976
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Fig~ 16 Results of site investigation medio 1976

(a) TEST CAISSON KI

_ time af ter installation

settiement
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100 days

SIDE

settiement
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closure
of
gates

(b) ALL CAISSONS a) max. 5 cm af ter
balasting

b) max. 9 cm direct
af ter gate closure

c) max. 25 cm af ter
summer winds and
sand cover

_ time af ter installation

100 days

d) largest rotations are:
-3 cm forward before
gate closure

-8 cm backward af ter
gate closure
(like at Neeltje J)

e) max. differential
settlement (torsion)
was 11 cm. This
caused na cracking

closure
of
gates (6 t/m2)

burried 2
in sand (25 t/m )

Fig. 17 Settiements of Kous caisson after installation at site
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The little evaluation which was done showed one very important aspect, namely
that if gradually increasing (storm) loads would be applied to the caisson, excess
pore pressures would remain low as a result of 'preshear effects'.(paper by Smits)
Therefore it was assumed that if the caisson solution was to maintained and if such
loose zones could not be avoided during construction, that the gates should be
controlled in a test period after construction.
This would impose a constraint on the future barrier control services. Since that
was not acceptable and since an alternative design was available, namely the em
bedded caisson design, a shift was made towards this design.

The shift in design had side effects. Be
cause of the difficult mechanisms involved
in the Neeltje Jans tests, like the pre-
shear effects, the shift in design was mis
interpreted by outside observers.
Although the policy makers explained
their decision to shift as above, a

DESIGN CHANGES FOR 0.5. BARRIER
LDAD,

--rf~~~";:';"=;O" weekly journal commented:
- that this test period for the

barrier seemed to make no sense to
them, since high rise buildings do
not need a test period as weil

Obviously there seems to be a limit
to "interact" on difficult mechanisms.
The media should know however that
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(see fig.19). On the contrary when
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Fig. 18 DESIGN CHANGES FOR
OOSTERSCHELDE BARRIER

Fig.19 FAILURE OF
HIGHRISE BUILDING
AFTER EARTH QUAKE

Fig. 20 INCLlNED
BUILDING

4.5. Parametric design studies of embedded caissons

After the Neeltje Jans field test was over, the following was concluded with
respect to the continuation of model test studies:
- a good soil structure interface which includes densification is a must bath

in the field and in the model tests,
- no more field model tests are needed, once good soil structure interface is

designed properly,
- laboratory model test facilities and analytical models in combination with

stress path tests are sufficient tools to optimize the design.
The laboratory test papers decribe how succesful several models were used for
parametric studies of various design (Rowe, de Quellerij and Broeze).
Other papers (Nieuwenhuis-Molenkamp, Biegstraaten-Kenter, Kenter-Vermeer) show
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how succesful CONSOL was used in these parametric studies as weil. Still there
were numerous unexpected effects.
I recall:
(1) The deep embedded caisson moving more than the undeep embedded caisson,

regardless whether or not the base stiffness would be the same.
(2) The foundation layer under the deep caissons turned out to be more silty

than expected, after soil exploration was finished at sufficent depth.
This is especially the case in the so called 'blind spot', which could
only be explored recently, because of the existing sill from the former
closure design. One can see from this too how dangerous it is to start
construction of a design without adequate site exploration.( Se." rIJ ! ~")
This causes a change towards an undeep embedded caisson. At first it was
still buried. Later on a more caissonlike pier was proposed which is placed
on a foundation bed.

(3) During the course of the studies the~design h/v·went up to 0,6
(failure values close to 0,& base friction + 0,3 side support for buried
caissons and 0,7 + 0,2 for the present piers).

(4) Temporarely low friction factors (0.45) resulted from 1:1 scale "element
tests" at Schelphoek (Hudig e.a.). This was the result of adding a nylon
mat with sandlayers above and beneath the it to the foundation bed.
Improvement of foundation bed design did this factor rise again to 0.68.

(5) "Cyclic gradients" at hiv ratio's of 0.45 (112 MN/2s2 MN) would be larger
than early designs of the foundation bedw0uld allow for. Therefore a
two layered foundation bed was proposed (D'Angremond e.a.)

(6) The maximum load went down by 30% (112 MN versus 160 MN)

Especially point (6) shows how useful a flexible design approach can be even
after design dimensions have been fixed. For example when hiv becomes still
lower, or when filter research on effect of stress level and time results
higher critica1 gradients (see table I) "densification and filterbed
construction" becomes more flexible.
More study on the crtiteria in table I might resolve more flexibility in other
construction items as weil.

4.6 Evolution in the foundation design approach

From the geotechnical point of view the approach of producing a foundation design
went through a new phase of evolution. My feeling is that -more than was expected
our approach of considering the subsoil as a 'boundary condition' changed towards
an approach in which the top layer of the foundation is considered a construction
material. Quality standards or criteria should be developed as part of the overall
design. Criteria for design options like densification and soil replacement
should be given priority as weil.
This is different from past experience in the Delta in which the top-layer was
left as it was and either used to serve as a shallow foundation for a caisson type
closure, or bypassed , by driving piles through them as in case of the Haringvliet
barrier.

The parametric studies gave birth to new developments in the interaction process.
First the researcher started to find out that in the long run he does not only
improve the 'safe-feelings' of the designer, but that he will be able to save cost
by making appropriate optimisation studies. By that time het wants a voice in the
design process. Fortunately a project organisation was set up which allowed for that.

Further improvement of safety and optimisation of cost is of course attractive.
Political pressure on the costs of the project stimulates this process more than
ever. However, pressure to work on schedule and pressure to keep the cost of stu
dies limited work against it.
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Looking back, we must say that the project improved on its design strategy since
strategies for construction control and barrier operation control are under
development.

Table VI illustrates how these strategies evoluated towards more interaction
between the researcher and the organisation.
Some remarks should be made on this tabie:
(1) We went from common sense designing towards a semi-probabilistic approach

today and aim to end at a full probabilistic design later on.
(2) The researcher greatly contributed in establishing design criteria, where

past experience or 'field evidence' did not provide these.
(3) 'Function analysis' and extra model studies proved useful to define the

desired criteria.
(4) 'Fauit trees' and acceptable maintenance requirements were developed to

refine the description of 'malfunctioning' and relevant criteria (paper
by Kooman et al).

(5) An early set up for the Barrier operation control was started in order to
establish these acceptable maintenance requirements (BARCON studies).

Table VII shows how criteria improved when the researcher got more reliable
predictions. No need to say, that model tests in laboratory and the field
played a keyrole in this process.

Table VIII shows how priorities can be analyzed for future model tests on the
basis of the probability that the design and barrier operation benefits from
it (cost benefit analysis) and of the probability of improved understanding
after the test (on malfun~ioning mechanisms and design criteria).
In view of this it seems desirabie to make a further analysis of past and
future benefits in the barrier project as a function of the level of effort
in the studies. That would make it easier to decide on a reasonable budget
for the studies, now four years of intensive studies -two more than was
planned for- put great pressureon the costs of the studies. The set up of a graph
like in figure 21 might help us to make areasonabie decision
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Tabel VI Design strategy for Oosterschelde barrier
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Tabel VII Improvement in design criteria for Oosterschelde barrier

I PERFORMANCE start of project
CRITERIA (update yearlyl

DESIGN end of fixed design
ASSESSMENT options

eva!uation and docu- {yearlyl
mentation

statement of: possible malfunctions, mechanisms,
field evt oence , criteria

updating on the basis of oe....modeltest studies
and maintainance policy

conditions on wtüch design based {eValuation
oredictions made & implied by design and
comparison of predictions and criteria documentatien
definition of key aspects tor instrumentatien.
construction con tz-oI and future evaluation

III FIELD before and during
INSTRUMENTATION constructien

install instruments to measure key aspects of performance
portray predictions tor instruments
interpretate and compare with "predicted" behaviour

IV CONSTRUCTIOOASSESS- during construction
HENT EVALUATIQN
DQCUMENTATION

document (with t.e xt., photos, movies) key aspects of
construction - eS'Ç)ecially where construction
deviates from design

evaluate deviations (by adjusting predictionsl

V SURVEILLANCE monthly

VI PERFORMANCE year 1y
EVALUATION

visual inspection
oo te rn & portay field eeesureeencs
obtain tnroree r ton - data on JDE.>ch~isllls.

(for che ck with predicted mechen t smeL

/aC"tual performence
r-ompare -predir-ted pert;ormance

'cri teria of per formance
expLai n di fferences
adjust construction procedured and barrier - control

procedures on the basis of updated predictions

Tabel VIII Sequence of foundation studies for design assessment,
construction control and ~arrier operation control.

AND

TYPE OF
MODELTEST

RISK OF UNEXPECTEDj PROBABILITYOF
BEHAVIOUR UNEXPECTEDBEHIIVIOUR

(level of unsafetY(J ~~r t~:c:~~~to~r;~!~~~on)

Iprioritv] and lab. tests excer rence

I CONSEQUENCEOF
)( UNEXPEcrED BEHAVIOUR
I in terms of repair
land maintainance

CaST

APPLICATION / LEVEL FOR
/ T<YrAL

./ PROJECT

./
-------

large

single

field

small

single barrier

model flow slide

test dike

barrierl) I 2 t medium-large

flow slide2)

dike))

large

1 mediumï
3-2 1 medium

I
small?

3 t large

.Je. rnedium-large

1
I

Î RISK

TIME)(. medium
Iî largef small

LEVEL OF
EFFORT
OF
STUDIESparametric car r ier

modeltest flow slide

study dike

197q?

TIME

1985?
1) Movement of particles in base contact at wave side of caisson

2) xecheru sm which shows halo' bottom protection is destroyed or stops the slide

J) Fatigue mechanism of dike protection at stagnant water level

2 t large

)-2 'i' small-mediumt large

~ medium* largeIÎ small

Tabel IX Possible procedure for pri?rity
determination in large scale
model test and field test studies

fig. 21 Cost - benefit analysis in
the project versus level
of study effort



1.3

- 16 -

5. CONCLUSIONS

(1) Safety of the project is served by a continued long term interaction of the
client, the designer and his advisors. This helps the designer to defifie
key questions and to translate the advisor's answer in design terminology.
Geotechnical contributions can still improve on these aspects.

(2) Priority in the foundation design studies should be given to asessment of
criteria and mechanism as shown in the CRITERIA TABLES 1, 2 and 3. Then
attention should be given to CRITERIA-CHARTS and CHRITERI-MAPS. Like in
figure 1 and 2.

(3) A thorough evaluation of the research studies should be undertaken to help
to set priorities, for future criteria research.

(4) Priorities for furhter model tests should be based on both
a) cost benifit analysis for design and construction
b) probability of improved understanding

(5) It is desirable to analyse past and future benefits in the barrier project
as a function of the level of effort in the studies in order to decide on
a reasonable resarch budget.
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SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

STRESS-STRAIN BEHAVlOR FROM STRESS PATH TESTS

by:

w. Allen Marr, Research Associate, Massachusetts Institute of Technology
Cambridge, Massachusetts, U.S.A.

Kaare Hoeg, Director, Norwegian Geotechnical Institute, Oslo, Norway

S Y Nap SIS

Stress-strain behavior of a soil element depends greatly on the past,
present and imposed state of stress, in particular the effective stress path.
This paper demonstrates this fact for static and cyclic loading using stress path
tests obtained with simple shear and triaxial equipment. Using measurements of
stress-strain behavior from stress path tests, one can obtain insight into the
fundamental aspects of hehavior of the pier foundation, develop parameters for use
in analytical and numerical modeis, and help guide and interpret model tests.

INT RaD u C T I a N

This paper illustrates to the civil engineer the important influence
of stress path on parameters for predicting stress-strain behavior of soil. A
stress path consists of a line drawn thorugh points on a plot of stresses. This
line indicates how stresses change. Stress paths constitute an effective way to
portray the past, present and future stresses acting on a soil element.

Lambe (1967) proposed the Stress Path Method as an approach to solve
geotechnical problems. Lambe and Marr (1978) describe further developments of the
approach and illustrate some aspects of its use. The stress path approach builds
from the principle that soil behavior depends primarily on the past, present and
imposed effective stresses, i.e. total stresses minus pore water pressure.

Ideally, soil deformations under structures like the piers for the storm
surge barrier should come from analyses using constitutive stress-strain models
formulated for the soil in three dimensions. However, realistic mathermatical
models for soil behavior are extremely difficult to formulate and use without con
siderable simplification.

The stress path approach constitutes an alternate approach to obtain
soil deformations. Representative soil elements are subjected to stresses in the
laboratory predicted for the corresponding elements in the field, and the'result
ing strains and pore water pressures are recorded. ane obtains soil deformations
by integrating strains for appropriate elements over the associated lengths. In
practice, one must use laboratory devices which impose, as closely as possible,
the correct stress paths on the soil.

Figure 1 lists some of the factors which influence stress path. Past
stresses are generally referred to as "stress history", present stresses as
"initial stresses" and future or imposed stresses as "changes in stress". All of
the factors listed in Figure 1 influence the behavior of soil. Most times, the
effect of stress history on a lab sample is built in by testing a soil element
which has undergone a stress history comparable in effect to the stress history in
the field.

Geotechnical engineers have devised equipment to test along the more
common stress paths encountered in design. Woods (1978) describes some of the
common equipment and use of the results. Figure 2 lists some of the more familiar
types available, the key features of each, and the major limitation to widespread



11. 1

-2-

use of each. Today, engineers rely primarily on results from triaxial and simple
shear tests complemented with information from field tests. Plane strain and true
triaxial equipment are primarily research tools.

Figure 3 illustrates total stress paths achieved in cornrnontests with
triaxial and simple shear equipment and indicates the types of facilities to
which these stress paths are relevant. Stress paths differing from those illus
trated can be achieved with the triaxial equipment, provided rotation of princi
pal stresses and the intermediate principal stress are not important for the sit
uation being considered.

The next section of this paper demonstrates the effect of stress path on
stress-strain behavior of Oosterschelde sand for static loading (single applica
tion and retention of aload). This is followed by a section which considers
similar stress paths but changes in stress which are cycled to determine the in
fluence of wave loading on the pier.

The sand used for these tests come from the Neeltje Jans harbor in the
Oosterschelde. They have a uniform gradation with a mean grain size of 0.17 to
0.28 rnrnwith less than 0.5% of the sample, by weight, smaller than the #200 sieve.
The sand consists mainly of subrounded to rounded, quartz grains with some feld
spars and small amounts of mica, shell fragments and calcite. A minimum dry den
sity of 1.43 t/m3 and á maximum dry density of 1.73 t/m3 resulted using ASTM
D2049-69 procedures.

Simple shear samples were prepared by controlled pluviation of dry sand
into the membrane followed by assembly of the equipment and saturation of the sam
ple with flowing water. Triaxial samples were prepared by tamping moist sand in
layers, followed by assembly of the equipment and saturation with carbon dioxide
followed by flowing water.

STRESS PATRS FOR THE OOSTERSCHELDE PIER

Figure 4 shows stress paths for three elements in the foundation of the
pier. These paths result from using a lateral effective stress coefficient of
1.0 to obtain initial effective stresses and linearly elastic theory to obtain
changes in stress resulting from the weight of the pier, the static tide differ
ence and the peak wave.

Comparison of the actual stress paths for typical elements in Figure 4
with those obtainable in conventional laboratory equipment shown in Figure 3 shows
that Element A has a stress path similar to that in a triaxial compression test,
Element B compares with a simple shear test and Element C compares with a triaxial
extension unloading test. These examples indicate the nature of stress paths one
should examine for the stress-strain behavior of the pier foundation.

STRESS-STRAIN BEHAVlOR FOR STATIC LOADING

Figure 5 shows test results for a stress pa~h like that for Element A in
Figure 4. Test D has full drainage so that no excess pore pressures develop.
This compares to loading in the field at a slow rate sompared with drainage time.
With no excess pore pressures, the effective stress path and the total stress path
(minus initial pore pressures) are the same. In the undrained test, U, excess
pore pressures develop with shearing, altering the effective stress path. Even
though the two tests D and U have the same total stress path, their stress-strain
behavior is quite different. The drained test has s strength more than two times
that of the undrained test.

Figure 5 contains two additional tests, u and d, identical to the first
two, except the stress magnitudes are reduced to 1/5 of that of U and D. This
stress reduction duplicates the effect of a scale model of the prototype pier.
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The sand samples for the four tests in Figure 5 were for practical purposes iden
tical. At the lowered stress level the undrained test, u, gives more than twice
the ultimate strength of the drained test, d, aresuit exactly the opposite of
that found with tests U and D. The modulus data show that reducing the stress
level by a factor of five results in a reduction of initial modulus by a factor
of only 1.2 to 1.5 in these tests.

A comparison between the results from tests U and u shows completely
different pore pressure behavior. The samples have the same initial void ratio.
For sample U with the high initial effective stress level, this void ratio is
above the critical void ratio, and the sample experienced positive excess pore
pressures throughout the test. However, for sample u at the low initial effective
stress level, undrained shearing created a tendency to dilation, and significant
negative excess pore pressures developed with a corresponding increase in the
effective stress level. Therefore, when interpreting the results of model tests
on sand, an uncritical extrapolation of results from the model to prototype pre
dictions may be misleading. A basic understanding of the effective stress-strain
behavior of the soil foundation is a prerequisite for such extrapolation.

These tests demonstrate that drainage and stress level, components which
affect effective stress path, have a profound effect on stress-strain behavior.
Figures 6 and 7 summarize considerable data from triaxial compression tests giving
the effect of stress level on modulus and friction angle. Figure 6 gives moduli
as a function of consolidation stress level from undrained tests. Moduli values
are secant moduli for a stress difference one-half that at failure. Figure 7
shows friction angles determined from triaxial tests on specimens at different
porosities and stress conditions. Figure 7a shows that for any one porosity there
exists considerable scatter in the strength data. Figure 7b shows that much of
this scatter at a porosity of 41% results from differences in stress path, princi
pally from differences in effective stress at failure, as indicated by Pf. Data
shown in Figure 7a include tests with various consolidation stresses, drainage and
effective stress paths which accounts for the remaining scatter.

Another parameter affecting present state of stress, and therefore
stress path, is the coefficient of lateral stress, K. K depends on stress history
and soil type. lts value is difficult to determine, especially in sands like
those of the Oosterschelde, yet its influence may be considerable. Figure 8 shows
drained triaxial results for tests consolidated to the same cr but different
ah = Kocrv· K has a substantial effect on strain and strength~

Finally, consider the influence of the inclination of the total stress
path on stress-strain behavior. Figure 9 shows test results for undrained condi
tions from triaxial compression loading and triaxial compression unloading. The
effective stress paths and the resulting stress-strain behavior are essentially
identical. Considering the same total stress path, however with complete drain
age, produces a radically different result. The drained unloading test has a much
smaller strength than does the drained loading test.

Figures 5 through 9 demonstrate for static loading that stress-strain
behavior is highly dependent on effective stress path. Since stress history, co
efficient of lateral stress - K, changes in stress produced by construction, and
drainage influence the effective stress path, they have an important influence on
stress-strain behavior.

STRESS-STRAlN BEHAVlOR FOR CYCLlC LOADlNG

Waves occur in irregular patterns producing an irregular stress path in
each element in the foundation of an offshore facility. For laboratory testing,
one commonly simplifies the train of waves of random magnitude produced by a storm
to a train of equivalent waves of one magnitude. Andersen et al. (1978) describe
one method to obtain an equivalent storm of uniform waves from the real strom and
cyclic tests on the soil.
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This discussion considers only cyclic stress path testing using triaxial
and simple shear apparatus, although research has been conducted with many other
types of equipment (Woods, 1978).

For cyclic loading, consider stress paths like those given in Figure 4
except now the stresses resulting from the wave are repeated. If the period of
the wave is short compared to the time for drainage of the foundation, undrained
conditions may prevail. Figure 10 shows data for cyclic tests with undrained con
ditions performed in triaxial and simple shear equipment. The stresses for the
simple shear test are similar to those given in Figure 4 for the center of the
pier foundation. The stresses for the triaxial test are similar to those given
in Figure 4 for Element A at the edge of the pier foundation. Data from the simple
shear test show permanent or residual shear strains develop which lead to a perma
nent horizontal displacement in the field. Data from the triaxial test show resi
dual axial strains which result in a permanent vertical displacement in the field.
Residual strains in both tests increase with each additional cycle of load. Addi
tionally, residual excess pore water pressures develop with each cycle which re
duce the effective stresses towards the failure envelope. Figure 10 illustrates
the build-up of residual pore pressure with the normalized parameter, nu/~uf'
where ~u is the residual excess pore pressure at the end of a cycle and ~uf is the
final residual excess pore pressure. In this paper ~uf is taken as the residual
excess pore pressure at 1% residual axial strain in tr1axial tests and 1% residual
shear strain in simple shear tests.

Figure 10 defines a modulus, E~, which relates stresses to the residual
strains that develop in cyclic loading. A second modulus, E , defines the slope
of the stress-strain curve in a particular cycle. Figure los~fiowshow these two
parameters change with cycling. The main point of Figure 10 is to illustrate that
the stress-strain behavior at each point in the foundation depends on the stresses
existing at that point in a rather complicated way. Furthermore, with cyclic
loading, one is concerned not only with the stress-strain behavior within any one
load cycle but also with the more important long-term development of residual
strains with cycling.

With a wave period which is long compared to the time required for
drainage, cyclic loading occurs with drained conditions. Figure 11 compares
cyclic triaxial tests with equal conditions except one is drained and one is un
drained. In the first few cycles, the drained test deforms more than the undrain
ed test, presumably due to volume changes. In later cycles the trend reverses as
the effective stresses in U decrease and the shear distortions continue. The
drained test eventually comes to a state where essentially no further strain ac
cumulates; whereas, the undrained test continues to strain with additional cycles.

The lower part of Figure 11 shows for a fixed number of cycles both
samples have similar E but considerably different E (log scale). The undrain-
ed sample reaches 1% p~f~anent axial strain in 200 cycîes, but the drained sample
requires over 1000 cycles to reach the same strain. For other stresses and other
densities the effects of drainage on stress-strain may differ considerably from
that shown.

Figure 12 shows the effect of stress level in undrained cyclic triaxial
tests. All test variables except pare the same for all samples. For the condi
tions of the tests, and at a selectgd number of cycles, a field element at a
stress level of 53 t/m2 might undergo a strain over 20 times that of the compar
able element in a scale model at a stress level of 8 t/m2. A partial explanation
of such behavior parallels the discussion accompanying Figure 5 and the results
in Figure 7b.

Figure 13 illustrates the important effect of K on cyclic behavior.
K affects not only the magnitude but also the type of strains that develop. The
three triaxial tests in Figure 13 have the same initial crvbut different crh= K'Öv'
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The cyclic shear stress is the same for all three tests. The test with K of 1
develops only cylcic and no residual strains. Figure 13 shows that a triaxial
element with K of 0.5 develops compressive residual axial strains while the ele
ment with K of 2 develops large extensive axial strains. (The sample increases
in length.) Recall that K is a quantity which is difficult to assess in practice.

Figure 14 illustrates the importance of inc1ination of the effective
stress path using drained triaxial results. Cycling the lateral stress in a
drained triaxial test, Test 135, gives much larger residual strains than cycling
the axial stress, Test 45, with equal magnitude. As was shown with static tests,
altering the inclination of the total stress path with undrained conditions has no
significant effect on stress-strain behavior.

Figure 15 gives simple shear data to show the effect of magnitude of
cyclic shear stress superimposed on an average shear stress, in this case 2.5 t/m~
The residual strains that develop for a fixed average shear stress are highly de
pendent on the magnitude of the superimposed cyclic shear stress.

Figures la through 15 demonstrate that stress-strain behavior of Ooster
schelde sand for cyc1ic 10ading is highly dependent on factors which affect the
effective stress path. As with static loading, stress history, K, changes in
stress produced by construction and drainage influence the effective stress path.
Therefore these factors have an important influence on the cyclic stress-strain
behavior of soil. We do not yet know enough about the complex stress-strain be
havior of soil to use a few simple tests to develop parameters to define general
constitutive 1aws. One approach as described above is to perform laboratory tests
with stress paths similar to those in the field from which the engineer obtains
parameters to use in his method to predict performance.

SUMMARY

Stress path testing consists of subjecting a representative soil ele
ment in the laboratory to the past, present and imposed stresses predicted for
that element in the field and measuring the resulting strains and pore water pres
sures. Practical testing considerations limit the cyclic testing of the Ooster
sehelde sands in the laboratory to stress paths obtainable in triaxial and simple
shear equipment. The paper demonstrated for elements at the center and edge of
the pier foundation how these tests could be used to approximately dup1icate the
in situ stress path and obtain the resulting stress-strain behavior. Behavior
furother elements in the foundation can be obtained by combining results from sim
~eshear and triaxial stress path tests. Because stress-strain behavior of soil
~ sodependent on effective stress path, such stress path tests are essential to
determimng relevant soi1 parameters.

Difficulties one faces in using stress path tests to predict prototype
performanceof the pier include:

1. It is extremely difficult to take good "undisturbed" samples
of sand in the field, and one can not obtain a laboratory sam
ple identical to the sand soils existing in the Oosterschelde
before and after densification.

2. Prediction of amount of drainage in the field and duplication
of that amount in a laboratory element is difficu1t.

3. Triaxial equipment cannot duplicate the rotation of principal
stresses that occurs in the pier foundation. We do not know
the relative importance of this limitation for cyclic loading.

4. The strain condition in the simple shear sample is weIl defined
but not the horizontal stresses. This uncertainty complicates
interpretation of the test.
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These difficulties primarily affect the accuracy with which one can predict
field performance. Despite these difficulties, we conclude that stress path tests
are essential to define the complex stress-strain behavior that occurs in the
foundation of the pier. The resu1ts of stress path tests a110w the engineer to
(1) grasp the fundamental aspects of the stress-strain behavior of the pier foun
dation, (2) develop parameters for use in ana1ytical and numerical models, and (3)
help guide and interpret model tests.
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FIGURE 2: Laboratory Devices to Obtain Stress-Strain Behavior
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SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

STRESS-STRAIN BEHAVIOUR FOR FINITE ELEMENTS

by:

Ton Biegstraaten, Rijkswaterstaat Deltadienst
Den Haag, The Netherlands

Cor Kenter, Delft Soil Mechanics Laboratory
Delft, The Netherlands

SUMMARY

In this paper a description is given of the development of the stress-strain
model of Consol. Consol is the finite element program that is used for most
of the computations for the foundation of the Oosterschelde storm surge barrier.
The development leading to the final stress-strain model is described together
with investigations for the solution method of the non-linear equations. The
resulting model is compared with data of parametric triaxial stress path tests.
A method is given to include the influence of drained load cycles on stress
strain behaviour. The frame work for present and future work will be outlined.

I. HISTORY

Consol was originally developed at M.I.T. by Christian and Boehmer in 1969 [D
as a linear elastic consolidation program. After introduction at Rijkswater
staat in 1970 it was further developed to include other types of boundary
conditions.
For a better description of the stress and displacement patterns a simple
non-linear version was made. A bi-linear shear relation solved by asecant
one step approach was used.
In 1974 a linear relation between the shear stress level and resulting volume
change was included [2J .
In 1975 an incremental version was made in order to cope with multistep loading.
This version was based on the approach used by Duncan [3J and later by Christian
[4J and is the basic version of the present stress-straln model. It will be
described and then followed by a description of adjustments and investigations
concerning the accuracy of the model.

11. THE BASIC STRESS-STRAIN RELATION

11.1. Shear relation

, = --_y_
a+by

when , ~ ,
p

(1)

,
y
a, b,
P
(,/, )

pmax

maximum shear
maximum shea1
parameters (a

stress
strain

1
initial tangent modulus, b asymptatic value for ,)

the peak value for T at the present isotropie stress
the maximum shear stress ratio value previously reached
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The relation resembles the one given by Kondner [sj and used by Duncan [3J
The tangent modulus is equal to:

G = dT
T dy

1 2= - (l-bT)a (2)

a depends on a = ~(0 + a ) analoguous to [3] , [4Jx y

!= HtPa (_ ~ )N (3)
a

Ht, N = constants

atmospheric pressure (pressure reference value)

Rf
(4)

T
P

constant describing the difference between the asymptotic
value of

1
T(-b) and Tp.

T follows from the Mohr-Coulomb failure criterion.p

T
P

'Î'

-a sin 'Î' + C cos 'Î'
(5)

angle of internal friction

c = cohesion

~~~~_~~~~~~~~2(T/Tp < (T/Tp)max)

a N
GT H P (- - )

u a Pa

H constantu
Pa,N identical to loading values

Ht, Hu' N, Pa' 'Î', Rf' c are input parameters

(6)

II.2. Compression relation

~~~~~~~~~~~-~~~~~~~(avOl< avol max)

K.
Aavol ..2:. (e (vol-l) (7)A

1 a )avol '3 (ax + a +y z

(
vol

( + ( + ex y z

Ki,A constants

Relation (7) is based on Terzaghi's one dimensional
to more general stress-strain components.
The tangent modulus ~ is equal to:

dG
vol

compression law extended

(8)

(ovol max s, 0vol < 0)

Ku

Ku
constant
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> 0)

K
ten

constant

Ki' A, Ku' Kten are input parameters.

11.3. Dilatancy

The term dilatancy is used for the volume change due to shear strain change. This
distinguishes it from volume change due to compression. The basic law can be ex
pressed in differential form:

d Ed D dy (9)vol

d d the volume change from dilatancyE
vol

D the dilatancy modulus

Two cases are distinguished:
a. Dilatancy during shear loading.
In this case dy is the non-elastic shear strain change of the difference
between the shear strains when using loading and unloading parameters.

sin 4>t+ Tla

1 + sin 4>tTIG

This formula is based on Rowe's stress-dilatancy concept [6J

D (10)

4>t= an input parameter.

-b. Dilatancy during shear unloading.

dy the shear strain change
D constant (input parameter)

11.4. Solution procedure

The solution procedure is often referred to as the tangent stiffness method.
It is an Eulerean type of integration procedure in which the total load to
be applied is divided into a number of steps. At the end of each step the
tangent moduli (~, GT and D) are determined which are kept constant during
the next step.
For the stiffness terms Hooke's law is used, in tensor notation:

f-,G ••
lJ

0.. is the Kronecker delta, f-,GiJ·,f-,E •• are the stress and strain
lJ lJ

increment tensors.
Dilatancy is included by means of a load vector iteration procedure (initial
strain method [7J ).

111. ORIENTATION OF THE STRAIN TENSOR INCREMENT

When the model described in 11 was applied to the problem of horizontally
loaded caissons the computed failure load was lower than the expected
failure load. The caisson was sliding over the upper layer of the soil
with very small influence on the deeper layers.
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The program seemed to "forget" the weight of the caisson and the previous
loading path had only a slight influence.
Looking at the model this becomes clear because each step is basically an
elastic computation in which the incremental strain tensor is co-axial with
the incremental stress tensor. Tests done in Cambridge [8J however, have
shown that for shear loading it is a better approximation to assume co
axiality between the incremental strain tensor and the total stress tensor
while the co-axiality between stress and strain increment tensor during
unloading can be maintained. The assumption now made is to have co-axiality
between the elastic incremental strain tensor and the incremental stress
tensor and co-axiality between the non-elastic incremental strain tensor
and the total stress tensor.
The necessary correction can be applied by using the same iteration method as
used for dilatancy. The initial strain term is computed as follows.
The computed strain increment is coaxial with the stress increment. From un
loadi~g parameters the elastic strain increment can be computed, which can
be subtracted from the strain increment.resulting in the plastic strain in
crement. This is also coaxial with the stress increment. Because the solution
procedur~ is based on the stress situation at the end of the previous load
increment, the orientation of the state of stress is also taken at the same
situation. The plastic strain tensor must be rotated over the angle diffe
rence between the state of stress and the stress increment orientation,
which keeps the shear strain and volumetrie strain the same. The difference
between the rotated and original tensor is the initial strain tensor which
must be added to the cumputed strains.

IV. ACCURACY OF THE SOLUTION METHOD

Apart from the finite element method which will not be discussed here the
convergence of the solution method can be investigated. This can be done
by assuming a very simple equilibrium situation e.g. an idealized plane
strain test. The tangent stiffness method can be programmed very easily
for such a case. Because the shear and compression relations (1), (7)
r~late to total values, results for the idealized plane strain tests can
be known exactly when excluding dilatancy and the strain orientation cor
rection.
Three types of stress-path's were checked:

Type A (0 + 0 ) constant,T increasingx y

Type B 0 constant, 0 decreasingx y

Type C T constant, (0 + 0 ) decreasingx y

Two types of materia1 were used, a weak and a stiff material (M1 and M2)

q, N Pa Rf H N. A K Stresses in kN/m2
1 u

M1 380 0.5 100 0.9 65 3600 -180 5 104

M2 420 0.5 100 0.9 254 8780 -400 14 104 V = 0.4 (assumed constant)

All stress path's start at a value of 100 kN/m
2 for o and 0 for T except the

type Cpath, which starts with T = 25 kN/m2
Each path was computed with the Euler type of approach using 10, 20 and 40
increments.
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The results were checked against the exact solution but also against a
higher order type integration method which includes not only the ~tarting
values of the stresses but also the final values of the stressesxJ •
Because the tests are stress controlled, the integration rule is the tra-
pezoid rule. All computed Evalues were accurate or nearly accurate and
it is not worthwhile te rep~8duce the figures. The shear strain behaviour
was more interesting. While the type A path gives approximately the exact
values, the type B path deviates significantly and the type C path shows
no shear strain at all, thus indicating a rather serious error in the de
rivation of the equations.
The error is contained in the derivation of the tangent shear modulus in which
first a and b were assumed constant anG later after determining the tangent
shear modulus were made a function of O.
The derivation of the correct equations is given in appendix 1, together with
the description of the solution procedure for both the integration methods.
The description of the results can be divided into two parts:
1) Comparison of the correct and incorrect method.
2) Comparison of the two integration methods with the exact results.

ad 1. Comparison of the correct and incorrect method.
When looking at the resulting equations in appendix 1 the difference
between the correctly and incorrectly derived equations is caused by the
interdependency of the shear strain and the isotropic stress.
The shear strain change is both a fu~ction of the change of the shear
stress and the isotropic stress.
The result of the test computations agrees with this. The type A path
gives no difference between both methods. The type B path gives a
difference of up to 80% for the strains and 10% for the stresses.
The type C path gives no shear strain at all for the incorrect method.
The stiff material is a little bit more sensitive for using the cor
rect equations.
When 40 increments are used the integration error for the type B path
is smaller than the formulation error.
Some results for the weak material can be found in fig. 1, 2, 3 using
40 steps.
Conclusion: For specific stress paths it can be very important to use
the correct method, especially for paths between the type Band Cpath.
Such paths can be found on the sea side of the Oosterschelde structure.

ad 2. Comparison of the two integration methods with the exact results.
All paths show the same behaviour for both materiaIs. For material Ml
the results for the type C path are given in fig. 4. For material 2
the results for the type A path are given in fig. 5. Both using 10
and 40 increments for the Euler method and 10 for Heun's method.
Euler 40 or Heun 10 are accurate enough. It is interesting to note
that one Heun step has about the same execution time as two Euler
steps, so for the present tests Heun's method is more efficient.
Also considering the larger stability region when using a higher
order method makes the Heun method become more favourable than the
Euler method.

Considering these results the program Consol should be changed. It will be
come more efficient when using a Heun integration scheme. This however was
too difficult to do in Consol.
It seems necessary however to use the correct solution method. It was pro
grammed,adding a third initial strain iteration. For the not too complica
ted problems the results were better than expected. Stress paths were fol
lowing the failure line in stead of crossing it.

x)
(a Heun type of approach)
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It made results worse than they were only when reaching the origin of the
T-a diagram. This happens at the tension side of the Oosterschelde con
structions. This primarily numerical problem was never solved properly,
the integration-iteration scheme was toa unstable. So most computations
were still made with the incorrect solution methode There is however one
justification (though only a practical one) for doing so. When computing
stress paths with -both increasing Tand a the integration and formulation
errors have opposite signs and counteract each other. These stress paths
are fortunately important ones. From the mathematical point of view it
is just wrong.

V. ELASTO PLASTICITY

When examining the resulting equations and the behaviour of the model one
can see a great similarity with the so called elastoplastic formulation in which
a yield surface moves as a function of the stresses and a hardening parameter
in the stress space. At the time of building the mechanism to change the
orientation of the strains it was possible to switch to an elasto plastic
formulation. The required result could then bo obtained in a more straight
forward way. Some changes would have been necessary. These were:
a) The shear-stress shear strain relation now determines the total shear

strain in the new model it would be the plastic shear-strain.
b) The same applies to the compression relation.
c) The unloading criterion for shear would be different, this will be dis

cussed later.
d) Unloading dilatancy does not fit in the model and additional methods are

still necessary.
e) The resulting equations will be non symmetric 50 a different solution

procedure must be implemented.

'I'hereaaons for not doing 50, were:
a) There was no experience with elastoplastic models.
b) Consol is a production program, not a research project.
c) Changing the existing model was very simple.
d) Evaluation of model parameters is more simple for the existing model

because the elastic strains need not be subtracted from the total
strains.

At the Delft University of Technology a project was being developed which
turned out to be an elastoplastic variant based on the same type of equations.
The model, called ELPLAST, developed by Vermeer is described in [9J
The most important difference is the unloading criterion. It is not based
on the stresses (chapt. 11) but on the plastic shear strain (y ). Based on
the equations given here (1, 2, 4): p

p
y

(11)

H P ( Q_) N(1-R •...2.)R,. a' - fp. T
P

ELPLAST can use other equations e.g. a cubic spline function for the shear
relation.
Drawn in the T, a diagram the lines resulting for each value of Yp are not
straight as in Consol but curved. So for Ko paths Vermeer's model predicts
plastic strains while Consol only gives elastic-strains. Laboratory tests
(referred to in [9J )are in favour of Vermeer'5 model.
At the end of chapter IV a problem was mentioned which occurred when the
stresses reached the origin of the T,a diagram. This could not be avoided
in Consol.
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It was also met in ELPLAST. An extra vertical yield surface at low pressure
topping the Mohr Coulomb cone, and the use of interface elements was suffi
cient for solving the problem.
Both programs, Consol and ELPLAST have been used for computations for the
storm surge barrier. Results will be given in another paper by Kenter and
Vermeer.

VI. DETERMINATION OF PARAMETERS

VI.l. Static parameters for sand

Quality of the stress-strain model

The quality of a Kondner-Duncan type stress-strain model as described in the
previous chapters, was tested by a great number of drained, static triaxial
tests on sand.
A rather defective model will only give correct results for stress-paths of
the type the parameters were determined from. In that case for each type of
stress- path that is found in prototype conditions, a rather complicated
stress path test is required. On the other hand a correct stress-strain model
only needs a few simple laboratory tests for the determination of the para
meters and various more complicated prototype stress-strain conditions can
be described. Because of the great number of piers and different soil condi
tions associated with them, a thorough study of the correctness of the
stress-strain model was of economical importance.
The test program was conducted on fine (d50 = 175 ~) rather uniform sand, which
had lit.t-l,e angularity. The sand is very sl.milarto the Neeltje Jans sand and
characteristic for the Oosterschelde•

Nm,nC"l.l N,mxC"I.)

KORRELVERDELI NGSDIAGRAM.

•00

90

"
80

~ 70

:;:
;:? 60~...
'"
'" 50~
'"~ 40'""..~
iS JO

i~ 20~
i...

;:: .0~
:ta 0

0.002

~/%S f--_:_F:::IJ::..N__ _L_...:.~~:.::~:",E~L_.,.--...L____:6RO::::..F__ +-_.::.F~IJ::..N__ _L___:;~~:~~~EL~_.L._~'~RO~F __ -1 6RIND

N209 ~_~~~18~~=A~CT~IE~ ~ ~Z~A~NO~F~~:::C~TI~E .L._...:.'=RI=N~OF~R~AC~TI~E__ ~

350I'EElTJE JANS.
KATS. 1,7.1,

27 Triaxial tests were run, apart from rehearsals. All tests were drained and
mainly static. One load cycle was included in the consolidation stage as weIl
as the shear stage, in order to examine the unloading and reloading beha
viour. The samples were remoulded.
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The test parameters were:
- porosity (n = 39%, 43%)
- consolidation stress (p = 50, 100, 200, 500 kN/m2)
- anisotropy during consolidation (Ko = 0.33, 0.5, 1.0, 2.5)

lIaH
- shear mode (extension lIa

v
A more detailed description

lIa
= -1,00, compression lIaH= 0, -1)

v
of the tests is given in 1111 and

By trial and error the CONSOL-material parameters which gave the best fitting
curves were determined. Some characteristic curves are given in fig. 6.11,
together with the results of the respective triaxial tests. Because strains
and displacements due to the dead weight of the soil (consolidation-stage)
are set zero in CONSOL-calculations, the CONSOL-curves and triaxialtest-curves
coincide after the consolidation-stage. Moreover, this skips the rather
indefinite stress-strain behaviour at lower stress levels. In genera1 a
good agreement was found between the theoretical and empirical curves, even
for widely differing stress paths.
This means that for Oosterschelde sand a wide range of stress paths, which
are found in prototype conditions, can be represented by one rather simple
stress path for determining the stiffness parameters.
E.g. a good and simple test to determine the stiffness-parameters for sand
underneath the pier foundation may be the following very common triaxial test:
- isotropic consolidation to a characteristic stress level, unloading and

reloading (one cycle)
- shearing with constant confining pressure, unloading and reloading till

failure.

Defects of the stress model and possible improvements

The main defects that were found in the CONSOL stress-strain relation are:
- The angle of internal friction ~ and the unloading modulus ~or compression

Ku are dependent on avol according to the tests (~ ~10- o/k~). This is
not the case in CONSOL . vol m
This error is not serious, if the values are determined at characteristic
stress-levels.

- Dilatancy is described poorly by one parameter ~t ' indicating the turning
point in dilatancy. Another parameter is requiredPto define the magnitude.
Besides, dependancy on a 1 is not included. However, in drained conditions
these defects will not hX~e great influence.

- Anisotropy is not included in the CONSOL stress-strain model. The Oosterschelde
sediments possess mainly a fabric with an n-fold ax. The stiffness in vertical
direction is greater than in horizontal direction; the difference equals the
difference due to about 2% decrease in porosity. If the rotation of the prin
cipal stresses is considerable, anisotropy may not be neglected.
A rather simple and practical way to include anisotropy in the stress-strain
relation might be as follows:
1. determine from a triaxial compression and extension test Sa=9 0 and Sa~oo

respectively. (a = angle between greatest principal stress an~ horizontal,
S = some stiffness parameter) .

2. Adapt the tangent stiffness-parameters according to:

a
90 (Sa=90 - Sa=o)

a being determined at the end of the previous increment. Since a is not very
sensitive for S, an iterative procedure may be omitted at small load increments.

Value of the parameters

The values of the stress-strain parameters which produce the curves best fitting
on the test results were:
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n 39% (compaction by vibrating needles) n 43% (undensified)

~ 400 ~ 350

+ tp 00 ~ tp 200

A 225 A 150

Ki 8500 kN/m2 Ki 7000 kN/m2

Ku 28000 kN/m2 Ku 14000 kN/m2

Ht 200 Ht 150

Hu 275 Hu 150

N 0.5 N 0.5

Rf 0.95 Rf 0.95

These values may be looked upon as representative of the sand deseribed above
under drained, statie conditions.

VI.2. Drained cyclic parameters for seagravel and slags

Testprogram

Seagravel or slags will be used immediately under the piers. It therefore has
to endure a larger cyclic loading component than sand. Besides, it is more
sensitive for cyclie deformation, because of the greater differenee between
maximal and minimal density. Determination of only statie parameters therefore
seems to be inadequate for seagravel.
A cyclic test program was set up, in which the following parameters were in
corporated:
- relative density (~= 0.3, 0.5, 0.6, 0.7, 0.8)

confining pressure tOH = after consolidation)
sand inclusion

t.°H
- shearmode (t.o = 00, 0, representing foundation bed ans sill respectively)

V
- long time performance.
The tests were performed on '3 types of seagravel, one kind of slags and two
tyPes of quarry-stone, all with Fuller-type-grain-size distributions (fig. 12).
Use was made of the big triaxial devices of the Universities of Karlsruhe
(h = 2 m, ~ = 1 m) and Grenoble (h = 1 m, ~ = 0.4 m). Stress control on these
apparatus
to either
are given

has to be done by hand. This limits the possible cyclic stress paths
increasing_o or 0v' for practical reasons. Results of these tests
in [14J ' Ll~J .

lables
SEDIMENTATlOr~
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eo l
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A NA LY 5 E G R A NUL 0 MET R IQU E '"AIR, D.;J'2..;tJ.1f/J.'t
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Description of the method

In figure 13 several stresspaths are drawn, these were calculated with CONSOL for
elements underneath the pier at the Oosterschelde-side. The consolidation stage
of the stress-path for the triaxial test is determined so that it averages the
calculated stress paths for deadweight and head-logs. The first five cycles of
the cyclic load are run along the consolidation path (~aH = K ). For practical

I1fJ 0
V ~aH

reasons the other cycles are run along a cr = constant path (~= 0), with the
same amplitudes, being H V

In this way
(see figure
These are:

~a
Hdeformations are determined for two values of ~

14) : V
at the same amplitude

for
,:laH

(0 < K 1)EK Ka <
~av

and
~aH

E for --= 0
0 ~av

.'

Deformations for values of

~aH
-,- = p (O<p<K ) may be foundua 0

V
by linear interpolation:

( -E
E = (1 + Ka 0 x L)x E = ct X E
P (0 Ka 0 p 0

Because of the high safety coeffi
cients and therefore rather linear
behaviour of the construction, it
is assumed that the factor ct still
holds for greater amplitudes~
Using these correction factors ct ,

one can derive the strains [xp p
belonging to an arbitrary stress
path out of the strains (Xo be
longing to a stress path with

~aH
-- = 0, accordingly:
~av

X
e = ct

P
X

E 0p

if the amplitude

. / 2 . 2'
V(~aH) + (~av) along bath paths

is the same. Three different amplitudes
were applied in the triaxial tests, the
smaller two counting 50 cycles, the
largest counting 10 cycles.

2 WAVES

ó

------- CfWNED cvc:u: TRlAXIAl-
TEST.

-- CALCULATEDWITH Cll'ro..
C '" 0 CEAO.'IEIGHT+HEAD LOSS.
• , • WAVELQo\DS.

(o.i horizontal~tress [KN/M~

STRESPATH5 SEAGRAVEL - FOUNDATION BED.
DUE TO KAT5STORM "'12.

The strains at amplitudes in between may be found by linear interpolation (see
figure 15). The effects of a greater number of cycles was determined by loga
rithmic extrapolation (see figure 16).
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Results

Using the method described above, all materials are present for constructing
the stress-curves for an arbitrary storm. In figure 17 this was done for the
storm that was simulated in Kats-test M2 \13\ . The material considered is
seagravel from Great Yarmouth, a rather angular material with a grain size
distrubution shown in fig. 12.
About 50% increase of shear deformation was found due to cyclic loading. The
"statie" curve was constructed out of the test results by skipping reloading
and unloading deformations. A similar increase could be derived out of the
modeltests in Kats 113\ .

5()()

200

I(}()

GREAT YARMOUTH SEAGRAVEL RD = U8 TEST Al.

DRAINED CYCLIC TESTS.

0.1 oz OJ 04 08 1.0
e:..a.<o'oj

"STATIC" CURVE

-..--+-- CYCLIC CURVE FOR KATS M2 - STORM.

The following parameters of the CONSOL-stress-strain model gave the best fitting
curves:

~ 0.8 Ki 32000 kN/m2

H 1700 A 270

Hu 2500 Ku 200.000 kN/m2

N 0.5 ~ 420

Rf <l>tp 380
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VII. FUTURE DEVELOPMENTS

Three directions can be discerned:
a) the development of stress-strain models
b) determination of model parameters and checking of the models
c) using the models for complicated computations

ad a) The CONSOL project is primarily aimed at production work. Some study on
the subject is necessary, but that will be mainly literature study. Some
development could be necessary when the presented models must be adjusted
to cope with the problems which occur.

ad b) Far more important is how to determine model parameters and to check the
validity range of a model.
A computer model is being developed which supplies the frame work for
these tasks.
All types of laboratory tests involving only the three main stresses and
strains can be stored and retrieved by simple commands.
Implementation of new models should become as easy as possible and de
termination of model parameters should be based on a great number of
laboratory tests. As well as the result the accuracy of the parameters
must also be estimated. Graphical representation of the results can be
given. Models can be checked and compared.
The program must be easily extendable to conform to the users wishes.

ad c) When a suitable model has been found and its parameters can be determined,
it can be used for more complicated computations. One of the tools is a
finite element program. For a couple of years now a new program has been
under development from the integrated system GENESYS. When the stress
strain model is correct, there are still all sorts of boundary conditions
which must be properly specified e.g. interfaces between soil and structure.
The program is built very systematically so these extensions can easily
be made. At the moment a critical state model is built in. Differences
from the usual models are:

1) The usual models have a fixed shape of the ellipse, while the model developed
here is flexible. The basic input is the amount of volumetric strain along
e.g. a Ko path. Because the ellipse is flexible the shear strain along such
a path can also be specified and this determines the shape change of the
ellipse.

2) Usually fixed formulas combine two or more qualities e.g. the failure shear
stress and the isotropic stress by Mohr Coulomb criterion [SJ. It is also
possible to assume arelation between those quantities and to specify the
nature of such arelation when solving a problem. The derivation of the
equations is more complex but the result is more flexible. The user can
choose between a number of preformulated formulas or specify data points
for interpolation.

Integration of the relation will be done by a mixed method. Integration is
carried out fpr each element seperately and the final result will be checked
for equilibrium by an initial stress method.
The program -contains wall elements and a very general set of possible boun
dary conditions. It will be extended to contain consolidation according to
methods of the type described by Smith 1101 . At the moment the system is
partially finished and not yet fully operational.
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APPENDIX 1

Derivation of the solution procedure.

Relations for the shear strain

dT aT aT do
dy ay + aä dy

( 12)

when ij is assumed that T is both a function of y and o.

aT is given by (2)ay

aT 1 2
.c:- = G = -( l-Tb)Jy T a

aTao :s obtained by differentiating (1), which gives

aT y {aa ab}
ao = 2 aB + y ao

(a+by)

a and bare given by '3), (4), (5) so

(13)

aa
dO

a.n
B and ab = b

élö 0
(14) , (15)

eliminating y by substituting (1) gives

éh
dB

To (1- b- T)
T2. n + . bo (16)

(2), (16) in (12) gives

dT
dy

1 2 T-( l-b. T) + {=-( l-b. T)a 0
T2 ae

• n + cr . b} dy (17)

(17) can be written in integral form.

a T T2{dT- {= (l-bl) . n + • b} dä}
o 0

(18)
2(l-bT)

This is the correct equation to be integrated. The original incorrect equation

assumes no relation between y and 0 and so assumes d ä = 0 resulting in

2 dT
(1-b. T)

a ( 19)

When To and 00 are the stresses at the beginning of the step and Tl and 01 at

the end the Euler and Beun type integration formulas can be written as follows:

(18) can be written More briefly as:

f (P.dr

1'::.0: 1'::.0

Q.d ä) with Pand Q stress functions (20)
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Because the effective stresses are the input parameters,the Euler and Heun

integration rules are given by;

for Euler integration (21)

and

for the Heun integration method.

When Tl and Ol are not input values they must be estimated from óy computed by

the Euler integration method.

2. Relation for the volumetrie strain.

Using (8) gives

Ó E vol = f
óä 1vo

according to Hooke's law for plane strain, it follows that

1
(23)

avol = (1+\» • (~ + oy)/2 = (1+\»0 (24)

When it is assumed that the third direction has no influence on the non linear

behaviour, (1+\» can be assumed constant,\)being an input parameter.

(24) and (23) give:

f 1+ \)
K.+A. (1+\»0

- 1
60

do or fR' do
60

(25)

(25) can be solved by the same formulas as (20) which gives

R(O)o 60 for the Euler integration (26)

and

~60{R(Oo) + R(Ol)} for the Heun integration (27)

Formulas 21, 22, 26, 27 can be programmed and the results may be checked with the

original formulas (1) and (7).



11.2

1. Boeluner,J.W.
Christian, J.T.

2. Biegstraaten, A.W.W.M.
Kenter, C.J.

3. Duncan, J.C.
Chang, C.Y.

4. Christian, J.T.
Molina Fernandez, R.

5. Kondner, R.L.
Ze.i.asko,J.S.

6. Rowe, P.W.

7. Zienkiewicz, o.C.

8. Roscoe, K.H.

9. Vermeer, P.A.

10. Smith, I.M.

11. Heemstra, J.
Kenter, C.J.

12. Heusdens, J.J.
Kenter, C.J.

13. De Quelerij, L.
Broeze, J.J.

14. Bösinger, Ing. E.
Meissner,Dr.lng.H.

15. Biguenet, G.

BIBLIOGRAPHY

Plane strain consolidation by finite elements,
M.I.T. R 69-60, Soil Mechanics Publication no.
243, August 1969.

Dilatancy in Consol, Report CO-40.5.81-0/11,
Soil Mechanics Laboratory Delft

Non-linear analysis of stress and strain in soils,
Proc., ASCE, JSMFD vol. 96, no.SMS p.p.1629-1653.

Finite element analysis of large strains in soils,
M.I.T. R71-37, Soils publication no.289 Sept.1971

A hyperbolic stress strain formulation for sands,
Proc. 2nd. Pan Am.Conf.Soil Mech., Brazil 11 (1963)
p.p. 289-324

The stress dilatancy relation for static equilibrium
of an assembly of particles in contact, Proc. Royal
Soc. A 269 (1962) p.p. 500-527.

The finite element method in structural and con
tinuum mechanics, Me.Graw Hili, 1968.

The influence of strains in soil mechanics, Géo
technique 20, no. 2, p.p. 129-170 (1970)

A double hardening model for sand, Delft Progr.
Rep. 2 (1977) p.p. 303-320

Some time-dependent soil-structure interaction
problems, F. Finite Elements in geomechanics p.p.
251-293, wiley (1975)

Triaxial tests on Kats-sand, Delft Soil Mechanies
Laboratory, report CO-406102/39 part A and B
(1977) (Duteh)

Parametrie eomparison of static triaxialtests on
Kats-sand, Delft Soil Meehanics Laboratory, report
CO-406102/40 (1978) (Duteh)

Modeltest on piers, scale 1 : 10. Proceedings of
International Symposium in Soil Meehanies and
foundation design for the Oostersehelde Storm
Surge Barrier, eh. IV.2. (1978)

Bericht über die Durchführung von Dreiaxialver
suehen an Seekies, Institut für Bodenmeehanik
und Felsmeehanik, Universität Karlsruhe (1977).

Des essais triaxiaux exéeutés sur les matériaux
de l'Eseaut Oriental, Institut de Méehanique
(IMG), Université de Grenoble (1978)



11.3
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SUMMARY

Major problems with the design of sea structures are caused by the repeated
loading effect due to wave action. Cyclic shear stresses with amplitudes
far below the undrained strength in monotonic loading tend te develop ex
cess pore pressures, causing a reduction of the stiffness and the residual
undrained strength, which may lead to inadmissible displacements or loss of
stability.
The present paper deals with the cyclic loading behaviour of cohesionless
soils. The mechanism of cyclic loading is discussed on the basis of constitut
ive parameters which govern the pore pressure generation. Selected topics of
laboratory investigation are presented, like the effect of average versus
cyclic shear stress ratio, B~/kD-determination, preshearing behaviour and in
terpretation of stormloading tests. Solution methods to boundary value problems
are reviewed. Two methods which have been applied in connection with the Ooster
schelde caisson tests are briefly described.

INTRODUCTION

Although at present the phenomenon of cyclic loading and its imp1ications for
cohesionless soils are fairly well understood, quantifying its effects is still
a serious task. Pore pressures would not be so much a matter of concern if we
were not used to express structural safety through stability against failure in
terms of effective stresses. Separate consideration of pore pressure is neces
sary as we are yet unable to carry out calculations based on the simultaneous
equilibrium of soil skeleton and pore fluid storage equations. However, effect
ive stress strain relations in case of alternating stresses are extremely diffi
cult and computer time involved in tracking individual load cycles is very large.
On the contrary, experience has been obtained with considering the pore pressure
generation within individual cycles as induced by an external agency and calcul
ating the response of the soil by following peak cycle loading. In this concept
pore pressure production is made a function of the initial stress condition and
the stress variations in successive cycles. Both the determination of these stress
es and the calculation of the response to the generated pore pressures in terms of
displacements require adequate stress strain relations, which preferably may be
obtained from cyclic laboratory tests. Stress strain relations are subject of the
contributions to this symposium by Marr and H~eg and by Biegstraaten and Kenter.
The present paper deals with the determination of pore pressures only.

1. THE MECHANISM OF CYCLIC LOADING

1.1. Undrained versus drained cyclic loading

The most commonly used method to study cyclic loading behaviour of sand is by
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undrained cyclic triaxial and simple shear testing. This originates from the si
milarity with in situ wave or earthquake loading, which is virtually undrained in
a single load cycle, but also from the comparative simplicity of solving the
field problem by an uncoupled method.

A main information obtained from cyclic laboratory tests is pore pressure gene
ration in undrained loading and volume change in drained loading. To interpret
the basic mechanism let us compare a drained and an undrained cyclic triaxial
test with octahedral effective stress, a', respectively total stress, a, kept
constant. Figure 1 shows the volume change in the drained test and figure 2 the
pore pressure change in the undrained test for the first few cycles. Figure 3
shows the decrease of volume and figure 4 the increase of pore pressure as a
function of number of cycles for two cyclic stress ratios Tc/aó. Subscripts c
and 0 denote the cyclic and initial static components respectively.

In a drained test there is a volume increase at the end of the loading stage of
the first cycle if the sand is denser than critical (figure 1), however, a vol
ume decrease if the density is below critical. Af ter the first full cycle there
is always a net volume decrease even for the densest sand (at least according
to the authors tests). During subsequent cycles the volume decrease per cycle
decreases rapidly and finally approaches zero as shown by figure 3 for both low
and high cyclic stress ratios. In the undrained test there is a pore pressure
decrease in the loading stage of the first cycle for densities above critical
and always a positive excess pore pressure after completion of the first cycle
(figure 2). The pore pressure generation per cycle usually decreases during the
first few cycles, whereafter it tends to stabilize. with increasing number of
cycles the generation may approach zero at low cyclic stress ratios; however,
at high cyclic stress ratios pore pressure will be produced at an increased rate
again until it approaches the octahedral total stress (figure 4).
The plastic volume decrease per cycle in a drained test is recovered in an un
drained test byelastic expansion of the soil skeleton, causing a pore pressure
rise to the extent of the elastic unloading. This is the conventional elastic
plastic explanation of pore pressure generation, which is not quite correct in
detail. In an undrained test with constant cyclic shear stress amplitude several
factors govern the local concavity or convexity of the generation curve of
figure 4. The normalized pare pressure generation per cycle, termed B-coefficient,
tends to decrease with number of cycles due to the non-linearity of the recom
pression curve and due to the decay of plastic volume decrease per cycle in a
drained test. However, it tends to increase due to a growing effective cyclic
stress ratio after each undrained cycle. Such influencing factors may be recog
nized in an analytical expression for B as given in the next section. In a first
approximation B may be considered as a constant for practical analysis, in which
case it is frequently defined as the tangent to the linear section of the gene
ration curve.

1.2. Factors influencing pore pressure in a soil element

Consider a saturated sand element under cyclic laad and a fixed simple mode of
deformation, i.e. the direction of stress and strain increments may be constant
except for cyclic changes of signs. The pare pressure generation in one cycle,
~u, can formally be calculated (Gudehus, 1978) as:

I - (~Sin V) load - (~sin v ) unload I (1)

and Bjerrum's parameter B is expressed:

B !K Tc
8 0'

o
(2)
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Relevant are three constitutive parameters of the grain skeleton, in general
different for loading and unloading, viz.

D, an incremental elastic bulk modulus, ~a' = D~Ee,
M, an incremental distortional stiffness modulus, representing plastic shear

behaviour, ~T = M~yP,
sin V, a factor of dilatancy, relating incremental plastic volume strains and

distortions, ~EP = ~yP . sin V.

Equ. (1) does not serve to calculate ~u from elastic-plastic parameters but to
outline some factors of influence, based on the present knowledge on constitu
tive parameters. Assuming rate independence of the above parameters, Equ. (1)
demonstrates that frequency and shape of stress-time oscillation curves have no
influence, which seems in agreement with experimental evidence. It also shows
that the octahedral component of the cyclic stress variation does not influence
pore pressure generation. For simplicity's sake the parameters D, M and sin Vare
discussed separately, although they are not independent.

Dilatancy is the most important factor. Taking D/M as constant for this instant
(which will be acceptable after a certain number of cycles within the same mode) ,
we can conclude from Equ. (1): For having a net pore pressure increase sin V must
be negative for unloading and of bigger amount than the possible sin V for load
ing. Goldscheider (1976) has in fact found that the amount of contractancy upon
load reversal always exceeds the one of dilatancy, and that the biggest .difference
occurs for loose sand. Thus two things seem to be justified: the liquefaction po
tential is ncn-zero for all densities, and maximum for low density.

D and M both depend on mean stress level a' in a similar manner, whereas sin V
does not. Thus, in first approximation, ~U/Tc may be stress-level independent.
Otherwise D may be constant, but M is certainly not. M is different for loading
and unloading (Mload < Munload)' increasing with the number of cycles for a con
stant effective mean stress, which is referred to as the "preshearing" effect
(cf. Sec. 2 of this paper), and decreasing with the effective cyclic stress ratio
or mobilized strength (Darve, 1976). Most of these factors have been studied by
comprehensive LGM tests (LGM, 1975).

Any interpretation is far more complicated if the direction of stress and strain
increments changes. Dilatancy and stiffness undergo extreme variations for such
changes (Goldscheider, 1976, and Darve, 1976), and the same holds for ~U/Tc by
Equ. (1). This effect is often referred to as "directional effect" and was repeat
edly verified in liquefaction tests (e.g. Mori et al, 1978). Note that preparation
of samples can also produce such a directional effect.

2. SELECTED TOPICS FROM CYCLIC LABORATORY TESTS

2.1. General

Several hundreds of cyclic loading tests have been carried out during the years
of 1974 till 1978 at Delft Soil Mechanics Laboratory (LGM), Massachusetts In
stitute of Technology (MIT), Norwegian Geotechnical Institute (NGI), Instituut
voor Grondmechanica en Funderingstechniek (IGF) and the University of Karlsruhe to
assist the design of the Oosterschelde Storm Surge Barrier. The majority of these
tests, communicated by internal reports, LGM (1975), Lambe (1977), NGI (1977),
IGF (1976), Goldscheider and Winter (1977), have served as an aid to predict the
behaviour of large scale model tests.
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Some of the parameters investigated are:

- cyclic shear stress amplitude, Tc;
- average shear stress, Ta;
- consolidation pressure, 00;
- cyclic stress path;
- overconsolidation (isotropic and anisotropic);
- cyclic frequency;
- shape of stress-time pulse;
- 8~/kD-determination;
- initial porosity;
- preshearing;
- drained versus undrained cyclic loading;
- variable cyclic shear stress ("storm-loading");
- undisturbed versus reconstituted sampling;
- preparation method of reconstituted samples;
- sand type;
- strain-controlled cyclic loading;
- simple shear versus triaxial testing.

It is outside the scope of this report to discuss all these parameters, some of
them have been reviewed excellently in recent literature (Seed, 1976), and dis
cussed by Lambe (1977) in connection to the Oosterschelde closure. The following
sections deal with some special topics which seem to have attracted less attention
in literature.

2.2. Effect of average and cyclic shear stress ratios

The actual stress paths experienced by elements of the foundation soil within a
full load cycle have a complex shape and vary from one point to another. In addi
tion rotation of principal axes may occur, and if so, as for instance for ele
ments below the central section of a symmetrically loaded structure, simple shear
tests may be more representative than triaxial tests. Simplified stress paths for
a number of significant elements must be selected to be studied by laboratory
tests. As cyclic shear stress variation is evidently the primary parameter govern
ing pore pressure generation, such paths may be chosen as the straight paths con
necting the stress points with maximum and minimum shear stress. Simulating them
in laboratory tests may involve the variation of mean stress depending on the capa
bility of the testing equipment, but certainly must satisfy the shear stress vari
ation between Ta ~ Tc. Cyclic shear stress variations with a pronounced average
static component may occur below the edges of a structure due to a rocking action
superimposed on the permanent load, but also below the center of a structure if it
is subjected to static tidal forces.

Figures Sa and Sb show typical pore pressure generation and cyclic strain curves
versus number of cycles in undrained simple shear tests for samples subjected
to the same cyclic shear stress Tc but with different average shear stress Ta:
symmetric loading with Ta = 0 and asymmetric loading with Ta = Tc. The difference
in average shear stress causes a more rapid pore pressure generation and a smaller
number of cycles to "failure" (large strains) in asymmetrie loading. It is also
interesting to observe that the excess pore pressure starts to increase from the
very beginning of cyclic loading. The increase of shear strains, on the other hand,
is relatively modest until it suddenly starts to increase significantly as failure
is approached. This is especially true for symmetric loading. It indicates that
excess pore pressure is a more sensitive parameter to work with than strains for
cohesionless soils.
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Results of simple tests with different cyclic shear stress ratios are summarized
in contour diagrams as shown by figures 6a, b and c for an average shear stress
of 25 kN/m2, expressing the number of cycles required to reach equal levels of
pore pressure and cyclic strain by different cyclic shear stress ratios. This
kind of diagrams have proven to be useful as summaries of test results and also
for further use and interpretation of the test results.
Figures 7a and 7b show the number of cycles to reach an excess pore pressure 50%
of vertical consolidation pressure and to reach a cyclic shear strain of 3% as
a function of cyclic stress ratio Tc/Ovo for different average shear stress ratios.
These plots indicate that the ratio of average versus cyclic shear stress is a
significant parameter to characterize pore pressure generation and deformation in
cyclic loading: At equal cyclic stress ratios both pore pressures and cyclic
strains develop at a higher rate with increasing ratio Ta/Tc. Similar behaviour
has been observed in cyclic triaxial tests.

2.3. Determination of S~kD

Goldscheider and Winter (1977) have developed a triaxial device for directly
measuring SZ/kD, parameter required for estimating upper bounds of pore pressures
in earth bodies (Gudehus, 1978). This is briefly described here.

A cylindrical sample (h = 18 cm, d = 10 cm) is saturated with glycerine encap
suled in a latex membrane and drained on one end. The sample is loaded in a tria
xial cell by 010 ~ ~01 and 030 ~ ~03· The cyclic stress components ~01 and ~03
can have different magnitudes and signs, but their frequencies are equal. The re
ference stress values Oio and o~o can be fixed at will. Only tests with 0i > a~
are possible as yet. The pore pressures on both ends and in midheight of the sam
ple are measured and evaluated.

Saturating the sample requires some care as any inclusion of air and any access
of water must be avoided. This is achieved by first saturating the sample with
deaired water and then replacing the water by flowing through the sample with
glycerine. The sample is preconsolidated under Oio and 030 to produce a well-de
fined initial state. Cyclic loading is executed until the pore pressure becomes
stationary. SZ/kD is calculated on the basis of the linear theory of pore pres-
sure production and dissipation with special allowance for the viscosity of glycerine.

Contrary to other liquefaction tests, the sample is not brought to failure (at least
not intentionally), and there is no problem of rubber mould penetration.

Figure 8 shows the measured pore pressures versus the number of cycles N. The
sample was fine Oosterschelde sand with n = 0.36. The stresses varied between
0i = 300 kN/m2, 03 = 300 kN/m2 and 0i = 450 kN/m2, O~ = 300 kN/m2• Quite typically,
there is a marked pore pressure production in the first few cycles, followed by
a reduction due to drainage up to a certain almost stationary final value.

This process is somewhat similar to the pore pressure development in the first
Oosterschelde large caisson test (De Leeuw, 1976 and Heijnen, 1976). It appears
that preshearing reduces ~/kD considerably.

2.4. Preshearing

In a real storm generally much more cycles occur than can be applied in an un
drained laboratory test without causing failure in cyclic loading. This is due
to partial drainage in the field (higher effective stresses) and due to a de
creasing response of the soil to shear stress reversals with number of cycles.
The latter is the so-called preshearing effect. This effect is here considered
for certain fixed modes of shearing as simple shear or triaxial. It has been re
ported by Finn, e.a. (1970) and later by Bjerrum (1973) as the influence of prior
strain history on the liquefaction characteristics of sand, and it has been referred
to in this paper as being reflected by an increase of the distortional stiffness
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modulus M (cf Sect. 1.2). It is hypothesized that the accumulated plastic
volume strain may be a measure for the increase of distortional stiffness M
and by this for the decreasing liquefaction potential. The decay of plastic
volume decrease per cycle, however, is an effect of a decreasing modulus M,
which reveals itself through the relation between distortional and volumetric
plastic strain increments. The accumulated plastic volume strain by preshearing
remains very small and has no direct relation to the strain increments per cycle.

An attempt has been made to evaluate the preshearing effect by studying un
drained cyclic triaxial tests with intermittent drainage stages. The pore press
ure generation per cycle at the end of each undrained stage has been plotted
against the accumulated volume or porosity change nroduced in previeus drainage
stagesfor different values of the cyclic stress level as shown by figure 9. As
the cyclic stress ratio is normalized with respect to the initial consolidation
stress, Tc/O~, the undrained stages should be continued to a constant pore press
ure level ~u/O~ for the B versus ~n curves te be related to a constant effective
cyclic stress ratio as weil and to a constant value of the incremental recom
pression .noduLus D. This condition has not been met in the present tests, which
may have contributed to the scatter of B-values at the higher cyclic stress ratios.
The B versus ~n relations, shown in figure 9, have been obtained by staged tests
with increasing cyclic stress ratios in subsequent undrained stages. The question
arises to what extent these relations depend on how the accumulated volume change
has been reached. This has not yet been investigated thoroughly, although the
present tests seem te indicate that pore pressure generation is somewhat higher
if a particular volume change has been reached by a few cycles with high stress
ratios than if it had been reached by a larger number of small stress ratio cycles.
Sets of 8 versus ~n curves for different preshearing histories may therefore be
required.

In view of the dependency of pore pressure generation on effective cyclic stress
ratio sets of B versus ~n curves may have to be established also for different
excess pore pressure levels ~u/O~.

2.5. Interpretation of varying cyclic shear stresses ("storm-loading")

Storms are composed of waves with different heights, and the cyclic shear stresses
in an element will change from one cycle to another. A procedure for taking the
effect of varying cyclic stresses into account in calculations has therefore been
developed.

The procedure is based on the results from stress-controlled tests with constant
shear stress amplitude (figure 6). It predicts generated pore pressure and de
velopment of average and cyclic shear strains for soil elements subjected to
varying cyclic shear stresses under undrained conditions. The procedure is based
on the assumption that the generated excess pore pressure accumulates during the
storm. For a wave at any time in the storm, the soil starts out with a pore
pressure which is equal to the pore pressure at the end of the previous wave.
This is valid irrespective of whether the cyclic stress ratios are different or
not for the new and the previous waves. This means that an element subjected to
varying cyclic shear stresses will follow a pattern in the pore pressure contour
diagram as shown in figure 10a. It may be seen from the figure that the pore
pressure generated during one cycle will depend on the previous cyclic stress
history. This pore pressure accumulation procedure is based on the same ideas
and principles as the strain-accumulation procedure described by Andersen (1976)
and Andersen, Hansteen, H~eg and prévost (1978).

From the predicted pore pressure pattern in figure 10a a cyclic stress history
may be transformed into an equivalent number of cycles with constant cyclic stress
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amplitudes. This can be done at any stage of the stcrm. For the example in
figure 10a, the complete cyclic stress history is equivalent to 975 cycles

2 Tc
at a cyclic shear stress of + 15 kN/m (--,-= + 0.043). Earlier in the storm,

- avc -
at point A, the stress history is equivalent to 24 cycles at a cyclic shear

2 Tcstress of + 25 kN/m (--- = + 0.071).
O':'c

The predicted pore pressure pattern defines the equivalent number of cycles and
the corresponding cyclic shear stress ratio at any stage during a storm. This
can be used to find the corresponding average anà cyclic shear strains which
develop. As an example, for point A with an equivalent number of cycles of 24

Tc
at a cyclic stress level, ao- = ~ 0.071, the strain contour diagrams in figure

vc
lOb and lOc show that the average and cyclic shear strains will be 0.3% and
+ 0.06% respectively.

The procedure described above has been used to calculate the behaviour of sim
ple shear tests which were run with varying cyclic shear stress. A comparison
between calculated and measured values of pore pressure and average and cyclic
shear strains is presented in figure 11. The agreement between calculations
and measurements is reasonably good.

3. METHODS Ta SOLVE BOUNDARY VALUE PROBLEMS

3.1. Survey of boundary value problems

As outlined above, the building of pore pressure in a homogeneously strained un
drained sand element depends on many factors in a very complicated manner. This
is even more so for a sand body with non-homogeneous stresses and strains. The
boundary condition of forces, displacements and drainage must be given. In ad
dition, the initial stress field is needed.

It is helpful to consider three groups of solution methods (Gudehus, 1978). The
fully coupled methods try to observe all conservation laws (mass, linear momentum)
and constitutive laws (grain skeleton, pore fluid) with an assumed relationship
for the exchange of linear momentum between the two phases. It is possible to
write down these conditions as linear equations in the respective increments of
effective stress, strain and pore pressure. Transposed into a suitable finite
element form, this is a set of equations with a non-symmetric matrix, causing
some well-known numerical problems.

The real problem, however, is the strong dependence of incremental stiffness on
effective stress, direction of increments, and previous cycles (cf. Sec. 2.4 of
this Report). Effective stress is, on principle, given by updating previous cal
culation steps. This procedure may appear as trivial, but it implies an accumu
lation of incomplete knowledge concerning initial stress field and sequence of
incremental stiffness matrices. The directional dependence of incremental stiff
ness renders the problem incrementally non-linear. This non-linearity is neces
sary, cf. Kolymbas (1978) and Darve (1976). Even if the directional dependence
may be given, almost nothing is known about convergence and uniqueness of the
iterative procedure required to solve the system of non-linear equations. Ac
tually the directional dependence of incremental stiffness is rather weil un
derstood only for the first cycle (Kolymbas, 1978, Goldscheider, 1976, Darve,
1976), but not for a big number of cycles.



11.3

- 8 -

Thus the fully coupled numerical methods are as yet outside of the range of ap
plicability. Semi-coupled may be called those methods that satisfy conservation
and constitutive laws only for certain groups ('bunches') of cycles. Only the
cumulative stresses and strains within each 'buneh' are correlated. Typical
simplified constitutive laws of this type correlate stress, strain and pore
pressure with the number of cycles. The conservation laws of momentum and mass
are satisfied after each 'bunch'. This method is certainly simpler than the
fully coupled methods, but the inherent errors can scarcely be judged. Note
that conservation and constitutive laws within each cycle will generally be
violated. It would be desirable to have at least a few correct solutions of
the fully coupled methods to check the validity of semi-coupled methods. With
out these it can only be conjectured thattheerrors are the bigger the more
important the influence of kinematical constraints is.

Even cruder, but also simpler, are the uncoupled methods. The effective stress
fields (average and cyclic) are determined in advance. Then only the production
and dissipation of pore pressures have to be calculated. This procedure leads
to simplified estimates of pore pressure generation (Gudehus, 1978). It is also
possible to work with updated effective stresses, which is necessary in case of
a relatively strong pore pressure generation (cf. Sec. 2.4). In the uncoupled
methods the constitutive law of the grain skeleton is not considered in detail.
In other words the system is, in asense, assumed as statically determinate.

Model tests are an attractive alternative, but are not considered here (Smits,
1977).

3.2. Pore pressure calculation with updating of cyclic response

A procedure is described to calculate pore pressure generation by actual storm
loading, which allows for the capacity of the soil to improve its resistance
against liquefaction by preshearing during the rise time of a major storm or
during prior moderate storms. It has been applied for the first time to predict
the Neeltje Jans tests by a simplified uncoupled analysis (Smits, 1976), which
is reported in a contribution to this symposium. Considering preshearing will
also reduce the dependency of calculated excess pore pressure on sample form
ation techniques.

Suppose a storm being divided into a number of parcels, which are of sufficient
duration that a probability distribution of wave heights may serve to assess
the number of individual wave heights, but otherwise with the shortest possible
duration to allow maximum sensitivity of the calculation procedure to the rise
time of the storm. Within each parcel the production of pore pressure is calcul
ated as if loading by individual cycles was undrained, keeping track of simul
taneous dissipation by operating a consolidation equation which contains the
rate of generation as an added pumping term w,

Yw "I
(~- w)

kD at (3)

with
TC T

W a n -tm)0' .f .B(0" - , n ,
0 Tc: 0 0

c

where f is wave frequency

(4)
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The parcel is divided into a number of small time intervals ~t, for which
Equ. (3) is solved. After each interval the pumping term is updated.

The first step in the analysis is to determine cyclic shear stress ratios for
individual elements or zones of the foundation soil due to boundary loading
by the maximum wave. In a first approximation it is then assumed that cyclic
stress ratios due to smaller waves are proportional to the wave forces.
The cyclic stress ratios required are the actual shear stresses Tc and Ta nor
malized with respect to the mean or octahedral consolidation stresses o~.
In the present case these are obtained by closed-form plasticity soiutions,
assuming constant mobilization of strength. However, they may as weil be obtain
ed from a suitable finite element calculation. At the start of a new parcel and
of subsequent updating steps stresses o~ are determined by allowing an actually
non-existing fuil dissipation of pore pressures under the action of the weight
of the structure and the instantaneous tidal force. The average shear stresses,
la' are determined in drained loading by the weight of the structure and the
instantaneous tidal force at the field stress condition resulting from the pre
vious parcel or time step ~t. The cyclic shear stresses, lc' are obtained by
undrained application of the maximum wave load within the parcel at the field
stress condition resulting from the previous parcel or the previous time step ~t.
Having determined the cyciic stress field, the rate of pore pressure generation
for the elements is obtained by calculating the production per cycle, using 8 ver
sus lc/a~ relations, accumulating over the number of cycles at individual wave
heights and dividing by the parcel duration. This is a valid procedure only if
a random sequence of wave heights within a parcel may be assumed.

Due to simultaneous dissipation the above procedure would lead to stationary pore
pressures eventually if not the rate of generation would decrease due to pre
shearing. Keeping the rate of generation constant over a time interval ~t, it is
adjusted for the next time step by selecting new 8-values according to the redis
tributed stress field and the accumulated plastic volume strains produced by pre
vious cycies (using 8 versus ~ relations of figure 9). Consolidation proceeds
with updated pumping term and initial excess pore pressure condition. The accumul
ated plastic volume strains are calculated from the consolidation process. For
this reason the stiffness modulus D in Equ. (3) is to be obtained preferably from
the intermittend drainage stages in cyclic laboratory tests.
Actual excess pore pressures in certain cases may decrease after having reached a
maximum within a parcel (Smits, 1976). This has been verified by model tests and
has also been observed in the 8 /kD tests (Smits, 1977, Goldscheider and Winter,
1977).

3.3. Pore pressure calculation using contours to evaluate storm-loading

A procedure is described to calculate the excess pore pressure due to a rise of
tide and due to a subsequent storm, which has been applied to predict the beha
viour of the Hammen 17 caisson (NGI, 1977).
The caisson is embedded 9 m into the soil and 46 m wide as shown in figure 12.
The tide difference is assumed to rise to a maximum of 7 m on the sea side in
the course of 5 hours. It is assumed that the storm loading occurs after the
tide has reached its maximum height. The waves which are of significance for the
pore pressure generation are listed in the tabie in figure 12 in the order they
occur.
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The tide will cause a horizontal force on the caisson and a vertical pressure
equal to the tide difference on the seafloor at the sea side, which introduces
seepage forces in the soil. The excess pore pressure which will be generated by
the tide is a function of the octahedral normal stress changes, the shear stress
changes (dilatancy effect) and the drainage boundary conditions. For simplicity
the dilatancy component is disregarded in this example. If the soil were undrain
ed, the pore pressure changes would thus be equal to the octahedral normal stress
changes. These may be calculated with a finite element method using a material
model according to Duncan and Chang (1970).
The effect of drainage has been evaluated by means of a finite element analysis
for uncoupled consolidation, with the computer program FECON 2 (Martin and
Schiffman, 1977), assuming that the pore pressures are generated with a constant
rate. The calculated excess pore pressure distribution after 5 hours, when the
tide has reached its maximum value, is presented in figure 13.

The pure pressure generation in the soil beneath and around the caisson at the
end of r.hestorm is found by first calculating the pore pressure which could
have been generated if no drainage were taking place. It is then assumed that
this pore pressure is building up with a constant rate during the storm, and the
simultaneous pore pressure dissipation during the storm and the remaining excess
pore pressure at the end of the storm are calculated. (A varying rate of gene
ration could also have been analysed.) The excess pore pressures from the tide,
figure 13, are input <.'sinitial pore pressures.

To start calculation of pore pressure production cyclic shear stress ratios
TcjO~, have been determined by a finite element analysis with a material model
based on Duncan and Chang (1970) and Hardin and Drnevich (1972). Other improved
material models may be used. Figure 14 shows a distribution of the calculated
stress ratios for the maximum wave, whereas stress ratios for smaller waves are
assumed to be proportional to the wave forces. Each element will thus be subject
ed to a storm-loading composed as shown in the table in figure 14.

In section 2.5 on interpretation of varying cyclic shear stresses, it was shown
that the excess pore pressure generation can be determined by accumulating pore
pressure in a contour diagram as the one of figure lDa. In this way the excess
pore pressure has been determined for all elements in the soil. The results is
presented in figure 15a which shows the excess pore pressure generated by cyclic
storm loading under undrained conditions at the time the maximum wave attacks.

The pore pressure dissipation occurring simultaneously with the generation has
been calculated by the same program for uncoupled consolidation as used for the
dissipation of the pore pressures generated by the tide. Since there will be a
reloading of effective stresses during the pore pressure dissipation, the un
loadingjreloading compressibility was used.

The calculated development of excess pore pressures with time is presented in
figure 16 for 4 different points in the soil. The pore pressure generations un
der undrained conditions are included for comparisons. The distribution of ex
cess pore pressure at the end of pore pressure generation including the effect
of drainage, is presented in figure 15b.
As mentioned in section 2.4, cyclic loading accompanied by preshearing will re
duce the tendency for excess pore pressure generation. This effect is disregarded
in these calculations. For the Oosterschelde soil conditions, this will be conser
vative, in the sense that the calculated pore pressures in figure 15b will be
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upper limits. Instead of analysing the entire storm period the storm may be
divided into smaller time intervals. The procedure may then be used to analyse
each time interval and update the soil properties from one time interval to
another.
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SYNOPSIS
The designcriteria of the Stormsurgebarrier Oosterschelde are related to the
designcriteria of sea-retaining dikes, which are postulated in statistical terms
by the former Deltacommittee.
Both loads on and strength of the SSB-structural elements are determined in
statistical terms in order to check the semi-probalilistic design and the
stipulated probability of failure. The probability of failure is derved by
means of probabilistic calculations. Described are transformation of boundary
conditions into a probability distribution of loadings. The principle of the
probabilistic computation and the determining of the basic variables of the
foundation structure is indicated. The calculated probability of failure is
discussed in relation with the partial safety factors of the semi-probabilistic
method. The effects of varying the statistical parameters on failure probability
is shown. ,I

1. GENERAL ASPECTS
The stormsurgebarrier (SSB) across the mouth of the Oosterschelde, has been
planned, to permit the closure of this estuary during stormfloods. Under normal
circumstances, the reduction of the vertical tidal movement, due to the open
barrier is not allowed to be more than about 20%. Because the SSB will be closed
when a high sealevel occurs, enormous forces will be exerted during extreme
stormfloods. This paper gives some information about the probabilistic approach
of both the loading on and the design of the SSB.

After the stormflooddisaster of February lst, 1953, the Netherlands Delta
Committee stipulated that primary sea-retaining structures have to provide full
protection against stormsurgelevels with an excess-frequency of 2,5 * 10-4 per
year. In the case of convential defences, such as dikes, an extreme waterlevel
may be used as a designcriterion, because overtopping is the most important
threat to dikes. However, this differs in the SSB case. This construction
consists of concrete pillars, steel gates, a sill, bottomprotection and a
foundation. These components have to be designed on the basis of loadingcombina
tions which will give the most dangerous threat to the structural stability.
These loading combinations originate from waves and headloss and are threrefore
only partially dependent on the seawaterlevel.
This means, that the direct link with the Deltacommittee stipulation has been
lost. Therefore, the design highwaterexcessfrequency is considered to be the
excess-frequency of the "potential threat" to a sea-defense, whatever the construc
tion appearance maybe. This means a research programme which has to result in a
probability density function (p.d.f.) of loadings (forces, moments, pressures),
derived from the multi-dimensional p.d.f. of the natura1 boundary conditions
(waves, seawaterlevels, inside waterlevels), and of the responsfunction of the
construction.
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Using the p.d.f. of the loadings, there are several design levels on which a
design-process can be carried out. In the different levels is expressed how far
the stochastic character of the construction itself is taken into account.
The more stochastic aspects are incorporated into the designprocess, the more
complex the designprocedure will beo The following scheme (fig.1) gives the
various levels, with increasing complexity, on which a construction can be
designed.

Sczmi
probabilistic

Dczsign Bczaring
loading capacity strczngth

D<ztczrministic .. -_~

---+ ---- ----- ---- ---- ---- ---- ----

(Level I)
,---'-------,

p. d. t. 's
loadings

Charactczristic
loading

FAILURE
FUNCTION

Z::. S - L

Strczngth

De s iqn

p.d. t. -s
strength
pur-crne ter-s

Chcr-oc te r-Ist!c
str<zngth

- --- - --- - --- - --- - --- - --- - ---- - ---

Probabilistic

(Level lI)

PROBABILITY
OF FAILURE

Pr ( l < 0 )

fig. 1 Designlevelscheme

In the deterministic method, attention is hardly paid to the stochastic aspects
of the designprocess. All uncertainties are considered to be covered by one,
overall, safety factor. In the semi-probabilistic method, a deterministic choice
is made with regard to the design load. In this case: the load with the probabi
lity of exceedance of 2,5 !t 10-4 per year, the so-called "extreme load" is
chosen. By means of a set of safetycoefficients, the stochastic character of the
parameters, involved in the bearing capacity of the construction (e.g. strength,
dimensions, model-results) is incorporated. With the help of these safety-coeffi
cients, the design-load and the characteristic strength (the strength, having a
defined lefttail probability) are separated. Information is given in more detail
in par. 4.
Reference to the probabilistic method is made, when both the p.d.f.'s of the
loadings and the strength-parameters are taken into account in the mechanical
calculations to evaluate the failure probability of a structural element.
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The SSB is a construction, consisting of various components. The failure probabi
lity of these components is calculated by means of the probabilistic calculations.
One of the aims of the probabilistic approach is to obtain knowledge about the
failure probability of the complete construction. Therefore the relation between
the failure of the components and the complete construction must be known. Also
knowledge about other failure-influencing aspects such as mis-management have to
be known. Instruments to demonstrate the interactions between these aspects are
the "event- and faulttrees".

As the SSB is a complex structure and the probabilistic method a new technique,
the policy will be that the construction is designed by the semi-probabilistic
method and checked as much as possible by the probabilistic method. This has the
advantage, that on the one hand the safety coefficients used can be tested and
on the other hand effects of variations in the p.d.f.'s of constructionproper
ties can be made clear quantitatively. This will provide information for the
set-up of testing-systems and control programmes.

The formation and use of fault-trees will be discussed in par. 2. The way in which
the p.d.f.'s of the loadings, based on the p.d.f. of the natural boundary condi
tions have been determined, will be discussed in par. 3. In par. 4, is explained
how the p.d.f. of the strength was achieved and the use of the p.d.f. in both
the semi-probabilistic and the probabilistic method. Finally par. 5 discusses
how the failure probability has been calculated for the various ultimate
bearing-capacity models of the foundation.

2. FAULTTREES
A faulttree is a very usefull instrument for analysing the failurebehaviour of
a complex system. It can be defined as a scheme of the causal relationships be
tween a well-defined undesired situation and all the possible causes. Information,
necessary for the formation of a faulttree is obtained from "event-trees".
An event-tree is a scheme of the causal relationship between a well-defined
undesired event (= one of the causes of the faulttree) and all possible effects.
Concentrating on faulttrees, it is stated that an undesired situation uan be
caused by:

- technical failure of structural elements
- management faults
- aggressive human action (sabotage, war, etc.)
- Acts of God (meteorstrike, planecrash, etc.)
In the SSB case, the undesired situation is the inundation of parts of Zeeland
caused by an extreme discharge through the barrier.
The engineering responsibility is mainly limited to the technical failure of
SSB-parts or the complete SSB.
The failuresystem of the SSB consists of 3 main elements:

~malfunctioning without structural
- M: management system ~ failure

~ failure of structural elements

exceedance of loading } of
- T: technical system /"" construction

.............shortage of bearing capacity elements

- C: causalities --+causal relationship between malfunctioning
and failure of construction elements

These 3 elements contribute tot the failure probability of a certain construction
element.
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The influence of M is the most difficult to estimate, but can be limited by
reducing the influence of human error e.g. by using computor processing. Impor
tants parts of M can be transferred to T, which can be more objectively quanti
fied. The probabilities of Tand C can be evaluated by means of the probabilis
tic calculations. The correlationfactors Pi' P2, etc., which indicate the
individual contribution of M, Tand C to the next undesired event, are also
necessary. However, there is often a lack of statistical information about these
correlations. Then, "engineering judgement" has to contribute.
With the help of the described analysis, the effect of the failure probability
of for example element a3 on the failure probability of the SSB can be made clear.
Also the effect of improvements of the foundation (e.g. by better compaction) on
the SSB-failure probability can be quantitatively judged. Furthermore, the effect
of measures in the management sphere can be traeed.

3. PROBABILITY FUNCTION OF LOADINGS
In the case of the stormsurgebarrier it is obvious that loads exerted by the
natural boundary conditions mainly by waves and headloss play a dominant role.

The following scheme
tries to show, that not
only knowledge of these
boundary conditions is
necessary, but that
some transfer functions
have to be available to
transform these natural
boundary conditions -
given a certain
geometry - in loads
acting on the barrier.

NATURAL BOUNDARY
CONDITIONS

GEOMETRY~---+1



111. 1

- 5 -

These transferfunctions can be the result both of mathematical and scale modeis.

By considering the natural boundary conditions as stochastic elements with their
probability density functions it is possible to determine a statistical descrip
tion of the total load acting on the barrier (being a combination of wave and
headloss-loads) following the above-mentioned scheme.

For the determination of the loadings the most important boundary conditions are:

1. the stormsurge level at sea
2. the waterlevel on the Oosterschelde
3. the prevailing seastate.

For the headloss 1 and 2 are decisive; 1 and 3 for the wave-load on the barrier.
The stochastic properties of these parameters will now be discussed.
For the distribution of the stormsurge level on the sea the already well-known
excess frequency curve for stormlevels for Burghsluis and Vlietepolder (corrected
on influences due to the Delta Works, inclusive of the SSB) has been used as a
starting point. This frequency curve has been based on many years of statistics.

F (HW>HW) = exp (-2.3 HW - 2.94 )
0.696

The distribution of the waterlevels on the Oosterschelde has been based on the
distribution of low-waterlevels which preceed stormsurgelevels, which will lead
to the close the barrier. Next, consideration was given to the effects of the
Oosterschelde-waterlevels caused by the closed barrier, such as wind setdown,
translation waves, fluctuations etc.
Based on the central limit theorem a normal distribution is chosen for the water
levels on the Oosterschelde with

)J IWL = NAP - 0, 25 mand cr IWL= 0,65 m.

By studying on the one hand the physical background of the phenomena of the
wind set-up and the wave-generation and on the other hand the observations
during recent stormfloods, it has been possible to determine the probability
density function of wavespectra as a function of the stormsurgelevel.

t
HW

wave-spectra -
stormsurgelevel -
relationship

HW

/ I
/ I

/ I

lAl
~ P(S"Il"ll HW=HW)
I I

/ I
/ I

fig. 4

HW) - S"Il"ll

Now the joint probability density function of wave spectra and stormsurgelevels
can be determined.

P (S n n ,HW) = P (HW) x p (Snn I HW HW)

Starting from hydrostatic pressure-distributions on both sides of the barri~r and
a potential profile in the sill around the base of the pillar, the headloss-load
(HL) can simply be indicated as a function of the geometry of the structure,
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the stormsurge level and inner waterlevel.

HL = f (H W I W L, geometry)

For linear systems the transition from waves to waveloads takes place with the
aid of the "spectral method". To this end the irregular surface of the sea is
described by means of a "variance spectrum", to be called wave-spectrum from now
on (S nn (f»
As in this case the wave-spectra are relatively narrow the traditional parameters
Hz 1/3 (significant wave height) and Tz (mean wave period) can be obtained by

means of the following relations.

Hz 1/3 = 4"Vffio Tz =2~~
m2

mIl = 1 fn x S (f)df
0 Illl

As, by approximation, the transition from waves to wave-loads is a linear
phenomenon, we can find for the wave-load a similar spectrum:
"wave-loadspectrum" Sbb(f)
Starting from a transferfunction 0 (f) which is defined as:
"the wave-load (o-top) per unit of wave-amplitude as function of the wave fre
quency", the followinq relationship exists between the wavespectrum and the wave
loadspectrum.

2
o (f) x S (f)

nll
For the SSB these transferfunctions for the waveload have been deterrninedwith
the aid of mathematical models based on linear wave-theories. Checks on linearity
and magnitude were made by means of scale models in the Hydraulics Laboratory
at Delft.

The waveloadspectrum, determined in the above mentioned way, contains the statis
tical information needed to establish in a simple way the probability distribu
tion of the individual wave loads WL, namely:

P(WL (WL)2
~ o distribution

Depending on the limit-state one wishes to consider, it is possible now to use
this probability distribution in various manners.

> WL) exp ....•...Rayleigh-

In the case of increasing deformations, where all waveloadarnpplitudesare in
principle important one will use the Rayleigh-distribution and the probability
density function to be deduced from this

p(WL) d {P (WL > WL)}
dWL

WLm- exp
o

(WL)2

Smo
if, on the other hand, a model is considered where a one time exceedance of the
load leads to collapse, then one ought to find the probability distribution of
the waveloads, which are exceeded at least once. Starting from N independent
waveloads within the duration of a seastate, according to the Binomial-distribu
tion, the chance, that none of the wave-loads will exceed a level WL, equals

{1 - P(WL > WL)} N

The probability that the level WL is exceeded at least once, equals:

1 - {1 - P (WL
N> WL) }
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p(WL)

The related probability density function then reads:

WL)WLx
mo

Finally we can still view another model, where collapse only occurs when a load
level is exceeded several times (dynamic pore pressure generation) . Based on the
Binomial-distribution we find for the probability distribution of aload, which

excT f~ven :~vel WLxmpt(:e$>'WL)k x {I _ P (WL > WL)} N-kl
l k! (N-k)!

N {1 - P (WL > } N-l
WL) P(WL>

Based on the probability density function p (HW
conditional probability density functions of the
the inner waterlevels p(IWL) HW HW) it is
probability of occurrence of a combination of a
wavespectrumclass and an innerwaterlevelclass:

) of the stormsurgelevels and the
wavespectra p(~n HW = HW) and
possible to determine the

stormsurgelevelclass, a

and

I~ ~ IWL < I~ + I'.IWL)

HWj+LlHW Sj+Lls IWLk+LlIWLJ P(HW)dHW *J P(5-rrrl1 HW = HW) dS'rn * J p( IWLI ~ = HW) d IWL

HWj Sj IWLk

(as Snn and IWL are Lndependant.)

By using transferfunctions for the waves and the headloss the probability of
0ccurrence of the waveloadspectrum and the headlossload belonging to that
combination of natural boundary conditions is known. By doing this for each
possible combination of boundaryconditions, a joint probability density function
of the waveloadspectra and the headlossload can be found.

Introducing the probability density function of the individual wave loads
(depending on the type of limit-state under study) this joint p.d.f. of
waveloadspectra and headlossload can be transformed in a p.d.f. of individual
wave-load and headlossload.

WL
t

-- CURVESOF
EQUAL PROBA
BlLITY DENSITY

--- ML

fig. 5

To arrive at a probability distribution of a total load TL for a specific
limit-state, based on the joint p.d.f. of individual waveload and headlossload
(e.g. load perpendicular on the SSB, moment at foundation level etc.) it has
to be known in what ratio the wave and headlossload contribute to this limit
state.
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In general this can be defined as follows:

TL = a x HL + B x WL

Now the probability of exceedance of a specified total load can be determined per
limit-state by integrating the bi-dimensional probability density function p(HL,
WL) over

t
WL

- HL
Fig. 6

P(TL> TL) f P (HL,WL)dHL dWL
TL>TL

With regard to the soil mechanical part of the design we can distinguish a few
specific cases concerning the composition of the total, namely:

1. Sliding-model, where the headlossload and the quasi-static waveload share
an equal part: a 1; B = 1

2. Ultimate bearing capacity model, according to Brinch-Hansen, where the wave
load is halved: a = 1; B = l.:;

3. Pore pressure generation, whereby the influence of the static headloss load
is negligible with respect to the cyclic waveload : a = 0; i3 = 1

4. DESIGN APPROACH
4.1. Semi probabilistic approach.

Traditionally the parameters used in structural design have been thought of as
specified constants, but in reality they are at random which implies that their
exact magnitude is not known with certainty in the design stage and in the case
of the hydraulic loads, as shown above, not even after construction.
For an advanced analysis, that takes account of this random character.
It is necessary to specify a set of basic variables. These are normally the
fundamental parameters which play a role in the theoretical relationschips, on
which the design of a particular structure is based.
The main catagories of basic variables are resistance and loading (see fig. 4.).
The p.d.f. of the resistance is mainly determined by variations of the strength
of material, geometric deviations and uncertainties in theoretical relationships.
In the field of mechanical properties of materials large quantities of test
data are avialable which have been analysed to obtain means, standard deviations
and distribution types. It is found that the strength of ductile materials inclu
ding prestressed concrete is weIl represented by a log-normal distribution.
Data for brittle materials fits a Weibull distribution.
For permanent loads, which are assumed to be constant during the life of the
distribution fuction is assumed to be normal. The probability of maximum
hydraulic loads is examined in paragraph 3. The structure of the barrier is
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rather insensitive to geometrical imperfections; therefore the variability of
structural dimensions and geomatry is less important than the variations in
load and strength parameters.
The uncertainties in theoretical relationships should be quantified by verifying
theoretical solutions in comparison with a sufficient number of tests on full
scale or representative modeis. The number of tests should be adequate to deter
mine the mean value and the standard deviation of the ratio X , which is assumed
to be normally distributed. m

~=
Actual behaviour
Predicted behaviour

For design purposes it is too cumbersome to take account of the probability
distribution of the basic variables.
The introduction of the "characteristic value" concept simplifies the work with
out loosing all statistical information.
The characteristic value of strength parameters is normally specified as a small
percentage (5%) of the strength distribution.
The characteristic values of loads are as a rule defined as those having a pro
bability of excess of 5% during the life of the structure.
For normal design purposes a code of practice specifies the use of design
equations in which sufficient reliability is achieved by the use of a number of
partial safety factors:
In the design of the stormsurgebarrier the definitions and purposes of the
partial safety factors as described in ISO standard 2394 are used.
For the sake of completeness they are summarised below:

ysl takes into account the possibility of unfavourable deviation of the loads
from the characteristic external loads,

takes into account the reduced probability that various loadings acting
ys2

together will all be simultaneous at their characteristic value,

is intended to allow for possible adverse modification of the load effects
ys3 dus to incorrect design assumptions and constructional discrepancies,

is intended to cover possible reductions in the strength of the materials
yml in the structure as a whole as compared with the characteristic value

obtained from specimin control tests,

is intended to cover possible weaknesses of the structure arising from
ym2 any other cause than the reduction in the strength of the materials allowed

for in y m.l" including manufacturing tolerances,

is intended to take account of the nature of the structure and its behaviour:
ycl for example progressive collapse,

is intended to take account the seriousness of attaining a limit state from
yc2

other points of view for example economic consequences, danger to community.

The performance requirements to be met with regard to any limit state are then

ULTIMATE LOAD ~ ULTIMATE RESISTANCE

FUNCTION (y x Y
cl cl

x Ys xEffects of Fk)
3

~ FUNCTIOIN--------------------
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where Fk represents characteristic loads

and strength

In practical design safety factors are mostly prescribed by national codes.
The difficulties encountered with the design of the foundation to the (O.S.)
stormsurgebarrier made a special assessment of the appropriate safety factors
necessary. Led by engineering judgement the designers decided on the form as
given below.

Ysl = 1.0 -4
The design have a probability of exceedance of 2.5 ~ 10 per
annum. Therefore no allowance is made for unfavourable deviations.

ys2 1.0 Wave and head loads are combined in a sophisticated manner taking
account of their stochastical correlation.

Ys J 1.1 Uncertainties in the theoretical models for the prediction of waves
and wave loads could amount to 10% higher loads.

)tn1 1.1 Besides a reduction of the friction angle measured in laboratory
tests an allowance is made for the heterogeneous character of the
soil layers which form the foundation.

)TIl2 1.1 Although tl.elimit state of the foundation is mainly described by
a simple friction model as will be shown below, a safety factor seemed
necessary to allow for unexpected sand deposits between the construc
tion and the foundation layers.

yc1 1.0 The possibilities for redistribution of forces between sill and
construction are very uncertain 50 no allowance is made.

yc2 1.15 This factor takes into account the fact that before the equilibrium
between loads and resistance is lost, the deformation becomes
unacceptable.

Substitution of the factors in the limit state equation gives

function ( 1.26 ~ effects of Fk fk

~ function
1.2

4.2. Probabilistic approach
After having established a set of safety factors for the foundation it is ratio
nal to execute a reliability analysis to find the failure probability of the
structure under design. This probability should be in line with the reliability
of the other parts of the barrier such as the steel and the concrete structure.
The reliability of the foundation is determined by means of an advanced first
order second moment method.
The starting point of this method is the reliability function:

Z = RESISTANCE - LOADING ~ 0

which may be expressed as a function of the basic variables essential to the
problem

X3 x )
n ~ 0 ••••• (1)

Z should be considerably in excess of zero. The standard deviation of Z, 0z'
is influenced by the variability of each of the basic variables X. which are at

l.
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random by nature around their mean values m. as shown in the previous paragraph.
The probability of failure is the probabiliÈy that Z <0.
If Z is assumed to be normally distributed the index 8, defined as

mz
8 = • •••• (2)a z

determines the probability of failure.
If Z is approximated by a linearised form of the reliability
function.

~ z
Z = 9 (xl ' x 2'

where gi (x~ ) = <5 9
<5 x.~

n
) + .L1 (x -

n ~= .i.
at the point xx=

• •••• (3)

then mz x ) +n
n (m. - x~

i~l ~ i
• •••• (4)

z ( r
i=l

( g. (x~ ) • o , ) 2 ) l:l
.L - L • •••• (5)

and

In accordance with Lind 0z may now be expressed as a linear
combination of the individual standard deviations

n
( '" ai· s,
i~l ~ • •••• (6)

where a..~ • •••• (7)

n
L (n. - i~) a. (xx)

L1
~ ~ -~

8 n
. L a . gi (xx) o.
~=1 a a.

• •••• (8)

and by rearranging
n

L
i=l

a .• 8.0.)~ ~ o • •••• (9)

The solution to this equations is therefore

x~= m . -Cl ..8.0. for all i~ ~ ~ ~

which defines the linearisation pointx % generally known as
design point.

If m., o , and 8 are given the design point may be found by solving equation (9)
in c6nju~ction with (7). An iterative procedure leads to the result; (Rackwitz)
the failure probability.

A special problem is encountered one of the basic variables is not normally
distributed. Then the original distribution will be replaced by a normal distri
bution. The mean and the standard deviation of the latter are chosen 50 that at
the design point the probability density and the cumulative probability in the
approximately normal and the original distribution are equivalent.
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As stated above the starting point of a reliability analysis is the forrnulation
of a reliability function in terms of the basic variables.

Z = RESISTANCE - LOADING ~ 0

But in some fields of civil engineering no theoretical description of the studied
phenomena is available. This is especially true for scour problems which govern
the design of the top layer of the sill. Neither transfer functions to transform
waves and head difference into forces exerted on stones, nor a theoretical model
for the stability of the stones are known. To overcome these problems a scheme
to simulate all possible combinations of wave attack and head difference in a
scale model of the sill will be executed. By integration of the joint probability
function of the boundary conditions (waves, inner- and outer waterlevels) over
the area where serious damage at the sill is found in the model tests, a failure
probability can be determined.

In paragraph 5 the reliability function for the foundation will be derived from
the widely known theoretical models for foundation failure.

5.0 RELIABILITY ANALYSIS OF THE FOUNDATION.

5.1 Description of the theoretical failure models

The pillar, with an effective weight V, is placed on a foundation bed of compacted
sea-gravel with dense sand underneath~ The pillar is surrounded by a sill of coarse
material (see fig.7).

fig. 7. Foundation construction of the stormsurge barrier.

dsn. I-I

wave force-arm
headloss force-arm
effective weight pier
passive resistance
horizontal base resis
tance.

The construction is subjected to a cyclic wave-force component and a static head
loss force as previously explained.
The resistance R of the foundation consists of two parts:

the passive earthpressure of the sill material at the backwallof the pillar,

- the sliding resistance at the base of the pillar.

(NB. In this paper the consequences of the cyclic generation of excess pore
pressure generation will not be considered) .

t- L

geometry: L pier length (50 m) load: Hw, w
B pier width (25 m) Hh, h
Z embedment (11 m) V
10= sill bank (10 m) R
0

inclination (1:4) ~Cl. =

The theoretical model for the passive resistance of the sill which is derived
from the Kötter-equations is a fuction of the construction geomatry and the soil
parameters (litt.2).
~ = unit weight of sill, submerged
~s= internal friction angle sill
8s= friction angle sill - concrete backwall.s
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For the sliding resistance at the base two different slide planes have to be
examined;

- a curvilinear slide plane which passes through the various layers of the
subsoil,

- a straight slide plane that develops in the boundary layer between the concre
te base and the seagravel bed.

The first possibility is modelled by the Brinch Hansen equations
for the ultimate bearing capacity of excentrically loaded shallow foundations for
drained conditions (litt. 1).

Q/ BL ' = ~ Y b M B MN Mi MS
Y Y y

+ q M N
q

s
q

M i
q

Q = vertical uitimate bearing capacity
y = submerged unit weight of subsoil
b
q = Zo'* Y
Ny ,Nq : ~earing capacity factors

Nq eÎTtg <Pb M tl(45 + <Pb/2);Ny = 1,5 (Nq - 1) tg <Pb

<Pb internal friction angle of subsoil.

S i and inclination factorsy,q
S Y 1

: shape
y,q

0,4 B/L' ; Sq
5c 1-Q, 7 ~/V _ï

= 1 + sin <I> b ' B /L'
-5

i q = C1 - 0, 5 ~/V _/i
Y

L'

e

L - 2 e (effective length)
base moment Mexcentricity = V

The combinations of horizontal force and vertical bearing capacity, that fulfil
the condition given by the Brinch Hansen equation, ( plotted in fig.S) from
a curve in the Q - ~ plane (see fig.S).
Some attention shoul~ be paid to the calculation of the drained moment on the
base area, which determines the excentricity e.
First, the moment caused by the passive resistance at the backwall (R ) has to
be subtracted from the external moment. p
Secondly, only half of the wave moment has been taken into account, because the
other half will be carried by the pore pressures in the subsoil, as modeltests
at Kats and offshore experience have shown.
This yields for the excentricity

1
e = (M_ + ~ Mw - R x -- z ).h P 3 0

1-
V

The possibility that a straight slide plane develops in the boundary layer
between concrete base and foundation bed, is modelled by a simple friction law
(base sliding modelt

~=tan b x V.

A number of full scale tests have been executed on the boundary layer to assess

/
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the friction co-efficient tanO .
In the Q - ~ plane (see fig. 8~ the base sliding model is given by a straight
line. It is easily seen that for some combinations of horizontal and vertical
forces the base sliding model forms the limit state as for other combinations
the Brinch Hansen model is the limiting condition.
So two reliability functions can be formulated:

1. z R
passive + ~ase - ~ Hw

B.H

2. z R + tan 0 b ~ V Hh H
passive w

HANSEN
O'I

v

fig. 8 comparison of the two limit state models for the foundation.

5.2. Determination of the basic variables.
The basic variables X. which play a role in the two reliability functions
derived in the preceeàing paragraph are resumed in the table below.

Base sliding model Brinch Hansen Model

Geometry
Soil strength
Model factor

L, B, z , 1 ,
o 0

Yb' Ys' ~s' os'
Xm

L, B, z , 1 ,o 0

Yb' Ys ' ~s' Os' ~bxm
Load V, Hh + Hw V, Hh + Hw' ~ + ~ Mw

All parameters except the loading will be assumed to be normally distributed.
First a global estimate was made for the mean and the standard deviation of the
basic variables. Then estimate was refined for the parameters which the probabi
lity of failure.

The variation in the dimensions of the concrete structure (L, Bl can be ignored
whith regard to this problem, because they will be recognised more accurately
during construction. The sill-dimensions (z , 1 ,a) on the other hand are sensi
tive to small changes in the construction m~thog and to settlements afterwards.
Therefore a standard deviation is specified for these parameters.
For the determination of the stochastic properties of the soil parameters only
a very restricted number of measurements were available. So some engineering
judgement had to be brought in.
The submerged unit weightYb, Y that is a function of the unit weight of the solids
and the porosity is stable agalnst lar~e variations (5%) in porosity. For this
reason the standard deviation is mall.

The most complicated problem is the determination of the friction angle (~ )
of the sill. Here the friction properties of a four layer system, partiallyScom
pacted and with grain sizes increasing with height from gravel to stones of
1000-3000 kg, have to be expressed by one parameter. Because no test on the coarse
materials was available the estimate has been based on tri-axial tests on sandfree
loose seagravel. The lowest value (330) of these tests is considered as a charis
teristic value for the four layer system of the sill.
A mean value ~( ~ ) = 360 is derived from the tests as a conservative value for
the sill material. s
According to Lambe and Whitman (Litt. 3) the friction angle between loose material
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and a rough concrete surface is equivalent to the friction angle of the material
itself.
However, with respect to the large grain-size of the sill material a pessimistic
assumption was made.

The friction angle~ is a representative value for the twolayer system under
the bottom of the piïlar (see fig. 7). As however the slide planes pass mainly
through the subsoil consisting of dense holocene sand, the friction properties
of this material are taken as being decisive.
Because ~ is maily a function of the sand porosity great care will be taken to
compact tRe subsoil and to check if the required relative density of 70% and a
maximum porosity of 39% is reached.
Therefore drained tri-axial tests were carried out on samples with a density
corresponding to this requirement.
For a mean prototype stress level equal to 200 kN/m2 the stochastic properties
of ~ b were determined:

D LIFTINGSHIPSI'UOTEST

o TYP¬ 1 LGM
6 TYP¬ 2 LOM

a PROTOTYPE
STRESS LEVEL

3:1 34 35 36 37 38 39 40 41 42 43 44

fig. 9. Standard deviation <IJ b '

However some correction has to be made because the Brinch Hansen model is based
on plain strain values, which.can be approximated by 1.1. x ~ triax. this:

N.B. The small standard deviation reflects the result of careful compaction and
extensive checking of the subsoil.

The essential parameter in the base-sliding model is obviously the friction
factor tan 0 b'
Moreover this parameter is not easily assessed because it strongly depends on
the construction of the boundary layer between concrete and gravel, the stress
level and the loading condition (statie or cyclic). 2
Therefore a number of scale tests were carried out on a 7 m large copy of the
scale 1:1 boundary layer construction including the foundation layer of gravel.
The loading condition was also simulated at prototype scale as far as the fre
quency, the amplitude of the cyclic part and the statie mean level were concer
ned. From a series of 5 tests results at different stress-levels were selected
and translated to the prototype values given in the diagram below

~(tan
G(tan

0,67
0,05.
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0.80

t...h

• ....7 0.70

0 .... 11 o.~
0 ...D 0.611

• .... 10 0.6:é5

A .... 12 0.625

Transfor",Gtion of
Bose sliding ~ - C...rved siide pkJn•• in
test ;prolotype test to hori.ontol sliele

pion•• inprototype
ton ab
<lyn-._..

0.70

ó----.---- tt-::- =-I:L

t
0.80 • j&(t... ~b) • 0.68

a (tan6b) _ 0.050.50

O.40+----+----<I---+----+--~
IOC 150 200 250 300 350 kN/rr1

_ .tress_1

fig. 10. Standard deviation tan Ob'

For the uncertainties in the theoretical models the parameter X has been
introduced. m
Although experiments and experiences seem to prove that Brinch Hansen is a
conservative description of reality a mean valve of 1.0 for X has been intro
duced. The same applies for the Kötter-equations which form tWe model for the
passive resistance ~.
The base sliding model needs no mean correction because the essential parameter
tan ° has been derived from tests under the presumed validity of the model.
For tRe random uncertainty of all models a standard deviation of 6% is assumed.
The derivation of the probability of exceedance function of the loads is dealt
with in paragraph 3, but reference should be made to the difference in loading
assumptions for the Brinch Hansen model and the base sliding model. This diffe
rence is accounted for by the choice of ex and 8 in paragraph 3.

5.3. Results
According to the theory of paragraph 4 the probability of failure of the two
reliability functions specified above has been evaluated.
Besides that the contribution of each basic variable to the variance of the
reliability function is calculated.

table 2. Reliability analysis.

11.9

Contribution X.
to the varianc~
of z (a2 (Z)) in %

Standard
deviation

(Xi)

DimensionBasia
variables

X.~

Mean
values
11(Xi)

8.0

9.4

B.H. B.S.
.7

.5

.7

.6

76.2

1.3

0.1

8.1

.7

.5

.8

.5

78.4

1.5

.1

11.

14.

10.

202

103.6

36

24

40

0.67

1.0

m 0.25

1.5

0.7

5.1

5.22

1.8

1.8

2

0.05

0.06

degr.
3

MN/m

MN

MN

Ys
Vo
~+Hw

cf>s
Os

<tb
tan ~

Xm

degr.

degr.

degr.
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Z (MN):

O(Z) (MN) :

s

B.H. B.S.

2.41 x 104 1.95 X 104

.42 X 104 .40 X 104

5.73 4.83

5.3 x 10-9 6.9 X 10-7Failure probability

It is evident that the probability of failure of the base sliding model is 100
times greater than the probability of failure of the Brinch Hansen model, becau
se for the combinations of ~ and V under study the base sliding model forms
the limiting factor (see fig. 8).
From the table the following conclusions can be drawn:
The construction is insensitive to geometrical imperfections.
In both models, despite their differences the main contribution to the variance
of the reliability function is caused by the distribution function of the loa
ding. The most important soil parameters in respectively the Brinch Hansen and
the Base sliding model are <t and tan 0 •
In the next paragraph all at~ention wilf be devoted to the Base sliding model.
The influence of a change in the stochastic properties of the most important
soil mechanical parameters, the friction co-efficient tan 0 band the model
reliability factor X has been investigated.
An increase of the s~andard deviation of tanD b or X causes a sharp rise in
the probability of failure and the contribution of tWese parameters to the va
riance of Z (see fig. 11).

GtC:
I 1:20
IJ 0.15

/
/ 0.10

.t.:ü(tanÓb)

.. : ü (tan l)b) wlth ~ (Ób)=0.55
o :ü(m)

-_.- <-'oad
.".
(
, I I

0.07
0.05

10090 80 70 60 50 40 30 20 10

o'c ü2('Z,,) _---

-1 -2 -3 -4 -5 -6 -7 -8 -9 -10-11-12

----pf in 10·'·

fig. 11. The relation between 0 (Xi)' the probability of failure
and 02 (~).

It can be strinkingly seen that an increase of the standard deviation of tan Ob
from 0,05 to 0.10 multiplies the probability of failure by a factor 103.
On the other hand a decrease of the mean value of tan Ob from 0.67 to 0.55
causes only a ten fold increase of the failure probabillty.
From these results some conclusions can be drawn with regard to priorities in
soil mechanical investigation and quality control.

5.4. Correlation with safety factors.
As previously stated, an aim of the probabilistic calculation was an objective
appraisal of the choice of partial safety co-efficients (see 4) based on engi
neering judgement.
For this purpose a level of risk acceptable to society has to be defined.
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Although this problem is still the subject of extensive discussions, some
reference can be made to the Delta-report on the one hand and to social accep
tance of human risk that can be derived from fatality statistics on the other
hand (see litt. 4)Eeoause a thoroughanalysis of the socially acceptable risk
is not yet available and the probabilistic method itself is a new and develo
ping technique, it was decided to postulate a target-level for the probability
of failure of the stormsurgebarrier to stimulate further studies·_7
The acceptable risk level for the barrier as a whole is set at 10 per annum
which implies a probability of failure for the components of less than 10-7 per
annum in order to facilitate the calibration of the safety factors in the dif
ferent fields of engineering.
As already explained in 4.1 the semi-probabilistic design equation is

where
Lk load with a probability of exceedance of 2,5 x
~ charisteristic strength(5%) of the foundation.

For normal design purposes the characteristic strength is approximated by
substituting the characteristic values of the basic variables in the theoreti
cal model. The exact method however requires the derivation of the probability
density function of the foundation strength taking account of the probability
density functions of the basic variables.
In the case of the foundation the small difference between the approximate and
the exact method (see fig. 13) shows the accuracy of the approximate practical
design method.
The probability density function of the strength has been exactly evaluated
for various embedment depths Z = 4, 8, 11 m (see fig. 12) to find the charac
teristic strength as a functiog of z • At the same time the probability of
failure has been calculated for the ~hree alternatives to find the relation
between the safety co-efficient and this risk (see fig. 13).

per annum.

Y = 0,11 log (pf) + 0,55.

From this equation the conclusion can be drawn that a safety co-efficient
Y > 1,32 is sufficient to reach the target risk level as specified above.
However it must be realised that the value of Y = 1.5 incorporates a factor to
prevent excessive deformation under working loads.
( Y 1,15 see 4.1.).c
In fig. 8 it is shown once again that great attention should be paid to the co
efficient of variation of the foundation resistance.
A rise in the variation from 5% to 12,5% necessitates an increase in safety
co-efficient from 1.4 to 1.9 to keep the probability of failure at 10-8•

':d I200
flAN

1 k.,xact

1.0
y.QIog ph~
Q=_ 0.11

b= 0.55

-1 -2 -:. .. -~ -6 -7 -e -9 -1O-ft-12
--_ptin 10'"

.fi.q, 12,Rand Hn + Hw

exceedance frequency

0.5 -1 -2 _) ... -5 -6 -7 -e -9 -10-t1 -12
_-- pf(2<OJ in10'·

RJa=04m

fig.13, Relation pf-l for
different Zo
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Y _ Rk-s-
t

-, -2 -3 -<4 -5 -6 -7 -8 -9 -'0-" -12-13-'"
-----11_ pf

fig. 14 Relation pf + Y for different ê (R)•

5.5. Conclusion
The application of probabilistic reliability calculations provides a quantative
in sight into the influence of the stochastic uncertainty of the basic parame
ters. Thus it forms an important tool in assigning priorities in study or
quality control to specific parameters of theoretical models. Besides this it is
possible to bring the probability of failure of the different components of the
storm surge barrier in line and to estimate the overall reliability of the sy
stem.
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Headloss Load

Significant wave height

Innerwaterlevel (Oosterschelde)

pier length

effective pier length

load with probability of exceedance of 2,5 % 10-4/year

moment; management system

North Sea

bearing capacity factors

transferfunction

Oosterschelde

probability

vertical ultimate bearing capacity

Resistance

horizontal base resistance

passive resistance

Snn;SjSj - Wave spectrum

Sbb waveload spectrum

SSB

SY,q

T

TL

Xm

b

e

f

fk

h

i
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i

p;pdf

pf

w

Storm Surge Barrier

Shape factors

technical system

total Load

mean wave period

pier weight

wave Load

basic variabie

basic variabie at design point

model factor

suffix, indicating base

excentricity

wave frequency

characteristic strength function

suffix, indicating headloss; headloss arm

shapefactors

sill bank

constants to charactirize the wave spectrum

mean value of variabie Xi

probability density function

probability of failure

correlation factor

wave force arm
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depth of embedment

contribution factor of healoss force; inclination

" wave force; reliability index

safety coefficient; submerged unit weight

partial safety factor concerning structural aspects

moderial properties

" stochastic load character

friction angle; coefficient of variation

standard deviation

mean value

internal friction angle
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SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

COMPUTATION BY FINITE ELEMENTS

C.J. Kenter, Research Engineer, Delft Soil Mechanics Laboratory

P.A. Vermee~ Research Engineer, Delft University of Technology

SUMMARY

During the evolution of the design - from a two dimensional caissonbarrier
without embedment via three dimensional caisson foundation with deep embedment
to a pier foundation with shallow embedment - a great number of F.E. computations
have been made. The following computer programs were used:

- SEEP (Barends) for ground-water flow
- CONSOL (Christian, Boehmer, Biegstraaten) elasto-plasticity without

consolidation
- SPONS (V. Bijsterveld) for linear elastic consolidation
- CASCO (Verruijt) for non linear elastic consolidation
- ELPLAST (Vermeer) for elasto-plastic consolidation

The validity of the results of the F.E.-computations was studied by means of
various large scale model tests, such as Neeltje Jans, Oregon and Kats. In this
paper the more relevant results of these evaluation-studies will be submitted.
The value of certain schematizations, which were made to save money and time,
will be discussed. The use of triaxial stress path tests for the determination of
inputparameters in a Kondner-Duncan stress-strain relation (CONSOL) was examined
and recommendations in this respect will be given.

1. COMPUTATION BY ELPLAST

The computer program ~lplast has been used for the prediction of model
tests in which plane strain conditions were approached. Two such tests were
performed in the Oosterschelde area (Neeltje Jans) and another in a wave tank
(Oregon). In this part of the paper the basic equations which are used in Elplast
will be presented. The features of the material behaviour which are taken into
account and those which are ignored will be discussed. Also included is a pre
sentation of computational results and relevant measurements for the test mentioned
above.

1.1. Basic equations in Elplast

In this section the equations for the coupled behaviour of the soil skeleton
and the pore fluid will be described briefly. The behaviour of the soil skeleton
depends on the effective stress

Ts:= Q. - ~ w , m = (1,1,1,0,0,0) ( 1 )

where Q. is the total stress and w the stress in the pore fluid. The components
of the stress vector are a. ,ay ,a. ,aAy,~.and~.respectively. The constitutive law
for the soil skeleton is of the farm

ft'= c E (2 )

where Q' and t are stress and strain rates respectively. The matrix C is based
on an elastoplastic constitutive model which will be discussed in a special sec
tion of this paper.

Within the finite element discretisation the strains and the pore stresses
at a point are related linearly to a set of nodal displacements and nodal stresses.
This is expressed by the equations i = B Q and w = N x; the nodal displacements
are assembled in the vector Q and the stresses in the vector~; a dot is used
to indicate a time derivative. The computer program Elplast is based on simple
constant strain elements and this means that the matrix B is constant within an
element. The equilibrium conditions for a composition of finite elements can be
written as r BTQ_ dV = i, where V is the volume of the region analysed and La
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vector in which all external nodal forces are assembIed. Substitution of the
equations Q = ~+.~ w,~ = C f, ~= B ~ and w = N li glves an equation of the form

Kil,+Lli=f ( 3)

The above matrix equation is not sufficient for determining the solution of
the problem; an additional condition must be imposed on the pore stress w. This
condition is obtained by considering the flow of the water in the soil skeleton.
The pore water equation is

T. n. o2w
.!!!.f. x, w + k, ox2 (4)

where k. , ky and ka are coefficients of permeability; the Cartesian x,y,z-frame
is c~osen co~xial to the principal directions of permeability. The incorporation
of an ~nisotropic permeable soil is important for the Oosterschelde estuary; thin,
more or less horizontal clay bands are for instance present at the Neeltje Jans
site.
'I'he symbols n and Kp in equation (4) stand for the porosity of the soil and the
compression modulus of the pore fluid respectively. The incorporation of Kp is
important for a not completely saturated soil. The compression modulus can then
be computed from

- a a---+-"
KW' KA

a
KQ.

a=- ( 5)

where a is the fraction of air 1n the pores. K~ and K& are the tangential moduli
for water and air respectively and p& the absolute pressure in the pores. The
identity Ka = p~ follows from Boyle's Law. The quantity (1 - a)/K~ can usually be
disregarded with respect to a/KQ. . For a composition of finite elements equation
(4)can be replaced by an algebraic equation of the form

(6)
The problem is described by the differential equations (3) and (6).The 1n

tegration of equation (3) is hampered by the fact that the matrix K is not con
stant, i.e. K = Ko at the beginning of a time step but at the end it yields
K '* Ko. As usual in elastoplastic analyses a pseudo force vector ~ is used and
equation (3) lS replaced by

(7)

where ~g depends on ~u, making the problem non linear. The symbol ~ is used to
denote finite increments. In equation (6)the matrices L , 8 and H can be con
sidered to be constant, but integration of that equation in time requires an
interpolation rule for the pore pressures li. This problem is solved by applying
the numerical integration rule f~ dt = ~t ~o + a'öt AR, where the subscript 0 is
used to denote values at the beginning of the time step. A value a'= 0.5 would
correspond to trapezoidal integration. However we often used a'= 0.6 for reason
of numerical stability~.Equation (6) lS now integrated to obtain

LT ~u + (8 - a'~t H)~w = ~t H (8 )

The equations (7)and (8)are solved in the computer program Elplast . It lS

primarily due to the non linearity of ~ that this is done iteratively for each
step.
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1.2. On the constitutive Law

The program Elplast is based on the so-called Double H~rdening ~odel for
sand. A description of this model under triaxial stress and strain conditions is
given in reference 3. General stress and strain conditions are treated in ref. 4.
and it is shown that the general model is greatly simplified by the assumption
aZ = À (al + a3), where ai is the intermediate principal stress and À a propor
tlonality constant. StroudS showed that this assumption is more or less realis
tic for plane strained soil; he observed for a specific sand À = 0.37. This as
sumption is used in Elplast to eliminate the intermediate stress in plane
strain problems. The two most important equations in the "simplified" double
hardening model will be presented here.

The equations incorporate the plane strain stresses

s = 1. Ia' + a' I2 1 3' (9)

where ai and a3 are the major and minor principal stress respectively. The plas
tic yielding of sand lS described by the equations

sB
(~I dyP)
s

!. - F
s o

where the plastic shear strain increment dyP is defined as IdE~ - dE~I. The
yield functions Y1 and Y2 contain the experimental constants a and Band the
experimental functicn F. The reference stress s may be chosen arbitrar-
il~ An impression of the function F is given in fiiSre 1.

t
S

Fig. 1. YieZd condition.

i
I
I--ELASTIC UNLOADING - RELOAD ING
I..
I sP

.._--------~ .....!!.. LdyP
sP

The equation Y1 = 0 describes a curved yield locus in s,t-plane which ap
proaches a straight failure line as ~ dyP increases (figure 2). No curvature
would be obtained for B = 0 but values close to 0.5 are usually measured. The
shape of this so-called shear yield locus corresponds closely to yield loci
determined experimentally3,~,S.

Fig. 2. YieZd loci
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A non-associated flow rule is assigned to the shear yield locus. This flow rule
is largely based on Rowe's stress-dilatancy theory6.

The equation Y2 = 0 describes a volumetric yield locus as indicated in
figure 2; the corresponding flow rule is assumed to be associated. The plastic
volume strain for a stress path with t = 0 lS described by the volumetric yield
locus.

The Double IlardeningModel is based on the salient features of sand in
initial loading and in a single unload-reload cycle. The model is accurate
enough as long as the rotation of the major principal stress remains limited to
an angle of about 450•This type of loading will be referred to as one-way
loading. It comprises for example triaxial compression conditions as weIl as
triaxial extension conditions. However a combination of the two is excluded
because of the extreme jump in the direction of ai when passing from compression
to extension conditions. For cyclic one-way loading (many cycles) it cannot a
priori be stated that the model is accurate enough; an additional condition has
to be satisfied. This additional condition will be discussed later; the major
condition of one-way loading will be discussed first.

Th, constitutive model is restricted to one-way loading since it does not
incorpora",ehysteresis and accumulation of strain vhich are particularly ob
served in two-way cyclic loading. The hysteretic behaviour of sand is usually
unimportant in an unload-reload cycle of one-way loading. Furthermore, the
plastic strains hardly change in such a stress cycle. The above statements are
based on test results as presented in figure 3; it concerns a drained, cyclic,
triaxial compression t~st. In this test we measured a shear strain of 3.4% in
initial loading and 4.)% after 60 unload-reload cycles. A boundary problem
with comparable stress variations and an equivalent number of cycles can be
solved, within engineering accuracy, using Elplast , since the final strains
have the same order of magnitude as the strains due to initial loading.

3 n = 42 0/0
c;; = 100 kN/m2

2

20 40 60
NUMBER OF CYCLES

Fig. 3. arained cyclic triaxial test on a loose sample.

It is recalled that the model is not accurate enough for all one-way
loading problems. Although very smalI for cyclic one-way loading, the tendency
of contraction in unloading (being neglected in the model), may lead to large
deviatoric strains and even to complete liquefaction of an undrained element
of sand. Thus the drainage capacity of the soil determines whether or not the
accumulation of volume strain due to cyclic loading can be neglected. An
Elplast computation should therefore be checked by analysing the stress cycles

computed (at selected points in the subsoil) and the corresponding amount of
volume strain neglected. The cyclic triaxial test mentioned above (figure 3)
was in fact performed in the context of such an analysis. Such an analysis does
not only provide a check on the volume strains but also on the magnitudes of the
shear strains that have been computed in typical soil elements.
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1.3. The Neeltje Jans tests

Two in situ test were analysed by Vermeer en Calle7,8 using the computer
program Elplast. The tests will not be described completely in the present
paper since this is done in reference 9. The first test concerns a caisson
being directly placed upon an undensified subsoil;the second one concerns
a caisson on a sill of coarse material and a densi~ied subsoil.

The prediction for the first test was based upon an elastoplastic model
which was different from the present one. Moreover contraction of the soil due
to pure cyclic loading was incorporated by assuming

where Ee and EP are the elastic and plastic strain components respectively, as
defined in ea~h elastoplastic model. The strain EPc is purely volumetric and
linked to the shear stress amplitude Ta and the ~umber of stre~s cycles N. We
used arelation for EPc which was hardly based on experimental evidence, since
test results providing detailed information were scarce. The prediction of the
first test was unsuccessful.Unexpected displacements occurred which might have
been caused by a poor initial caisson-soil contact or by a small but very loose
layer of sand underneath the caisson. Comparing the measured and predicted pore
water pressures it was concluded that ~pc had been overestimated in the calcu
lations. It had already been concluded on the basis of laboratory tests that
the plastic strains ~p were described very poorly by the single yield surface
that was incorporated on the model.

The time between the first and the second in situ test was used to develop
the model. The "cyclic strain" EPC was removed from the model and the plastic
strain EP was described by two yield surfaces as indicated in the previous sec
tion. The loading scheme and both the measured and predicted displacements for
test 11 are shown in figure 4. The ratios of the total loads to the length of
the caisson (27.7m) were used in the plane strain analysis. This is on the safe
side with respect to the magnitudes of the displacements; they tend to be under
estimated for cyclic loading due to the present constitutive model but tend to
be overestimated due to the above plane strain simplification. A brief descrip
tion of the computational procedure will be given.

H: kN/mIongth

50
450 kN/ml.ngth

150

100

TIME

(0)
AX: mm

5
o10

TIM!,

-$

62: mmo

MEASURED
0- ,

o
-10

1
AR: 10-4 RADIANSo

5 Q ,......-,...--00--0

o'r-

(b)
o

• TIME

(c)

Fig. 4. Caisson test II at Neeltje Jans: (a) loading scheme;
(b) cross eectrion; (c) diepl.aoemente and rotation.
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The initial stress state in the soil was assumed to be geostatic with the
horizontal effective stresses equal to 0.5 the vertical effective stresses.
Starting frornthis ïnitial state the additional stresses due to the weight of the
sill and the caisson were calculated.All displacements for the prediction were
rneasured frornthis stage.

The first part of the loading scherne (the parcels 0 and 1) was considered
to be unirnportant and the horizontal force was therefore directly increased to
the average value in the second part (parcel 2). It should be noted that all
loads were applied incrernentally. Starting from the average value of the hori
zontal force three loading cycles were followed. More loading cyeles of the
second part of the loading sheme were not followed sinee the plastic displace
rnentshardly inereased in the third cycle eomputed (shakedown). In this manner
aprediction for the displacernents at the end of the second part of the loading
sehernewas obtained, including the variations of the pore water pressures in a
loadi"1g cyele.

St.ar-t ing frornthe state of stress and strain at the"end" of the seeond part
of the joading seheme, the horizontal force was increased up to a new average
value an. three eycles from the third part of the scheme were followed. Further
eyeles were not followeà sinee the plastic displacements would have increased
only a little. Aprediction for the displaeernents of pore water pressures and
displaeernents in the third part of the loadingscherne had thus been obtained.
The eornputations for the other stages of loading were performed in analogy with
the one for the third part of the loading seherne.

Om

55!70} ~
kN/m

/ / ////////// />..

6.~ 7.2
0.3 0.9 kN/m22.0 2.2 5.7 5.2

3.9 35 0.4 0.3 4.3 10 2.2 1.3
/ -,

2.2
PREDICTED MEASURED

1.9 2.2 1.2
( I

-2m
-4m

-7m

f-- 5 m--l----7.5 m---+--7.5 m--+- 5 m~

Fig. 5. Predicted and measured pare pressure amplitudes for the fourth part
of the loading scheme.

Both the measured and the predicted amplitudes of the eyelic pore water
pressures are shown in figure 5. These pressures refer to the fourth part of
the loading seheme. Amplitudes for other parts need not be shown since both
the measured and predicted pressures were proportional to the amplitude of the
horizontal force.

It follows from the figures 4 and 5 that the results of the 2nd in situ
test have been predicted reasonably weIl. It should be noted that the predietion
of the pore water pressures was based upon a cornpletely saturated soil, i.e.
an ineompressible pore fluid. The assumption of a not eompletely saturated
soil would lead to somewhat smaller pressures.
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1.4. Caisson performance in a wave tank

Aprediction for a model test in a wave tank has been glven by Vermeer &
van Dongen10 using the computerprogram Elplast . This test was carried out
in a wave tank at Oregon State University (U.S.A.). A schematic longitudinal
cross-section of a part of the tank is shown in figure 6. The caisson was
loaded by waves coming from a wave board. This type of loading (a few heavy
waves) had been translated into a horizontal force varying between 16 kN/m
and -4kN/m with a non constant point of application as indicated in figure 6.
Furthermore the pore pressure along the top of the sandbed in front of the
caisson varied in time due to the wave action. In spiteof these complexities
the boundary conditions were followed fairly accurately in the computations.
This was at least supposed when performin~ the calculations.

4m

CAISSON WEIGHT 40 kN/m

4 <?
MINIMUM

1.0

16
MAXIMUM

:>WAVE FORCE
0.5

1.5

..:....:I '. ]I ..m· . ·TIl·· . '.. y. '. :'iIT .

': :'.'.':....".:.:'.: '.~A' N .q.'~E·.o .:.:'.'.:-:",:.:'.. .....'.'',:.::....:.: ".'. ~.': '.

Fig. 6. Schematic cross section of the sand Zayer and the casson modeZ in the
wave tank at Oregon, U.S.A.; I,II-VI pare pressure meters.

The test was done later and unror-t.unat.eLy not in full agreement with the
computations. Moreover the few measurements on the displacements of the
caisson were not consistent. It can only been concluded that both the actual
and the predicted displacements were small, i.e. a few millimetres. Reasonable
agreement was found between the measured and predicted pore water pressures.
Values of the pressures just underneath the caisson are shown in figure 7. The
predictors had been informed that the aircontent of the pores would be about
2 or 3%. The value 2% was used in the computations giving a compression modulus
K = 5000 kN/m2. This value is obtained from equation (7) using p = 1 atmo
sBhere. It is indicated in figure 7 that far too large pore wate~ pressures
are calculated if the compressibility of the pore fluid is neglected. These
numerical values demonstrate the importance of the second terms in the equations
(4) and (6), i.e. the importance of a computer program that accounts for a
compressible pare fluid.

PORE PRESSURE AMPLITUDES
kN/m2

5 0 0-- MEASURED
4 0

0---0 PREDICTED
3 0

0 SATURAHO SOll ".0...
2 0 " \/ I

/ I/
? "d I

Fig. 7.
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I
0
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2. COMPUTATIONS WITH CON SOL

Most of the F.E. calculations for the Oosterschelde storm surge barrier were made
with the F.E. program CONSOL . A description of the stress--strainmodel of the
program is given in [i1]•
In this section some practical engineering-methods and guidelines will be given,
which were developed in order to cope with problems lying beyond the basic
possibilities of the program.
An evaluation study was made of a test on a scale 1 : 10 model of the pier in
Kats, which showed the value of CONSOL-calculation for the prediction of proto
type behaviour. The results of this study will be submitted.
A detailed description of most of the items of this section can be found in ref.
l!2J and [}.3J.

2.1. Simulation of the building procedure in the calculation of initial stresses

The building procedure can be divided into three stages with regard to the initial
stresses in the soil:
a. initictlcondition of foundation bed and subsoil
b. laying down the pier
c. dumping the sill.
The calculation of the behaviour of the final foundation under headlos-sand wave
forces requires a correct implementation of the initial stresses.
Applying a non linear stress-strain model will give rise to some difficulties in
this respect. It is not possible to compute the deadweight-stresses using the
normal procedure based on solving equilibrium-equations, because no proper
'starting poin~ for the non-linear behaviour is defined.
Besides, a procedure,in which the elements of subsoil, foundation bed, pier and
sill are given deadweight at the same time, will involve great deformations and
yielding in the sill elements next to the pier. The pier will hang on the sill
because of its greater deadweight.
The following procedure will give correct results:
a. Assign initial stresses to the elements of foundation bed and subsoil, which

agree with the deadweight and Ko-values, and which are based on a
surface level equal to the top of the sill.

b. Give the elements of the sill a very low stiffness and give deadweight to the
elements of the pier. Pier elements are linear elastic.

c. Assign initial stresses to the elements of the sill which correspond to
the deadweight and the Ko-values of the sill.

2.2. Mesh-dimensions

The minimal mesh-dimensions in F.E. calculations for the type of foundations,
proposed for the Oosterschp.lde,were determined. The disturbances caused by
boundaries at varioüs distances were examined. Criteria were:
- displacement of the construction
- gradient in strains
- rotation of principal stresses
- stress paths of elements near the boundary.
The following guide.numbers were found for these types of constructions:

~l à JL

- depth below foundation:
1.25 to 1.5 ~ length of foundation

distance of boundary at active side:
1.25 to 1.5 I length of foundation

FIG. 8 MINIMAL MESHDIMENSION

- distance of boundary at passive side:
2.5 to 3 • length of foundation.
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2.3. Computation of three dimensional problems with a plane strain program

A row of piers, each 20 m wide and standing 45 mapart from core to core, can not
be looked upon as a two dimensional construction. The stresses will spread in the
third dimension, which reduces the displacements (see fig. 9).
However, three dimensional F.E. programs are scarce and three dimensional F.E.
calculations are extremely expensive.
Hence a method was developed to include the three dimensional effect in a plane
strain program. The method is based on an increase of the stiffness to such an
extent that strains anà àisplacements approach reality.

CAOSS sa::Tla4 A-A

rmTm"T'tlTTT'I'TT'Ii z,
\

Fom:m:Jr~ l'~ ~
x,

c

-z.
Q b

FIG. 9 LOAD-SPREAOING
c

A formulation for the strain (e.g. in z-direction) is:

f:.€ =.!. {ào - \) (f:.cr + f:.cr ) }
zz E zz xx yy

in which E and \)are moduli, valid in a certain increment.

(10)

In plane strain conditions E = 0,(10) becomes:
yy

zz
1.: \) ( 1 + \» f:.cr
E xx

(11)

If one considers a cross section at e.g. half of the length of the pier (cross
section A-Al the spreading of stresses will be mainly in the Y-Z plane.
In a three dimensional model, cr at z = zl' averaged over the width of the pier,
will be a factor l/f smaller zz than the average value of cr at z = 0, due to

. z zz
load $pread~ng. A factor fz is defined by the equation:

(t..a-) 0zz z=
(f z) z=z

1
(three-dimensional) (13)(t..cr )

zz
z=zl
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The assumption is made that:

Cl:.O)zz z = 0 - (/::'01
zz z = 0

(60)
xx

(l2}

(60)
zz z = 0

(60)
xx z=O

From figure 9-a it can be derived that

O(zz1

bo
(fz)

z = zl
1 + (14)

a angle, indicating the spreading; b = half of the width of the pier.z 0

In a plane strain model 0 and 0 will hardly spread.zz xx

(60-)
zz z = 0

(60 )
xx z=O

1 (plane strain) (15)

(60 )
xx

From (11), (12), (13) , (15) it follows that 13-dimensional" strains in a
plane strain model may be obtained by multiplying the stiffness E by f •z

So: (E)z =
z1

= E ~ (f )z z = z1

The factor fz' or rather the factor az' can be determined with the aid of a
plane strain computation, in which X is the plane strain direction in stead of Y.

Considering the decrease of 60-- in z-direction:
zz

1
2bo

one can make a f - z diagram and determine a • Approximation by a straight linez z
makes az independent of z (see figure 9 a, b).

This gives:

az f - 1)z

bo
z

A similar derivation can be given for a . (see figure 9 cl.
In this case the shear value ~ of the s~il has to be adapted, in order to take
into account the influence of the third principal stress (vertical stress in the
given case).
Further the decrease in width b of the pier has to be taken into account e.g. by
multiplication with a factor ~ .

o
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The final correction factor for the stiffness is in that case:

Ex
b
b
9

E

b half of the width of pier at the bottom.o
For a caisson foundation with deep embedment (8
the following factors were determined;

2Om, 21 o 46m, 2bo
16m)

Cl 0.7
x

Cl O.GSz

Checking the stresses and strains in a computation, in which the loadspreading
described above, was introduced, showed, that rhe stresses were hardly changed
whilst the strains had assumed the desired values. Further it
was proved, thatCl will not be influenced seriously by the position of the
boundary or mesh dimensions.
Spreading factors determined from the analytical solution of a rigid loaded
ellipse and infinite strip on a semi infinite mass are lying in the same
range.

Stresses will not decrease according to this method. So the favourable effect of
loadspreading on softening and yielding of the soil is not included.
That is why the method is only believed to be rather useful for constructions
with a safety factor over 1.5.

2.4. Incorporation of seepage forces

In earlier computations seepage forces due to difference in waterlevel at the
Northsea- and Oosterschelde side were taken into account by increasing the
horizontal force on the construction.
The additional horizontal force was derived from equipotential lines, computed by
solving the differential equation for stationary groundwater flow:

o .. = 0 (16)
,1.1.

in which: 0 = pore pressure.
The comma followed by the index i denotes partial differentiation with respect to
the spatial coordinate x., and the summation convention applies.
The question arose, if 1.the seepage forces on soil particles might cause
additional displacement of the construction.
To solve this question a combined solution of (16)and the equilibrium-equation:

0 ... + 0 + K. = 0
1.J,1. j J

was required.

o .. effective stress tensor
1.J

K . body force
J

o .= seepage forces
,J

(17)

Combined computations were made with the consolidationprogrammes ELPLAST and
SPONS [lSJ solving the storage equation:

de k e volumetrie strain
d t yw 0 ,ii = 0 k = hydraulic conductivity (mis) (18)

yw = specific weight of the porefluid
in combination with (2). In linear elastic programs (SPONS) the influence of
the additional term~, compared to (16), may be suppressed by using a penalty-

method, or Physicall§tby using a very great timestep ~t or k-value, if one is
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not interested in the consolidation process. In elasto-plastic programs (ELPLAST)
some consildation steps are required.
In CONSOL, which has poor consolidation facilities, a different method was followed.
Equation (16) and (17) are solved decoupled, this is allowed because a permanency
is being dealt with. Equation (16) is solved, using the F.E. program for stationary
groundwater flow SEEP 16 . The pore pressures, now known, are filled in in eq. (17)
which can be solved with CONSOL.
Special attention should be given to boundaries where tractions are prescribed. In
general form they are:

0 .. n.
l.] l.

t.
]

total stresso ..
l.J

n.
l.

t.
]

components of the normal on the surface

surface traction

with Terzaghi's law, this becomes:

(0.. + 00 .. ) n,
l.J l.J 1.

t.
]

0.. = Kronecker delta
l.]

or 0 .. n , + on .
l.] l. ]

t.
]

(19)

So an adàitional pressure crshould be placed normal te the surface.
Physically, this stands for the weight of the water above the surface. Without
this additional pressure the soil will be blown up by the introduced pore
pressures.

The procedure described above leads to the following additional terms in
the functional:

JA 0 u .. dA - Js o.n.u. àS
l.,l. 1. 1.

u. displacement vector
1.

A surface

S boundary

These terms end up in load vector after differentiating with respect to
the unknown nodal displacements. This gives the following additional load
vector terms for each element:

lAl 1 _iA .o.ck + "2 .G. o.ny

bk and ck are vectors depending on the nodal coordinates

Lj = length of boundary-segment of element j

By using the same grid in SEEP and CONSOL calculations and automation of
data transport, one disposes of a simple and fully correct method to compute
the influence of seepage forces on a soil skeleton.

A third, rather elegant, method to include the influence of seepage forces
is based on an analogy, described by Engels [17J
Assuming Hooke's law:

(20)
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K bulk modules
G shear modules

the equilibrium equation (17) becomes:

G(u. . + u. .) . + (K - 2/3 G)u. k. =01,J J,1,1 x , J (21)

if pore pressures and bodyforces are omitted.
By choosing K ~-t/3 G equation (21) will change into

G(u. ..) = 0 or u. .. = 0J,11 J,11 (22)

which bears great simalarity with the equation for stationary
groundwater flow

k
-y (0 .. ) = 0w ,11 or o .. = 0,11 (16)

Further elaboration of the equations and boundary conditions gives
the following rules for the analogy:

\l 0
X

U 0
y

dO
0 dXXx

dO
0 dYyx

k
G

Yw

which holds for boundary conditions as weil.
uy should be set zero along the boundary if one chooses ux for the analogy
with o.

Using the analogy described above, the pore pressures, seepage forces and the
influence of these forces on the soil skeleton can be computed in one run,
using the same program and grid.
Only the boundary conditions and input parameters for the respective steps have
to be changed.

2.5. Computation of modeltest M2 at Kats

The modeltests series in Kats have been covered and supported by many CONSOL
calculations, predictions as weil as evaluations. Depending on the type of test
they were more or less successful.
The results of a computation of the last modeltest M2 and an impression of the
test set-up (see ref [14Jl.aregiven in fig. 10.
Comparison of measured pore pressure amplitudes and pore pressure amplitudes
computed for an undrained case, showed that the soil behaviour was mainly.
drained. Static and drained cyclic parameters which were used in this computation
were determined from triaxial tests as described in [p].
The angle of internal friction ~ was increased by 10% and 20% for loose and dense
soils respectively, in order to account for the difference between triaxial- and
prototype stress conditions. A too low ~-value would involve a non-realistic
weakening of the soil at certain spots which influences the total mechanism.
Stiffness parameters were not increased. The influence of stiffer prototype
behaviour is included in a final correction factor, derived from comparison
between calculated and measured behaviour.



111. 2
- 14 -

The 3-dimensional aspect of the construction and seepage forces were taken
into account according to the method given in section 2.3 and 2.4.
Friction along the·side of the pier is ignored.
These methods combined with the good stress strain model on which CONSOL is
based, are believed to give a rather advanced computation. The agreement
between measured and calculated results is reasonable, as one can see in fig.
10.
The mechanism,i.e. the qualitative behaviour, is fairly well computed.
The calculated displacemen~however are too great. A correction factor of a
bout 0,5 has to be applied to get agreement with the measured values.
The correction factor will be mainly due to difference between the real and
the triaxial stress-strain conditions and the inaccuracy of the stress-strain
relation at low stress-levels. The schematization with regard to 3-dimensional
aspects also merits discussion.

2S0 250 ./

/
-: /:

/200 /
/ 200

Z 1;1 z 1/-" =~ ISO 150~ I /u... I '" /0

I
uc, V '" I0

1100
I

c,

/,1 roo /;/
50

/,
50

I
I

0 0 rotation (mm/m)

0.5 1.0 2.0 (mm) 3.0 05
1~5:i l,S, 1.5

displ. at bottom ,
3,04

+4 50 Eh.~V~__~ f2

~~ I
"" :;: +2,35 +2,56r-, 17 / 5.00

~ densi f i.ed sand

<, ~ / ~ 0,00
')en

\ / :r.;,(~-;;{"/ / '/ ./ /
~u
0

160

\ c, -
\ r / ! z r---" 120

\ '/ IJ ~
--\1~ average 10 ct

I I 0 11 3)c, SC 4 3,

/.1 '-----
40

I -
-Y1_ V2 -- number of waves N

2.0 1.0 0 Ul 0 30 40 50
ve r t Lce I di sp . (nun) LOADING SPECTRUM100% parce 1

Fig.10 EVALUATIONOF KATSTEST M2



111.2
-15-

3.3 Computations with CASCO

3.1 Introduction

The computerprogram CASCO is a program for the calculation of an almost satu
rated soil. In the original version (VERRUIJT, 1973,D8]) the basic assump
tions regarding the soil behaviour were as follows:

- the soil partieles are incompressible,
- the pore water is linearly compressible,
- Terzaghi's effective stress principle is valid,
- the flow of the pore fluid satisfies Darcy's law,
- the deformation of the soil skeleton satisfies Hooke's law.

In later versions [19J' [20J, the improvements mainly concerned the last assump
tion, i.e the stress-strain relation.
The resulting model is non-linear elastic: strain increments are coaxial with
the incremental stresses in stead of the total stresses. This is considered
the main imperfection of the program. A set up for the inclusion of a better
elasto-plastic behaviour is described in refI2~ but is not implemented yet.

3.2 Description of the model

Differential equations
The resulting model is based on the equilibrium equation (23) and storage
equation (24) in an incremental form: d
G(llU.. + f1u .. ) . + (K - 2/3G) f1uk k) . - Kf1e . + f1a . = 0 (23)

~,J J,~ ,~ "J,J,J

f1u. .~,~
n8f1a + ~ (1 - E) M f1a ..

Yw ,~~
tl

f1t a ..,~~ o (24)

Boundary conditions:

n. f1a .. M. on Al (25)a ~J J

u. f. on A2 (26)~ ~ Al + A2 A3 + A4 total boundary

a 9 on A3 (27)

k
h (28)n.a. on A4

Yw ~ ~,
f. g, hare prescribed boundary values for displacements, pore pressures~,
and discharge.

d
e dilatancy, i.e. volumetrie strain due to shear stresses.

E interpolation factor defining the moment in the timestep at which both
(23) and (24) are fulfilled. E = 2/3 gives very good results in general.

n porosity of the soil

8 compressibility of the pare fluid.

Other symbols are defined in section 2 of this paper.

Stress-strain behaviour

<2~I!!E~~~~!.~!!
The value of the bulkmodulus K is governed by the following formulea: loading:

K = p Is
1

S = volumetrie effective stress

P1 = reference parameter
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unloading and reloading:

K =.2P /S (1 + A log N)

A reference parameter

N number of loadcycles

Shear

The value of the shearmodules G is governed by the following formulae:
loading:

sin cp - (q/p)

sin cp

a reference parameter

(al - O2)/2 01,02

(al + O2)/2

principal stresses

unloading:

G = 2P2 Is (1 + A log N)

reloading:

G = 1.75 P2 Is (1 + A log N)

Qg~t~~y
Rowe's stress-dilatancy relationship applies:

q/p - sin 4>t

1 - q/p sin CPt

CPt parameter, defining the turning point between dilatancy and contrac-

d
!:::.e=!:::.y

tancy.

Because of the difference between the unloading and reloading shearmodulus,
cyclic loading will give incremental plastic shear strain and dilantancy per
cycle, which decreases with the number of cycles. In partially drained or
undrained conditions this will lead to po re pressure generation, as one can
see in fig.11.

Functional

The differential equations (23), (24) and the boundary conditions (25) - (28)
may be contained in the following functional, being minimal for the right
solution !:::.U.and !:::.O:1.

~ f~(!:::.u •. + !:::.U.. )!:::.u.. + (K - 2/3 G)!:::.u.. !:::.U.. + 2f:::.o!:::.u.. +v 1.,J J,1. 1.,J 1.,1. J,J 1.,1.u .m1.n

+
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Finite Element approximation

Using a finite element approximation one obtains, after differentiating with
respect to the unknown nodal displacements u. and v. and the unknown nodal

1. 1.

pore pressures w.' a set of linear equations:
1.

Qlk6ul + Rkl6vl + Tkl6wl - Bk = 0

t
Skk6ul + Tlk6vl + Ekl~wl + Fk1wl1 - Ak = 0

The non-linear shear- and compressionbehaviour is included by varying the
stiffI'essmatricesP,Q,R,S,T,E,F. An iternationprocedure or a multiple step
approach are optional in the program.
The influence of dilatancy is included in the loadvector terms Gk and Bk'
which makes iteration cheap (initial strain method) .

3.3 Prediction of Neeltje Jans test land 11

The program CASCO has been used to predict the Neeltje Jans test land 11. A
description of these tp.stsis given in ref. [23J and in part 1 of this paper.
Soil parameters were determined mainly from drained plane strain tests.

The prediction of Neeltje Jans test I (caisson on undensified soil) is given
in fig.11. The pore pressure generation is depicted of a point at 5 m. below
the surface at Oosterschelde-side.
As one can see the generation of porepressures starts to faint off but has
not vanished yet. This marks the main disadvantage of the method: One has to
compute many separate loadcycles when cyclic pore pressure
generation is an important aspect. Besides,it is extremely difficult to des
cribe the parameters determining cyclic pore pressure generation, in an effec
tive stress-strain relation. Therefore, a similar method seems to be rather
unfit and rather expensive. The agreement between the computation and the
measurements is not outstanding. Apart from the reasons mentioned above this
will be due to bad contact between soil and caisson during the first three
test-parcels.

TEST IIA ~_ .............. .......u
ee.. CQ!C.,lOloon5 f'l}- t2

A computation of Neeltje Jans test 11 (cais
son on densified soil) is given in fig.12.
The influence of pore pressures was neglected
because of the densification and the gravel
that was used .
In the original prediction the influence of
cyclic loading was taken into account by
multiplying the static deformations with a
factor 3. This factor was based on cyclic shear
tests on very loose rip-rap. Later on, cyclic
triaxial- and sheartests were performed on
densified material, from which a factor 1,3
was derived. The results given in fig. 12
are based on the orginal prediction modified
in respect to this factor.
A reasonable agreement is found between the
computation and Lhe measurements.

.!..~""~._~'~""
I 0 I ·IJ'.' '.

'i

TRANSLATlONSANO RQTATIONS
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SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

SIMPLE NUMERICAL METHODS TO DETERMINE DISPLACEMENTS AND
STABILITY OF PIERS (SPRING CONSTANT AND BRINCH HANSON)

by:

J.B. Sellmeijer, Project Engineer, Delft Soil Mechanics Laboratory
Delft, The Netherlands

LIST OF SYMBOLS

a height of the structure in the sill
b width in the direction of the horizontal load
bo part of the bottom where the structure has no contact with the soil
d width perpendicular to the horizontal force
e bo/b
f
g
h

h
k
1

function indicating the percentage of mobilized shear stress
distribution function
horizontal displacement
index referring to the faces with the normal in horizontal direction
spring constant
center distance between the piers
displacement
vertical displacement
index referring to the bottom with the normal in vertical direction
displacement

coefficient of volume compressibility
diameter
modulus of elasticity
characteristic concerning horizontal spring constant
characteristic concerning vertical spring constant
horizontal hydrodynamic load
moment
vertical dead load of the structure

u
v
v
w

C
D
E
F
G
H
M
V

a
B
y
Ó
e
v
cr
T
~
W

distribution factor
distribution factor
unit weight of submerged soil
distribution factor
friction angle between soil and structure
Poisson's constant
normal stress
shearing stress
angle of internal friction of soil
rotation

1. INTRODUCTION

Important design parameters for the piers of the Oosterschelde storm surge barrier
are displacement and stability. To gain an insight into the mechanism which con
trols those parameters, many model types simulating reality can be developed. Most
models contain the surrounding soil as an implicit variabie (e.g. finite element
computer programmes, model tests) and therefore they require time consuming elabor
ation. The consideration of the problem by this type of model is particularly use
ful if only one specific case is of interest.
To determine the influence of certain parameters, many computations or tests are
required. In order to control costs and time there is need for a more simple model,
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which reflects some specific trends in a reliable way. With this purpose in
mind the spring constant method has been used for the calculation of the dis
placements and the Brinch Hansen method for the investigation of the stability.

2. DESCRIPTION OF THE SPRING CONSTANT METHOD

The piers of the barrier are rigid structures compared to the surrounding soil.
They are placed parallel to each other, forming a line of foundation for the
barrier. If the horizontal loading is perpendicular or parallel to this line,
the displacements of the piers are determined by three parameters only, a hori
zontal and a vertical displacement, and a rotation, provided of coarse that the
construction, the loading and the properties of the soil are symmetricali see
figure 1.

y.t

~----------------------__,

afJ'M
V

h ----H.~;;;;;;;;r=:....._-------------_' x.
~~W
v

b
FIG. 1.

The loading consists of a horizontal hydrodynamic force H, a vertical dead weight
V and a moment M resulting from the shift of the force H to the bottom of the
construction and from a possible eccentricity of the dead weight. The displace
ments are denoted by a horizontal displacement h, a vertical displacement v and
a rotation W df the origin of the coordinate system. Therefore the displacements
of an arbitrary point are:

Ux h + wy horizontal displacement

uy v + wx vertical displacement

The height of the face is a, the width in the direction of the horizontal
force is b and the width perpendicular to the horizontal force is d.
The spring constant method assumes a linear relationship between the normal stress
on the construction and the displacement in that direction

cr = k un n

where: crn
u
kn

normal stress
displacement in normal direction
spring constant

The term "spring constant" is deceiving. This constant is anything but constant.
It depends on the stress level and geometry. Later in this paper it will be shown
how the spring constant can be calculated as a function of the geometry and the
stress-level.
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Besides the normal stresses on the construction the shear stresses play an im
portant role. The maximum shear stress is equal to the product of the normal
stress and the tangent of the angle of friction between construction and sur
rounding soil, denoted by 8. The mobilized shear stress is dependent on the
displacement in the direction of the shear stress; see figure 2.

""Cm

FIG. 2.

Tm is the shear stress; Urn is the displacement in the direction of the shear
stress. A characteristic value for the curve of mobilized shear stress is the
parameter uo' lts value depends on the geometry, the stress-level and the
friction angle 8. It will later be shown how this value can be determined.

Some of the main assumptions of the theory to be presented are the following.

Before horizontal loading a neutral soil pressure will act against the vertical
faces of the construction. At the side of the loading the soil pressure will
diminish until the active pressure is reached. Dûring calculation it is assumed
that this active pressure is present. Because it is convenient for the calcul
ation, the soil pressure at the other side will be split up into the active soil
pressure and an increase of soil pressure with respect to the active condition.
The engineering of the construction is done in such a way that no initial shear
stresses are present on the vertical faces. Therefore the initial normal stresses
at the bottom are known. Oue to the moment the normal stresses at the side of the
horizontal loading will decrease. If the size of the moment is relatively large,
it is possible that along part of the bottom no normal stresses will occur, as
soil cannot provide tension.

3. APPLICATION OF THE SPRING CONSTANT METHOO

In the previous paragraph the relationship between stress and displacement is shown.
The displacements could be described by three unknown parameters, a horizontal and
a vertical displacement and a rotation.
Since there are three conditions for equilibrium, horizontal, vertical and momental,
one is able to determine the unknown parameters.
As has already been noted, the spring constant will be different at any point of
the construction. In the direction of the width perpendicular to the horizontal
force an average value may be obtained as will be shown when the value of the spring
constant is determined.
The three equations of equilibrium now can be written as follows:
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H
d

a b
J (h+Wy)kh(y/a)dy + f

o bo

a b
f (h+wy)kh(y/a)f«v+Wb-v~uh)tg 8hdy + f (v+Wx)kv(x/b)dx +

o a bo
+ f Ày(a-y)tg 8h {f«v+Wb-vrYuh)-f«Vl-V)/uh)} dy

f(h/uv)tg 8 (v+Wx)k (x/b)dxv v (3.1)

V
d

(3.2)

o

M-~bV =
a t a

f (h+Wy)kh(y/a)y dy + (x-b)(v+Wl;{)k(x/b)dx+ f Ày (a-y)
d v

0 b 0
0

tg 8h f(vl-vYuh)bdy (3.3)

where the index h refers to the properties of the faces with the normal in
horizontal direction and the index v to those of the bottom with the normal in
vertical ,iirection.The function f(u/u ) denotes the percentage of mobilized
shear stress. The initial vertical dis~lacement at the left side, being the
side of ~he horizontal loading, is denoted by vi' the one at the right side by
v . In that part of the bottom between x = 0 and x = bo it is supposed that there
i~ no contact between structure and soil, so that there acts no stress.
À is the ratio betweer.active horizontal soil pressure and the vertical stress;
y is the submerged uniL weight of the soil.
It is convenient to define the following quantities:

1

J nn kh(n)dnF
n

1 a
n+1 f
a 0

n
y kh(y/a)dy n = y/a n=O, 1,2

o

G
n

1 b
n+1 J
b bo

xn k (x/b)dx
v

1
f ç:n k (ç:)dç:

v
x/b e = b /bo

e

H
H bd - V f (h/u )tg 8~ a ~ v v

[

V - Hf«v+wb-vi/uh)tg 8h 1 ]
V - - Ày ~ tg 8 {f(v+Wb-v \ju )-f{(v- v)Iu. )} /
~ abd 2 bh r'h 1 n

{ 1 - f«v+wb-v )/uh)tg 8 f(h/u )tg 8 }r h v v

M~

If one subtracts f(h/uv)tg 8v times equation (3.2) from equation (3.1) and
f(v+Wb-vJ/uv)tg 8v times equation (3.1) from (3.2) and substitutes the above
defined quantities in this result and in equation (3.3) one will obtain the
following set of equations in matrix notation:

o v/a

M~

o F1 a/b h/b H~

(3.4)

W
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From these equations

h H*

b FO

it follows:

F1 a
- --w

FO b

v G1 bv * (3.5)--w
a GO GO a

F F _F2 2 G1-GO F1 a
{ 2 0 1(~)2

G2GO-G1
b+ -lw M ---V - -- H

F b G a * G * F b *0 0 0 0

The quantities H , V and M contain the parameters h, v and w, and the
. G *. * h * b . f . f h dquantlty contalns t e parameter e, elng a unctl0n 0 , v an w.

Accordingl9 the displacements of the pier have to be determined by an iteration
process. This process is carried out by computer and takes only a fraction of a
second. The displacements due to the hydrodynamic force are calculated. The
initial displacements vI and vr have no practical importance. They only indicate
the vertical displacement of the construction by the dead weight in case the
soil has the present stiffness.
An example of the output of a computation is shown in appendix 1. It is noted
that the influence of initial inclination is considered, due to eccentricity of
the dead weight and/or non-homogeneous subsoil. Moreover the consequences of a
possible negative value for h are taken into account.

4. DETERMINATION OF THE SPRING CONSTANTS

As already mentioned, the value of the "spring constant" depends on geometry and
stress level. This means that first of all in any specific case values of the
soil characteristics have to be determined. As an example the case will be con
sidered where all piers are loaded perpendicular to the barrier. For the calcul
ation of the parameters needed a linear stress distribution into the subsoil will
be presumed. For the determination of the vertical spring constant the parameter
indicating this distribution will be denoted by B; see figure 3.

I
I
I
I

tv,
~ M ~
/1 ~ I/VI ~ 1\
I I I \
I I I \
I :Z ~ \
/ I I \
/ I I \,tJ3'z-r----- -b-- -----}z-aï-\

I I
I I

FIG. 3.
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From more advanced calculations by computer it followed that the value of S is
about unity; V1 is the total vertical reaction and M1 the moment, resulting from
the stresses along the bottom after applying the horizontal hydrodynamic load.
The value of V1 is smaller than the one of the dead weight V, due to the in
fluence of the shear stresses on the faces. The average effective stress level at
a depth z now is outlined by

V - (V-Vl)t
~~----~--~~-- + yz
(b-2t M1/v1+Sz)d (4.1)

The value t = 0 yields the initial stress-level; t = 1 the finalone. The stress
concentration by the moment is simulated by a decreasing width with the result
ing load V1acting in the center. The stress-strain relationship formulated by
Terzaghi is,

dw
ao = C 0 d(_z_)
t t dz (4.2)

where: C
wz

the coefficient of volume compressibility of Terzaghi
the vertical displacement

Integration of formula (4.2) from t = 0 until t yields

} - 1n( (b+~Z)d + YZ) 1 (4.3)

The vertical displacement Wz is now obtained by integration of equation (4.3)
with respect to z. It has to be noted that the coefficient C is a function of z
since the subsoil is not homogeneous. However, it is sufficient to consider an
average value C to be derived later in this section. The vertical spring constant
is equal to the quotient of the increase of stress along the bottom and the
vertical displacement. This results in the formula,

1/4 Y ë
kv

K/11l1-11arctg (h)Illl1-11-/lll-11arctg (h)Illl-11-Kln(~/ll1) +in (~/ll)

Kll1-11

average value of the spring constant along the bottom
1 - 2 M1/bV1
arctg if II> 1 or 111> 1

-arctgh if II< 1 or 111< 1
4SV/Yb2d
4SV1/yK2b2d

(4.4)

where: k
v

K
arctg(h)

The values of V and V1 are not very much different; the one for V1 is always
slightly smaller than the one for V. This means that the stress decreases by the
decreasing vertical load, but increases by the moment. Therefore there exists a
value for M1 such that the increase in stress is zero and such that the vertical
displacement is zero, resulting in a spring constant zero and infinite respect
ively; see appendix 2. If V1 = V the value of kv increases gradually with increas
ing values of M1' If M1 = 0 the value of kv increases gradually with increasing
values of Vl' However, the last values of kv are smaller than the ones with vari
able M1. This fact is also found in practice. Because a discontinuity in the values
for k is not realistic and because in our case change in moment prevails over changev
in vertical load the vertical spring constant will be determined from equation (4.4)
under the condition V = Vl'
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The average value for the coefficient of volume compressibility can be determined
as follows. From appendix 2 it is clear that the value for kv increases rather
slowly for increasing values of Ml. Therefore consider equation (4.3) for the
limit Ml ~ 0 and the condition V = Vl. The average value C will be defined as,

[

(b-2Ml~V+SZ)d + Yzl
in V dz

(b+Sz)d + Yz
1

00

f
[

(b-2Ml~v+eZ)d + yz]
V dz

(b+Sz)d + YZo

or with ç Sz/b,

1
C

00 1 ~ dl;;
J C ~+4l; (1;;+1)1;;+1o

(4.5)

In case the subsoil consists of a number of more or less homogeneous layers
equation (4.5) may be outlined by:

n
1 4 I';....z;

m-l 1 1z m
~+(sm+l;;m_l)(2+l;;m+1;;m_l)2+Çm+l;;m_l

+ 2
1 m=l Cm Cn+1 (2sn+1)
C t; -l;;m-l

(4.6)
n 4 1
l: ~+(r;m+l;;m_l) (2+l;;m+1;;m_l)2+l;;m+Çm-l

+ <1
m=l (21;;:n+1)

where sm is the di stance of the mth layer until the bottom of the pier; see
figure 4. The value of sn must be large enough, for example Çn > 2 and I';n> ~/~ •

•
r
I

I
I

I Izo., Cl
1

I----- - IZ'., C2
~

Cm
1Z2.

zm·. Cn J~
Cn., ,Zn· FIG. 4.

I I

In the direction parallel to the barrier no distribution of stress was presumed.
This is not completely according to reality since partial stress distribution is
possible; see figure 5.
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a

FIG. 5.

a indicates the normal stress distribution in the direction parallel to the
barrier. Over a depth of (1 - d)/a stress distribution will appear. After this
level the stresses of the adjacent piers interfere so that distribution no longer
takes place. This fact can be taken into account by multiplying the factor 41;;(1+1;;)-

a b 1
in formula (4.5) by (1 + Sd 1;;)for values of z until (1 - d)/a and by d for

values of z larger than (1 - d)/a. This results in a larger value of C. General
ly the value for a is equal to the one for 8.

The value for Uv can be determined in an analogeaus way. One assumes for the normal
as well as the shear stress a linear stress distribution,

-Hs v
o = (b+8z)d + yzT =

(b+8'z)d

where Hs is the total shearing force along the battom. However, shear stress de
creases with depth faster than normal stress. This means that the value for 8' is
larger than the one for 8. The linear relationship between the shear stress and the
shearing strain Yxz is:

E CO
T = G Yxz = Yxz 2 (1+\) Yxz2 (1+\1)

where: G shear modulus of soil
\I Poisson's ratio
E elasticity modulus cf soil

The shearing strain can be written as:
dwz--+dX

dWx
-az-

where: wx horizontal displacement.
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The value of dWz/dX at z = 0 is equal to the value of -W to be calculated. If
one assumes that dWz/dx is the same type of function of z as dWx/dz then, since
Yxz is a function of T/a,

and it follows for the horizontal displacement,

dW H
x {2(1+\» s } V T

~= C -v+w Ha
z s

(4.7)

Integration with respect to z between z + 00 and z = 0 provides the horizontal
displacement w. Since a linear stress-strain relationship was assumed ~ can be
determined from wx; see figure 6.

,
~',,

/~~,
/--------:'(--------------

~~I
, I
" I

,,/ I
/ I
/ I

,/ I
" I Uv Wx FIG. 6.

~ is the value for Wx in order that H = V tg ev. Therefore,

Equation (4.7) now yields after

u
WV HV tg8v
x s

integration and multiplication with u /Wv x

1-S'/8+~/4(S'/S)2 .4S uV={l_ê.:+~~}/J~-ll I1 1 s, s' .;
2(1+V)tg e !C+w/f(h/u) u b S 2 S ~-1 arctg(h) ~-1 -(1-s)ln(~ -8 u)

v v

(4.8)

In this formula H/V tg e is replaced by f (h/uv)'
The average value of theVcoefficient of volume compressibility differs slightly
from the one used for the vertical spring constant. In formula (4.5) one has to
replace the term 1/(1 + Ç) by (1 + Ç)/(l + çS'/S).
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For the determination of the horizontal spring constant at the sides of the
structure several methods can be applied. The most direct one is a pressiometer
test. However, from point of engineering the barrier, in situ data cannot be
achieved. From the results of pressiometer tests, Menard (1) derived a formula
by which the spring constant can be calculated as a function of geometry and soil
characteristics,

a
~ D (_Q_ À ) m +
6E 0 D m
p 0

ex. D
m

6E
p

(4.9)

diameter of the construction
reference diameter being 0.6 m
geometry factor being 1.12 in the case that the vertical cross
section is square and 2.65 in the case of a strip
soil characteristic having the value 1/3 for sand
modulus of elasticity following from pressiometer tests being
fairly equal to the cone resistance of a penetrometer test

Menard considered a critical depth about 3 or 4 times the diameter D above which
the spring constant decreases to zero at ground level. Since the value of ~ can
not be measured beforehand, the values to be expected have to be carefully select
ed.
Besides this more practical approach, the method of stress distribution used by
the vertical spring constant can be used.
In order to introduce a spring constant increasing with depth, the following will
be assumed; see figure 7.

x .

.... ..........
.... ......... I..... .....,...... --..!............. ,...-, ...... ..... I .....__
, , ........... 1,,, ......

, ' I ......, "I ..........
" ....... <,
'" <,, I" ...,,I <, ,

'-J ' ....
I' ....
I '
I 'I

z.

FIG. 7.
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Every area dz has a stress distribution a' (~) dz between the dotted lines. Thea a
total horizontal stress along such a dotted line can be reflected by:

o
H 9 (z/a)
n n + Ày(z+axz/a)

(a+a'(z/a)x)d (4.10)

a
H is the total horizontal reaction provided by the face; r 9 (z/a)dz = a, 9 (z/a)
b~ing an arbitrary function of z. It is not necessary tha~ a e~uals: n

! fZa'(~)dz. This parameter may be chosen independent of z which results in az 0 z
linear fan-shape of the dotted lines. Every area between two dotted lines has its
own value of a' (z/a) dependent on the mechanism of transmission of shear stresses.
Applying Terzaghi's stress-strain relationship one obtains:

dw 1 [ H 9 (z / a) ]
~ = ln 1 + n n
dx C(z/a) ÀYzad(1+ax/a) (l+a'x/a)

where the coefficient of volume compressibility is assumed to be constant on a
dotted line. Integration of (4.11) provides the horizontal displacement. The
quotient of stress increase and this displacement is the horizontal spring con
stant; the result is:

(4.11 )

a'Àyz/a C(z/a) a
~ (1+a/a')kh ëi' II 2 +

~ ln a
+ a' a' 1 (a a)

~(1 + a/a') - n ëi' II +ëi' (4.12)

where II H 9 (z/a)/Àyzad
n n

If a/a' II has a small value one may approximate this result by

aÀyz/a C(z/a)
kh

a ln a
a' ëi'
a
a' 1

/_a 0 < ",a,< 2 or kh _ aÀy C (z/a)z/a laïa/Uï '-'

If a/a' II has a large value the following approximation may be used,

Ir:':f ëi' I-'

or
a'Àyz/a C(z/a)

kh
TI

where use is made of the relation

H 9 (z/a)/ad = k wn n h x

w is the horizontal displacement of the face. Since horizontal displacement does
n~t vary very much with depth, the influence of rotation on the spring constant is
not concerned.
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From calculations by more advanced computer programmes and experiments it
followed that the horizontal spring constant increases with depth more or less
like a square root ,function.This means that in this model the distribution
factor a/a' increases linear with depth for very small values of the horizon
tal loading, gradually becoming proportional to a square root relation for
large values of the horizontal loading. This result is rather satisfactory
since the stiffness at smaller depths increases relatively more than at larger
depths.

To simplify the result (4.12) one will assume that at z = ao a' = a, ao indicating
the place of the resultant force Hn on the face.
If kh is a square root function of depth, the value of gn(z/a) at z = ao is

% .; ~ _ 1. Therefore the horizontal spring constant can now be outlined by,

H
where )J = n

'Ayaad
o

~a'Ay~ ~ C(z/a)

kh *arctg lil (4.13)

If a has the value 1 the result of the horizontal spring constant calculated by
this method is very close to the one calculated by Menard's formula (4.9). By
the equation of (4.13) it is possible to introduce the influence of the slope
beside the pier by reducing the value of a.

The value controlling the mobilizing of shear stress for the faces can be de
termined using the same assumptions as ment.Loried before. The shearing stress
will be outlined by

T
Pg (z/a)s
(a+a"x)d

o
a" = a"(z/a) reflects the stress distribution. P is the total shearing force.

where the distribution function g (z/a) has to satisfys

a
f g (z/a)dz = a ands

From the formulae

T 2(1+\)) Yzx
Ca

dW dwz xax+~

o
H g (z/a)
n n + 'Ay~(a+ax)
(a+a'x)d a

and with the assumption

dW H g (z/a)+Àyzadx T n nh = - W () --P-g-(-z""/-a-)-
s

it follows

dW P g (z/a)
_z_ = { 2 ( 1+\)) _ _;s=--__
dX C(z/a) H g (z/a)

n n

H g (z/a)
w(l+ 'Ayzad)} nn T

H g (z/a) P g (z/a) an n s
(4.14 )

The factor controlling the mobilizing of shearing stress, uh' is related to the
forces P and H as follows:

n

H f(z/a) +'Ayzad
n

--P-g""""'(z-/"-a"":')--tg eh
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Therefore after integration of (4.14) one obtains for the parameter ~, with
I;= ax/a.

u H 9 (z/a)+ÀYzad 00

a....!!.={2(I+V) nn }f ]..l+1
a C (z/a) tg eh - W _';;":'-P---g-"'(:-z-C/:-a7")--tg eh j.l+(1+I;)(1+1;0.'ja)

s 0

1+';0.'ja
1+ê;a 11/ a dE,;

(4.15)

In this formula the factor
by f ((v+wb-vr)/uh) •
Since uh is independent of
struction, one may average
be done by

P 9 (z/a)/{(H 9 (z/a)+Àyzad)tg e 1will be replaced
s n n h'

z, assuming there is no slip between soil and con
equation (4.15) over the height a. Roughly this can

1 1 a

f dz
(4.16)

o
C(z/a)

C
a

For small values of I;this is correct and for large values of I;an exact average
is arbitrary since the fan-shaped distribution of the areas with equal C-values
is arbitrary. Equation (4.15) can now be rewritten for 0.'/0.= 1.

2 2
(a"/a) j.l+ (I-a"/a) a ~ a" a" a"

j.l+1--;-= a lil arctg lil - (1-(i) in {ei" I]:i+l} (4.17)

The derivations of parameters, carried out in this paragraph are examples of how
spring constant values can be determined. In other cases, for example loading
parallel to the barrier of only one pier, other equations are derived because the
stress distribution is two-dimensional in this case.

4. STABILITY

Besides the displacements of the piers an important design factor is the stability.
Calculations are carried out by formulae given by J. Brinch Hansen (2). The bearing
capacity of the foundation was compared with the loading and expressed in a safety
factor.
In the spring constant programme discussed in the previous paragraphs, a stability
calculation is also enclosed. The following model is considered. It is assumed that
failure occurs by slipping of the structure pushing the soil beside the structure
along the slip lines, to be determined from the Mohr circle; see figure 8.

FIG. 8.
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The angle of the slope with the horizontal plane is denoted by ~.
Three areas are distinguished, area 1 2 and 3. In the first stage of
the calculation, the bearing capacity of the construction for arbitrary loads
Pand Hn with the condition p/Hn ~ tg ~ is compared with the one for loading
parallel to the slope, P/Hn = tg ~. In this calculation no dead load of the
soil is considered, but a constant load on the slope. The stress situation in
area follows from the Mohr circlei see figure 9.

~ is the angle of internal friction of the soil.
The relation between ~ and X is,

sin(2X+~) sin ~/sin <t>

The stress situation in area 3 depends also on Ei see figure 10.

Hn/ad.

o

FIG 9.

a

FIG 10.
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From the equations of Kötter (3) it follows that the quotient of bearing capa-
city for arbitrary E and the one for E = 0 equals

0 + sin q, cos { 2(1jJ+X+E)}
(2E tg q,)

1 + sin q, cos { 2(1jJ+X)} exp

The value for E depends on the quotient P/Hn
f( (v+Wb~vr)/~)

f tg 8h, where f stands for

Hn
P

1 + sin q, cos {2(~+X+E)}
sin q, sin {2(~+X+E)}

1

Or after rewriting

2(~+X+E) 8' + . (sin 8')arCSln sin q,

where

tg 8' = f tg ê
h

In case E
equals

o the bearing capacity due to dead load of the soil is known and

H' ~ ya2d 1 + sin q, cos(X+~)
n max 1 - sin q, cos(2X)

The maximum load Hn which can be sustained by the construction is thenmax

H 0H'
n max n max

Or after rewriting,

2 1+sinq,I1-(tg1jJ/tgq,)2 [ . 1 ftg8h
Hnmax ~yad exp {arctg(ftg8h)-1j!+arcsln(-.-q,- )

1-sinq,I1-(ftg8h/tgq,)2 ai.n 11+(f tg 8h)2

_ arcsin (s~n !) }tg q, ]
Sl.n'I'

The value of f can be taken as unity because during collapse total mobilization
of shear stresses can be expected.
The calculated Hnmax is expressed together with the maximum possible shear force
along the bottom in a safety factor dividing their sum by the horizontal hydrodynamie
force.

5. RESULTS AND CONCLUSIONS

A parametrie study is carried out with the results of the described theory. Five
typical locations of piers in the Oostersehelde were considered. The horizontal
cross section of the piers was variedi 50 x 20 m, 50 x 25 m and 60 x 25 m. More
over those fifteen standard cases were investigated on the influence of the amount
of compaction of the sill, the size of the height of the sill, the presence of a
thin slip layer under the foundation plate, the value of the friction angle of the
faces, the amount of dead weight. The results of these calculations are summarized
in tables. An example of such a table is given in appendix 3. In figure 11 the geo
metry and some specific parameters are indicated.
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FIG. 11.

The rotation depends for the most on the size of the cross section. The horizon
tal displacement is very sensitive for the presence of a thin slip layer under
the bottom. From the results of all the calculations one carefully selected the
dimensions and dead weight of the piers and desired soil conditions in order to
meet the design criteria.
It is interesting to compare the result of a calculation by the present theory
with the one by a more advanced theory. This is carried out with the aid of the
finite element computer programme "CONSOL" (Christian, Boehmer, Biegstraaten).
Two examples are presented with cross section 50 x 25 m. The size of the height "a"
of the sill is 7.5 m and 10 m.

a = 7.5 m Spring Constant CONSOL

h 13.22 cm 9.67 cm

h + wa 14.36 cm 10.67 cm

w 0.00152 0.00134

v -4.23 cm -4.61 cm

v + wb 3.38 cm 2.07 cm

a = 10 m Spring Constant CONSOL

h 9.19 cm 7.96 cm

h = wa 10.82 cm 9.35 cm

w 0.00163 0.00l39

v -4.46 cm -4.66 cm

v + wb 3.69 cm 2.29 cm

The values for the rotation are rather close. The compared cases showed a differ
ence of 10 to 20 percent. The values for the horizontal displacement differ in
the compared cases much more. However, it is not yet clear if the programme CONSOL
simulates the same severe slip condition between bottom and soil as the spring
constant programme.
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Besides the displacements, also the values for the safety coefficients are
compared with the ones obtained by formulae formulated by Brinch Hansen (2).
Those results are rather close.

Spring Constant Brich Hansen

a = 7.5 m 0.89 0.87

a = 10 m 1.17 1.10

Those values also agree very well with the ones obtained from centrifuge experi
ments by Rowe.
The Spring Constant programme is a very cheap and fast device to calculate dis
placements and the safety of structures exposed to loading.
It is especially very useful to determine specific trends by the influence of
certain parameters. However, comparison with more advanced, time-consuming
models is necessary in order to determine the parameters which reflect the in
fluence of the subsoil.
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BCBR-BER ** ROOHPOT 13 ** 78-08-01 ** I APPENDIX 1.1

INPUT:

*******
GEOMETRY: LOADINGS:

A = 11.0 H H = 116.6 HN
B = 50.0 H V = 254.0 HN
D 25.0 H H 2274.5 HNM
LO = 10.0 M EXC = 0.0 M
TAL= 0.25 VERH= 1.00

SOIL CHARACTERISTICS:
DELTA H = 33.00 DGR
FI H = 33.00 DGR
DELTA V = 29.00 DGR
SRT.MAS.= 0.01 MN/M3

CONE RESISTAt""CE:
QCD 8.0 HN/M2
QC(2) = 9.0 HN/H2
QC(1) = 10.0 MN/M2
KH/QC = 0.1957 1/M

HNAP(2) =
HNAP (1) =
HNAP(O) =

21.00 H
27.50 M
30.00 M

SPRING CONSTANT VALUES:
UH = 4.12 CM
UV = 8.09 CM

KV = 4.75 MN/M3

OUTPUT:

*********

DISPLACEMENTS DUE TO DEAD LOAD: DISPLACEMENTS DUE TO HORIZONTAL LOAD:

INIT V-N.Z. = 4.28 CM H-TRANSL = 6.79 CM h
INIT V-O.S. = 4.28 CM H-TPV MV = 8.39 CM h + wa
INIT ROTATIE -0.00000 V-N.Z. -3.82 CM v

V-O.S. = 3.46 CM v + wb
ROTATIE = 0.00146 w

DISTRIBUTION H0RIZONTAL LOAD: MOBILIZED SHEAR STRESS:

H-VOORZI:lDE
H-ONDERZI:JDE =
MEEW. BREEDTE =

24.11 MN FACE
92.49 MN BOTI'OM
50.00 t1 b-bo

LANGS ACHTERZI:JDE 72.89 Y. RIGHT FACE
LANGS VOORZI:JDE 68.56 Y. LEFT FACE
LANGS ONDERZI:JDE 68.55 Y. BOTTOM

HORIZONTAL FAILURE:

RESERVE H-VOORZ = 38.57 MN SPARE LOAD FACE
RESERVE H-ONDERZ = 42.43 MN SPARE LOAD BOTTOM
MAX H-VOORZ = 62.69 MN MAXIMUM LOAD FACE
MAX H-ONDERZ = 134.91 MN MAXIMUM LOAD BOTTOM

VEILIGH. FACTOR = 1.69 SAFETY FACTOR

**** OOSTERSCHELDE-VERSIE D.D. 78-02; LGM-DELFT ****
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SYMPOSIUM ON FOUNDATION ASPECTS OF COASTAL STRUCTURES

EXCESS PORE PRESSURES AND DISPLACEMENI'SDUE TO WAVE INDUCED LOADING

OF A CAISSON FOUNDATICN AS PREDICTED BY PLASTICITY ANALYSIS

by:

Frans P. Smits, Research Engineer, Delft Soil Mechanics Laboratory

Delft, The Netherlands

SUMMARY

The paper deals with an analyticaI plasticity method to compute excess pore
pressures and displacements for a caisson type foundation structure exposed to
repeated wave load action, as it has been applied to predict Neeltje Jans test I.
It allows for the capacity of the soil to improve its resistance against lique
faction by preshearing during the rise time of a major storm or during prior
moderate storms.
The material model of a strain-hardening plastic soil which relates mobilized
strength to shear strain is used. Constant mobilization of strength is assumed
for the stress field to balanee the external load and a simplified procedure
is adopted to calculate increments of displacement from the accumulated shear
strain and a flow rule.
The selection of relevant cyclic stress ratios, Tc/ao and Ta/Tc' for calculation
of pore pressure generation by cyclic loading is outlined. A procedure is des
cribed to calculate the net excess pore pressures which allows for the decreas
ing liquefaction potentialof the soil by periodical updating of the rate of
pore pressure generation. Results of calculations are presented and discussed
in relation to field measurement.

1. IIITRODUCTION

In October 1975 a large scale liquefaction test has been carried out at the
Neeltje Jans site in the Oostersehelde to investigate the feasibility of a gated
caisson type storm-surge barrier (De Leeuw, 1976). A test caisson, 15 m wide and
27.7 m long, with a height of 10 m, has been placed in 7 metres deep water and
cyclically loaded by hydraulic jacks. The submerged weight of the caisson was
approximately 13.5 MN. The loading program for the horizontal forces consisted
of 6 parcels of 300 load cycles each, with a cycle period of 3 seconds. Within
each parcel all cycles had a constant cyclic amplitude, simulating the wave
action, superimposed on a constant statie force, simulating the loading from a
tidal decay. Bath the statie and cyclic components of the horizontal force in
creased in every next parcel, following the loading program indicated in the
tabIe of figure 1.
The foundation soil consisted of medium-fine sand with a porosity of 41 -42% and
with average CPT-values of 10 MN/m2 over the top 10 m depth.
The present paper reports a prediction of the above test by an analytical plas
ticity method.
The foundation problem with directional variable but periodical recurring bound
ary loading is difficult to solve primarily due to the lack of knowledge on the
onloading-reloading characteristics of the soil. This has contributed to the ex
perience with a special approach by which the response of the soil to the extern
al load within cycles is separated from the macro-response to successive peak
cycle conditions. In such an approach the primary outcome of the events within a
cycle searched for is the c~ange of effective stresses. As in general the effect
ive stresses decrease, at least under loading conditions which give us cause for
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concern, it is expected that the response in the large to a continuous peak
cycle loading condition is similar as that to monotonic loading. However,
adequate stress-strain relations will then be required which may have to be
obtained from cyclic loading tests.
The method outlined in this paper follows the above approach, but no special
attention is paid to stress-strain relations.

2. MATERIAL MODEL

The cohesionless foundation soil is considered to behave as a strain-harden
ing plastic material, such that the applied boundary load is balanced by an
equilibrium stress field for which holds the stress limiting condition:

.2._.( sin "-a' "'m f(y) (1)

where ~ maximum shear stress
effective mean normal stress
mobilized angle of internal friction, which is a function of
shear strain y

ct>f= internal friction angle at failure

Boundary displacements are considered to be related to a plastic strain field
which follows a flow rule:

ÓE:
óy = sin \)

m
(2)

where ÓE:
óy
\)m

volumetric strain increment
shear strain increment
mobilized angle of dilatancy

Elastic behaviour of the soil is disregarded except in as far as it effects the
dissipation of pore pressures generated by cyclic loading (cf. Sec.5).

The above relations, such as shown in figure 2 and figure 3, suffice to calcul
ate displacements for monotonic boundary loading under fully drained condition
in which case Tja' = sin ct>m. In a partially drained loading condition an addi-

tional pore fluid storage relation is required, e.g. V2u = y; ~~ in conjunction
with plastic stress-strain behaviour.
In the present analysis where the pore pressure production by cyclic loading and
the simultaneous dissipation are determined by an uncoupled calculation a slight
ly different equation for the pore pressure is used (cf. Sec. 5,Equ.(16)>.
The displacements of the caisson, i.c. the cumulative lateral displacement in the
direction of the static tidal force and the settiement, are calculated as those
arising from a continuously acting maximum wave plus tidal force. At peak cycle
loading the effective stress ratio or mobilized strength, Tla', may increase
gradually due to generation of pore pressures by successive cycles. This increas
ing effective stress ratio is accompanied by plastic volumetric strains, con
traction or dilation, which in turn induce changes of pore pressure. For the pre
sent analysis it is assumed that these pore pressure changes are negligible as
compared with those arising from shear stress reversals in successive cycles. In
other words, the loading condition to estimate cumulative displacements is con
sidered to be fully drained.
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3. CALCULATION OF CUMULATIVE DISPLACEMENTS

A numerical procedure to solve a boundary value problem based on plastic stress
strain behaviour according to Equ. (l)and Equ.(2)is the so-called associated
field method. It used the method of characteristics to calculate compatible
stress and strain fields alternately, until at convergence the specified stress
strain relationship is satisfied in all elements. Bowever, the method is extreme
ly complicated, and although some progress is made we have as yet not been able
to solve the caisson problem. Instead, a simplified analytical procedure for
calculating the caisson displacements is developed, which is described below.

Consider the caisson problem as a strip footing of width Bo, placed upon the
horizontal surface of a cohesionless foundation soil. It is subjected to an
inclined eccentric load, composed of a vertical component FV due to the caisson
weight and a horizontal component FB which equals the sum of a tidal force, FBa,
and the maximum wave force in the direction of the tidal forces, FBc. The hori
zontal force acts above the foundation level thus causing a moment M = Ma + Mc
and a load eccentricity e = ~.

FV

Provided that the actual distribution of mobilized friction and excess pore
pressure may be approximated by constant average values ~m and ti throughout the
plastic stress field, the external load causes a critical equilibrium state in
the soil expressed by the equation:

FV
(J - = ~ Y'B N ti N (3)
V A Y u

where B effective foundation width, B = B - 2e
0

A effective foundation area, A = B L
Y' effective unit weight of the soil
(Jv average total vertical stress
Ny, Nu = bearing capacity factors

Nu
1 + sin cp cos 2/1e(7f-2/1)tan cp _ 1

1 - sin cp (4)

N :::y

N (-)
Y (5)Ny (+) + N (-)
Y

. I sin cp cos cp +
cos (u + /1)

cos cp
- cos (CP - ]J +M + cos cpo cos(CPc-p:!:_/1)+

7f-
cos cp 3(2 + /1)tancp
( 0 sin(cp -~) + cos u) e
cos cp 0

(6)

where cp ~m

2~
7f

~m2

CPo arctan (3 tan ~m)

2/1 cS + arcsin (s_incS)
s~n cp

m

tan 0 , angle reflecting boundary load inclination
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Equ. (5) is an approximate solution for Ny, which has been obtained by inte
grating one of the characteristic equations based on the characteristics field
for a weightless soil (Smits, 1973).
Equ. (3) may now be used to calculate the mobilized friction angle Vm for in
creasing values of the external load and of the excess pore pressure generated
by cyclic loading. A pore pressure ti > 0 cannot exist close to ~he free boudary
aside the caisson without surcharge, however, a deviation from u = constant in
this low stress level zone has only a minor effect on the value of the mobil
ized friction angle.

Supposed that a constant average value of the mobilized angle of dilatancy, Vm,
may be assumed at least below the center and the edges of the caisson, the
direction of increments of boundary displacement as established from the plastic
velocity field is expressed by the equation:

(7 )

where ~SV and ~SB

2K

increments of vertical and horizontal
displacement
1L-v
2 m

The values of Vm and ~m are linked by Equs. (1) and (2).

To estimate the magnitude of ~ncremental displacements it is now hypothesized
that an average shear strain y may be defined as if simple shear like deformation
were taking place over the depth of the plastic stress zone d = B cos (~ + ~) exp«; - ~- ~)tan ~m). Then increments of horizontal displacements are expressed:

(8)

and ~Sv is obtained by substituting ~SB in Equ. (7).

The cumulative displacements in successive load parcels have been calculated as
outlined below.

Denote the maximum horizontal load in previous parcels by FBO' average values of
excess pore pressure, shear strain and mobilized friction angle at the end of
the last parcel respectively by uo' Yo and ~mo' the maximum horizontal load in
the present parcel by FB (= FBa + FBc) and the maximum average excess pore press
ure in the present parcel by U(max). The increase of horizontal load, FB - FBO' is
divided into a number of small load increments ~B.
First ~m ~s d~termined_by me~ns of Equ. (3) for external loading by FV and FBO +
~B with u = uo. Next y and Vm are selected from Equs. (1) and (2) as depicted by
figures 2 and 3. Finally_dis~lac~ment increments ~SB and ~Sv are calculated from
Equs. (7) and (8) with ~y = Y - Yo. This procedure is repeated for successive load

_ _ _ n-l
steps FBO + n • ~FB with ûy(n)=y-y - E ~y(i) until the maximum value FB is

o i=l

reached. If Uo is smaller than the maximum average excess pore pressure during

the previous parcel, the ~obilized friction ~m calculated in the first load steps
will r~main_smaller than ~mo. In this case the displacement increments remain zero
until ~m > ~mo is reached. The cumulative displacements obtained from the above
calculations may be considered to occur immediately or in a short time interval
after the rise of the tidal force and the wave force in the new parcel.
Next the effect of the rise of pore pressures due t~ cyclic !oading is evaluated.
Therefore, the maximum increase within the parcel, u (max) - llo, is divided into
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a number of small increments ~~. Now ~m is determined by Equ. (3) under con
stant external loading by FV and FH (= FHa + FHc) for successive excess pore
pressures u = Uo + n . ~u until the maximum value u(max) is reached. Displace
ment increments are calculated again as described previously for increasing
external load. Increments ~u are selected so as to yield approximately constant
increments of shear strain. The cumulative displacements due to the excess
pore pressure advance in time simultaneously with the rise of the pore pressure
as it is calculated in Sec. 5 of this report. If the pore pressQre reaches a
maximum within the parcel displacements tend to become stationary afterwards.

The relation sin Vm = g(a~) as shown by figure 3 has been obtained from drained

triaxial tests with octahedral stress constant at initial porosity of the sand
no = 41.5%. The relation sin ~m = f(y) as shown by figure 2 has been obtained
from simple shear tests to cope with the somewhat heuristic determination of
shear strain and the displacements resulting from it (Equ. (8».

4. SELECTION OF CYCLIC STRESS RATlOS

To establish excess pore pressures by cyclic loading, which is the subject of
the next section, first the relevant stresses have to be determined.
Among the most important stress parameters are the cyclic shear stress amplitude,
Tc, the average shear stress level, Ta' and the initial effective mean normal
stress, a~.Pore pressure generation may effectively be expressed as a function
of the cyclic stress ratio, Tc/a~, and the ratio of average versus cyclic shear
stress, Ta/Tc.
Although the procedure outlined below allows te define these stress ratios through
out the plastic stress field, equivalent average values are required to calculate
pore pressure generation by the analytical procedure described in Sec. 5. As the
effect of cyclic stresses on the net excess pore pressure increases with increas
ing distance from the stress free boundary aside the caisson, the stress variations
in the central plastic zone below the caisson are likely to be most important.
The cyclic stress ratio Tc/a~ is considered to be the primary stress parameter.
For individual elements both the maximum shear stress and the direction of the
planes on which it acts vary within a load cycle. This causes a problem for select
ion of the significant cyclic shear stress amplitude Tc. It is recommended by the
author that Tc is selected as half the total change of shear stress on the plane
where this change reaches a maximum. The shear stresses are to be calculated in
undrained loading.
The average shear stress level Ta may be selected as the shear stress on the same
plane due to drained loading by the mid-cycle value of the external load. In the
present example this is the load by the weight of the caisson and by the tidal
force. In general the average shear stress Ta thus calculateà is somewhat differ
ent from the average value of the above undrained loading process. However, as
the average shear stress level Ta is a secondary parameter the cyclic loading may
weIl be approximated as symmetric around Ta.
The effective mean normal stress a~ at the beginning of a new parcel may be de
termined from drained loading under the action of the caisson weight and the tidal
force as for calculation of Ta' however, with excess pore pressures due to cyclic
loading in previous parcels fully dissipated.

Loading within a load cycle may be considered to occur under virtually undrained
condition. Each soil element is capable to resist a maximum shear stress T = Tf
which is a function of the effective mean normal stress a' resulting from previous
cycles (Tf = a' sin ~f in case of a non-dilating soil). The stress distribution
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in the soil becomes quite similar to that for a cohesive soil, however, with
variable undrained shear strength Cu due to the actual distribution of effect
ive mean normal stress 0'. If only partial loading to failure occurs a mobil
ized strength cm may be defined which for a constant shear strength material
is expressed approximately:

a INV c
c = ------------
m &l_Nc

1 - 4
°v

(9)

where: Nc 1T + 2

Let average shear stresses, TH1 and TH2, at peak-cycle loading be defined as:

F - F
Ha Hc

BL
(10)

and corresponding values of mobilized strength, cm1 and cm2, according to Equ.
(9). Also define angles El and E2 by:

sin
THl

sin
TH2

El E2
c
ml

cm2

and an angle e by:

VC!l
=-:2' -J~2 =-:2'- T - T

tan e Hl H2

TH1 - T
H2

(11 )

(12)

where e refers to the direction of maximum change of shear stress. Then a
cyclic shear stress amplitude Tc, is calculated from the equation:

2Tc cm1 sin(E1 + e) - ~m2 sin(E2 + e) (13)

(In the case o! symmetric loading with no tidal force, FH
zero and Tc TH)'

+ F ,e becomes
Hc

For a uniform cohesive soil Tc as calculated by Equ. (13) would apply to a
wedge-shaped central zone below the caisson, to the extent as the plastic
stress fields due to the peak-cycle loading conditions overlap. In a first
approximation it may be assumed that the effective stress distribution in sand
does not cause a non-uniform strength mobilization in partial loading to fail
ure, and that the cyclic shear stress amplitude Tc is fairly uniform in the
central zone.

The average effective mean normal stress 00 at base level below the caisson is
determined for each parcel by the equation:

0'o 1 + sin ~ cos 2~m
(14)

where ~ and ~ are calculated by Equs. (3),(5) and (6) with um
o and tan 6
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The average shear stress Ta at base level below the caisson and on the plane
with maximum change of shear stress within a cycle is determined by the
equation:

Ta

sin ~ sin(2~ + e)m
(ov - u)1 + sin ~ cos 2~m

(15)

where e is calculated by Equ. (12) and ~m and ~ by Equ. (3),(4),(5) and (6),
with ti the instantaneous average excess pore pressure generated by previous

FHa
cycles and with tan 6 = ---------

FV - uBL

In the present calculations the average shear stress Ta has been kept constant
within a parcel and has been determined with u = uo' the average excess pore
pressure at the end of the previous parcel.
In first approximation it may be assumed that the average shear stress and the
effective mean normal stress increase with depth below base level with the ratios
(Ov - u + YZ)/(Ov - u) and (Ov+ yZ)/~ respectively.

5. DETERMINATION OF EXCESS PORE PRESSURES

Within each parcel a rate of pore pressure generation w is calculated as if load
ing by individual cycles was undrained and as if this rate was a constant. Next
the net excess pore pressure is calculated by allowing simultaneous dissipation,
which is achieved by solving a pore fluid storage equation that contains the rate
of generation as a pumping term:

Yw(au
kD at w) (16)

This generation-consolidation process is allowed to continue over a time inter
val ~t of 10 cycle periods, after which the rate of generation W is adjusted
and the process is continued for the next time interval with new initial con
ditions.

The rate of pore pressure generation w is calculated by means of the equation:
T Tac

w = a' f . S(ëJI n n - ~n) (17)
0 T 0 0

0 c

where f frequency of wave cycles
~u .
O'~= norma11zed pore pressure generation per cycle
o

initial porosity
change of porosity in cyclic loading

In the case of storm loading with varying wave heights and wave periods w may
be calculated by:

( 18)

where t = duration of the storm

The pore pressure parameter S is obtained from undrained cyclic laboratory
tests. For the present analysis triaxial test data have been used with the re-
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sult shown by
Tc

for Neeltje Jans sand of d50 = 160 ~: 8 versus
u~

at initial porosity no = 41.5% and changes of

figure 4
Ta
- = 0.8
Tc

porosity ~n = 0.1 - 0.3%. These data have been obtained from undrained tests
with intermittent drainage stages.

relations for

To estimate the net excess pore pressure it has been assumed that pore press
ure is produced at a constant rate w over the extent of a rectangular cilinder,
whose cross sectional area equals the caisson base area L . Bo' and that dis
sipation occurs by horizontal drainage only with a boundary condition of zero
excess pressure at the circumferential surface of the rectangular cilinder.
Solving Equ. (16) yields for the average excess pore pressure:

u (1 - exp (-At», if u = 0o
(19)

with A
B2 + L2o
B2--2--o L

(20)

average steadY2s!ate pressure
y 2 B L
...:!!. W (_)6 0
kD TI 2 2

B + Lo
horizontal permeability

(21)

k
D

4
constrained modulus of recompression, D = K + 3 G

Horizontal drainage has been assumed as the permeability in lateral direction
may be 5 to 10 times larger than in vertical direction due to the formation
process of the soil. The permeability has been measured in situ by a mono
source constant head test. The average value measured, which is assumed to re
present approximately the horizontal permeability, is k = 5 . 10-5 mis.
The constrained modulus of recompression has been obtained from K -consolidation
test with preloading to Uv = 100 kN/m2, which yielded an average ~alue D = 17.5 MN/m2
for Neeltje Jans sand at initial porosity no = 41.5%. It might be more appropri-
ate to determine a stiffness modulus in the drainage stages of the undrained cyclic
tests.

Actually the rate of pore pressure generation w does not remain constant during
the progress of storm loading. The soil improves its resistance against lique
faction with number of cycles. This is the so-called preshearing effect which is
discussed in a contribution to this symposium by Smits, Andersen and Gudehus. The
rate of generation W also changes due to redistribution of stresses caused by the
build-up of pore pressures.
The effect of preshearing has been taken into account in the present analysis by
selecting new 8 values after each time interval ~t according to the porosity re
duction caused by the consolidation process. The rate of average change of poro
sity is expressed by:

dn-=
dt

4 (n - 1)~(~)" (1
D TI

exp(- At» (22)

The buildup of pore pressure in time within each parcel has been determined by
accumulating the increments ~uover the duration ~t of each time 10 cycles,
calculated as:
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(23)

the accumulated pore pressure at time tN or at the end of
the previous parcel if N = 0

uoo(tN)= the steady state pressure if w would remain constant on its
updated value at time tN, as calculated by Equ. (21)

The change of porosity during each 10 cycles has been calculated as:

(L'.t_ ___;L'.:::~=--_

A • uoo(tN)
(24)

where n(tN)

w(tN)

instantaneous porosity at time tN

the rate of pore pressure generation according to the updated
value of 8 at time ~

L'.uand ~oo(tN)as in Equ. (23).

6. RESULTS OF CALCULATIONS

The following stress ratios have been calculated by the procedure described in
Sec. 4:

Parcel T /0' T /:rc 0 a c

0 0.02 1.6
1 0.04 1.05
2 0.08 0.80

kN/m2)3 0.11 0.73 (~o 0.5
4 0.15 0.68 (uo 2.8 kN/m2)

These are average values at base level below the caisson. Based on the above
~c!ic stress ratios Tc/O~ and on a ratio of average versus cyclic shear stress
Ta/Tc = 0.8 the buildup of average excess pore pressure in time has been calcul
ated according to the procedure described in Sec. 5. The result is shown in figure 5.
Pore pressures start to develop after parcel 2. In parcels 3 and 4 the excess pore
pressure decreases after having reached a maximum at about 130 and 80 cycles res
pectively. This is due to the decreasing response to shear stress reversals with
number of cycles. The calculated decrease of porosity L'.n and the corresponding de
crease of 8 is shown in figure 6 in plots of 8 versus bn for successive cyclic
stress ratios.
Once having established the change of excess pore pressure in time within each
parcel, the caisson displacements have been calculated by the procedure described
in Sec. 3. Figures 7 and 8 show the horizontal and vertical displacements of the
caisson centre as predicted by the analysis (P) and as actually measured (M).

7. DISCUSSION

Comparison of measured and predicted displacements shows that the agreement is
very close for the horizontal displacement, but less for the settlement.

According to figure 5 excess pore pressures start to become significant in parcel
3, which is reflected by the increased rate of predicted displacements and very
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likely also by the increased rate of measured displacements shown by figures
7 and 8. Once the maximum excess pore pressure has been reached in parcels
3 and 4, the predieted lateral displacement starts to slow down. It may be that
this effect is also observed with the actual horizontal displacements in parcel
4 and with the actual settlements in parcels 2 and 3.
The dissipation of excess pore pressure tends to add some cyclic loading settle
ment in parcels 3 and 4, which has been neglected in the settlement calculations.
Nevertheless, this settlement contribution is insufficient to explain the differ
ence between measured and predicted values in parcels 3 and 4.

Due to the small weight of the caisson the cyclic stress level Tc/Go tends to
decrease rapidly with depth:at 1 m depth it is approximately 75% of its value at
the caisson base level. Accordingly the generation of pore pressure in parcels
3 and 4 at 1 m depth is about the same as in parcels 2 and 3 at caisson base level.
Equal.i.zationof these generated pressures is opposed by a small vertical compared
to horizontal permeability. Consequently, the average excess pore pressure at 1 m
depth might be about 3.5 kN/m2 in parcel 4, which in order of magnitude corres
ponds to the measured value at that depth. Pore pressures at base level have not
been measured.
As the average excess pore pressure at base level in the calculations has been as
sumed as the average value throughout the plastic zone, the calculations tend to
over-estimate the displacements in view of the actual strong gradient of pore
pressure in vertical direction.
On the other hand, with high pore pressures the plastic stress zone becomes very
shallow which limits again the over-estimation.

The plasticity method outlined in this paper uses very much the same equations and
calculating procedures as for a stability analysis of a wave loading problem.
The calculation process terminates with 105s of stability as soan as the strains
are insufficiently controlled by the hardening relation. A conventional stability
analysis based on the concepts of plasticity and including the evaluation of the
cyclic loading action would have predicted 1055 of stability in parcel 4, where
the excess pore pressures and the horizontal displacement become large according to
the present calculations. This relation to a stability calculation process may be
considered as a strong argument in favour of the method.
On the other hand, it suffers very much under the condition that stresses, strains
and strength parameters have to be averaged for the analytical calculations, which
in the first place affects the determination of the displacements but to a less
extent also the calculation of pore pressures. Determination of excess pore press
ures can easily be improved by numerical stress field and consolidation calcul
ations. However, to calculate strains and displacements associated with stresses
will always remain complicated by the method of characteristics.
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