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Abstract

At the face of the TBM, called bore front, a pressurised slurry is used as face support. The aim of a tunnel
face stability assessment is to determine the upper and lower bound of the support pressure, and the
required support pressure belonging to a pre-defined ground deformation limit. This research is focussed
on the determination of the lower bound of the support medium, which is defined by the horizontal effective
stress and pore water pressure acting at the tunnel face both during boring and a standstill. While the pore
water pressure distribution along the tunnel is clear, the estimation of the horizontal effective stress
distribution is difficult. At the moment many calculation models have been developed to calculate the latter,
but none ever made it into a standard. Most of the available model are based on static equilibrium conditions,
e.g. the TBM does not move and the advancement process of the TBM is neglected. During tunnelling a
continuous process of slurry penetration and excavation takes place and therefore, the interaction between
the support fluid, advancement of the TBM and the soil needs to be taken into account. In this thesis, the
combined assessment of these two components is called transient face stability. This contradiction between
the models and the situation in practice have led to a research question in which a comparison is made
between the static and transient face stability assessment.
The first part of this thesis is based on a static face stability assessment and consists of a comparative
study between the Ruse-Vermeer (2002), Jancsecz-Steiner model (1994) and DIN4126+4085-model
(2007,2013). A theoretical background analysis has been performed for each model; by using a case study
analysis, the effect of the models’ differences on the minimum support pressures has been determined.
According to these two analysis, the different implementations of soil arching components between the
models determine for a large part the difference in the minimum support pressure limit. In the second part
of this chapter, the theoretical analysis has shifted to a more ‘practical’ project analysis by including external
aspects like project aspects, soil conditions and contract requirements. From the practical project analysis
it resulted that at the entrance zones, the soil cover is limited and thus additional surcharge is required.
The placement of this additional surcharge leads to consolidation in the subsoil, and in case of a slow
dissipation of the excess pore water pressure, this consolidation process influences the support pressure
limits. Within this research two models have been developed in order to incorporate a one-dimensional
vertical consolidation analysis within a static face stability assessment.
The second part of this thesis is based on a ‘transient’ face stability assessment. At first, both
processes have been examined separately by assuming that they are not interdependent. From the analysis
regarding the infiltration process, it resulted that the yield strength of the support medium is a controllable
parameter which has a strong influence on the penetration depth of the support medium. The placement
of the excavation tools on the cutting wheel and advancement of the TBM have a high impact on the
excavation depth of the cutting wheel per turn and the available timespan for the built-up of the pressure
transfer mechanism. The combination of the two time-dependent effects can possibly lead to the build-up
of excess pore pressures in front of the tunnel face, which results in an additional force acting on the tunnel
face which has to be counteracted. In this research, the possibility to include the time dependent effect of
slurry infiltration and excavation within a transient face stability assessment is investigated. By using the
same case study analysis as for the static face stability assessment, the excess pore water pressure
development at the face of the TBM is determined. It resulted that in certain cases these excess pore water
pressures have such a high impact on the minimum support pressure limit that the neglection of these
pressures can lead to large deformations and at the end even in a global collapse mechanism.
The last part of this research is based on the role of slurry TBM parameters on ground
deformations. Due to overcutting and the tapered shape of the TBM, a joint (annulus) is present between
the TBM and the soil formation. As a consequence of this hydraulic connection, the annulus is pressurized
with bentonite slurry originating from the face. Due to the slurry pressure gradient and hydraulic connection
with the annulus, not at each location, the exact geostatic stress can be reached and this leads to grounddeformations. By using the same case study analysis as for static face stability assessment, the influence of
this hydraulic connection on the ground deformations is investigated. For each case, the exact geostatic
stress distribution, the pressure distribution within the excavation chamber, and the deficient pressure
required at the annulus are determined. It turned out that in order to counteract the discontinuous
horizontal stress distribution over the tunnel face due to a heterogeneous soil profile, results in an not
optimal pressure distribution within the excavation chamber. In contrast, this higher pressure distribution
than required is advantageous for the amount of ground deformations that develop.

iv

v

Contents
1

INTRODUCTION ....................................................................................................................................... 2
1.1
1.2
1.3

2

GENERAL INTRODUCTION ..............................................................................................................................2
AIMS OF THIS RESEARCH................................................................................................................................4
OUTLINE OF THIS THESIS................................................................................................................................5

STATIC FACE STABILITY: ASSESSMENT ...................................................................................................... 7
2.1
INTRODUCTION ...........................................................................................................................................7
2.2
CLASS 1: MAXIMUM SUPPORT PRESSURE .........................................................................................................8
2.2.1 Rijnlandroute case study ....................................................................................................................9
2.3
CLASS 2: MINIMUM SUPPORT PRESSURE ........................................................................................................11
2.3.1 Rijnlandroute case study ..................................................................................................................12
2.4
CLASS 3: MICRO STABILITY ..........................................................................................................................13
2.4.1 Rijnlandroute case study ..................................................................................................................14
2.5
SUPPORT MEDIUM .....................................................................................................................................15
2.5.1 Functions of the support medium ....................................................................................................15
2.5.2 Characteristics bentonite suspension ...............................................................................................18
2.5.3 Pressure transfer model ...................................................................................................................19
2.5.4 Sensitivity parameters ......................................................................................................................22
2.5.5 Slurry penetration: static situation ...................................................................................................23
2.6
SUMMARY AND CONCLUSIONS .....................................................................................................................24

3

STATIC FACE STABILITY: MODEL ANALYSIS ............................................................................................. 25
3.1
INTRODUCTION .........................................................................................................................................25
3.2
THEORETICAL BACKGROUND ANALYSIS ...........................................................................................................26
3.2.1 Vertical soil arching ..........................................................................................................................26
3.2.2 Pressure distribution next to the wedge ...........................................................................................28
3.2.3 Horizontal soil arching ......................................................................................................................29
3.2.4 DIN 4126/4085 .................................................................................................................................29
3.2.5 Ruse-Vermeer model .......................................................................................................................36
3.2.6 Jancsecz & Steiner............................................................................................................................39
3.2.7 Model coefficient Km.........................................................................................................................43
3.3
EXPERIMENTAL RESULTS FROM THE LITERATURE ...............................................................................................45
3.3.1 Possible combinations horizontal and vertical soil arching ..............................................................45
3.3.2 Combination of the analysed models ...............................................................................................47
3.4
CASE-STUDY ANALYSIS ................................................................................................................................48
3.4.1 Similarities and differences between the models .............................................................................48
3.4.2 Set-up case studies ...........................................................................................................................48
3.4.3 Test series 1 ......................................................................................................................................49
3.4.4 Test series 2 ......................................................................................................................................53
3.4.5 Test series 3 ......................................................................................................................................54
3.4.6 Test series 4 ......................................................................................................................................54
3.4.7 Test series 5 ......................................................................................................................................56
3.4.8 Test series 6 ......................................................................................................................................58
3.5
(PRACTICAL) PROJECT ANALYSIS ....................................................................................................................64
3.5.1 Project design: Eastern entrance zone .............................................................................................64
3.5.2 Minimum support pressure: Canal zone ...........................................................................................64
3.5.3 Consolidation analysis of the additional surcharge..........................................................................66

4

TRANSIENT FACE STABILITY ASSESSMENT .............................................................................................. 79
4.1
INFILTRATION PROCESS SUPPORT MEDIUM ......................................................................................................79
4.1.1 Time-dependent infiltration distance ...............................................................................................79

vi

4.1.2 Pressure transfer mechanism ...........................................................................................................80
4.1.3 Case-study: The Rijnlandroute ..........................................................................................................80
4.2
ADVANCE RATE OF THE TBM .......................................................................................................................82
4.2.1 Rijnlandroute case study ..................................................................................................................83
4.3
INTERACTION BETWEEN SLURRY INFILTRATION AND THE EXCAVATION PROCESS .......................................................84
4.3.1 Pressure distribution over the wedge ...............................................................................................85
4.3.2 Remaining excess pore pressure Δpp ................................................................................................86
4.4
IMPLEMENTATION OF THE LIMIT EQUILIBRIUM MODELS .....................................................................................92
4.4.1 Determination minimum support pressure S ...................................................................................92
4.4.2 Case study Rijnlandroute ..................................................................................................................93
4.5
CONCLUSION TRANSIENT FACE STABILITY ........................................................................................................95
5

THE ROLE OF SLURRY THE TBM PARAMETERS ON GROUND DEFORMATION ......................................... 96
5.1
VOLUME LOSS IN TUNNELLING ......................................................................................................................96
5.1.1 Volume loss at the tunnel face .........................................................................................................96
5.1.2 Volume loss along the shield ............................................................................................................96
5.1.3 Volume loss behind the TBM ............................................................................................................97
5.1.4 Empirical assessment of settlements ...............................................................................................97
5.2
PROCESSES AROUND A TBM ......................................................................................................................100
5.2.1 Processes in front of the TBM .........................................................................................................100
5.2.2 Behind the TBM ..............................................................................................................................100
5.2.3 Flow around the TBM .....................................................................................................................100
5.3
RELATION OF THE TBM PARAMETERS AND GROUND DEFORMATIONS .................................................................100
5.3.1 Rijnlandroute case study ................................................................................................................102

6

CONCLUSIONS...................................................................................................................................... 104

ANNEX 1: TUNNEL ALIGNMENT .................................................................................................................... 114
ANNEX 2: WEDGE -MODEL ......................................................................................................................... 118
ANNEX 3: CALCULATION MINIMUM SUPPORT PRESSURE ............................................................................ 120
CASE STUDY (SERIES 1) ..........................................................................................................................................120
CASE-STUDY (SERIES 2)..........................................................................................................................................137
CASE STUDY (SERIES 3) ..........................................................................................................................................139
CASE STUDY (SERIES 4) ..........................................................................................................................................141
CASE-STUDY (SERIES 5)..........................................................................................................................................143
CASE STUDY (SERIES 6) ..........................................................................................................................................147
ANNEX 4: CONSOLIDATION CALCULATIONS ................................................................................................. 150
CHAINAGE 4080 ..................................................................................................................................................150
CHAINAGE 4100 ..................................................................................................................................................151
CHAINAGE 4120-4140 .........................................................................................................................................152
ANNEX 5: TRANSIENT FACE STABILITY .......................................................................................................... 154
PARAMETER STUDY ...............................................................................................................................................154
CASE STUDY RIJNLANDROUTE ..................................................................................................................................164
ANNEX 6: PRESSURE DISTRIBUTIONS CASES ................................................................................................. 168

vii

viii

ix

Symbols
a:
AR:
As :
At:
c:
𝑐̃ :
C:
cb:
cv:
d10:
D:
D(r):
E:
e:
et:
erf:
emax:
f:
fso:
G:
Gs:
G w:
GLR:
H:
Hdr:
hf:
hW:
i:
f:
fs0:
k:
K/Ky:
KA3D:
Ka:
Kac:
K0:
lcut:
le:
n:
pmin:d:
pmax:r:
pmax:d:
N:
Nγ:
Nc:
Nq:
po:
Ps:
Pwheel:

relaxation length/the time required in order to reach half of the maximum
penetration distance
advance rate of the TBM
total penetrated area within the wedge
total penetrated area of the support medium
cohesion
hydraulic resistance aquitard to vertical flow
height of the soil overburden
bentonite concentration of the support medium
coefficient of consolidation
10% fraction of the particle size distribution; characteristic grain size diameter
diameter of the tunnel
reduced wall length diameter (DIN-model)
resulting horizontal wedge force (Jancsecz-Steiner model)
penetration distance support medium
penetration distance for a given time t
the complementary error function
maximum penetration distance support medium
pressure gradient over the pressure transfer mechanism
stagnation gradient over the pressure transfer mechanism
self-weight soil volume
top load from soil prism at top wedge (Jancsecz-Steiner model)
self-weight wedge (Jancsecz-Steiner model)
Ground Loss Ratio
height of the aquifer
drainage length
height of the support medium
height of the water column
hydraulic gradient
pressure gradient suspension saturated zone
stagnation gradient suspension saturated zone
permeability of the aquifer
coefficient of horizontal effective stress
three dimensional earth pressure coefficient (Jancsecz-Steiner model)
active earth pressure coefficient
active earth pressure coefficient for cohesion term (2√𝐾𝑎 )(DIN-model)
lateral earth pressure coefficient
cutting depth of the cutter tools
percentage of the final penetration depth
porosity of the soil
design value of the minimum support pressure
characteristic value of the maximum support pressure
design value of the maximum support pressure
shear force along slanted failure plane wedge (Jancsecz-Steiner model)
soil weight stability number (Ruse-Vermeer model)
cohesion stability number (Ruse-Vermeer model)
surface load stability number (Ruse-Vermeer model)
equilibrium pore water pressure
uplift force of the wedge (Jancsecz-Steiner model)
penetration depth of cutting wheel per revolution
x

Ptool:
q:
qo:
Q:
R:
RPM:
r:
S:
Seff:
Sh:
Sh,max:
Ss:
Sv:
Sv,max:
T:
tcut:
tf :
tt:
Tv :
U:
Uavg:
ucon(ti):
ue:
Vs:
W:
y:
z:
zdr:
z*:

actual penetration depth of a single cutting tool per passing through a particular point
discharge per unit area of the aquifer normal to the direction of flow
additional surcharge at surface
discharge of the aquifer
shear force along slanted failure plane wedge (Jancsecz-Steiner model)
revolutions per minute of the cutting wheel
tunnel radius
pressure support medium (Jancsecz-Steiner model)
effectiveness support pressure
horizontal displacement at a given location
maximum horizontal displacement
specific storage aquifer
vertical settlement at a given location
maximum vertical settlement at the location of tunnel axis
shear force T acting on triangular plane wedge (Jancsecz-Steiner model)
time needed for a full turn of the cutter wheel
mean infiltration time
timespan between subsequent passing of the cutting tools
dimensionless time-factor
degree of consolidation
average degree of consolidation
value of the excess pore pressure with time ti after start of the consolidation process
excess pore pressure distribution
volume of the settlement trough (per unit length of tunnel)
pore water pressure (Jancsecz-Steiner model)
horizontal distance between the observed location and the tunnel axis
depth below ground surface
depth below/height above drainage layer
depth below tunnel crown

α:
αr:
𝛽:
γ:
γ’,γ’’:
γf:
γh:
γG:stb:
γs:
γsat:
γu1:
γw:
γφ:
δa:
Δpfc:
Δpp:
Δs:
𝜂:
𝜂𝐹 :
𝜃:
𝜆:
μi:
(𝑟)
𝜎′ℎ :

wall slope angle
relation between the grain size and the effective radius of a flow channel
ground slope angle (DIN-model)
unit weight of soil
effective unit weight of soil
unit weight suspension
safety factor for horizontal effective stress
partial safety factor for a permanent driving load
unit weight of the individual grains
saturated unit weight of the soil
safety factor for pore water pressure
unit weight of water
partial safety factor for the friction angle
slip angle
pressure drop over pressure transfer mechanism
excess pore pressure distribution due to boring
excess pressure over pressure transfer mechanism
viscosity of the suspension
safety factor accounting for deviations in the suspension yield point
inclination angle of the sliding surface with the horizontal
leakage length of the aquifer
shape coefficients (DIN-model)
reduced horizontal effective stress acting at the tunnel face (DIN-model)

xi

σ’con(ti):
𝜎 ′ 𝑣,𝑎 :
τ:
𝜏𝐹 :
φ:
φo:

value of the vertical effective stress with time ti after start of the consolidation process
reduced vertical effective stress due to vertical soil arching
shear stress of the support medium
yield stress support medium
friction angle/head aquifer
constant head

xii

1

1 Introduction
1.1

General introduction

Tunnel construction projects in the western part of the Netherlands are typically built in soft,
heterogeneous ground conditions with low stiffness and high groundwater tables. The tunnelling
technique is the ‘slurry shield’ method, which uses a tunnel-boring machine (TBM). The TBM consists
of a steel cylinder with a cutting wheel at the front. The function of this steel shield is to provide radial
support and to prevent inflow of groundwater during construction until the preliminary or final tunnel
lining is built. At the face of the TBM, called bore front, a pressurised slurry is used as face support
(Figure 1). In order to ensure stable working conditions, the support pressure applied lies between
two limits that correspond to certain failure mechanisms, e.g., ultimate limit states. A support pressure
below the lower limit results in a deformation of the soil towards the face, causing a large settlement
at ground surface. A support pressure above the upper limit results in an upward deformation of the
soil or in a blow out, with the subsequent loss of the support medium. Various models are available to
calculate the face support pressure limits; they consist of empirical, analytical and numerical models
used to calculate the necessary properties of the support medium to prevent collapse (Broere, 1998).
The other major concern that needs to be addressed during tunnelling is the serviceability limit
state, which focuses on keeping ground deformations below a pre-determined limit that defines the
support pressure based on the required ground deformation limit. Regardless of the tunnelling method
used, the ground will be loaded or unloaded and deformation will inevitably take place (Möller, 2006).
In the case of urban environments, even limited soil deformation may damage buildings.
The motivation for this research originates from the Rijnlandroute project constructed by
COMOL51, in which aspects related to tunnel face stability require more in-depth research. Part of
this project involves the construction of a new road N434 between the A4 (junction Hofvliet) and the
A44 (junction Ommedijk); it will mostly be constructed as a tunnel (2.4 km) and a deepened road (1.3
km)(Figure 2). The tunnel will be executed as a bored tunnel consisting of two parallel tubes with a
diameter of 10.59 metres. The ground profile consists of varying soft-top layers underlying the
Pleistocene sand layer (Annex 1). Due to the timespan of this thesis with regard to the timespan of the
project, the only detailed information available concerns the eastern entrance zone. The scope of this
thesis, therefore, focusses mainly on this zone and the aspects involved in it.

Figure 1. The principle of bore front stability (lower bound) is counter the horizontal effective stress and pore
water pressure acting at the tunnel face (Herrenknecht, 2015).
1

COMOL5 is an international contractor combination of the TBI companies Mobilis B.V. and Croonwolter &
Dros B.V., VINCI Construction Grand Projets S.A.S. and DEME Infra Marine Contractors B.V.
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Figure 2. Overview of the subproject N434 which is part of the Rijnlandroute project (COMOL5, 2017).

The first and most important aspect that requires attention in this thesis are the dimension of the
required stability embankments. At both entrance zones, a small soil cover is present, so an additional
surcharge (stability embankment) is required to counterbalance the support pressure. In addition, these
embankments are also required to prevent buoyancy of the tunnel. The dimensions of these required
stability embankments have led to certain difficulties due to the presence of cables and ducts,
boundaries provincial integration plan (PIP) and contract requirements. Therefore, these embankments
must have the smallest possible dimensions. During the tender phase of the Rijnlandroute project, a
face stability assessment was performed using three different models2 in order to determine the
minimum support pressure limit. The dimensions of these stability embankments required for these
three models are displayed in Figure 3 and this figure reveals that the Ruse-Vermeer method is the
most optimal design solution, due to the smallest dimensions of the balance embankments. For the
Ruse-Vermeer model, there are no references available from projects in the Netherlands with equal
soil conditions. An in-depth study is therefore required in order to determine the applicability of the
Ruse-Vermeer method to the Dutch soil. Due to the numerical set-up of the Ruse-Vermeer model,
the applicability of this method to the Dutch soil is difficult to determine and therefore a more general
comparison is made between the three models.
The second aspect that requires more in-depth research is the possibility to extent (static) face
stability assessment by taking time-dependent effects into account e.g. transient face stability
assessment. These time-dependent effects are the slurry infiltration and excavation process of the TBM.
The three models2 used in the Rijnlandroute project disregard these aspects and assume a static face
stability assessment. For both time-dependent effects, an separate parameter analysis is required in
order to determine the influence of these aspects on the minimum support pressure. Research by
Broere (1998) and Broere & van Tol (2000, 2001) determined that the combination of these two timedependent processes leads to the build-up of excess pore pressures in front of the TBM. The inclusion
of these excess pore water pressures in a face stability analysis can significantly increase the required
support pressure.
The third aspect is based on the effect of (slurry) TBM parameters on ground deformations. In
order to obtain zero surface deformations, the support pressure must match the exact geostatic stress
conditions. Due to overcutting (excavated diameter is larger than the shield diameter) and the tapered
shape of the TBM, a joint, called annulus, is present between the TBM and the soil formation. In
addition, it is assumed that the shield is ‘positioned’ concentrically within the excavated diameter so
that the shield is hydraulically connected to the tunnel face. This means that the annulus is pressurized
with bentonite slurry originating from the face (Bezuijen and Talmon, 2008) (Mooney et al, 2016).
Research by (Mooney et al, 2016) determined that it is not possible to match the exact geostatic stress
at each required location due to the support pressure gradient and the hydraulic connection between
the face and annulus. For a face stability assessment, the effect of the pressure distributions
corresponding to the support pressure limits by taking the flow around the TBM into account needs
to be reviewed.
2
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Jancsecz & Steiner (1994), DIN4126+DIN4085 (2007,2013) and the Ruse-Vermeer method (2002).

The last aspect which requires more in-depth research is based on the implementation of face stability
assessment within the Rijnlandroute project. Therefore, each analysis/research within this thesis
consists of a theoretical and practical component. The practical component considers external aspects
like soil conditions, project aspects and contract requirements which influence the face stability
assessment. When these project aspects are defined, it is analysed in which way these effects can be
incorporated within a face-stability assessment.

1.2

Aims of this research

This research aims to determine the applicability of the Ruse-Vermeer method to Dutch soil. The
validation process contains a comparative study with two other models that have been successfully
applied in reference projects in the Netherlands. For a more comprehensive result, this main project
objective has shifted to a more general comparison between the three static face stability models. A
theoretical background analysis has been performed for each model; by using a case study analysis, the
effect of the models’ differences on the minimum support pressures has been determined. Thereafter,
this theoretical analysis has shifted to a more ‘practical’ project analysis by including external aspects
like project aspects, soil conditions and contract requirements. The research has been designed in such
a way that the results of this comparison are suitable for validating the Ruse-Vermeer method in the
project-specific underground.
The other aim involves the inclusion of the time-dependent excavation and slurry infiltration
process in a transient face stability analysis. Both time-dependent effects have therefore first been
reviewed separately and the combination determined thereafter. The model derived by Broere (1998)
is used for the transient face stability analysis. By using the same case-study analysis as for the static
face stability assessment a comparison can be made between transient and static face stability.
The last aim of this research is based on the inclusion of flow around the TBM within a face
stability analysis. The effect of this flow on the pressure distribution for the support pressure limits is
investigated.
The above leads to the following research question:

What is the difference between static and transient face stability? Case study: The Rijnlandroute.
This research question has been subdivided into the following sub-questions:
1. What is the minimum support pressure required based on a static face stability assessment for
the eastern entrance zone (chainage 3900-4300).
a) What are the differences between the three original face support models, and what is
the effect of the differences between these models on the value of the minimum
support pressure?
b) Is it possible to improve the three face stability models by using aspects of other
models?3
c) How can the effect of slurry infiltration be modelled in the case of static face stability?
d) How do the support medium properties influence static face stability?
2. What is the minimum required support pressure for the eastern entrance zone (M3970M4240), based on a transient face stability assessment?
a) How can the time-dependent infiltration process be modelled?
b) How can the time-dependent behaviour of the advance rate be modelled?
c) How can the build-up of excess pore pressures be modelled?
d) In what way do the support medium properties influence transient face stability?
e) What is the effect of the additional overburden on the minimum required support
pressure?
3. What is the influence of slurry TBM parameters on ground deformation?

3

This includes also other models than Jancsecz & Steiner-, DIN4126+DIN4085- and the Ruse-Vermeer method.
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Figure 3. The additional overburden required for the bore front’s stability and resistance against buoyancy
during construction (COMOL5,2017).

Static face stability assessment (minimum support pressure limit): A static face stability
assessment is based on static equilibrium conditions, e.g. the TBM does not move and the advancement
process of the TBM is neglected. The minimum support pressure limit is determined by the horizontal
effective stress and equilibrium pore water pressure acting at the tunnel face. Excess pore pressures
due to consolidation are also assumed to be ‘static’ due to the large consolidation timespan compared
to the timespan of TBM passing at that location.
Transient face stability assessment (minimum support pressure limit): In this thesis,
transient face stability assessment is assumed to be an extension of static face stability by taking the
time-dependent infiltration process and advancement of the TBM into account. In addition, the
combination of these two effects can lead to the build-up of excess pore pressures in front of the
tunnel face.
Demarcation:
1. A thorough background analysis, focussed on the following four models: Jancsecz & Steiner
(JS), DIN4126+DIN4085 (DIN), Ruse-Vermeer method (RV) and Broere.
2. Only the project-specific parameters have been used.
3. The bentonite/grout flow around the TBM has not been modelled, but its influence on the
static face stability is discussed.
4. The interaction of the excess pore water pressures due to the placement of additional
surcharge and the excess pore water pressures due to the simultaneous process of boring and
slurry infiltration is not investigated.

1.3

Outline of this thesis

Chapter 2 describes the static face stability assessment, considering both the support pressure limits
and the support pressure properties. As these three aspects are related to a certain failure mechanism,
the static face stability assessment has been divided into three failure classes. For each failure class, the
corresponding calculation model is discussed. In addition, the practical component of each failure
mechanism is discussed by using the case study project: The Rijnlandroute. The second part of this
chapter focusses on the behaviour of the support medium (process). Within this part, the functions of
the support medium, the rheological characteristics, slurry infiltrations process and the two pressure
transfer models are discussed. In addition, the calculation method for slurry infiltration in case of static
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face stability is discussed. The main findings of this chapter are summarized in the summary at the end
of the chapter.
In Chapter 3, a thorough background analysis for the three different global stability models is
conducted. Based on the outcomes of this analysis, eight case studies have been set up. Six different
test series have been analysed in order to determine the effect of model differences on the support
pressure. Thereafter, this theoretical analysis is extended by taking project-specific circumstances into
account. One of these extensions is the process of consolidation and a calculation method is developed
in order to integrate this process within a static face stability analysis. The main findings of this chapter
are summarized at the end of each sub research.
Chapter 4 describes the transient face stability assessment. In the first part of the chapter, the
time-dependent infiltration process and TBM’s advance rate are reviewed. The interaction between
these components which leads to the build-up of excess pore pressures in front of the tunnel face is
investigated by using the model derived by Broere (1998). In the second part, a sensitivity and casestudy analysis is performed based on a transient face stability assessment. The main findings of this
chapter are summarized at the end of the chapter.
Chapter 5 describes the relation between the TBM parameters and ground deformations. In
the first part, the volume loss components which induce settlements are described. The second part
chapter focusses on the bentonite flow around the TBM and how this affects face support pressure
distribution.
The final chapter gives a short overview of the main conclusions and a number of
recommendations concerning face stability analysis. For a more detailed summary of the main findings,
readers are referred to the summaries at the end of each chapter.
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2 Static face stability: Assessment
2.1

Introduction

In case of an insufficient stand-up time of the soil, like cohesionless sand below groundwater level,
frontal support is necessary. The value of this support pressure is based on the consideration of both
the ultimate limit state and the serviceability limit state (Figure 4). The ultimate limit state focusses on
the stability of the tunnel face and determines the face support pressure required to avoid a tunnel
collapse; it does not take the development of ground deformations into account. In contrast, the
serviceability limit state determines the support pressure for a pre-defined deformation limit (DAUB,
2016).
In fluid shields, the support pressure at the face is provided by a fluid, e.g. bentonite slurry,
which is kept at a desired pressure to maintain equilibrium at the face. The ultimate limit state defines
both an upper limit and a lower limit. In case of a support pressure below the lower bound, the soil
and groundwater flow into the TBM and a large part or the entire face collapses (global collapse). In
case of a support pressure above the upper limit, the soil is pushed away from the face, which
subsequently leads to the loss of the support medium. Another important aspect to consider is the
stability of a group of grains or a single grain at the tunnel face, which can introduce local(micro)
collapse. The latter does not result in a support pressure limit but influences the support medium
properties by imposing a yield-strength requirement. In summary, this leads to the following three
failure classes which needs to be considered (Figure 4) (Broere, 1998):
1. loss support medium: determines the maximum support pressure;
2. external or global stability models: determine the minimum support pressure;
3. internal or micro stability models: determine the properties of the support medium.
This research is primarily based on the determination of the minimum required support pressure (class
2 models). Consequently, the three models which are thoroughly reviewed in this thesis are Jancsecz
& Steiner (JS), DIN4126+DIN4085 (DIN) and the Ruse-Vermeer method (RV) method. Since the other
two failure classes are (in)directly influenced by the minimum support pressure all three classes are
discussed to a greater extent in the next paragraphs. Each analysis consists of a theoretical component
and a practical component. This practical component discusses the practical implementation of each
aspect within the case-study project The Rijnlandroute.

Static face stability assessment

Ultimate Limit State

Service Limit State

Loss of support
medium

Global stability

Micro-stability

Settlement limit

Maximum support
pressure
(Paragraph 2.2.)

Minimum support
pressure
(Paragraph 2.3)

Support pressure
properties
(Paragraph 2.4)

Support pressure

Figure 4. Overview of the static face stability assessment, which is based on a consideration of both the
ultimate limit state as the serviceability limit state.
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2.2

Class 1: Maximum support pressure

The face stability assessment for models in class 1 distinguishes different mechanisms that can occur
due to a loss of the support medium originated by high support pressure, e.g., piping, soil fracturing,
and (frictionless) blowout. The model, which yields the lowest maximum support pressure, is decisive.
As this thesis mainly focusses on the minimum support pressure, only the lower bound of the maximum
support pressure has been determined. Using Broere (1998) the results reveal that the lowest
maximum support pressure is obtained in the case of a frictionless blowout. A blowout occurs when
the support pressure at the tunnel face (or tail void) is too high and the soil overburden is pushed
upward. At this moment, the support pressure escapes while the support pressure decreases. As the
support pressure drops below the minimum support pressure limit, a global collapse of the tunnel face
occurs.
In case of a frictionless blow-out, the friction of the soil-body with its surroundings is neglected.
This is a valid assumption if the lifted soil body comprises a large volume e.g. the slurry penetrates to
a large depth. Normally, the slurry will infiltrate to a certain distance in front of the tunnel face and
therefore the friction of the lifted soil-body with its surroundings cannot be neglected. In order to take
this friction into account, this blowout failure mechanism is schematised as the upward deformation of
a soil column with height C, which leads to shear stresses acting at the sides (Figure 5)(Broere,1998).
These stresses counteract the upward movement, resulting in an additional force downwards. This
means that a blow-out mechanism including friction leads to a higher maximum support pressure limit
than for the case without friction.
The characteristic maximum support pressure limit pmax:r for a blow-out model is derived from
vertical equilibrium of the failure mechanism shown in Figure 5. The resisting stress at the bottom of
the soil column pmax:r is the sum of the self-weight G of the soil column and the friction forces τ along
the vertical sides of the soil column (Equation 2.1). The design value of the maximum support pressure
pmax:d is calculated by multiplying the characteristic maximum support pressure with a safety-factor γG:stb.
A point of attention within this analysis is the value of the lateral earth pressure coefficient Ky.
This coefficient converts the vertical effective stress next to the soil column into a horizontal effective
stress acting at the sides of the column. In the failure mechanism schematised in Figure 5, the horizontal
stress acts perpendicular to the direction of movement and therefore the earth-pressure coefficient
that needs to be used is unknown. Based on the schematisation of straight failure surfaces it is assumed
that the soil surrounding the wedge has zero lateral strain and therefore it is assumed that a neutral
earth pressure coefficient is valid.
𝑝𝑚𝑎𝑥:𝑟 = 𝐶 [ 𝛾 +

2𝑐+ 𝐶 𝐾𝑦 γ′ tan 𝜑
𝐷

]

𝑝𝑚𝑎𝑥:𝑑 = 𝛾𝐺:𝑠𝑡𝑏 𝑝𝑚𝑎𝑥:𝑟
γG:stb:
c:
C:
Ky:
D:
γ:
γ’:

[Equation 2.1]
[Equation 2.2]

partial safety factor for a permanent driving
load (=0,9) (NEN-EN-1997-1)4

[-]

cohesion
height soil overburden
coefficient of horizontal effective stress
diameter tunnel
unit weight of the soil
effective unit weight of the soil

[-]
[m]
[-]
[m]
[kN/m3]
[kN/m3]

4

In the Dutch guidelines, the calculation method for a frictionless blowout is not covered specifically; however,
the assessment for hydraulic fracturing is used (NEN-EN-1997-1 paragraph 10.3).
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Figure 5. Blowout model, including friction along the sides (Broere, 1998).

2.2.1 Rijnlandroute case study
The theoretical analysis discussed in the previous paragraph has been implemented in the case study
project in order to determine possible (external) influences that could affect the maximum support
pressure limit. For the given case study project, the maximum support pressure for the eastern
entrance zone (chainage 3900-4300) has been determined based on a blowout mechanism (including
friction). Within this zone, a cross-section has been made every 20 m and the maximum support
pressure has been calculated for each cross-section. This analysis reveals that the following (external)
aspects directly influence the maximum support pressure distribution:
• the soil profile is heterogeneous for the entire eastern entrance zone;
• an additional surcharge (stability embankment) is required at chainage 4080-42105, and the
construction of this embankment could induce consolidation in the subsoil;
• soil improvement is required for the upper soil layers at chainage 4150-4240.
In order to calculate the maximum support pressure for a heterogeneous soil profile, equation 2.2 has
to be converted. The soil body has therefore been divided into N smaller horizontal layers, possibly of
different thicknesses Ci, inside each of which the soil conditions are homogeneous. The maximum
support pressure limit is equal to the sum of the total vertical stress of the soil overburden and the
sum of the friction forces acting at the column sides (Equation 2.3).
𝑝𝑚𝑎𝑥:𝑟 ≤ 𝜎𝑣 + ∑𝑛𝑖=1 𝐶𝑖

2 𝑐𝑖 + 𝐶𝑖 𝐾𝑦:𝑖 𝜎′𝑣:𝑖 tan 𝜑𝑖
𝐷𝑖

)

[Equation 2.3]

The placement of an additional surcharge (stability embankments) on ground surface leads to
consolidation in the subsoil. Due to the width of the embankment compared to the width of the tunnel
face, this situation can be approximated by a one dimensional vertical consolidation analysis with zero
lateral strain. During the consolidation process, the increase in vertical effective stress and decrease in
excess pore pressure varies with time, e.g. it depends on the degree of consolidation. This means that
the shear stresses in these consolidating soil layers are not constant and increase with time. In addition,
the degree of consolidation at a given time also varies throughout the layer. Since in the maximum
support pressure analysis only the weight of the soil is important and not the exact dissipation of the
excess pore pressure within a soil layer, the average degree of consolidation is appropriate. The use
of the average degree of consolidation leads to one degree of consolidation over the entire depth of
the consolidating layer.
5
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Due to a lack of information, the embankment at chainage 4210-4240 is not taken into account.

The maximum support pressure at the time of boring pmax:r(tboring) is calculated by the sum of the total
vertical stress (time-independent) and the time-dependent friction forces along the vertical sides of the
soil column (Equation 2.4). The total stress component consists of the initial total vertical stress acting
at the tunnel crown σ’vi increased with the load of the additional surcharge qo. The time-dependent
factor within the calculation of the friction forces is the vertical effective stress which increases with
time during the consolidation process. The vertical effective stress at the time of boring σ’v(tboring) is
calculated by the sum of the initial vertical effective stress σ’vi and the increase in vertical effective
stress σv(t) for a given degree of consolidation.
𝑝𝑚𝑎𝑥:𝑟 ≤ (𝜎𝑣:𝑖 + 𝑞𝑜 ) + ∑𝑛𝑖=1 𝐶𝑖

2𝑐𝑖 + 𝐶𝑖 𝐾𝑦:𝑖 (𝜎′𝑣:𝑖 + 𝜎′𝑣(𝑡) ) tan 𝜑𝑖
𝐷

[Equation 2.4]

)

At chainage 4150-4240, soil improvement of the upper soft layers is required for the placement of the
additional surcharge. This means that at this zone, the subsoil is first subjected to a stress-release and
thereafter to a stress-increase. The stress-release will lead to an overconsolidated soil (OCR6 > 1,0).
Due to a lack of information regarding this zone, the consolidation process cannot be considered. In
order to estimate the maximum support pressure, it is assumed that the situation with soil
improvement reflects the initial situation before the placement of the additional surcharge.
Consequently, the maximum support pressure limit for this zone is calculated with equation 2.4.
The maximum support pressure for the eastern entrance zone is displayed in Figure 6. As described
before, due to a lack of information regarding the embankment design at chainage 4210-4240, this zone
is not taken into account. It can be seen that for the first part (chainage 4100- 4210) the maximum
support pressure remains more or less equal. The reason for this is a combination of soil cover height,
soil profile, soil improvement and stability embankment. From chainage 4100 to the channel at chainage
4010, the maximum support pressure increases due to a higher weight of the soil overburden. The soil
weight of the overburden decreases at the location of the channel, which is revealed by a drop in the
maximum support pressure.
Maximum support pressure eastern entrance zone

Maximum suppoer peessure [kPa]

300

Stability embankments

Channell
250

Soil improvement
200

150

100

50

0
3950

Maximum support pressure

4000

4050

4100

4150

4200

4250

Chainage eastern entrance zone [m]

Figure 6. The maximum support pressure based on blowout mechanism including friction for
chainage 3970-4230 (eastern entrance zone).
6

OCR: Over-Consolidation Ratio.
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2.3

Class 2: Minimum support pressure

Global stability models are based on a failure mode of a large part of the face or the entire face. This
failure mode leads to global collapse (Figure 7). In the case of global collapse, the collapse propagates
towards the surface, creating a chimney-shaped failure mechanism. The downward movement of this
soil volume leads to friction on the sides and arching within the volume element. This type of active
failure mechanism leads to excessive subsidence and possible damage to overlying structures. Extra
attention needs to be paid when tunnelling under a river, a lake or the sea, as a direct channel is
established between the tunnel and the water (Anagnostou and Kovári, 1994). The causes of a global
collapse are a (sudden) decrease of effective support pressure at the tunnel face due to an extreme
loss of bentonite concentration or an overly low support pressure. An extreme loss of bentonite
concentration occurs in highly permeable soil layers which were unknown during the design or due to
a failure mechanism like a blowout (described in the previous paragraph).
In order to prevent active failure, the required tunnel face support has to counter the
horizontal effective stress and pore water pressures acting at the tunnel face. While the equilibrium
pore water pressure distribution is clear, the estimation of the horizontal effective stress distribution
is difficult. The reason for the latter is that the value for the earth pressure coefficient that needs to
be used is unknown. If an active state is assumed by using an active earth pressure coefficient Ka, the
soil deforms towards the TBM and this results in ground deformations. If a neutral state is assumed by
using a neutral earth pressure coefficient K0 (> Ka), the soil stays in place and no ground deformations
are to be expected. In practice, it is beneficial for the process of the TBM to let the soil deform towards
the face. The earth pressure coefficient will, therefore, fall between the active earth pressure coefficient
Ka and the neutral earth pressure coefficient K0. The minimum support pressure required is largely
determined by the pore water pressure, as this has to be fully compensated by the support pressure
in order to prevent a seepage flow towards the tunnel face (Anagnostou and Kovári, 1994).
Various empirical, analytical and numerical models are available to calculate the minimum
support pressure, but the main problem is that no model has ever made this into a standard. Due to
the project's specific requirements, the Jancsecz-Steiner and DIN4126+DIN4085 (analytical) models
and the RV method (analytical based on numerical results) have been thoroughly examined. The first
two analytical models are based on limit equilibrium, which assumes a failure mechanism in front of the
tunnel face. The Jancsecz-Steiner model is based on a three-dimensional wedge model (Figure 8a) that
consists of a sliding wedge loaded by a soil silo. The DIN model originates from the stability of
diaphragm walls and therefore assumes a three-dimensional sliding wedge extending from the tunnel
invert to ground surface (Figure 8b). In contrast, the RV model is a limit stress method that assumes a
possible stress distribution at the tunnel face and from that determines the support pressure at
collapse. The parameters in the RV analytical model (2002) can be considered as safety factors (called
stability numbers) obtained by performing multiple numerical calculations.

Figure 7. Schematisation of the global collapse mechanism: (a) the direction of soil
movement and (b) the force mechanism (Arthe, 2016).
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Figure 8. The failure mechanisms assumed by the analytical models. (a) 2D sliding wedge
(DIN4126+DIN4085)(Idinger et al, 2010) (b) 3D wedge model (Jancsecz-Steiner model)
(Broere,1998).
Regardless of the choice of model, all three face stability models can be written in the form of equation
2.5, which is a summation of the horizontal effective stress 𝜎′ℎ multiplied by a safety factor γH and the
pore water pressure u1 multiplied by a safety factor γH . With this equation it is possible to determine
the distribution of the minimum support pressure over the entire tunnel face. For all three models,
the input values for the pore water pressure are the same7, whereas the input values for the horizontal
effective stress differs.
Although a higher face support pressure (Ka > Ky < K0) than the minimum required face support
contributes to a reduction of the settlements, this does not mean that a relatively high face support
pressure is beneficial to the construction progress, as the use of a relatively high support pressure is
detrimental to the excavation process. The optimal support pressure is therefore not the result of a
combination of the two limit state approaches only, as operational and societal considerations (e.g.
energy consumption) need to be considered (DAUB, 2016). This topic falls outside the scope of this
research and is therefore not further considered.
𝑝𝑚𝑖𝑛:𝑑 = 𝛾ℎ 𝜎 ′ ℎ + 𝛾𝑢1 𝑢1
𝛾𝑢1 :
𝛾ℎ :

safety factor for pore water pressure8
safety factor for horizontal effective stress9

[Equation 2.5]
[-]
[-]

2.3.1 Rijnlandroute case study
This research is primarily based on the determination of the minimum required support pressure (class
2 models) and the three models which are thoroughly reviewed in this thesis are Jancsecz & Steiner
(JS), DIN4126+DIN4085 (DIN) and the Ruse-Vermeer method (RV) method. Therefore, the
theoretical and practical component are discussed to a greater extent in the next chapter. A theoretical
background analysis has been performed for each model; by using a case study analysis, the effect of
the models’ differences on the minimum support pressures has been determined. Thereafter, this
theoretical analysis has shifted to a more ‘practical’ project analysis by including external aspects like
project aspects, soil conditions, and contract requirements.
The equation regarding the Ruse-Vermeer model is derived based on dry soil conditions, but within this thesis the pore
water pressure distribution is incorporated in the same way as the two other models. This is discussed in more detail in the
next chapter.
8 The value of the safety factor for the for water pressure is equal to 1.05 (Jancsecz-Steiner and the DIN-model) and equal to
unity for the DIN-model.
9 The value of the safety factor for the lateral effective stress is equal to 1.5 (Jancsecz-Steiner and the DIN-model) and equal
to unity for the DIN-model.
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2.4

Class 3: Micro stability

Local stability models are based on micro stability, which is the stability of a single grain or a small
group of grains at the tunnel face. This is mainly a problem in soils with no or low cohesion and a
slurry- or air-supported tunnel face (Broere, 1998). The corresponding collapse mechanism is a local
collapse mechanism (Figure 9) in which major soil movements are restricted to a zone close to the
face of the TBM, which results in an obstruction of the cutting head’s rotation. The downward
movement of this soil volume leads to friction on the sides and arching within the volume element. In
such situations, the soil has to be removed manually from the working area and therefore the
excavation has to be disrupted (Anagnostou and Kovári, 1994). This results in a costly delay and, in the
case of a slurry shield, the fluid pressure needs to be temporarily replaced by air pressure to remove
the soil in the excavation chamber. The risks of instability in air pressure support are considerably large
(Plantinga, 1998).
Micro-instability is prevented by the specific rheological properties of the support fluid.10 The
support slurry has a yield strength at standstill, and this yield point determines the ability of the slurry
to ‘set’ in the ground. When a slurry penetrates the soil, the flow velocity decreases and the shear
stresses become insufficient to allow it to flow further, and it sets. At stresses below this yield point,
the slurry behaves like a solid. A minimal yield strength requirement must, therefore, be met. Microinstability mainly occurs due to a combination of low yield stress and large grain sizes. CUR 231/DIN
4126 states that micro stability does not occur at d10-values lower than 0.2 mm11, cohesive layers or
coarse layers with a thickness < 0.5 m.
Next, to micro-instability, the yield strength of the slurry also has a great impact on the
minimum support pressure, because it affects the infiltration length of the support medium.
In the literature, various models are available in order to calculate the minimum yield strength
requirement and within this thesis, the following models are compared:
• CUR 231 handbook diaphragm walls (2010) (Equation 2.6);
• The model derived by Broere (1998) (Equation 2.7);
• DIN 4126 Stability analysis of diaphragm walls (2013) (Equation 2.8).
From Equations 2.6-2.8, it is possible to observe that the setup of the models is the same, but the
parameter of the effective unit weight varies. In addition, the DIN4126 method is the only method that
uses safety factors to account for deviations in the yield point of the suspension. The effective unit
weight of the soil, also called buoyant weight γ’, is the weight of a saturated soil surrounded by support
fluid per unit volume of the soil. In the case of the CUR231, the effective unit weight γ’ is calculated by
subtracting the unit weight of the support medium γf from the saturated unit weight γsat of the soil
(Equation 2.6b). Following the DIN 4126 and Broere’s model, the effective unit weight of a saturated
soil sample is calculated by subtracting the unit weight of the support medium γf from an unit weight
of the individual grains of the soil γs (Equation 2.7b&2.8b).

𝜏𝐹 ≥

𝑑10 𝛾′
tan 𝜑′
𝛾𝜑

𝛾 ′ = 𝛾𝑆𝑎𝑡 − 𝛾𝑓

𝜏𝐹 ≥

10

𝑑10 𝛾′′
tan 𝜑′
𝛾𝜑

[Equation 2.6a]
[Equation 2.6b]
[Equation 2.7a]

In the next paragraph, the properties of the support medium are discussed to a greater extent.
In soil profiles/layers with a d10 value lower than 0,2 mm, the support medium forms a membrane on the tunnel
face. In the case of the membrane-like support medium, the so-called inner stability is always ensured, since the
resulting filter cake prevents the soil grains from falling out of the wall and sinking in the suspension (Walz,1983).
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Figure 9. Schematisation of the local collapse mechanism. (a) the direction of soil movement
and (b) the force mechanism (Arthe, 2016).
𝛾′′𝐾 = (1 − 𝑛)(𝛾𝑠 − 𝛾𝑓 )

𝜏𝐹 ≥

𝑑10 𝛾′′
2𝜂𝐹

[Equation 2.7b]
[Equation 2.8a]

tan 𝜑′
𝛾𝜑

𝛾′′𝐾 = (1 − 𝑛)(𝛾𝑠 − 𝛾𝑓 )

[Equation 2.8b]

n:
d10:
γ′, γ′’:
φ:
τF:
γ'’:
𝜂𝐹 :

[-]
[m]
[kN/m3]
[°]
[Pa]
[-]

γφ:
γsat:
γs:
γf:

soil porosity
10% fraction of the particle size distribution
effective unit weight of soil
effective angle of internal friction
yield strength of the suspension
effective unit weight of soil
safety factor accounting for deviations in the suspension
yield point of the suspension (= 0,6 DIN4126)
partial safety factor for the friction coefficient of the
drained soil in the limit state GEO 12,13
unit weight of saturated soil
unit weight of the individual grains (26.5 kPa)
unit weight of fresh slurry (10.5 kPa=standstill)

[-]
[-]
[kN/m3]
[kN/m3]
[kN/m3]

2.4.1 Rijnlandroute case study
In order to determine the model differences, the minimum required shear strength parameter was
calculated for the given case-study using all three models. As micro-instability only occurs in soils with
no or low cohesion and in soils with d10-values higher than 0.2 mm, the only layer that is susceptible
to micro-instability is the Pleistocene sand layer. The characteristic grain size diameter d10 for this layer
was obtained by analysing a selection of 23 particle size distributions of the sand layer. From the sieve
analysis, an average value of d10 (0.13 mm) and a maximum value of d10 (0.2 mm) was obtained. The
unit weight of the soil particles γs equals 26.5 kN/m3 and the slurry equals 10.5 kN/m3 (standstill); an
12
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DIN 1054: 2010-12, Table A.2.2 γφ=1,15
NEN-EN-1997-1 Table A.2 γφ=1,25
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effective angle of internal friction of 30 degrees was used. Table 1 displays the minimum yield strength
requirement for the three models. It can be seen that there is a small offset between the DIN model
and the models of Broere/CUR231. The reason for this is that the DIN4126 model takes a safety factor
for deviations in the yield point of the suspension into account. The result of this analysis indicates that
this project’s yield strength may not be lower than 3.20 Pa, which can be considered a lower bound
solution. In order to determine the yield strength of the slurry, more about the behaviour of this
support medium and its functions need to be known. This is discussed in the next paragraph.

2.5

Support medium

The properties of the support medium influence the minimum support pressure; therefore, an
optimisation of these properties can lead to an optimal design. In the first part of this paragraph, the
optimal parameters for each function of the support medium are discussed. As the scope of this thesis
is based on the (minimum) support pressure; hence, the stabilisation function is the most critical. An
important aspect of the stabilisation function is how the support pressure is transferred onto the soil
skeleton. The second part of this paragraph focusses on the behaviour of the support medium
(process). Within this part, the rheological characteristics, slurry infiltrations process and the two
pressure transfer models are discussed. In addition, the calculation method for slurry infiltration in case
of static face stability is discussed.
2.5.1 Functions of the support medium
Bentonite slurry fulfils several roles, and for each role, different parameters are important. The
following functions can be observed: transport function, separation function, and stabilising function.
These functions can be indicated within the support medium (bentonite slurry) circuit during TBM
tunnelling. An example of a slurry treatment plant process as part of the complete bentonite slurry
circuit is indicated in Figure 10.
2.5.1.1
Transport function
The mixture of natural soil with bentonite slurry is the excavated debris, and this mixture is pumped
(hydraulic mucking) from the excavation chamber to a separation plant located on the surface, which
enables the bentonite slurry to be recycled (Figure 10). A fundamental function of the bentonite slurry
suspension is conveying the excavated debris by hydraulic means through a pipe system. For this
function, it is beneficial to keep the plastic viscosity as low14 as possible in order to decrease the
pumping pressure and increase the flow rate. A high plastic viscosity leads to a sticky slurry, which is
difficult to pump. One property of the support pressure is that above the yield point, the apparent
viscosity decreases with increasing agitation. A turbulent flow regime is therefore created in the slurry
pipes (Longchamp, 2005).
2.5.1.2 Separation function
At the slurry treatment plant, the excavated soil material is separated and removed from the bentonite
suspension by a sequential series of processes (Figure 10) so that the clarified flushing medium can be
recycled into the circuit. The separation of ultrafine particles is a vital capacity because otherwise, the
bentonite suspension becomes denser and the transport medium thickens. The solids content of the
slurry and the density of the solids in a given order of grain size have an impact on the excavation
speed in mechanised tunnelling (Herrenknecht, 2009).
Table 1. Calculation results of the minimum yield strength required of the support medium for the three
models.
Model
[-]
DIN4126 (2013)
Model by Broere (2000)
CUR321 (2010)
14

Minimum required yield-strength
[kPa]
3.19
4.16
4.11

Note that in case of a too low plastic viscosity, the support medium is susceptible to segregation.
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Figure 10. Example of a slurry treatment plant (STP). The different functions of the support medium
are indicated (MS, 2017).
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2.5.1.3 Stabilisation function
In slurry shields the support pressure at the face is provided by a fluid (generally a bentonite mix) that
is kept at a desired pressure to keep equilibrium at the face. In a hydroshield, the excavation chamber
is completely filled with bentonite slurry and in the working chamber the suspension level is usually
adjusted to be slightly above the machine axis. In this way, the counter pressure is compensated inside
the excavation chamber and is regulated by the compressed air reservoir in the working chamber
(DAUB,2016) The most fundamental function of slurry shield tunnelling is the stabilisation of the tunnel
face, which can be accomplished in the following ways:
• Prevention of seepage flow towards the tunnel face: The pressure distribution of the
bentonite suspension must be higher than the (equilibrium) pore water pressure distribution
acting at the tunnel face in order to prevent a seepage flow towards the tunnel face. The
pressure distribution gradient of the support medium is higher due to the bentonite suspension
having a slightly higher unit weight (≈10.5 kPa)15 than the water pressure (≈10 kPa). The
pressure distribution within the excavation chamber is linear (Figure 11). In case of a
hydrostatic pore water pressure distribution this leads to a linearly increasing pressure
difference between the support pressure and the equilibrium pore water pressure, also called
excess pressure Δs.
• Global stability: Due to the pressure difference between the support pressure and the
(equilibrium) pore water pressure, the bentonite suspension infiltrates the soil. In the case of
fine-grained soil, this infiltration length is practically zero and a small impermeable layer
develops, also called filter cake. In the case of coarse-grained soil layers, the slurry penetrates
a certain distance into the soil, also called the penetration zone.
• Filtration process: Due to the filtration process of the slurry into the ground, the liquid and
solid components are separated.
• Stiffening of the slurry: The flow velocity of the filtrating slurry decreases; consequently, it
gradually stiffens and sets (thixotropic property). In this case, the shear stresses are not
sufficient to further maintain the flow.
• Micro stability mechanism: the micro stability mechanism is prevented by the thixotropic
property (the mixture becomes stiffer with decreasing velocity).

Figure 11. The stabilization(support) function of the bentonite slurry at the tunnel face (Herrenknecht, 2016)
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This is the unit weight of a bentonite suspension in case of a standstill. During TBM drive the bentonite
suspension has an unit weight of 12 kN/m3.
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2.5.2 Characteristics bentonite suspension
The bentonite suspension used in slurry shield tunnelling consists of water and bentonite (3-10 %), to
which polymers can be added. The molecular level of the bentonite suspension in contact with water
forms a large-volume structure called a card-house structure. In its undisturbed state, the suspension
sets to a hydrogel (gel). Intensive movement in the suspension through mechanical disturbances loosens
the bonds between the card-house structure and the suspension changes to a flowing state (sol). This
sol/gel conversion in bentonite suspensions is completely reversible (Praetorius and Schöβer, 2017).
2.5.2.1 Types of fluids
The primary concern of fluids are the rheological flow properties. Rheology is the science of flow and
the deformation of matter (solid, liquid, gas) and is involved with the study of stress-strain-time
relationships. Fluids can be divided into Newtonian or non-Newtonian fluids. Newtonian fluids have a
constant relation (viscosity) between shear stress and shear rate (Equation 2.9). The higher the
viscosity of a fluid, the less it moves. Newtonian fluids start at the origin, so these fluids immediately
start to move when a force is applied to them. Water is an example of a Newtonian fluid. NonNewtonian fluids do not present a constant viscosity; rather, it changes as shear rates are increased
(apparent viscosity). These non-Newtonian fluids are further subdivided into the following fluid types
(Figure 12):
1. Time-independent fluids: time plays a minor role in the stress-strain-time relationship.
a) Bingham Plastic fluids: constant viscosity; a level of shear stress is required before the
fluid is sheared.
b) Pseudo-plastic fluids: shear stress-shear rate is described by a power-law model. In
these models, the apparent viscosity decreases with an increasing shear rate.
c) Dilatant: shear stress/shear rate is described by a power-law model. In these models,
the apparent viscosity increases with an increasing shear rate.
2. Time-dependent fluids: In these models, the apparent viscosity depends on the shear rate and
on for how long the shear is applied.
a) Thixotropic: reversible, time-dependent reduction in viscosity in material subject to
shear.
b) Rheopectic: reversible, time-dependent increase in viscosity in material subject to
shear.
3. Viscoelastic fluids: these fluids exhibit many characteristics of a solid.
4. Complex fluids: fluids that do not fit directly into one of the above (mathematical) models.
𝜂=
𝜂:
τ:
D:

𝜏
𝐷

[Equation 2.9]
viscosity of the suspension
shear stress of the suspension
shear rate of the suspension

[N s/m2]
[N/m2]
[s-1]

Figure 12. The relation between the shear stress and shear rate for Newtonian and non-Newtonian fluids.
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2.5.2.2 Rheological model for bentonite suspension
The support medium used in slurry shield tunnelling exhibits a different rheology when at rest than
when flowing; it can, therefore, be characterised as a complex fluid. Hence, the rheological model of
the bentonite suspension is first described for the transport function and thereafter for the stabilising
function (in rest conditions). For the transport function, complex fluids can be treated as simple
Bingham plastic fluids with time-dependent thixotropic properties. The reason for this choice is that a
finite amount of force is required before the flow is initiated. In other words, bentonite suspensions
possess a yield point; the smallest shear stress, above which it behaves rheologically as a fluid. After
reaching the yield-point, the viscosity reduces with increasing the shear rate and eventually become
constant (Praetorius and Schöβer, 2017).
The rheological model for the support function is based on the infiltration process of the support
medium. This process is triggered by the pressure difference between the support pressure and the
pore water pressure acting at the tunnel face. During infiltration, the flow velocity of the filtrating slurry
decreases and it gradually stiffens (increase in viscosity) and sets. At this moment, the shear stresses
are not sufficient to further maintain the flow. In terms of rheological behaviour, this infiltration process
can be seen as the opposite of the separation function, but the same path is not followed backwards
on the flow curve. These different paths result in hysteresis, as illustrated in Figure 13, which leads to
two different yield stress values, i.e., static and dynamic yield stress.
2.5.3 Pressure transfer model
The flow of the bentonite slurry from the excavation chamber into the soil can be described by means
of Darcy’s law, as fluids flow from a location with a high pressure to a location with a low pressure.
Due to the pressure difference Δs, the slurry infiltrates the soil. The filtration process of a colloidal
slurry into a porous medium is divided into the following three stages, disregarding the advance rate
of the TBM (Xanthakos, 1979):
1. penetration of the bentonite suspension into the soil (mud spurt phase);
2. clogging of the pores, first by large particles and later by finer particles from the slurry;
3. water leaving the slurry penetrates the soil mass (consolidation process).
In the filtration process described above, there are two limit cases for the infiltration distance. The
lower limit of the infiltration distance occurs in fine-grained soil with a low permeability. In this case,
the bentonite forms a thin impermeable filter cake on top of the face, also called membrane (Figure
14a). The upper limit of the infiltration distance occurs in coarse-grained soil with a high permeability
or when the shear resistance of the slurry is low (Figure 14b). In this case, the slurry largely infiltrates
the soil and the bentonite fails to form a filter cake. In practice, a situation occurs between these two
limits which results in the formation of a filter cake and a certain infiltration length (Figure 14c).

Figure 13. The effect of thixotropy on the relation between the shear stress and shear rate of the bentonite
suspension.
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Figure 14. Three cases of slurry infiltration (1) formation of filter cake only; (2) pure penetration, no
filtration; (3) combination of filtration and penetration (Broere after Müller-kirchenbauer,1977).

2.5.3.1 Pressure transfer mechanism
The two slurry infiltration limit cases lead to two different pressure transfer mechanisms that can occur
at the tunnel face (Figure 15). In the case of a membrane model, the entire support force from the
slurry is then transported onto the soil skeleton at the face. In case of a penetration zone, the support
pressure is then transported by drag forces onto the soil skeleton over this inﬁltration length.
According to DIN 4126 (2007,2013), the development of a pressure transfer type depends on
the value of the support pressure gradient, also called stagnation gradient. The pressure gradient f over
the suspension-saturated zone is determined by the ratio of the excess pressure Δs to the penetration
depth e of the slurry (Equation 2.10) and the pressure gradient for the maximum infiltration distance
emax is called the stagnation gradient (Equation 2.11). According to DIN 4126, a membrane model is
valid when the stagnation gradient is higher than 200 kN/m3.
𝑓=𝑖=

∆𝑠
𝑒

[Equation 2.10]

𝑓𝑠0 = 𝑖 = 𝑒

∆𝑠

𝑚𝑎𝑥

2𝜏𝑓

=𝑑

10

[Equation 2.11]

Walz (1967) has determined the maximum penetration depth by modelling a stretched capillary of
diameter d filled with sand (Figure 16), connected at one side to a container filled with bentonite
suspension and at the other side connected to a tank filled with water. Due to a pressure difference,
the slurry penetrates the soil and stagnates after a certain penetration distance emax. After the stagnation
of the support medium, an equilibrium between the bentonite suspension and the water pressure is
reached (Equation 2.12). This equilibrium can be rewritten in terms of the maximum penetration
distance emax (Equation 2.13) or the support pressure as a function of the penetration distance (Equation
2.14). In case of a maximum penetration distance, the pressure drop over the filtercake is equal to the
excess pressure Δs.

Figure 15. Pressure transfer mechanism in case of (1) membrane model and (2) penetration zone.
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Compared to Walz (1967), the maximum penetration distance is written in terms of the characteristic
grain size diameter d10 instead of the pore size, wherein the value 2 is the fitting parameter between
d10 and the radius of the pores (Equation 2.15). Assuming that the slurry properties are optimised, the
soil conditions are the critical factor for face stability.
𝛾𝐹 ℎ𝐹 𝜋

𝑑2
4

= 𝜋 𝑑 𝑙 𝜏𝐹 + 𝛾𝑤 ℎ𝑤 𝜋

𝑙 = 𝑒𝑚𝑎𝑥 =

(𝛾𝐹 ℎ𝐹 −𝛾𝑤 ℎ𝑤 ) 𝑑

𝑝𝑥 = 𝛾𝐹 ℎ𝐹 −
𝑒𝑚𝑎𝑥 =
γF:
hF:
γF:
hF:
l:
d:
px:

4 𝜏𝐹
𝜏𝐹 4
𝑑

𝑥

=

𝑑2
4

Δ𝑠 𝑑
4 𝜏𝐹

𝑓𝑜𝑟 𝑥 ≤ 𝑙

∆𝑝 𝑑10

[Equation 2.12]
[Equation 2.13]
[Equation 2.14]
[Equation 2.15]

2 𝜏𝐹

unit weight bentonite suspension
height of the bentonite suspension in the tank
unit weight water
height of the water in the tank
penetration distance
diameter of the stretched capillary
support pressure as a function of the penetration distance

[kN/m3]
[m]
[kN/m3]
[m]
[m]
[m]
[kN/m3]

Figure 16. Determination of the maximum penetration distance by modelling a stretched capillary of diameter
d filled with sand, connected at one side to a container filled with bentonite suspension and at the other side
connected to a tank filled with water (Walz,1983)
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2.5.4 Sensitivity parameters
The parameters that govern the maximum penetration depth are the excess pressure Δs, the
characteristic grain size diameter d10 and the yield strength of the support medium, as detailed in
Equation 2.13. The sensitivity of these parameters in the formation of the penetration zone is
determined by assuming that the penetration zone develops fully e.g. the maximum penetration
distance is reached. This is achieved in case of a standstill situation. Anagnostou and Kovári (1994,
1996) have performed a parametric study to determine the effect of varying these three parameters
on the face stability. In this case study, a tunnel with a 10-metre diameter combined with an overburden
of 10 metres of granular soil and a groundwater level 5 metres below ground level has been reviewed.
2.5.4.1 Characteristic grain size d10
The safety factor as a function of the characteristic grain size diameter d10 is presented in Figure 17.
The effect of the parameter d10 on the safety factor is determined by comparing curve A (excess
pressure Δs = 20 kPa, bentonite concentration 4%) with the results from the corresponding membrane
model (Δs = 20 kPa, bentonite concentration 4%). It can be seen that in soils with a d10 value lower
than medium sand (0.6 mm), the deviation from the membrane model is negligible. This means that the
slurry acts as though the face were sealed, regardless of whether a filter cake has been built up. A steep
decrease in the safety factor occurs at d10 values in the range of coarse sand (0.60-2.00 mm).
2.5.4.2 Excess pressure Δs
The effect of a raise in the excess pressure Δs on the tunnel face stability is determined by comparing
curve A (Δs = 20 kPa, bentonite concentration 4%) and B (Δs = 40 kPa, bentonite concentration 4%)
as detailed in Figure 17. It can be seen that a raise in the excess pressure results in an increase of the
safety factor for grain sizes smaller than 2 mm. This means that the range of characteristic grain size
diameters that can be seen as a membrane model does not extend by a higher excess pressure. In the
case of characteristic grain sizes bigger than approximately 2 mm, an increase in the fluid pressure
results in further infiltration and fluid loss.
2.5.4.3 Effect of the bentonite concentration
The effect of the bentonite concentration on the face stability is determined by comparing curve A (Δs
= 20 kPa, bentonite concentration 4%) and C (Δs = 20 kPa, bentonite concentration 7%) (Figure 17).
It can be seen that a higher bentonite concentration extends the grain-size range of soils that can be
supported by a bentonite slurry. The increase in bentonite has little effect on fine-grained soils; for
these soils, a lower bentonite concentration is more effective because a high bentonite concentration
results in a more difficult separation than a support pressure with a low bentonite concentration.

Figure 17. Safety factor as a function of characteristic grain size d10 (φ=37,5°)). Curve A: Δs= 20 kPa, 4%
bentonite; Curve B; Δs= 40 kPa, 4% bentonite; Curve C Δs= 20 kPa, 7% bentonite (Anagnostou and Kovári 1994,
1996).
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2.5.5 Slurry penetration: static situation
From a study by Xanthakos (1979), it resulted that the stabilizing force of the support medium depends
essentially on the penetration distance of the support medium into the ground. In other words, the
less the slurry penetrates, the greater the support force. Anagnostou and Kovári (1994, 1996)
explained that this reduction is due to the amount of slurry which penetrates outside the assumed
failure mechanism. The penetrated slurry exerts its thrust on a soil zone that is not involved in the
failure mechanism. These stabilizing forces are thus withdrawn from the wedge and subsequently leads
to a decrease of the support pressure. If due to the project-specific conditions a penetration zone
model applies, the effect of the slurry penetration needs to be taken into account. An important aspect
to note is that slurry infiltration is a time-dependent process and therefore this reduction effect is
based on two limit cases, the membrane model (negligible penetration distance) and the penetration
zone model (maximum penetration distance).
The only model of the three models reviewed which incorporates the effect of slurry
infiltration is the DIN4085/4126 model. In contrast, the Jancsecz-Steiner and Ruse-Vermeer model
assume that the entire support pressure is transferred onto the soil skeleton at the face. The
background of the model described in the DIN4085 originates from the stability of diaphragm walls.
This model takes the reduction due to slurry penetration outside the failure mechanism into account
by a so-called effectiveness of the support medium. In case of no penetration outside the failure wedge,
this effectivity is equal to 100%. This effectivity reduces with increasing amount of slurry penetration
outside the failure mechanism. The effectiveness of the support pressure Seff is obtained by the ratio of
the penetrated area within the wedge As to the total penetrated zone At (Area 1-2-5-3-4-1)(Equation
2.16)(Figure 18).
𝑆𝑒𝑓𝑓 =

𝐴𝑠
𝐴𝑡

[Equation 2.16a]

𝐴𝑠 = 𝐴𝑟𝑒𝑎 𝑧𝑜𝑛𝑒 1 − 5 − 3 − 4 − 1

[Equation 2.16b]

𝐴𝑡 = 𝐴𝑟𝑒𝑎 𝑧𝑜𝑛𝑒 1 − 2 − 5 − 3 − 4 − 1

[Equation 2.16c]

Figure 18. The method in order to determine the effectiveness of the support medium by the ratio of the
amount of slurry penetration which falls inside and outside the zone of the failure mechanism.
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2.6

Summary and conclusions

In this chapter the static face stability assessment is discussed. This assessment consists of three failure
classes which determine the support pressure limits and support medium properties (yield strength
requirement).
• Maximum support pressure (upper limit support pressure):
▪ The maximum support pressure is a function of the weight of the soil cover above the
TBM. In this thesis a blow-out model including friction is assumed to be equal to the lowest
value for the upper-bound of the support pressure. In case of an insufficient soil
overburden, additional surcharge is required in order to counteract the minimum
support pressure and buoyancy of the tunnel. The placement of this additional surcharge
results in an increase of the soil weight above the TBM. This means that the value of the
maximum support pressure is influenced by the minimum support pressure. The placement
of this additional surcharge leads to consolidation in the subsoil, and in case of a slow
dissipation of the excess pore water pressure, this consolidation process influences the
maximum support pressure limit. In case of a not completed consolidation process at the
time the TBM passes that certain location, a more detailed analysis is required.
Consequently, a 1D vertical consolidation analysis has been implemented within the
calculation method. For this analysis, the average degree of consolidation is valid.
• Support medium properties (yield strength requirement):
▪ The failure class regarding micro-stability imposes a yield-strength requirement to the
support medium and this value has an effect on the (maximum) penetration distance of the
support. For a given soil type, the penetration distance decreases with increasing yieldstrength.
▪ The yield-strength also influences the effectiveness of the support medium, as the smaller
the penetration distance the less bentonite slurry (possibly) penetrates outside the failure
wedge and therefore, the effectivity of the support medium increases.
• Minimum support pressure (lower limit support medium):
▪ Regardless of the choice of model, all three face stability models can be written as a
summation of the lateral effective earth pressure 𝜎′ℎ multiplied by a safety factor 𝛾ℎ and
the pore water pressure u1 multiplied by a safety factor 𝛾𝑢1 .
▪ If an active state is assumed by using an active earth pressure coefficient Ka, the soil deforms
towards the TBM and this results in ground deformations. If a neutral state is assumed by
using a neutral earth pressure coefficient K0 (> Ka), the soil stays in place and no ground
deformations are to be expected. In practice, it is beneficial for the process of the TBM to
let the soil deform towards the face. The earth pressure coefficient will, therefore, fall
between the active earth pressure coefficient Ka and the neutral earth pressure coefficient
K0.
▪ Although a higher face support pressure (Ka > Ki < K0) than the minimum required face
support contributes to a reduction of the settlements, this does not mean that a relatively
high face support pressure is beneficial to the construction progress, as the use of a
relatively high support pressure is detrimental to the excavation process.
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3 Static face stability: Model analysis
3.1

Introduction

The previous chapter has discussed the static face stability assessment that needs to be performed for
each project. This assessment is based on three types of failure mechanisms that can occur during
slurry shield tunnelling: Local collapse (support medium properties), global collapse (minimum support
pressure) and the loss of support medium (maximum support pressure). The failure mechanism
regarding the maximum support pressure and support medium properties are not the main focus of
this thesis, but they do have an effect on or are influenced by the minimum support pressure. The
theoretical and practical components of the research on these two failure mechanisms have therefore
been briefly described in the previous chapter. The results of this research serve as
requirements/limitations for the minimum support pressure that is analysed in this chapter.
The model analysis contains a comparative study between the Ruse-Vermeer model (2002),
the Jancsecz-Steiner model (1994) and the DIN4126/4085 (2007, 2013) model. The latter two have
already been successfully applied in other Dutch reference projects. A theoretical background analysis
has been performed for each model; by using a case study analysis, the effect of the models’ differences
on the minimum support pressures has been determined. This theoretical analysis is supported by
experimental results from the literature. Thereafter, this theoretical analysis shifts to a more ‘practical’
project analysis by including external aspects such as project aspects, soil conditions, and contract
requirements. The overview of this chapter is displayed in Figure 19.
Part 1: Theoretical analysis
Background analysis models
Set-up case studies
Experimental results
from literature
Case study analysis
Effect of model differences on
minimum support pressure

Part 2: Project (practical) analysis

Inclusion of external aspects

Effect of practical implementation
on face stability assessment
Figure 19. Chapter structure overview.
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3.2

Theoretical background analysis

The tunnel face support required to prevent global collapse has to counter the horizontal effective
stress and (equilibrium) pore water pressures acting at the tunnel face. Irrespective of the model
choice, all three face stability models can be written in the form of Equation 2.4, which is a summation
of the horizontal effective earth stress σ’h multiplied by a safety factor γh and the pore water pressure
u1 multiplied by a safety factor γu1. The input values for the pore water pressure are the same for all
three models, whereas the input values for the horizontal effective stress component differ. The reason
for the different input values of the horizontal effective stress is that all three models are based on
different model assumptions. These model assumptions can be divided into the following aspects:
• model set-up assumptions
o limit stress method (Ruse-Vermeer)
o limit equilibrium method (DIN, Jancsecz-Steiner)
• assumption failure mechanism (DIN, Jancsecz-Steiner)
• applicable to certain soil conditions (frictional, cohesive, cohesive-frictional)
• implementation of soil arching (vertical, horizontal or a combination of both).
The differences between the two limit equilibrium models are mainly due to different implementations
of the soil arching components within the models. The DIN model only takes horizontal soil arching
into account, while the Jancsecz-Steiner model includes both horizontal and vertical soil arching. The
next paragraphs therefore first discuss the general soil arching concept. The implementation of these
soil arching components in each model is discussed in the background analysis for each model. As the
Ruse-Vermeer method is a limit stress method, no predefined failure mechanism has been assumed
and therefore the next paragraph is not applicable for this method.
3.2.1 Vertical soil arching
Vertical soil arching is based on the experimental and theoretical investigations on arching conducted
by Terzaghi (1936,1943) in order to improve the understanding of arching phenomena in general and
the stress distribution around tunnels in particular. Terzaghi’s ‘trapdoor test’ experiment consisted of
a box filled through a trapdoor with width 2a at its base (Figure 20). This box was tilted downwards,
so that the trapdoor was loaded by the sand in the box. Due to this load, the trapdoor would open.
The displacement during this downward soil movement was monitored. Figure 20 displays the real
sliding surfaces (uw and vz), as observed in the experiments, and the yielding strip (uv). Vertical soil
arching is the pressure transfer between a yielding soil mass and the adjoining stationary parts, where
the relative movement of the soil is opposed by a shearing resistance within the contact zone of the
yielding and stationary masses (Hsien-Jen Tien, 1990). This means that part of the soil load above the
tunnel crown does not act as a load on it but is carried by the surrounding soil.

Figure 20. Trapdoor test result: Yielding in soil caused by downward movement of a long narrow section
(Terzaghi,1943).

26

This failure mechanism in curved sliding surfaces is simplified by assuming vertical sliding surfaces (ux2
and vy2), as indicated in Figure 20. This means that the pressure on the yielding strip equals the weight
of the sand located above the strip (uv) minus the shear resistance along the vertical sections. From
the experimental investigations, Terzaghi (1936,1943) discovered that the shearing resistance is only
active at the lower part (ux1 and vy1) of this vertical soil column, up to a height of 5B (n1 = 5).
The soil prism is therefore divided in two parts:
• the upper part of the soil prism x2x1y1y2, which is treated as a surcharge q on the lower part;
• the lower part of the soil prism x1uvy1.
The aforementioned arching theory can be applied to tunnel design, as the stress state in the soil above
the top of a tunnel is similar to the stress state in the soil column above a yielding strip. As in the study
by Terzaghi, the soil above the tunnel crown can be schematised as a rectangular soil column with a
width 2a stretching from tunnel crown to ground surface (Figure 21). At the surface, a surface charge
q0 can additionally be present. Broere (1998) has derived the vertical effective stress acting at the
yielding strip σ’v,a (tunnel crown) by the vertical equilibrium of a soil strip within this soil column
(Equation 3.1). An important variable in Equation 3.1 is the relaxation length a. The value of relaxation
length a depends on the manner in which soil arching has been taken into account. There are three
possible ways to include the vertical soil arching component, and these can be roughly associated with
the amount of deformation that occurs at the face (Broere, 1998):
1. No soil arching (Equation 3.2a). In the case of no vertical soil arching, it is possible to assume
that no deformations occur that would trigger the vertical soil arching component. This,
therefore, leads to an over prediction of the minimum support pressure.
2. Two-dimensional soil arching (Equation 3.2b). In the case of 2D soil arching, it is possible to
assume that limited deformations occur that trigger the soil arching component. The model
set-up assumes shear stresses on two sides of the soil prism.
3. Three-dimensional soil arching (Equation 3.2c). In the case of 3D soil arching, it is possible to
assume that such large deformations take place that they resemble a total failure of the tunnel
face. The model set-up assumes shear stresses on all four of the soil prisms.
𝑎 𝛾 ′ −𝑐 ′
′ (1
𝑦 tan 𝜑

𝜎 ′ 𝑣,𝑎 = 𝐾

′𝑧

− 𝑒 −𝐾𝑦 tan 𝜑 𝑎 ) + 𝑞0 𝑒 −𝐾𝑦 tan 𝜑

′𝑧
𝑎

[Equation 3.1]

𝑎= ∞

[Equation 3.2a]

𝑎=𝑅

[Equation 3.2b]

𝑎=𝑅

1
1+tan 𝜃

[Equation 3.2c]

Likewise, the maximum support pressure, i.e. the value of the lateral earth pressure coefficient Ky, is
unknown. Various authors have suggested different coefficients, as indicated in Table 2. The lowest
values equal the active earth pressure coefficient and the highest values assume a vertical effective
stress equal to the horizontal effective stress. The background of these differences cannot be
investigated due to the demarcation of this research to the four models. Based on the schematization
of straight failure surfaces, as indicated in Figure 21, it has been assumed that the soil surrounding the
wedge has zero lateral strain; it has therefore been assumed that a neutral earth pressure coefficient
is valid.
Table 2. Lateral earth pressure coefficients within the soil silo above the TBM.
Authors

Terzaghi and Jelinek (1954)
Melix (1987) Anagnostou & Kovari (1994)
Jancsecz-Steiner (1994)
Kirsch & Kolymbas (2005), Janssen silo-theory (1895)
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Lateral earth pressure coefficient Ky
Ky = 1.0
Ky =0.8
Ky = Kactive
Ky = Kneutral

Figure 21. Forces acting on a strip of soil in an arching soil column (Broere, 1998).

Figure 22. Possible horizontal stress distributions along tunnel face. (Broere, 1998).

3.2.2 Pressure distribution next to the wedge
In the case of (two- or three-dimensional) vertical soil arching, part of the soil load above the tunnel
crown does not act as a load but is carried by the surrounding soil. This means that the pressure
distribution next to the wedge is (possibly) influenced by the effect of vertical soil arching. Broere
(1998) has suggested the following three possible implementations of vertical (effective) stress
distribution next to a wedge (Figure 22):
1. Disregard the effect of vertical arching and assume an increasing vertical (effective) stress equal
to the unit weight of the soil.
2. Continue the vertical arching stress distribution σ’v,a until the tunnel invert;
3. linear interpolation between the vertical (effective) stress, including arching at top of the wedge
σ’v,a, and the vertical (effective) stress without arching effects σ’v,a at bottom of the wedge.
Table 3. Lateral earth pressure coefficients acting on the vertical sides of the wedge.
Author
Anagnostou & Kovari (1994)
Jancsecz-Steiner (1994)
DIN 4126 (2013)

Lateral earth pressure coefficient Ky
Ky =0,.4
Ky = (Ka+K0)/2
Ky= Kneutral
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3.2.3 Horizontal soil arching
A two-dimensional face stability assessment assumes that the tunnel face wall extends to infinity, e.g.
plane strain conditions. In case of a three-dimensional tunnel face stability assessment, this plane strain
assumption is no longer valid, as the tunnel face has a certain length. In a three-dimensional approach,
the influence of the spatial stress state of the soil therefore needs to be taken into account. These
spatial stresses occur because the ‘short wall’ moves more than the surrounding soil, which results in
friction forces along the sides of the failure mechanism. These shear stresses act in the opposite
direction as the soil movement and therefore reduce the horizontal effective stress acting at the tunnel
face. The determination of these shear stresses along the sides of the failure mechanism presents some
difficulties due to certain unknown aspects, such as the distribution of the vertical (effective) stress
next to the wedge and the choice of lateral earth pressure coefficient. Likewise, various authors have
also suggested coefficients for the lateral earth pressure acting on the sides of the failure mechanism
in vertical soil arching (Table 3).
3.2.4 DIN 4126/4085
The DIN model is based on the guidelines DIN 4085, ‘Subsoil-Calculation of earth pressure’ and DIN
4126, ‘Stability analysis of diaphragm walls’. These guidelines are based on the stability of diaphragm
walls for which the lateral earth pressure theory obtained by Coulomb (limit equilibrium) applies. With
this theory, it is possible to determine the lateral stress on a retaining wall by assuming a failure wedge
with straight slip surfaces that extends from wall toe to ground surface.
3.2.4.1 Two-dimensional approach: Homogeneous soil profile
The stability calculation for diaphragm walls is translated to tunnel face stability by ‘replacing’ the
diaphragm wall by a TBM (Figure 8a). It should be noted that in this case, the failure wedge is still based
on the presence of a diaphragm wall. Compared to a retaining wall, the tunnel face does not extend to
ground surface but extends from tunnel invert to tunnel crown. The soil located between the tunnel
crown and ground surface is seen as a surcharge. This ‘reduced’ wedge is incorporated in the
calculation method by assuming an active state only at the location of the tunnel face and a neutral
state for the remaining part. For tunnel face stability, it is assumed that an active state is obtained, as it
is beneficial to the progress of the TBM to let the soil deform towards the face.
For a cohesionless homogeneous soil mass, the horizontal effective stress σ’h acting at the
tunnel face is determined by the product of the vertical effective stress with the active earth-pressure
coefficient Ka. (Equation 3.3). In the case of a homogeneous cohesive (frictional) soil, the lateral earth
pressure is reduced by the effect of cohesion (Equation 3.4). The background for this originates from
the stability of diaphragm walls in the case of retention of a cohesive soil mass. For this situation, an
active state involves a state of tension between the surface and a certain depth. The lateral stress acting
on this zone of the ‘wall’ is neglected, which leads to a lower pressure acting on the tunnel face. This
reduced effect due to cohesion is incorporated to the tunnel face stability assessment by an evenly
distributed cohesion component over the complete tunnel face. In cases with a low overburden, this
reduction effect can lead to very small -even negative- horizontal effective stresses at the top of the
tunnel face. In order to counter possible weak points in the soil, a minimum value for the horizontal
effective stress is used, which corresponds to a shear strength with φ = 40° and c = 0 kPa.
The inclination of the sliding wedge with the horizontal is calculated using Equation 3.7. This
component does not affect the horizontal effective stress distribution, but it does affect the
effectiveness of the support medium (Paragraph 2.5).
𝜎′ℎ = 𝜎′𝑣 𝐾𝑎

[Equation 3.3]

𝜎′ℎ = 𝜎′𝑣 𝐾𝑎 − 𝑐 𝐾𝑎𝑐

[Equation 3.4]

𝐾𝑎 = [

cos 𝛼
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cos(𝜑−𝛼)
sin(𝜑 + 𝛿𝑎 ) sin(𝜑−𝛽)
(1+√
)
cos(𝛼 −𝛽) cos(𝛼 + 𝛿𝑎 )

]2

[Equation 3.5]

𝐾𝑎𝑐 =

2 cos(𝛼−𝛽)∙ cos 𝜑∙ cos(𝛼+𝛿𝑎 )
[1+sin(𝜑+𝛼+𝛿𝑎 −𝛽)] cos 𝛼

𝜃 = 𝜑 + arctan(

cos(𝜑−𝛼)
sin(𝜑+𝛿𝑎 ) cos(𝛼−𝛽)
sin(𝜑−𝛽) cos (𝛼+ 𝛿𝑎 )

[Equation 3.6]
)

[Equation 3.7]

sin(𝜑−𝛼)+ √

Ka:
Kac:
α:
β:
δa:
𝜃:

active earth pressure coefficient
active earth pressure coefficient for cohesion term
wall slope angle (Figure 23)
ground slope angle (Figure 23)
slip angle (Figure 23)
inclination angle of the sliding surface with the horizontal

[-]
[-]
[°]
[°]
[°]
[°]

3.2.4.2 Two dimensional approach: simplification
The general equations for the earth pressure coefficients and sliding angle of the wedge can be simplified
by assuming a horizontal ground surface (β=0), a vertical tunnel face (α=0) and a zero slip angle (δa=0)16,
which leads to Equations 3.8-3.10. From these equations, it can be observed that the only variable left
is the internal friction angle. In Figure 24, earth pressure coefficients Ka and Kac are plotted versus the
angle of internal friction, illustrating that a decrease in the friction angle leads to higher earth pressure
coefficient values. The earth pressure coefficient Kac presents the same curve as Ka, as Kac is equal to
2√𝐾𝑎 .
𝐾𝑎 =
𝐾𝑎𝑐 =

1−sin 𝜑
1+sin 𝜑

2 cos 𝜑
1+sin 𝜑

𝜃 = 45° +

𝜑
2

= tan2 (45 − )
= 2√𝐾𝑎

𝜑
2

[Equation 3.8]
[Equation 3.9]
[Equation 3.10]

Figure 23. The two-dimensional sliding wedge model as assumed in the Din method (Idinger et al, 2010) with
(a): force mechanism and (b) Sign rule for the angle used in determining the lateral stress. (Figure 4- DIN
4085:2007-10).

16

In the DIN4126, a zero wall friction angle is assumed.
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3.2.4.3 Two-dimensional approach: heterogeneous soil profile
The previous analysis, which was based on homogeneous soil profiles, can be extended by taking
stratified soil profiles into account. The soil wedge (and surcharge) are therefore divided into N
horizontal layers, with possible variable thickness di and constant soil properties. In this approach, the
shearing stresses between the layers are disregarded so that the entire soil profile above each soil layer
can be considered as a surcharge. Due to the constant soil properties for each layer, only the horizontal
effective stress acting at the top and bottom of each soil layer has to be calculated (Equation
3.11)(Figure 25). This procedure leads to sharp transitions at the layer boundaries. The wedge angle
with the horizontal is not constant for the complete wedge due to the varying friction angle over the
tunnel face. The latter does not influence the determination of the horizontal effective stress acting at
the tunnel face, but it is an important factor for the effectivity of the support pressure.
𝜎′ℎ:𝑖:𝑏 = ∑ 𝛾′𝑖 𝑑𝑖 𝐾𝑎:𝑖 − 𝑐 𝐾𝑎𝑐:𝑖

[Equation 3.11a]

𝜎′ℎ:𝑖:𝑡 = ∑ 𝛾′𝑖 𝑑𝑖 𝐾𝑎:𝑖 − 𝑐 𝐾𝑎𝑐:𝑖

[Equation 3.11b]

𝜎′ℎ:𝑖:𝑡 :
𝜎′ℎ:𝑖:𝑏 :
𝑑𝑖 :
𝐾𝑎:𝑖 , 𝐾𝑎𝑐:𝑖

horizontal effective soil stress acting at the top of layer i
horizontal effective soil stress acting at the bottom of layer i
thickness of layer i
earth pressure coefficient of layer i

[kPa]
[kPa]
[m]
[-]

Earth pressure coefficient [-]

Earth pressure coefficients Ka/Kac
1,8
1,6
1,4
1,2
1,0
0,8
0,6
0,4
0,2
0,0

Kach
Kagh
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Angle of internal friction [°]
Figure 24. The active earth pressure coefficients for different internal friction angle values. Valid for soil
profiles with α=β=δa=0.

Figure 25. Model for determining the horizontal effective stresses acting at the tunnel face in the case of a
stratified soil profile. For simplicity tunnel crown is equal to ground surface.
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3.2.4.4 Three-dimensional approach: Horizontal soil arching
In order to incorporate the horizontal soil arching component, the DIN method assumes a threedimensional failure body (Figure 26) suggested by Piatkowski& Kowalski (1965), in combination with
shape-coefficients μi. These shape factors determine the horizontal effective stress, including horizontal
soil arching, that is present at the tunnel face (Equation 3.12). The cohesion component assumes a
shape factor μ=1 and therefore does not contribute to horizontal soil arching. The graphical
representation of Equation 3.12 is presented in Figure 27, which illustrates that horizontal soil arching
depends on the angle of internal friction φ and the ratio between the depth z and length l of the tunnel
face. This thesis has assumed that the length of the tunnel face is equal to the diameter D of the tunnel.
Another way to express the reduced horizontal stress that acts on the tunnel face is the ‘wall
length’ reduction method. The spatial stress distribution is taken into account by the introduction of a
‘wall length’ that is smaller than the actual ‘wall length’, thus reducing the lateral earth pressure per
unit area of the ‘wall’ (Equation 3.13).17 The failure mechanism corresponding to the latter is displayed
in Figure 8.
𝜎′ℎ

(𝑟)

= [𝜎 ′ 𝑣 𝐾𝑎 ]𝜇𝑎 − [𝑐𝐾𝑎𝑐 ]𝜇𝑎𝑐
2

𝜑−𝑧

[Equation 3.12a]

𝜇𝑎 = 1 − 𝜋 arctan ( 2 𝐷 )

[Equation 3.12b]

𝜇𝑐 = 1

[Equation 3.12c]

𝜎′ℎ

(𝑟)

=

𝜎 ′ 𝑣 𝐾𝑎 𝐷 (𝑟)
𝐷
2

− [𝑐 𝐾𝑎𝑐 ]
𝜑−𝑧

[Equation 3.13a]

𝐷 (𝑟) = 𝐷 (1 − 𝜋 arctan ( 2 𝐷 ))

[Equation 3.13b]

z:
D:
(𝑟)
𝜎′ℎ :
𝐷 (𝑟) :

[m]
[m]
[kPa]
[m]

depth below ground surface
diameter of the tunnel
reduced horizontal effective stress acting on the tunnel face
reduced wall length/diameter

Figure 26. Three-dimensional failure body suggested by Piaskowski & Kowalewski (1965). This thesis has
assumed that the length of the tunnel face is equal to the diameter of the tunnel.
17

Note that the wall length reduction is based on α=β=δa=0. Following Corrigendum DIN 4085:2007-10 the
cohesion component is not subjected to a wall length reduction.
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Figure 27. Wall length reduction/shape coefficients as a function of the friction angle and z/D ratio.

In order to compare between the models, it is important to determine how the horizontal effective
stress reduction due to horizontal soil arching is calculated. Vertical soil arching is not taken into
account in the DIN model; therefore, it is can be assumed that the vertical (effective) stress distribution
next to the wedge is equal to the stress distribution in front of the tunnel face. The horizontal effective
stress reduction is equal to the shear stresses acting on both sides of the failure mechanism. The
reduction in horizontal effective stress can be obtained by using (1-μi) instead of μi in Equation 3.12a,
which leads to
𝜎′ℎ = 𝜎′𝑣 𝐾𝑎

(1−𝜇𝑖 )

=

2

2
𝜋

𝜎′𝑣 𝐾𝑎 ( arctan(
2

𝜑−𝑧
))
2∙𝐷

[Equation 3.14]

Equation 3.14 reveals that the value of the shear stress acting on one side the failure body is calculated
by using an earth pressure coefficient Ka(1-μi) that is lower than the active earth pressure coefficient
Ka. This active earth pressure coefficient Ka(1-μi) is a function of the internal friction angle φ and the
depth/length ratio (z/D). The earth pressure coefficient is therefore plotted as a function of the friction
angle for various ratios of z/D (Figure 28). Figure 28 illustrates that the earth pressure coefficient
decreases with an increasing friction angle (φ >15°) and a decreasing z/D ratio. In addition, from this
friction angle on, the curves for the different z/D ratio’s follow the shape of the active earth pressure
coefficient. In case of high z/D ratio’s (> 8.5), the active earth pressure coefficient is approached.
An important aspect to note is that the horizontal soil arching component is based on the
stability analysis of the diaphragm walls. As described, the failure wedge of a diaphragm wall extends
from wall toe to ground surface with no ground cover on top, while in the case of a tunnel face stability
assessment, it is assumed that an active state is only valid at the location of the tunnel face. This means
that horizontal soil arching only occurs at the location of the tunnel face. Due to this, the depth z in
Equations 3.12b/3.13b has to be modified for the depth z below the tunnel crown (z*) (Equation 3.15).
As the width L of the failure wedge is constant and equal to the diameter D, this means that the z/D
ratio is equal to zero at the tunnel crown and at tunnel invert equal to unity18. From the z/D ratio
(=1,0) displayed in Figure 28, it results that this leads to a small reduction in the horizontal effective
stress acting at the tunnel face. In the case study analysis, the effect of this modification on the minimum
support pressure has been determined.
𝜑−𝑧 ∗
)
2∙𝐷

2

𝜇𝑎 = 1 − 𝜋 arctan(
2

𝜑−𝑧 ∗
))
2∙𝐷

𝐷 (𝑟) = 𝐷(1 − 𝜋 arctan(
18

[Equation 3.15a]
[Equation 3.15b]

This is based on a failure body with straight slip surfaces and not the failure body shown in figure 28.
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Earth pressure coefficient for horizontal soil arching
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Figure 28. The earth pressure coefficient used to determine the reduction in horizontal stress due to the
counteracting shear stresses, as a function of the friction angle and z/D ratio.

3.2.4.5 Two/Three-dimensional approach: Pressure transfer mechanism
The pressure transfer mechanism adopted by the DIN model depends on the penetration distance e
of the slurry, which is a function of the characteristic grain size d10, excess pressure Δs and yield
strength of the slurry. In the case of a negligible penetration distance, it is assumed that the support
pressure is transferred to the soil skeleton by a membrane. For cases with a higher penetration
distance, a penetration zone applies and the effect of slurry infiltration should be taken into account.
The approach adopted by the DIN model in order to take the effect of slurry penetration for a
homogeneous soil profile into account is described in Paragraph 2.5. In this case, the wedge angle with
the horizontal is the same for the entire tunnel face and therefore the amount of slurry that penetrates
outside the failure wedge zone is easily determined. In the case of a heterogeneous soil profile, this is
more complicated, as the wedge angle with the horizontal varies per layer. The way to cope with this
topic is described in Paragraph 3.4.8 (test series 6).
3.2.4.6 Two/Three-dimensional approach: Effect of an additional surcharge qo on ground surface
At the eastern entrance zone, where a small soil cover is present, an additional surcharge is required
to counteract the buoyancy of the tunnel and the minimum face support pressure. The second part of
this chapter, which focusses on the practical implementation, discusses the effect of this additional
surcharge on the subsoil. For this practical component, it is necessary to know how an additional load
on the ground surface translates to a horizontal effective stress acting on the tunnel face. Following
DIN 4085/4126, a surface load q is translated to the tunnel face by multiplying the load qo by an earth
pressure coefficient Kap (Equation 3.16). By assuming α = β = 0, this earth pressure coefficient Kap is
equal to the active earth pressure coefficient (Equation 3.17).
[Equation 3.16]

𝜎′ℎ:𝑞 = 𝑞𝑜 𝐾𝑎𝑝
𝐾𝑎𝑝 =

cos 𝛼 cos 𝛽
cos(𝛼−𝛽)

𝐾𝑎 = 𝐾𝑎

[Equation 3.17]
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3.2.4.7 Two/Three-dimensional approach: Vertical soil arching
The effect of vertical soil arching has not been incorporated into the original DIN model, as above the
diaphragm wall no soil cover is present where soil arching could develop. This method is translated to
tunnel face stability assessment by maintaining the failure wedge which extends from tunnel invert to
tunnel crown, but with the assumption that an active state is only valid at the location at tunnel face.
Due to this hypothesis, it can be assumed that the soil profile above the TBM stays within place and
acts as a surcharge. This means that when this model has translated to tunnel face stability, it is possible
to implement the effect of vertical soil arching. Note that this schematisation of the failure wedge
supports the modification of the horizontal soil arching component discussed in the previous paragraph.
3.2.4.8
Summary
Based on the theoretical analysis, the following conclusions can be reached:
• In the two-dimensional plane strain approach, the tunnel face can be translated into a sliding
wedge extending from tunnel invert to ground surface. An active state is only assumed at the
location of the TBM.
• In the case of a homogeneous soil profile, the horizontal effective stress acting at the tunnel
face is determined by the multiplication of the vertical effective stress with the active earth
pressure coefficient. In the case of cohesive soil, the horizontal effective stress that acts on
the tunnel face is reduced by the effect of cohesion.
• In the three-dimensional approach, the plane strain assumptions are no longer valid. This
approach takes the effect of the spatial stress distribution into account. This result in shear
stresses acting on the sides of the failure model, which reduces the horizontal effective stress
acting on the tunnel face. This reduced horizontal effective stress is calculated by using shape
coefficients which are a function of the friction angle and depth/length z/D ratio.
• Both in the 2D and the 3D models, a stratified soil profile can be taken into account by
neglecting the shearing stresses between the different soil layers. The soil profile can,
therefore, be divided into N different layers, possibly with variable thickness, in which the soil
properties are constant.
• In the case of a stratified soil profile, the wedge angle θ with the horizontal is not constant,
due to the different friction angle for each layer. This wedge angle is not an important
parameter for the calculation of the horizontal effective stress acting on the tunnel face, but it
is an important parameter for the effectiveness of the support pressure (paragraph 2.5).
• In both the 2D and 3D models, the effect of vertical soil arching has not been incorporated
into the original DIN model. The reason for this is that the original model assumes a failure
wedge that extends from tunnel invert to ground surface, so no soil cover is present above
this failure wedge where vertical soil arching could develop. Due to the assumption of a neutral
state in the soil profile above the TBM, no lateral strain occurs and thus the soil volume stays
within place. Therefore, it can be assumed that the soil profile above the TBM acts as a
surcharge and vertical soil arching can be implemented within this zone. This implementation
is further discussed in test series 5.
• The load from the additional surcharge qo is transferred to the tunnel face by multiplying the
increase in vertical effective stress by an active earth pressure coefficient. Note that for this
part, drained behaviour is assumed. The effect of consolidation is discussed in paragraph 3.5.
• The DIN model takes the effect of slurry penetration/infiltration into account (paragraph 2.5).
Based on the results of the theoretical analysis, the effect of the following modifications/extensions of
the original DIN model have been investigated using case studies:
• What happens to the minimum support pressure when working with the assumption that, in
the case of a 3-dimensional approach (Equation 3.15), the depth z extends from tunnel
crown (Test series 4)?
• What happens to the minimum support pressure if two-/three- dimensional soil arching is
taken into account (Test series 5)?
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3.2.5

Ruse-Vermeer model

3.2.5.1 Three-dimensional approach: Homogeneous soil conditions
The Ruse-Vermeer model is based on a single equation (Equation 3.18), consisting of stability numbers
to calculate the horizontal effective stress acting on the tunnel face. The stability numbers are obtained
by executing many three-dimensional finite element method (FEM) calculations on dry homogeneous
sand. In this FEM mesh, the following boundary conditions have been applied: the ground surface is
free to displace, the side surfaces of the mesh have roller supports and the base of the mesh is fixed.
The initial stress distribution is geostatic, based on a neutral earth pressure coefficient. The minimum
support pressure is determined by a step-wise reduction of the support pressure, e.g. a limit load
analysis.
The Ruse-Vermeer model assumes that for friction angles φ >20°, the soil weight of the
overburden may be neglected. This is also demonstrated in Equation 3.18, where the vertical effective
is calculated by multiplying the effective unit weight of the soil with the diameter of the tunnel. This set
up leads to a constant horizontal effective stress acting on the tunnel face.
Compared to the other two models, the Ruse-Vermeer model is based on dry soil conditions,
e.g. the equilibrium pore water pressure is zero. Despite neglecting the weight of the soil overburden,
the hydrostatic pore water pressure distribution is taken into account in the calculation of the minimum
support pressure in combination with a safety factor γu1 equal to unity (Equation 3.19).
In this model, the safety factor regarding the horizontal effective stress is incorporated within
the calculation of σ’h; it is therefore possible to assume that γh is also equal to unity. In the subsequent
paragraphs, the derivation of the three stability numbers Nγ, Nc and Nq is discussed. It should be noted
that the determination of the stability numbers is based on homogeneous dry/drained soil conditions
and is only valid for friction angles φ > 20° in combination with an overburden height C greater than
or equal to the diameter of the tunnel (C/D >1).
1
)
𝛾 𝜑 ′ 𝑐′

𝜎′ℎ = 𝑞𝑜 𝑁𝑞 + 𝛾 ′ 𝑠𝑎𝑡:𝐻 𝐷 𝑁𝛾 − (

𝑐 ′ 𝑁𝑐

𝑝𝑚𝑖𝑛:𝑑 = 𝛾ℎ 𝜎′ℎ + 𝛾𝑢1 𝑢1 = 𝜎′ℎ + 𝑢1

[Equation 3.18]
[Equation 3.19]

Soil weight stability number Nγ
One of the most important assumption in the Ruse Vermeer model is that for friction angles larger
than 20º and C/D >1, the stress arch carries the ground cover regardless of the magnitude of its
thickness. This in based on a study by Vermeer and Ruse (2001) that considers non-cohesive dry
ground and no surface load, where the groundcover has been varied systematically to assess its
influence on the failure pressure.
The effect of soil arching for a tunnel (C/D = 5) in non-cohesive dry soil with a varying friction
angle is illustrated in Figure 29. In the case of soil with a friction angle equal to zero (Figure 29a), the
principal stresses rotate around the tunnel face and they all have the same size, which indicates a high
support pressure. In the second case (Figure 29b), the friction angle is increased to 20º; it can be seen
that the principal stresses around the tunnel face decrease. The arching effect is extremely clear in the
last case. The analysis resulted in that the supporting pressure is nearly equal to zero and a strong
stress arch is observed directly between the top and the bottom of the tunnel.
This arching effect for varying friction angles is also demonstrated by the corresponding failure
patterns in Figure 29d-f, which illustrates that with an increasing friction angle, the failure zone
decreases to a relatively small zone at the front of the tunnel face (Ruse and Vermeer, 2002). Due to
the effect of soil arching, the soil weight stability number is only dependent on the friction angle and
not on the groundcover (Equation 3.20).
1

𝑁𝛾 = 9∙tan 𝜑 − 0,05
𝑑

ϕ´ > 20 ° and C/D > 1

[Equation 3.20]
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Cohesion stability number Nc
Unlike the other stability numbers, the cohesion stability number Nc has been derived theoretically
(Equation 3.21).
[Equation 3.21]

𝑁𝑐 = cot 𝜑𝑑

Surface load stability number Nq
The influence of an additional surcharge qo on the surface is determined by performing a series of 24
finite element analyses with different uniformly distributed surface loads qo. The analyses revealed that,
due to the effect of soil arching, all surface loads can be carried for friction angles larger than φ = 25º,
regardless of the groundcover. For friction angles lower than 25º, the stability term Nq (Equation 3.22)
is equal to zero when the groundcover is twice the tunnel diameter. For other cases, the surcharge
stability number is equal to Nq ≈ 0.01.
𝑁𝑞 = 0 𝑓𝑜𝑟 𝜑 > 25° & 𝜑 < 25° 𝑤𝑖𝑡ℎ
𝑁𝑞 = 0.01 𝑓𝑜𝑟 𝜑 < 25° 𝑤𝑖𝑡ℎ

𝐶
𝐷

<2

𝐶
𝐷

≥2

[Equation 3.22a]
[Equation 3.22b]

3.2.5.2 Three-dimensional approach: Effect of an additional surcharge qo on surface
The effect of an additional surcharge qo on the surface in the tunnel face stability calculation highly
depends on the friction angle of the soil. In the case of a friction angle of around φ = 20-25°, only 1%
of the additional load on the ground surface affects the horizontal effective stress acting on the tunnel
face. For friction angles larger than φ = 25°, the complete load on the ground surface is carried by
vertical soil arching. As this method is based on drained soil behaviour, the influence of consolidation
cannot be incorporated.
3.2.5.3 Three-dimensional approach: Pressure transfer mechanism
The Ruse-Vermeer model is based on a limit load analysis and the minimum support pressure is
determined by using a load reduction method, e.g. the support pressure is reduced until the collapse
of the tunnel face. This method assumes that the support pressure is transferred to the soil skeleton
by a membrane.

Figure 29. Principal stresses (a - c) and incremental displacements (d - f) at failure. Close-up around the face
for a tunnel with H/D = 5. (Increasing displacements at failure are shown in graded shades from blue to red)
(Ruse and Vermeer, 2002).
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3.2.5.4 Three-dimensional approach: Heterogeneous soil conditions
This model cannot be directly transformed to a heterogeneous layered soil profile like the DIN model,
as the development of soil arching is highly influenced by the friction angle of the soil above and in front
of the TBM. In the case of a layered soil profile, the stability numbers are calculated based on the soil
type located at the tunnel face, while a different soil type is possibly present at the top of the TBM. In
addition, the stability numbers are obtained from homogeneous soil conditions. The most erroneous
interpretation occurs when soil layers with a high friction angle (φ >20°) are present at the tunnel
face, while above the TBM soil layers with a low friction angle (φ <20°) are present. By simply using
the equations, it is possible to assume that soil arching occurs and this results in an overly low support
pressure. This means that, in the case of heterogeneous soil profiles, wrong assumptions can be made
and therefore this method must be used with great caution.
Another important aspect to take into account is that, in the case of homogeneous soil, this
model assumes a constant support pressure over the complete tunnel face. This aspect leads to a
transformation of the diameter D (Equation 3.20) to the depth of the soil layer boundaries below the
tunnel crown.
The applicability of the Ruse-Vermeer method for soil profiles with friction angles lower than
twenty degrees will be investigated by means of a case-study analysis. As this analysis relates to different
parts of this model, this analysis is split into two parts. In the first part of this research, the minimum
support pressure is calculated, for soil profiles with a friction angle φ>20, by taking the full weight of
the overburden into account. In the second part, the minimum support pressure is recalculated by
reducing the friction angle below twenty degrees.
3.2.5.5 Summary
• The Ruse-Vermeer model is based on a limit stress method. The is applicable for homogeneous
(drained) soil profiles with a friction angle higher than φ = 20° and C/D ≥1. This means that the
soil weight of the ground cover is neglected within the calculation of the minimum support
pressure.
• This model takes a constant vertical effective stress into account which is equal to the vertical
effective stress at tunnel invert.
• The horizontal effective stress acting at the tunnel face is calculated by the multiplication of the
constant vertical effective stress with the soil weight stability number. In the case of cohesive
soil, the horizontal effective stress that acts on the tunnel face is reduced by the effect of
cohesion. In addition, the minimum support pressure is increased by the effect of the additional
surcharge qo on ground surface. Note that the influence of the latter is negligible.
• The Ruse-Vermeer model takes both horizontal and vertical soil arching into account. Due to
the numerical background of this calculation method, these aspects cannot be analysed further.
• In heterogeneous soil profiles, this method can lead to wrong interpretations and must be used
with great caution.
• The Ruse-Vermeer model does not take the effect of slurry penetration/infiltration into
account, as this method is a limit stress method and therefore no failure mechanism is assumed.
Based on the results of the theoretical analysis, the effect of the following modifications/extensions of
the original Ruse-Vermeer model have been investigated using case studies:
• What happens with the minimum support pressure in the case of soil profiles with ϕ > 20° if
vertical soil arching is neglected and the full weight of the overburden is considered (Test
series 2)?
• What happens with the minimum support pressure in the case of soil profiles with ϕ < 20° if
vertical soil arching is neglected and the full weight of the overburden is considered (Test
series 3)?
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3.2.6

Jancsecz & Steiner

3.2.6.1 Three dimensional approach: Homogeneous soil conditions
The Jancsecz and Steiner model (Figure 8), also called wedge model, consists of a sliding wedge in front
of the tunnel face that is loaded by a rectangular prism stretching up to surface level. The circular
borefront is approximated by a squared borefront, with sides equal to the diameter of the tunnel. The
bottom surface of the soil prism is equal to the top surface of the wedge and the height of the soil
prism is equal to the height of the overburden. The following forces act on the wedge (Figure 30):19
• self-weight of the wedge Gw;
• top load from soil prism Gs at interface CBEF;
• shear force R and normal forces N along the slanted failure plane ADEF;
• shear force T acting on triangular sliding planes ABE and DCF;
• slurry support pressure S; and
• the pore water pressure W (which is disregarded in this analysis).
The resulting horizontal wedge force E (horizontal effective force) for a given wedge angle θ is
determined by an equilibrium analysis of the failure wedge (Equation 3.23). The full derivation is
presented in Annex 2. The critical sliding angle θ crt is the angle that corresponds to the maximum
value of the horizontal wedge force E. The Jancsecz-Steiner wedge model includes both vertical and
horizontal soil arching.
𝜁− (𝐺𝑠 +𝐺𝑤 )+(𝐾+2𝑇)
𝜁+

[Equation 3.23a]

𝜁− = tan 𝜑 cos 𝜃 − sin 𝜃

[Equation 3.23b]

𝜁+ = tan 𝜑 sin 𝜃 + cos 𝜃

[Equation 3.23c]

𝐸=−

3.2.6.2 Three-dimensional approach: Vertical soil arching
The inclusion of vertical soil arching within the Jancsecz-Steiner model results in a reduction of the top
load Gs acting at the top of the wedge. This reduced soil load is calculated using Equations 3.1 and 3.2.
Jancsecz-Steiner (1994) requires that vertical soil arching can only be included in cases in which the
height of the overburden is twice the diameter of the tunnel (C/D >2); however, Anagnostou & Kovári
(1994) have suggested always using vertical soil arching despite the height of the overburden.

Figure 30. The static force mechanism of the wedge model used by Jancsecz and Steiner.
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The equations are presented in Annex 2.

39

Vertical soil arching can be implemented by means of two-dimensional or three-dimensional analysis.
In a two-dimensional analysis, it is assumed that the counteracting shear stresses act on two sides of
the soil prism and in a three-dimensional analysis, these friction forces act on all four sides of the soil
prism. In their wedge model, Jancsecz and Steiner (1994) have assumed that the shear stresses act on
all four silo boundaries; therefore, a three-dimensional vertical soil arching analysis is valid. The shear
stresses are calculated by using an active earth pressure coefficient, as detailed in Table 2.
3.2.6.3 Three-dimensional approach: Horizontal soil arching component
The Jancsecz-Steiner model includes the effect of horizontal soil arching by taking the influence of the
spatial stress state of the soil into account. These spatial stresses occur because the wedge moves
more than the surrounding soil, which results in friction forces along the sides of the wedge. These
forces reduce the horizontal effective stresses acting on the tunnel face.
The soil is idealised as a rigid-plastic material, following the Mohr-Coulomb condition, with
cohesion c and angle of internal friction φ. The shear force T acting on the wedge sides can therefore
be separated into a cohesion and friction component. The cohesion force is calculated by multiplying
the cohesion with the area of the failure surface. Compared to the cohesion component, the
determination of the friction component faces some difficulties due to certain unknown aspects such
as the distribution of the vertical effective stress next to the wedge and the choice of lateral earth
pressure coefficient. In this model, it is assumed that the vertical effective stress distribution next to
the wedge does not include any arching effects. The lateral earth pressure coefficient used to calculate
the horizontal effective stress is equal to the average of the neutral and active earth pressure coefficient
(Table 3). The friction force is calculated by multiplying the shear stress with the area of the failure
surface. The combination of these two force components leads to the shear forces acting on the
triangular planes of the wedge (Equation 3.24).
𝑇=

𝐷 2 cot 𝜃
(𝑐
2

+ 𝐾𝑦 ̅̅̅̅
𝜎′𝑣 tan 𝜑)

[Equation 3.24]

3.2.6.4 Three-dimensional approach: Three-dimensional earth pressure coefficients
The wedge model illustrated in Figure 30 is a time-consuming analytical method for determining the
separate forces and subsequently finding the wedge angle with the horizontal for which the wedge
force E is maximal. In addition, in case of a heterogeneous soil profile, the required time will be even
more increased. This method can therefore be simplified by using a three-dimensional earth pressure
coefficient.20 This coefficient is derived from an equilibrium analysis of the lower part of the wedge
failure mechanism for a given critical wedge angle. The horizontal effective stress acting on the tunnel
face is determined by multiplying the vertical effective stress distribution in front of the tunnel face
with this coefficient (Equation 3.25-3.29).
By considering this three-dimensional earth pressure coefficient KA3D further, it can be noted
that this factor depends on the angle β , the friction angle φ, the earth pressure coefficient Ky, and the
geometry parameter C/D. The effect of each of these parameters on the coefficient KA3D is determined
by performing a sensitivity analysis whose results are presented in Figure 31. From this analysis, it is
possible to observe that the C/D ratio influences the α-factor and the KA3D coefficient. It should be
noted that the KA3D coefficient is independent of the C/D ratio for ratios greater than unity. It can
therefore be concluded that the geometry factors have a negligible influence on the resulting wedge
force. The angle of internal friction influences both the angle β and earth pressure coefficient Ky (for
friction angles φ > 15°). The graph in the upper left corner demonstrates that the three-dimensional
earth pressure coefficient KA3D is only affected by the friction angle (C/D >1).
𝜎′ℎ = 𝜎′𝑣 𝐾𝑎3𝐷

20

[Equation 3.25]

In this thesis we call this method the KA3D model.
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Figure 31. Sensitivity analysis parameter: Earth pressure coefficient KA3D.

41

An important aspect to note is that this three-dimensional earth pressure coefficient has been
determined from an equilibrium analysis of the lower part of the wedge. This means that only the
horizontal soil arching component has been taken into account. This model can be extended by
incorporating vertical soil arching through a reduced value of the vertical effective stress. It should be
noted that this leads to a reduction of the horizontal soil arching component, as the earth pressure
coefficient KA3D is multiplied by a reduced value of the vertical effective stress. In the combination of
both soil arching components, each separate component cannot reach its full potential, as only the
vertical effective stress distribution in front of the tunnel face is used, while the horizontal soil arching
is based on the vertical effective stress distribution next to the wedge.
𝐾𝑎3𝐷 =
𝐾𝑦 =
𝛼=

𝐾𝑎
cos 𝛽 tan 𝜑
1,5
cos 𝛽 sin 𝛽+tan 𝜑 𝑠𝑖𝑛2 𝛽

sin 𝛽 cos 𝛽−𝑐𝑜𝑠2 𝛽 tan 𝜑−

𝜑
2

1−sin 𝜑+𝑡𝑎𝑛2 (45− )
2

1+3 𝐶/𝐷
1+2 𝑐/𝐷

[Equation 3.26]
[Equation 3.27]
[Equation 3.28]

𝐶 2
𝐷

𝛽 = −0,6 ( ) +

2𝐶
𝐷

+ 0,42𝜑 + 52,1

[Equation 3.29]

3.2.6.5 Three-dimensional approach: Pressure transfer mechanism
The Jancsecz-Steiner model assumes that the support pressure mechanism is transferred to the soil
skeleton by an infinitely small membrane. This is a valid assumption in the case of fine-grained soils, but
for coarser soils the effect of slurry infiltration should be analysed.
3.2.6.6 Three-dimensional approach: Heterogeneous soil conditions
Due to the simplicity of the KA3D model, it is possible to transform this model to include heterogeneous
soil conditions. As in the DIN model, the soil wedge and surcharge are divided into N horizontal layers
with a possible variable thickness di and constant soil properties. In this approach, the shear stresses
between the layers are disregarded and therefore the entire soil profile above each soil layer can be
considered a surcharge. For each soil layer, the vertical effective stress at the top and bottom is
calculated and multiplied by the three-dimensional earth pressure coefficient KA3D (Equation 3.25-3.29).
3.2.6.7 Three-dimensional approach: Effect of an additional surcharge qo on ground surface
At the eastern entrance zone, where a small soil cover is present, an additional surcharge is required
to counteract the buoyancy of the tunnel and face support pressure. The second part of this chapter,
which focusses on the practical implementation, discusses the effect of this additional surcharge on the
subsoil. For this practical component, it is necessary to know how an additional load on the ground
surface translates to a horizontal effective stress acting on the tunnel face. Following the JancseczSteiner model, a load on the ground surface has been multiplied by the same earth pressure coefficient
KA3D, so the full load of the additional surcharge contributes to the horizontal effective stress at the
tunnel face.
3.2.6.8 Summary
The Jancsecz-Steiner model consists of two different approaches in order to calculate the minimum
support pressure acting at the tunnel face. The first approach, also called wedge model, assumes a
three dimensional failure wedge in front of the tunnel face. The minimum support pressure is calculated
with equation 3.23, in which the forces are calculated based on the critical wedge angle. It can be
concluded that this is an iterative and time-consuming method. The second approach is based on a
three dimensional earth pressure coefficient, also called KA3D model, which is derived based on a
equilibrium analysis of the three dimensional failure wedge. The minimum support pressure is calculated
by the multiplication of this three dimensional earth pressure component with the vertical effective
stress in front of the tunnel face. In contrast to the first approach, this method requires less time.
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Based on the theoretical analysis, the following conclusions can be drawn:
• Both models: The soil profile can be translated into a sliding wedge extending from tunnel
invert to tunnel crown. The vertical (effective) stress resulting from the overburden acts as a
surcharge.
• Both models: The implementation of vertical soil arching leads to a lower vertical (effective)
stress acting at tunnel crown.
• Both models: The load from the additional surcharge qo is fully transferred to the tunnel face.
• Both models: The effect of slurry infiltration is not taken into account, as the model assumes
a negligible penetration distance (filter cake).
• Wedge model: The implementation of vertical soil arching leads to a reduction of the force
Gs.
• Wedge model: The method assumes a vertical (effective) stress next to wedge without the
effects of arching. This means that not the same pressure distribution is used for both soil
arching components.
• Wedge model: Horizontal soil arching is implemented within the model by shear forces T
which act on the triangular sides of the failure wedge.
• KA3D model: This 3D earth pressure coefficient depends only on the friction angle. With an
increasing friction angle, the coefficient KA3D decreases.
• KA3D model: Only the effect of horizontal soil arching is included in the three-dimensional
earth pressure coefficient. Vertical soil profile is taken into account by a reduced vertical
(effective) stress distribution in front of the tunnel face. This method only takes the vertical
(effective) stress distribution in front of the tunnel face into account. This means that a
reduction in this pressure distribution due to vertical soil arching also affects the horizontal
soil arching component.
• KA3D model: a stratified soil profile can be taken into account by neglecting the shearing
stresses between the different soil layers. The soil profile can therefore be divided into N
different layers, possibly with variable thickness, in which the soil properties are constant.
Based on the results of the theoretical analysis, the effect of the following modifications/extensions of
the original Jancsecz-Steiner model are investigated using case studies:
• What is the reduction in the support pressure effectiveness when slurry infiltration is taken
into account (Series 6)?
3.2.7 Model coefficient Km
The previous paragraph detailed the theoretical analysis into the background of the DIN model, the
Ruse-Vermeer model and the Jancsecz-Steiner model. The latter model can be further subdivided into
the wedge model and KA3D model. The case study analysis is largely based on the KA3D model; hence,
the KA3D model is meant when the Jancsecz-Steiner model is mentioned. The minimum support
pressure required at the tunnel face for all three models is calculated using Equation 2.5. In the case of
a soil with zero cohesion, the horizontal effective stress acting on the tunnel face can be further
subdivided in the multiplication of the vertical effective stress with an ‘model coefficient’ Km (Equation
3.30). This model coefficient Km determines likewise the earth pressure coefficient the ratio of the
horizontal and vertical effective stress.
The value of this model coefficient per model is obtained by equating the cohesion term to
zero within the equation regarding the horizontal effective stress acting at the tunnel face. For the
DIN-model equation 3.13a is used and it results that the model coefficient is equal to the multiplication
of the active earth pressure coefficient with the wall length reduction component (Equation 3.30b).
For the Ruse-Vermeer model equation 3.18 and this leads to a model coefficient equal to the stability
number Ny (Equation 3.30c). For the Jancsecz-Steiner model equation 3.25 is used and it immediately
follows that the model coefficient is equal to KA3D.
𝑝𝑚𝑖𝑛:𝑑 = 𝛾ℎ 𝜎 ′ ℎ + 𝛾𝑢1 𝑢1 = 𝛾ℎ (𝜎 ′ 𝑣 𝐾) + 𝛾𝑢1 𝑢1
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[Equation 3.30a]

𝜎′ℎ

(𝑟)

=

𝜎 ′ 𝑣 𝐾𝑎 𝐷(𝑟)
𝐷

− [𝑐 𝐾𝑎𝑐 ] = 𝜎 ′ 𝑣 𝐾𝑎

𝜎′ℎ = 𝑞 𝑁𝑞 + 𝛾 ′ 𝑠𝑎𝑡:𝐻 𝐷 𝑁𝛾 − (𝛾
𝜎′ℎ = 𝜎′𝑣 𝐾𝑎3𝐷 →

1
𝜑 ′ 𝑐′
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𝐷 (𝑟)
𝐷
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) 𝑐 ′ 𝑁𝑐 = 𝛾 ′ 𝑠𝑎𝑡:𝐻 𝐷 𝑁𝛾 → 𝑲 = 𝑵𝜸

[Equation 3.30b]
[Equation 3.30c]
[Equation 3.30d]

The model coefficient for each model21 for c=0 as a function of the friction angle and C/D ratio (>1)
are presented in Figure 32. This graph indicates that the value of the model coefficient in the case of
the DIN model depends on both the C/D ratio and the friction angle. The model coefficients of the
other two models are only a function of the friction angle.
In Figure 32, the active and neutral earth pressure coefficients are also plotted. In case of the
Jancsecz-Steiner model, the model coefficient Km lies between the active and neutral earth pressure
coefficient between (12°> φ <17°) and thereafter the model coefficient drops below the active earth
pressure coefficient. In case of the Ruse-Vermeer model, the model coefficient Km is lower than the
active earth pressure coefficients for friction angles larger than 17 degrees. The model coefficient for
the DIN model for friction angles higher than 20° is situated between the active and neutral earth
pressure coefficient.
By using the model coefficients indicated within Figure 32, the difference in minimum support
pressure between the models becomes clear. It can be seen that the Ruse-Vermeer model will results
in the lowest minimum support pressure and the DIN-model in the highest support pressure. In
addition, the difference between the Jancsecz-Steiner model and the DIN-model depends on the C/D
ratio.

Figure 32. The model coefficient Km as a function of the friction angle and C/D ratio in case of zero cohesion.

As the Ruse-Vermeer model incorporates the safety factor in the determination of the earth
pressure coefficients, this has also be done for the other models.
21
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3.3

Experimental results from the literature

3.3.1 Possible combinations horizontal and vertical soil arching
The previous paragraphs have determined that one of the main differences between the limit
equilibrium models is the implementation of horizontal soil arching and/or vertical soil arching. In
paragraph 3.2, the general concept of these arching implementations is discussed. For both horizontal
and vertical soil arching, the determination of the counteracting shear stresses has led to difficulties, as
different authors assume different values for the lateral earth pressure coefficient Ky (Table 2 &Table
3). The lowest values equal the active earth pressure coefficient and the highest values assume a vertical
effective stress equal to the horizontal effective stress. The background of these differences cannot be
investigated due to the demarcation of this research to the four models.
It is possible to conclude that the combination of these two arching components leads to many
different combinations. Therefore, it is beneficial to identify some basic cases to make a structural and
clearer comparison between the models. In this thesis, the possible combinations suggested by Broere
(1998) have been used as the minimum support pressure for these combinations are also calculated
and compared with experimental results. In these combinations only one implementation of the vertical
soil arching component is taken into account. Based on the schematization of straight failure surfaces,
as indicated in Figure 21, it has been assumed that the soil surrounding the wedge has zero lateral
strain; it has therefore been assumed that a neutral earth pressure coefficient is valid. For the horizontal
soil-arching component, implementation of both a neutral and an active earth coefficient has been
considered, as different shapes of the failure mechanism have been assumed, e.g. curved or straight slip
surfaces, leading to 14 possible combinations of horizontal and vertical soil arching (Table 4). Following
Broere (1998), a linear interpolation between the vertical stress, including arching at top of the wedge
σ’v,a (curve 3 displayed in Figure 22) and the vertical stress without arching effects σ’v at the bottom of
the wedge, is not considered likely and the amount of possible combinations has therefore been
reduced to 10 possibilities.
In order to illustrate the effect of these different combinations on the minimum support
pressure, experimental results of centrifuge tests performed by Bezuijen (1997) and Chambon (1994)
have been used. The minimum support pressure was calculated for each centrifuge test set up for the
10 possible combinations of vertical and horizontal soil arching (Table 5). The calculation model used
for this analysis is the wedge model derived by Broere (1998), which, in the case of homogeneous soil,
is quite similar to the Jancsecz-Steiner wedge model. In this analysis, it is not possible to determine
which combination best yields the measured minimum support pressure, as the theoretical background
of this model is not discussed within this thesis.
Table 5 reveals the following effects of the different arching implementations on the minimum support
pressure:
• a,m  bn,m  cn,m: If the dimension of vertical soil arching is increased, e.g. the number of sides
including the counteracting shear stresses increases, this leads to a higher reduction of the
vertical stress acting on the tunnel crown. A decrease in the vertical (effective) stress results
in a decrease of the minimum support pressure.
• a1,m  a2,m: If the stress distribution next to the wedge changes from a linear stress distribution
to a distribution including arching effects, this leads to a lower vertical (effective) stress
distribution next to the wedge. In addition, this reduction in vertical (effective) stress will result
in a lower horizontal soil-arching component. As the horizontal soil-arching component is
reduced, the lower the minimum support pressure is counteracted, leading to a higher
minimum support pressure.
• an,0  an,a: If the horizontal soil-arching component is calculated using an active earth pressure
coefficient instead of a neutral earth pressure coefficient, the counteracting shear stresses
acting on the wedge sides decrease and the minimum support pressure increases. The reason
for this is that the value of the active earth pressure coefficient is lower than a neutral earth
pressure.
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Table 4. Different combinations of vertical and horizontal soil arching (Broere,1998).
Format
Vertical soil
Horizontal soil
Horizontal soil arching: lateral
arching:
arching:
earth pressure coefficient
K0- conditions
σv next to the wedge
a,0
none
linear without arching
neutral
a,a
none
linear without arching
active
b1,0
2D
linear without arching
neutral
b1,a
2D
linear without arching
active
b2,0
2D
including arching effects
neutral
b2,a
2D
including arching effects
active
c1,0
3D
linear without arching
neutral
c1,a
3D
linear without arching
active
c2,0
3D
including arching effects
neutral
c2,a
3D
including arching effects
active
aFormat: an.m
a = arching model (a= none, b=2D, c=3D)
n = stress on wedge sides (1=linear (curve 1- Figure 22), 2 = incl arching (curve 3- Figure 22))
m= Ky value used (0=K0 , a=Ka)
Table 5. Comparison of centrifuge test results with models with different arching implementations
(Broere,1998).
Testb
Test
CS0.5/5
CS0.5/5
CS1/5
CS1/5
CS1/5
CS1/10
CS2/5
CS2/10
CS4/10
CS4/13
BS0.8/10

Meas.
[kPa]
S'
3,6
3,3
3,5
3
3,3

a,0
3,65
4
5,52
6,41
5,79

7,4
4
8
8,2
13,4
6,6

5,13
7,64
7,66
13,2
10,9
1,76

Ratio calculated minimum support pressure with measured a
[kPa]
a,a
b1,0
b1,a
b2,0
b2,a
c1,0
c1,a
c2,0
c2,a
4,45 3,26
4,2 3,76 4,42 2,54
3,7 3,73
4,31
4,88 3,58 4,61 4,12 4,85 2,79 4,06 4,09
4,73
6,85 4,08 5,81 5,14 6,33 1,97 4,19 4,48
5,52
7,95 4,73 6,74 5,97 7,35 2,28 4,87
5,2
6,41
7,18 4,27 6,09 5,39 6,64 2,06 4,39
4,7
5,79
6,35
9,6
9,63
16,8
13,8
3,24

3,77
3,52
3,53
1,81
1,4
1,76

5,4
6,48
6,48
6,91
5,58
2,91

4,78
5,78
5,79
6,82
5,53
2,16

5,89
7,67
7,68
10,1
8,17
2,67

1,83
0
0
0
0
0,98

Best
result
C1,0
C1,0
C1,0
C1,0
C1,0

3,89
2,88
2,88
0,12
0,02
2,41

4,15
4,12
4,12
4,09
3,31
1,96

5,13
5,53
5,54
5,81
4,7
2,41

C1,0
C1,0, C1,a
C1,0, C1,a
b1,0
b1,0
C1,0

BC0.8/10
17
1,3
1,5 1,04 1,29 1,22 1,39 0,67 0,99
BC0.6/10
11 1,69 1,69 1,45 1,51 1,65 1,87 1,07 1,16
a
Format: an.m
a=arching model (a= none, b=2D, c=3D)
n= stress on wedge sides (1=linear, 2=incl arching,3= linear interpolation)
m= K value used (0=K0, a=Ka)

1,09
1,55

1,25
1,75

b1,0
C1,0

b

Format: ATn/m:
A= Author (B=Bezuijen C=Chambon)
T= Type of Test (S=Sand, C=Clay)
n=Overburden-Diameter Ratio
m=Diameter in m.
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Table 6. Implementation of the model combination for the DIN model (2007,2013) and the Jancsecz-

Steiner model (1994).

Model

Vertical soil arching
dimension earth pressure
coefficient
x
x
x
x
3D
Ka

Horizontal soil arching
Stress distribution
earth pressure
next to wedge
coefficient
linear
K < Ka
linear
K =1/2 (Ka+Ko)
linear
K =1/2 (Ka+Ko)

DIN408/4126
JS Wedge model (1994)
JS Wedge model including
vertical soil arching (1994)
JS Ka3D model (1994)
x
x
linear
K =1/2 (Ka+Ko)
JS Ka3D model including
3D
Ka
combination*
K =1/2 (Ka+Ko)
vertical soil arching (1994)
x: Does not take this component into account
*: This method only takes the vertical (effective) stress distribution in front of the tunnel face into

account. Therefore, the assumed pressure distribution next to the wedge is equal to a vertical
effective stress including arching at the top of the failure wedge and from this point increases
following the unit weight of the soil.

3.3.2 Combination of the analysed models
The different arching implementations used in the two limit equilibrium models (DIN & JancseczSteiner) analysed in this thesis are presented in Table 6. These specific combinations have been
translated to the basic cases indicated in Table 4 in order to obtain a clearer and more structured
comparison. The following observations have been made:
• DIN model: This model does not include the effect of vertical soil arching. It can therefore
be concluded that this method falls in the an,m-classes. Due to the neglection of vertical soil
arching, the vertical pressure distribution next to the wedge is linear (a1,m-classes). As the DIN
model uses a different and lower earth pressure coefficient than the active or neutral earth
pressure coefficient, this DIN model is not exactly equal to one of the pre-defined
combinations. The earth pressure coefficient used in the DIN model results in a higher
minimum support pressure than the two other classes (a1,a and a1,0) due to a lower value of
the horizontal soil-arching component. Despite this, the combination is approximately equal to
combination a1,a.
• Jancsecz-Steiner wedge and KA3D-model without vertical soil arching: Both models
neglect the effect of vertical soil arching and therefore fall into the an,m-classes. Due to the
neglection of vertical soil arching, the vertical pressure distribution next to the wedge is linear
(a1,m-classes). The earth pressure coefficient used in order to calculate the shear stresses acting
on the wedge sides is equal to the average of the active and neutral earth pressure coefficient.
This model is therefore equal to the average of model combinations a1,0 and a1,a.
• KA3D-model wedge model with vertical soil arching: This model includes threedimensional vertical soil arching and therefore is a cn.m-class type model. The assumed pressure
distribution next to the wedge is equal to a vertical effective stress including arching at the top
of the failure wedge σ’v.a; from this point, it increases following the unit weight of the soil. It
can therefore be assumed that the pressure distribution next to wedge is equal to the average
of c1.m and c2.m. The earth pressure coefficient used is the average of the active and neutral
earth pressure coefficient, so this model is equal to the average of (c1,a and c1,0) and (c2,a and
c2,0).
• Jancsecz-Steiner wedge model with vertical soil arching: This model includes threedimensional vertical soil arching and therefore is a cn.m-class type model. The model assumes a
linear pressure distribution next to the wedge and therefore falls in the c1.m-classes. The earth
pressure coefficient used is the average of the active and neutral earth pressure coefficient, so
this model is equal to the average of c1,a and c1,0.
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3.4

Case-study analysis

3.4.1 Similarities and differences between the models
Based on the theoretical background analysis, the similarities and differences between the models have
been obtained. The following are the similarities:
• The division of the minimum support pressure into a horizontal effective stress component
and a (equilibrium) pore water pressure component (Equation 2.5).
• The horizontal effective stress acting on the tunnel face in case of a zero cohesion is
determined by multiplying the vertical effective stress with an model coefficient Km.
• In all three models horizontal soil arching is taken into account.
• In the case of a heterogeneous soil profile, the soil profile in front of the TBM is divided into
N soil layers, possibly with variable thickness di, with constant soil properties. At the layer
boundaries, the minimum support pressure is calculated by using the properties of the layer
above the boundary and the layer below this boundary. This leads to sharp transitions in the
minimum support pressure at the layer boundaries.
The following differences have been obtained from the theoretical background analysis:
• Unlike the DIN model, the Jancsecz-Steiner and Ruse-Vermeer models take the effect of
vertical soil arching into account.
• For the two limit equilibrium models, the value for the earth pressure coefficients Ky is different
when calculating the horizontal and vertical soil-arching component. In addition, these values
also differ between the models.
• The Ruse-Vermeer model is only valid for soils with a friction angle higher than 20º.
• The Ruse-Vermeer and DIN models take the effect of cohesion into account.
• The model coefficients in order to determine the horizontal effective stress acting at the tunnel
face are a function of the friction angle only (Ruse-Vermeer/Jancsecz-Steiner model).
• The earth pressure coefficients in order to determine the horizontal effective stress acting at
the tunnel face are a function of both the friction angle and the C/D ratio (DIN-model).
3.4.2 Set-up case studies
In order to determine the effect of these models’ differences on the minimum support pressure, eight
case studies have been set up (Figure 33) and six test series have been performed. These case studies
have been designed in such a way as to investigate the effect of heterogeneous soil conditions in front
of and above the TBM. In addition, a change in the height of the soil cover has also been investigated.
The project-specific soil parameters utilised are presented in Table 7 and in all cases, the groundwater
level is equal to the ground surface. In test series 1, the minimum support pressure has been calculated
using the original models. In the subsequent test series, possible model modifications/extensions to
improve the models have been investigated. In these test series, the model aspect indicated is
modified/extended, while the other model parameters remain equal, based on the original model in
test series 1. In this thesis, the following test series have been investigated:
• First part: original models
o Calculation of the face support pressure for the eight case studies by using soil layers
with friction angles φ >20° (Series 1).
• Second part: extensions/modifications to improve original models22
o Ruse-Vermeer model without vertical soil arching – by taking the weight of the soil
cover into account (Series 2).
o Ruse-Vermeer model for soil layers with friction angles ϕ < 20° (Series 3).
o DIN model, changing the depth parameter of horizontal soil arching (Series 4).
o DIN model, taking vertical soil arching into account (Series 5).
o Reduction of the effectiveness of the support pressure by taking slurry infiltration into
account (Series 6).
22

Only the relevant model is modified, while the remaining models remain the same as the original (test-series
1).
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The main objective of this case study analysis is to obtain more insight into the different model aspects
and their subsequent influence on the minimum support pressure. Some improvements/modifications
have been suggested in order to obtain a smaller range in the minimum support pressure calculations
following a static face stability analysis.
Table 7. Soil parameters used for case studies.

Description
[-]
Clay, silty
Sand, medium
Peat

γsat:H
[kPa]
16.8
20
10.9

c’2%:L
[kPa]
4.5
0
0

φ'H
[°]
23
30.6
15

Figure 33. Case studies used to investigate the differences between the models.

3.4.3 Test series 1
In test series 1, the minimum support pressure is calculated based on the original models. The results
are detailed in Annex 3.1. The results of test series 1 indicate that the minimum support pressure
required is the lowest in the Ruse-Vermeer model and the highest in the DIN/JS models. In order to
determine the influence of the model differences on the minimum support pressure, the following
aspects have been investigated:
1. the effect of a change in the height of the soil cover (homogeneous soil profile), which leads to
a change in the vertical (effective) stress distribution;
2. the effect of a change in the soil profile above the tunnel crown, which leads to a change in the
vertical (effective) stress distribution;
3. the effect of a change in the soil profile in front of the TBM, which leads to a change in the
vertical (effective) stress distribution (below the tunnel crown) and a change in the model
parameters.
1. Increase in soil cover (homogeneous soil profile)
The effect of an increase in the soil cover has been investigated by comparing case A (C/D=1.0) with
case C (C/D=1.5), as illustrated in Figure 34.23 Both cases consist of a homogeneous sand profile and
therefore constant soil properties. It can be seen that the minimum support pressure in the case of
the Ruse-Vermeer model is equal for case A and C, despite the fact that the vertical (effective) stress
acting on the tunnel crown has changed. A change in the height of the soil cover does not affect the
Ruse-Vermeer model, as this model neglects the soil weight of the overburden. An important aspect
to note is that this is only a valid assumption for soils with a friction angle larger than 20° and C/D>1.
The Jancsecz-Steiner model (without vertical soil arching) and the DIN model are affected by a change
in the height of the soil overburden due to a change in the vertical (effective) stress acting on the tunnel
23

Or compare case B (C/D=1.0) with case D (C/D=1.5).
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crown. Figure 34 reveals that an increase in the soil cover leads to a higher minimum support pressure.
In contrast to the Jancsecz-Steiner model, the DIN model is also affected by the ‘wall length’ reduction
component, which lowers the minimum support pressure. This reduction coefficient is a function of
the depth z below the ground surface and therefore increases with an increasing height of the soil
cover. The Jancsecz-Steiner model (including soil arching) is also affected by a change in the height of
the soil overburden, but to a lesser extent than the previous two models. The reason for this is that
in the case of an increase in the soil cover, the full weight does not act on the tunnel crown; rather,
part of the load is transferred to the wedge sides. The vertical effective stress at tunnel crown and in
front of the tunnel face is therefore lower than in the situation without vertical soil arching.
2. Change in the soil profile above the TBM (stratified soil profile)
The effect of a change in the soil type of the cover has been investigated by comparing case E (sand)
with case F (clay), as illustrated in Figure 3524 It can be seen that the Ruse-Vermeer model leads to the
lowest minimum support pressure and the DIN/Jancsecz-Steiner models to the highest minimum
support pressure. This paragraph only discusses the effect of a change in the soil cover and not the
shape of the required minimum support pressure profiles below tunnel crown. As with the previous
comparison, the Ruse-Vermeer model neglects the soil weight of the overburden and therefore
changes in its soil type do not affect it. The DIN/Jancsecz-Steiner model (without vertical soil arching)
are affected by a change in the soil type of the soil cover because this results in a change of the vertical
(effective) stress distribution. In addition, the wall-length reduction component depends on the friction
angle φ and is therefore affected by changes in the soil type of the soil overburden. The JancseczSteiner model (including soil arching) is influenced by a change in the soil type of the overburden, due
to a change in the vertical (effective) stress distribution. As discussed in the previous paragraph, due
to the vertical soil-arching component, the model is influenced to a lesser extent than the JancseczSteiner model without vertical soil arching.
3. Change of soil profile in front of the TBM (stratified soil profile)
The effect of a different soil profile in front of the tunnel face has been investigated by comparing case
E with case G, as indicated in Figure 3525 This change leads to both a different vertical (effective) stress
distribution below the tunnel crown and a change in the model coefficients/parameters for the bottom
and upper layers. In addition, as the total soil weight for the given case does not change when the soil
profile in front of the TBM is turned around, the vertical (effective) stress at the tunnel invert remains
equal. The subsequent paragraphs discuss the behaviour per model in the case of a change in the soil
profile in front of the TBM.
a. Ruse-Vermeer model
Figure 35 reveals that the required minimum support pressure for each soil layer is constant. The
reason for this is that this model assumes a vertical (effective) stress equal to the bottom of each soil
layer to be valid for the complete soil layer. At the layer boundaries, sharp transitions occur. Figure 35
illustrates that the change from case E to case G only has a small impact on the required minimum
support pressure distribution. This is justified by a combination of a change in the vertical (effective)
stress distribution, a change in model coefficients/parameters and a reduction effect due to cohesion
in the clay layer. The upper layer changes from a clay layer to a sand layer, thus increasing the vertical
effective stress at the bottom of the upper layer. The model coefficient is simultaneously reduced due
to the higher friction angle of the sand layer compared to the clay layer (Figure 32). In addition, the
minimum support pressure in the upper layer is no longer reduced due to cohesion. Due to these
factors, the minimum stress required increases in the upper layer. The bottom layer changes from a
sand layer to a clay layer, but the vertical (effective) stress at the tunnel invert remains equal because
the total soil weight has not changed. The model coefficient increases simultaneously due to the lower
friction angle of the clay layer compared to the sand layer (Figure 32). Due to this layer’s large cohesion
component, the minimum support pressure is reduced. These factors result in a slight increase in the
minimum stress required in the bottom layer.
24
25

Alternatively, compare case G (sand) with case H (clay).
Alternatively, comparing case F with case H.
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Figure 34. Test series 1:Comparison of case A and case C in order to determine the effect of a change in
the soil cover.

b. Jancsecz-Steiner model (without vertical soil arching)
Compared to the Ruse-Vermeer model, the Jancsecz-Steiner model does not assume a constant
vertical effective stress for each soil layer. The minimum support pressure required therefore increases
linearly for each layer. In addition, sharp transitions are present at the layer boundaries. Figure 35
illustrates that the change from case E to case G leads to a lower minimum support pressure for the
upper layer and a higher support pressure for the bottom layer. The upper layer changes from a clay
layer to sand layer; this results in a higher unit weight of the upper layer, leading to a higher vertical
effective stress distribution in the upper layer. The model coefficient is simultaneously reduced due to
the higher friction angle of the sand layer compared to the clay layer (Figure 32). In the bottom layer,
the sand layer changes to a clay layer with a lower unit weight. Despite this lower unit weight, the
vertical (effective) stress within this layer is higher, due to the higher weight of the soil profile above.
The model coefficient simultaneously increases due to the lower friction angle of the clay layer
compared to the sand layer (Figure 32). Through the combination of this increase in vertical (effective)
stress and the increase in the model coefficient, the shape of the graph is flipped over.
c. Jancsecz-Steiner model (including vertical soil arching)
The Jancsecz-Steiner model (including vertical soil arching) presents the same behaviour as the
Jancsecz-Steiner model (without vertical soil arching). The change from case E to case G results in no
changes in the height of the soil overburden or the soil type; therefore, the vertical (effective) stress
at the tunnel crown remains equal. This means that the findings discussed in the previous paragraph
are also valid for this case.
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d. DIN-model
In the DIN model, a change from case E to case G leads to a lower minimum support pressure for the
upper layer and a higher minimum support pressure for the bottom layer (Figure 35). The upper layer
changes from a clay layer to a sand layer and therefore the steepness of the vertical (effective) stress
distribution increases. Due to the higher friction angle of the sand layer, the model coefficient for the
upper layer decreases and the ‘wall-length’ reduction coefficient increases. In addition, the cohesion
reduction component is no longer applicable. The combination of these four effects, increased vertical
effective stress, reduced model coefficient, increased wall-length reduction coefficient and a nonapplicable cohesion reduction coefficient, result in a higher minimum support pressure for the upper
soil layer. In the bottom layer, the opposite effect of these aspects occurs and results in a reduction of
the minimum support pressure.

Figure 35. Test series 1: Comparison of case E with case F to display the effect of a change in the soil cover
and comparison of case E and case G to show the effect of a change in the soil profile in front of the TBM.
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3.4.4 Test series 2
Case studies A1-H1 (Annex 3.1) indicate that the Ruse-Vermeer model results, on average, in the
lowest and the DIN/JS model in the highest minimum support pressure distribution. The main reason
for this is that the Ruse-Vermeer model takes vertical soil arching into account by neglecting the
complete soil weight of the overburden.26 The Ruse-Vermeer model should be used with great caution
in stratified soil profiles, because the setup of this model is based on homogeneous soil conditions. It
is therefore possible that, based on the soil profile in front of the TBM, vertical soil arching is applicable,
while this is not the case for the soil profile above the TBM. The behaviour of this model for friction
angles lower than 20º has therefore been investigated. A first step in this research is to investigate the
behaviour of this model without vertical soil arching, e.g. the full weight of the soil overburden is taken
into account. For the given case studies, this can be done in the following two ways:
1. A constant vertical effective stress, by multiplying the unit weight of the soil by the height of
the overburden.
2. An increasing vertical effective stress, by multiplying the effective unit weight of the soil by the
depth starting from ground surface. This method is also applied in the other two models.
The second method has been used in this analysis because it is more suitable in the case of
heterogeneous soil profiles and it complies with the other two models. For this test series, Equation
3.18 has been changed to Equation 3.31.
𝜎′ℎ = 𝑞 𝑁𝑞 + 𝜎′𝑣 𝑁𝛾 − (𝛾

1
𝜑 ′ 𝑐′

) 𝑐 ′ 𝑁𝑐

[Equation 3.31]

In this test series, the minimum support pressure has been calculated for case E-H. The DIN and JS
models have been calculated based on the original models (case E1-H1). In order to demonstrate the
effect of Equation 3.31, the Ruse-Vermeer model has been calculated based on the original model E1
(test series 1) and the modified model E2 (test series 2). All calculations of test series 2 are presented
in Annex 3.2. Figure 36 displays the minimum support pressure distributions calculated for case E. It
can be observed that when the soil weight of the overburden is taken into account, this leads to a
higher minimum support pressure and to a smaller range between the minimum support pressure
distributions. The reason for this is that the vertical effective stress acting on the tunnel crown
increases while the soil profile in front of the TBM remains equal.

Figure 36. Comparison of case E-1 (test series 1) with case E-2 (test series 2), in order to determine the effect
of neglecting the vertical soil-arching component on the minimum support pressure.
26

This assumption is valid for homogeneous soil profiles (with C/D ≥1.0) with a friction angle φ>20 (RuseVermeer, 2002).
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3.4.5 Test series 3
Test series 3 is a continuation of test series 2, conducted in order to investigate the behaviour of the
Ruse-Vermeer model for soils with friction angles lower than 20º, e.g. in which the full weight of the
overburden is taken into account. In the previous test series, the vertical effective stress distribution
has been adapted in order to include the soil weight of the overburden. The next step, which has been
investigated in this test series, is the applicability of Equation 3.18 to soil layers with a friction angle
below 20 degrees. An important aspect to note is that this research contradicts the model assumptions
described in the theoretical background analysis (Paragraph 3.2.5). For this test series, the clay layer
has been changed into a peat layer with a friction angle of 15 degrees with zero cohesion (Table 7)
This analysis has calculated the minimum support pressure for case E-H, including the peat
layer. The DIN and the JS models27 have been calculated based on the original models (case E1-H1)
and the Ruse-Vermeer model has been calculated based on the original model (E3), with the assumption
that Equation 3.20 is also valid for friction angles lower than 20º. All calculation results of this test
series are presented in Annex 3.3. Figure 37 displays the results of the minimum support pressure
calculation for case E, and it can be noted that the Ruse-Vermeer models remains offset with the other
models. The reasons for this offset are, as in the previous test series, the difference in earth pressure
coefficients, the reduction of the cohesion effect and the ‘wall-length’ reduction effect.
Annex 3.3 presents the minimum support pressure distribution for cases F and H. These two
cases consist of a peat cover. Due to the low effective unit weight of peat, this results in very low
horizontal effective stresses at the tunnel crown. At some locations, the minimum support pressure in
order to counteract the effective earth pressure is close to zero. In the DIN model, such a situation is
prevented by applying a lower boundary of the minimum support pressure (Paragraph 3.2.4). From the
above, it is possible to conclude that the Ruse-Vermeer model is not applicable for soils with a friction
angle below 20º. This is also the case for the JS* model that includes vertical soil arching.
3.4.6 Test series 4
The DIN model utilised for the face stability assessment originates from the stability analysis of the
diaphragm walls. The corresponding failure mechanism therefore consists of a failure wedge that
extends from wall toe to ground surface. The DIN model is translated to tunnel face stability by
assuming an active state only at the location of the tunnel; therefore, the actual height of the failure
wedge is equal to the diameter of the tunnel. This height reduction of the failure wedge results in
smaller areas of the wedge sides in order to incorporate the horizontal soil-arching component. Due
to this, the depth z below ground surface in Equations 3.12/3.13 has to be modified in the depth z
below the tunnel crown (z*) (Equation 3.15). Assuming that the width of the wedge is equal to the
diameter of the tunnel, the C/D ratio is equal to zero at the tunnel crown and equal to unity at the
tunnel invert. In this test series, the effect of this modification on the minimum support pressure has
been determined.
For this test series analysis, the minimum support pressure distribution has been calculated for
cases A-D. The JS and RV models have been calculated based on the original model assumptions (cases
A1-D1). The DIN model has been calculated based on both the original model assumptions (A1-D1)
and the modified model based on Equation 3.15 (A4-D4). Annex 3.4 presents the minimum support
pressure distributions for cases A-D. Figure 38 illustrates the pressure distributions for cases A and C,
both of which consist of a homogeneous sand profile. It can be noted that the change of the depth
parameter within the ‘wall-length’ reduction component results in a higher minimum support pressure
distribution over the tunnel face. Comparing case A (C/D=1.0) and case C (C/D=1.5), the increase in
minimum support pressure is higher for case C. The reason for this is that the original DIN model
(Equations 3.12/3.13) utilises the depth below the ground surface and the modified model uses the
depth below the tunnel crown. As the latter is not a function of the height of the soil cover, the
difference in the wall-length reduction component is therefore greater in case C, which consists of a
larger soil cover.

27

This minimum support pressure cannot be calculated for the JS* model that includes vertical soil arching.
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Figure 37. Comparison of case E-1 (test series 1) with case E-3 (test series 3), in order to determine the
effect of a soil layer with a friction angle below 20 degrees on the minimum support pressure.

Figure 38 . The effect of modifying the wall-length reduction is demonstrated by comparing cases CD (original model) with cases C4-D4 (modified model).
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3.4.7 Test series 5
In test series 5, the possibility to include vertical soil arching within the DIN model has been
investigated. The DIN model for tunnel face stability assumes a failure wedge that extends from the
tunnel crown to the tunnel invert, while the soil overburden acts as a surcharge. Vertical soil arching
can consequently be implemented in the DIN model using the same method described in the JancseczSteiner model (KA3D model). This is a valid assumption, as both models are limit equilibrium wedge
models and both assume that the soil cover acts as a surcharge. The incorporation of vertical soil
arching leads to a lower vertical effective stress acting on the tunnel crown compared to the situation
where no vertical soil arching is taken into account. The reduced vertical effective stress for each
separate layer in a layered soil profile has been determined by using the effective stress at the bottom
of the previous layer as the continuity condition for the next layer and by integrating from top to
bottom (Broere, 1998). For a layer i with top z=ti it has been found that:
𝜎 ′(𝑖) 𝑣,𝑎 =

𝑎 𝛾 ′(𝑖) −𝑐 ′(𝑖)
𝐾𝑦

(𝑖) tan 𝜑′(𝑖)

(1 − 𝑒 −𝐾𝑦

(𝑖) tan 𝜑′(𝑖) 𝑧
𝑎

) + 𝜎 ′(𝑖−1) 𝑣,𝑎 (𝑡𝑖 )𝑒 −𝐾𝑦

(𝑖) tan 𝜑′(𝑖) 𝑧
𝑎

[Equation 3.32]

𝑓𝑜𝑟 𝑡 (𝑖) ≤ 𝑧 ≤ 𝑡 (𝑖+1)
As described in Paragraph 3.2.2, there is some disagreement about which value to use for the lateral
earth pressure coefficient. Based on the schematization of straight failure surfaces, as indicated in Figure
21, it has been assumed that the soil surrounding the wedge has zero lateral strain; it has therefore
been assumed that a neutral earth pressure coefficient is valid.
The effect of vertical soil arching on the vertical effective stress acting on the tunnel crown has
been investigated before implementing the vertical soil-arching component to the DIN model. Figure
39 displays the vertical effective stress distribution for both a homogeneous sand profile and clay
profile. For both soil types, vertical soil arching leads to a decrease in the vertical effective stress with
depth below the ground surface compared to the situation without soil arching. The reason for this is
that the vertical effective stress increases with depth, leading to higher shear stresses acting on the
sides of the soil prism28. The higher these shear stresses, the higher the reduction of the vertical
effective stress acting on the tunnel crown.
For test series 5, the minimum support pressure has been calculated for cases A-D. The
Jancsecz-Steiner and Ruse-Vermeer models have been calculated based on the original model
assumptions (cases A1-D1). The DIN model has been calculated based on the original model (A1-D1)
and the modified model, which includes vertical soil arching (A5-D5). For each case, the effect of no
vertical soil arching (A5:(0)-D5(0)), 2D vertical soil arching (A5:(2D)-D5(2D)) and 3D vertical soil
arching (A5:(3D)-D5(3D)) have been investigated.
As the analysis resulted in the fact that the minimum support pressure distribution strongly
depends on the height of the soil cover a more in-depth analysis is required. Four extra cases have
been added to determine the effect for a soil cover of C/D =2 and C/D =2.5: Two cases that consist of
a homogeneous sand profile (cases I and J) and two extra cases that consist of a homogeneous clay
profile (cases K and L). The results of the calculations for this test series are presented in Annex 3.
Figure 40 illustrates the influence of vertical soil arching on the minimum support pressure distribution
for a homogeneous sand profile with increasing height of the soil cover. The following observations
have been made:
• DIN-model without vertical soil arching
The case without vertical soil arching is equal to the original model described in test-series 1.
Therefore, the minimum support pressure distribution for the case without soil arching is not indicated
within each graph. By using Figure 40, the effect of the wall-length reduction component29 on the
minimum support pressure distribution becomes more clear as cases with higher C/D ratios are also
28

As described before, for the development of these shear stress it is assumed that the soil deforms towards the
tunnel face.
29
It should be noted that some doubts remain regarding this endless increasing wall-length reduction with depth
(case study 4).
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displayed. In the upper left corner (C/D=1,0) we see that the DIN-model results in the highest minimum
support pressure. When the C/D ratio increases, the DIN-model will cross the Jancsecz-Steiner model
and eventually be smaller than the Jancsecz-Steiner model (C/D=2,5).
• DIN-model with 2D vertical soil arching
By using Figure 40, it can be seen that the implementation of 2D vertical soil arching leads to a lower
minimum support pressure distribution compared to the situation without vertical soil arching. In case
A (C/D=1,0) the support pressure distribution is approximately equal to the Jancsecz-Steiner model
(without soil arching). With an increasing C/D ratio, the vertical soil-arching component increases and
the minimum support pressure distribution decreases. In case J (C/D=2,5) the DIN-model including 2D
vertical soil arching is situated between the Ruse-Vermeer model and Jancsecz-Steiner model including
vertical soil arching. In contrast to the other models, the Ruse-Vermeer model remains constant for
each case indicated in Figure 40 due to the fact that it neglects the soil weight of the soil overburden.
• DIN-model with 3D vertical soil arching
Likewise 2D vertical soil arching, it can be seen that the implementation of 3D vertical soil arching
leads to a lower minimum support pressure distribution compared to the situation without vertical
soil arching. In the upper left corner (Case A with C/D=1.0), the DIN model lies between the RuseVermeer model and the Jancsecz-Steiner model (including soil arching). With an increasing C/D ratio,
the vertical soil-arching component increases and the support pressure distribution decreases. In case
J (C/D=2,5) the DIN-model including 3D vertical soil arching approximates the Ruse-Vermeer model.

Figure 39. Vertical effective stress distribution, including soil-arching effects in (a) homogeneous sand profile
and (b) homogeneous clay profile.
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Figure 40. Influence of vertical soil arching on the minimum support pressure for a homogeneous sand profile,
for case A (C/D=1.0), case C (C/D=1.5), case I (C/D=2.0) and case J (C/D=2.5).

3.4.8 Test series 6
The determination of the effectiveness of the support medium due to slurry infiltration in a static face
stability assessment is incorporated in the DIN4085/4126 model. This process is described in Paragraph
2.5 and is based on two limit cases, the membrane model (negligible penetration distance) and the
penetration zone model (maximum penetration distance). In this assessment, the governing parameters
are the penetration distance and the distance (amount) of slurry penetration that falls outside the
failure wedge. The amount of slurry penetration that falls outside the failure wedge does not contribute
to the stability of the wedge; consequently, only the limit case concerning the maximum penetration
distance affects the effectiveness of the support medium.
The maximum penetration distance is a function of the excess pressure Δs, yield strength slurry
τF and the characteristic grain size diameter d10 of the soil (Equation 2.13). In the case of a homogeneous
soil profile, the reduction is easily determined, as the slip angle of the failure wedge, d10 value and yield
strength of the slurry are constant parameters. For this reason, the maximum penetration distance is
only a function of the excess pressure distribution over the tunnel face. In the case of stratified soil
profiles, however, these factors are not constant. The following paragraphs describe how to cope with
these factors.
3.4.8.1 Excess pore pressure distribution
The support pressure needs to be higher than the pore water pressure in order to prevent a seepage
flow towards the tunnel face. The TBM assumes a linear increasing pressure distribution within the
excavation chamber (Figure 11). In case of a hydrostatic pore water pressure distribution, the excess
pressure increases with depth due to the difference in unit weight of water pressure and bentonite
slurry. In contrast, for a non-hydrostatic pore water pressure distribution the excess pressure
distribution varies over the tunnel face. In this thesis, only a hydrostatic pore water pressure
distribution has been assumed.
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3.4.8.2 Variation wedge angle θ over tunnel face
The two limit equilibrium models (Jancsecz-Steiner and DIN) assume a wedge-shaped failure
mechanism. The inclination of this failure wedge, also called wedge angle θ with the horizontal, depends
on the friction angle of the soil. As the shape of the wedge is a function of the wedge angle and the
wedge height, the shape of the wedge has been plotted for various friction angles (Figure 41). This
figure displays that the width of the wedge increases for lower values of the wedge angle and vice versa.
In the case of a homogeneous soil profile, the friction angle is constant and therefore the wedge angle
is equal for the complete wedge. In the case of a stratified soil profile, the friction angle varies between
the soil layers and therefore the wedge angle varies.
A method to incorporate a failure plane for a stratified soil profile is to regard each soil layer
as a separate ‘failure wedge’. At the bottom of each soil layer, the failure surface is inclined at a wedge
angle θ that corresponds to the friction angle of the soil layer concerned. This way, a non-straight
failure plane is obtained over the full height of the wedge. It should be noted that the failure surface
obtained only acts as a kind of boundary when determining the effectiveness of the support medium
and does not resemble the assumed shape of the failure wedge. In order for this method to be valid,
the penetration distance for each soil layer must be independent of the soil properties of the other
layers. This aspect is investigated by looking at the combination of the variation of permeability and the
excess pressure distribution over the tunnel face.
3.4.8.3 Variation of permeability (d10 value) over the tunnel face
The maximum penetration depth of the bentonite slurry in a soil layer is determined by the
combination of the ‘permeability’ d10 of the soil, excess pressure distribution and yield strength of the
slurry. In this paragraph, the effect of a variation of the d10 value over the tunnel face in the shape of
the penetration zone/filter cake is investigated. For this analysis, the unit weight of the bentonite
suspension equal to the unit weight of water has been used in order to obtain a constant excess
pressure distribution over the tunnel face. Due to this assumption, this problem can be modelled as
the horizontal flow through a layered soil profile by assuming a three-layered soil profile (Figure 42)
consisting of different hydraulic conductivities (k1, k2 and k3), thicknesses (D1, D2 and D3) and a constant
hydraulic gradient (Equation 3.33), which applies to the flow of each layer. This problem can be
calculated by means of Darcy’s law, with the assumption that no vertical flow occurs. This is a valid
assumption in the case of tunnelling, due to the short time span of a standstill phase between the boring
phases and the higher permeability in the horizontal direction. In addition, during boring the available
time span for the built-up of the filtercake/penetration zone is limited.
The discharge qi per layer has been determined using Equation 3.34 and the total flow through
the cross section is equal to the sum of the different layers (Equation 3.35). The latter equation
indicates that the amount of discharge qi for each layer is independent of the soil properties of the
other layers.
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Figure 41. Wedge width for various wedge angles as a function of the wedge height.
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Figure 42. Horizontal flow through a layered soil profile with a constant hydraulic gradient.
𝑖=

(ℎ1 −ℎ2 )
𝐿

=

∆ℎ
𝐿

[Equation 3.33]

𝑞𝑖 = 𝑘𝑖 𝐷𝑖 𝑖

[Equation 3.34]

𝑞 = ∑𝑛1(𝑘𝑖 𝐷𝑖 )𝑖

[Equation 3.35]

q:
ki:
i:

[m/s]
[m/s]
[-]

discharge per unit area of the aquifer
permeability layer i
hydraulic gradient

3.4.8.4 Linear increasing excess pressure Δs over tunnel face
In the previous paragraph, the discharge qi per layer was determined for a stratified soil profile with a
constant excess pressure distribution. This model has been extended by including a linearly increasing
hydraulic gradient (Figure 43). The unit weight of the support medium has therefore been increased to
10.5 kPa. It should be noted that the support medium has a higher unit weight during boring, but this
analysis is based on the fact that the TBM does not move, which reflects a standstill situation/ring
building phase.
Figure 43 displays two methods for calculating the flow through each layer for a situation with
a linearly increasing excess pressure over the tunnel face. In the first calculation method, each layer is
assumed a separate aquifer with a constant hydraulic gradient. The flow through each layer has been
calculated with Equation 3.34 and the total flow through the soil profile with Equation 3.35. In the
second calculation method, the pressure distribution of the support medium is divided into three zones
in order to obtain a constant hydraulic gradient for the complete layered soil profile. For this second
approach, the flow through each soil layer and the complete soil profile have been calculated for each
zone. Due to the shape of a linearly increasing pressure distribution, zones 2 and 3 do not affect the
complete profile (Figure 43). The same answer has been obtained from the results of both calculation
methods.
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Figure 43. Horizontal flow through a layered soil profile with a linearly increasing hydraulic gradient.
3.4.8.5 Penetration distance and wedge geometry
The cases with a constant and a linearly increasing hydraulic gradient reveal that the flow through each
layer does not depend on the (soil) properties of the other layers. The shape of the penetration
zone/filter cake in a stratified soil profile can consequently be determined in a straightforward manner.
In test series 6, the shape of the maximum penetration zone/filter cake for each case (except C-D) has
been determined using Equation 2.13. The properties of the soil and support medium used in this
analysis are indicated in Table 7. For the yield strength, the minimum required yield strength in terms
of micro-stability (paragraph 2.4) has been used. Due to the use of the lower limit of the yield strength,
the highest maximum penetration distance was reached. When a higher value of the yield strength is
used, the maximum penetration distance is reduced.
For each case and model, by using the results of test series 1, the excess pressure has been
determined by subtracting the hydrostatic pore water pressure from the design value of the minimum
support pressure.30 The calculation results are presented in Annex 3.6. It should be noted that in this
analysis, the minimum required support pressure has not been translated to a linear pressure
distribution in the excavation chamber of the TBM; this way, the relationship between the components
of Equation 2.13 are explained.
Table 8. Properties of the soil and support medium used for this analysis.

Property
yield-strength support medium
d10 value sand layer
d10 value clay-layer

30

3.4 Pa
0.2 mm
4.0 μm

It should be noted that this value is equal to the earth pressure component of the minimum support pressure,
e.g. the horizontal effective stress acting on the tunnel face.
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Figure 44 displays the penetration distance and wedge shapes for cases A, B and E. The shape
of the wedge in the case of a stratified soil profile has been determined by the method described in
Paragraph 3.4.8.2. In this analysis, the behaviour of the Ruse-Vermeer model has not been considered,
as this is a no limit equilibrium model. It can be seen that the Jancsecz-Steiner model (including vertical
soil arching) leads to the lowest penetration distance and the DIN model to the highest penetration
distance. In practice, a support pressure distribution higher than the minimum support pressure is used
and hence a higher excess pressure is present, which results in an even higher penetration distance. As
this topic falls outside the scope of this thesis, this will not be further considered.
Figure 44 displays the difference in penetration distances between the different soil profiles.
For the two homogeneous soil profiles (case A and B), the difference in penetration distance is obvious.
Due to the lower excess support pressure and lower d10 value, an almost negligible penetration
distance, also called filter cake, develops within the clay layer. On the other hand, in the sand layer the
support medium penetrates the soil to a certain distance and, due to the increase in excess pressure
with depth, the penetration distance also increases with depth. In case A it can be observed that near
the tunnel invert the highest penetration distances are obtained in combination with the smallest width
of the failure wedge. It is therefore possible to conclude that the soil profile near the tunnel invert is
the most crucial for determining the effectiveness of the support medium.
In the case of a stratified soil profile, the penetration distance for each soil layer is independent
of the penetration distances reached in the other layers. This finding has been validated by the shape
of the penetration zone for case E. The upper soil layer in front of the TBM consists of a clay layer in
which a filter cake develops, as in case B. The bottom soil layer consists of a sand layer and, as in case
A, a penetration zone develops. The shape of this penetration zone is determined by the excess
pressure at the tunnel invert, so a large penetration distance is reached. In cases G and H, the soil
profile in front of the TBM is switched compared to case E. From this analysis, it is possible to
determine that a penetration zone develops in the upper part and a filter cake in the lower part. As
the penetrated zone does not fall outside the failure wedge zone, this does not affect the effectiveness
of the support medium. These findings indicate that the presence of a highly permeable layer near the
tunnel invert has a high influence on the effectiveness of the support medium.
The reduction in effectiveness of the support medium for the three cases indicated in Figure
44 is determined by the ratio of the penetrated area within the wedge with the total penetrated zone
(Equation 2.16). The results are displayed in Table 9 which reveals that in cases A and E almost the
same effectivity is obtained despite the smaller size of the penetration zone in case E. This is because
in case A the penetration zone for the upper layer falls inside the failure wedge. It can therefore be
concluded that the effectivity of the support medium only depends on the amount of support medium
that falls outside the failure wedge. The only two parameters that can be controlled in order to reduce
the penetration distance are the excess pressure and the yield strength of the slurry. The effect of the
yield strength of the support medium on the penetration distance is discussed in the next chapter,
which describes the time-dependent infiltration process. A more precise analysis has been obtained by
including a time component within this analysis, as the exact penetration distances can be obtained
instead of using the two limit cases.
In contrast, during boring the effectivity of the support medium is not an important aspect to
consider due to the short time span between subsequent passes of the cutting tools, despite the fact
that the unit weight of the support medium is higher (12 kN/m3), which leads to a higher excess
pressure.
Table 9. Effectivity of the support pressure for cases A, B and E.

Case [-]
Case A
Case B
Case E

Effectivity support medium
DIN 4126/4085
Jancsecz-Steiner
83%
79%
DIN 4126/4085
Jancsecz-Steiner
100%
100%
DIN 4126/4085
Jancsecz-Steiner
74%
75%
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Figure 44. Penetration distance for (a) a homogeneous sand profile (case A), (b) a homogeneous clay profile
(case B), and (c) a heterogeneous soil profile (case E).
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3.5

(Practical) project analysis

The previous paragraphs describe a thorough background analysis used to determine the differences
between the three static models. By using eight case studies, the effect of these differences on the
minimum support pressure has been investigated. In addition, some modifications/extensions to the
model have been suggested, and the effect of these on the support pressure have been determined. In
this paragraph, a more (practical) project analysis is performed, based on the case-study project: The
Rijnlandroute. In this analysis, the project design has been evaluated and typical (external) project
aspects/objectives that may influence the (static) face stability assessment have been determined. As
with the theoretical analysis, the background for each relevant aspect/objective has been reviewed first,
and then how these items could be incorporated to the (static) face stability assessment has been
investigated. When this is possible, a normative cross-section has been evaluated.
3.5.1 Project design: Eastern entrance zone
This thesis focusses on the Eastern entrance zone (chainage 3900-4300). The tunnel alignment
presented in Annex 1 reveals that the bored tunnel trace lies mainly within the sand layers (4D, 4E and
6), with an overburden of alternating soft layers. The tunnel alignment is situated within the soft layers
near the starting shaft. When a more detailed ground investigation was conducted and additional CPTs
and boreholes were analysed, it resulted that a large 4C clay layer was present in the tunnel trace
(approximately, chainage 4000-4100). From the design phase it resulted, that zone 4080-424031
requires additional surcharge in order to counteract for both buoyancy and the minimum support
pressure. In addition, zone 4160-4240 requires soil improvement in order to construct these
embankments.
The project design at the Eastern entrance zone has been highly influenced by two contract
requirements, which are:
1. The Rijnlandroute should maintain the functionality of the waterways it crosses (Rhine-Schie
canal).
2. Shipping on the Rhine-Schie canal should not be hindered by construction activities on the
Rijnlandroute.
The forgoing leads to two ‘problems’ that need to be investigated in more detail. The first problem
arises due to the contract requirements, which state that no additional ballast that could influence
shipping activities is allowed in the canal. This zone therefore requires the lowest possible additional
surcharge. The second problem is that the placement of an additional surcharge can induce
consolidation in the soil layers above or in front of the tunnel face. These two problems are highly
related. For the same soil conditions, a decrease in the minimum support pressure results in a decrease
of the required additional surcharge and, consequently, the (one dimensional vertical) consolidation
process leads to a smaller value of the excess pore pressures within the consolidating layer32. In the
case of a partially complete consolidation process, during passing of the TBM, within the consolidating
layer above or in front of the TBM, the non-dissipated excess pore pressures result in an additional
pressure on the tunnel face, which has to be counteracted. Due to this remaining excess pore pressure,
the minimum support pressure required increases. Hence, the increase in minimum support is
counteracted by an increase in the amount of additional surcharge. Given these points, it is necessary
to incorporate a (simple) consolidation analysis to the face stability assessment.
3.5.2 Minimum support pressure: Canal zone
In order to meet the project objectives a low as possible minimum support pressure is required within
the canal zone. The theoretical background analysis has revealed that, in most cases, the Ruse-Vermeer
model leads to the lowest minimum support pressure. Despite this, the model assumptions prevent
the use of this method. The remaining part of this analysis consequently focusses on the two limit
equilibrium models, the DIN4085/4126 model and the Jancsecz-Steiner (KA3D) model.

31
32

Due to confidentiality issues, the actual amount of additional surcharge within the canal zone is not discussed.
The required additional surcharge in order to counteract the buoyancy of the tunnel is disregarded.
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In contrast to the Jancsecz-Steiner model, some improvements/modifications of the DIN model have
been suggested in the theoretical background analysis, namely:
• modification of the horizontal soil-arching component;
• inclusion of the vertical soil-arching component.
The following paragraphs explores the combined implementation of these two components on the
minimum support pressure. The implementation of these two components has been investigated for
the part without the additional surcharge (chainage 3900-4100) so that the effect of the consolidation
process can be neglected. Each implementation has been compared with the minimum support
pressure according to the Jancsecz-Steiner models.
3.5.2.1 Modification: Horizontal soil-arching component
Based on the results of the theoretical background analysis and test series 4, the modification of the
horizontal soil-arching component in the DIN model is recommended. The depth z below the ground
surface is translated to the depth z below the tunnel crown. The reason for this change is that
horizontal soil arching only occurs at the tunnel face; consequently, the spatial state of the stress has
only been incorporated in this location. For the Eastern entrance zone (chainage 3900- 4100), the
minimum required support pressure has been calculated for the following situations:
- DIN model
o depth z below ground surface
o depth z* below tunnel crown
- Jancsecz-Steiner KA3D model without soil arching (JS-model)
- Jancsecz-Steiner KA3D model including soil arching (JS*-model)
Figure 45 displays the minimum support pressure required at the tunnel axis for the Eastern entrance
zone. It should be noted that a higher minimum support pressure is required in the case of the DIN
model with the modified horizontal soil-arching component, as the wall-length reduction component
decreases along with the horizontal soil-arching component. In addition, this difference increases with
increasing soil cover. Figure 45 also displays the required minimum support pressure obtained by the
Jancsecz-Steiner models. Likewise, in the case-study analysis, the original DIN model and the JancseczSteiner model without vertical soil arching result in almost identical support pressure, as both these
limit equilibrium models disregard the effect of vertical soil arching. If the Jancsecz-Steiner model
includes vertical soil arching (JS*-model), then the minimum support pressure drops and an offset is
present.
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DIN model HSA modified
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Figure 45. Minimum support pressure required at the tunnel axis for the eastern entrance zone. The JancseczSteiner model indicated by a * take the modified horizontal soil arching approach (depth z below tunnel
crown) into account.
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3.5.2.2 Modification: Vertical soil-arching component
In the original DIN model, vertical soil arching has not been taken into account, so the full weight of
the overburden acts as a surcharge. The theoretical background analysis and test series 5 have revealed
that when vertical soil arching is considered, this leads to a reduction in the support pressure. In this
analysis, the minimum support pressure at the tunnel axis has been calculated for both 2D and 3D soil
arching.33 The results are displayed in Figure 46. This figure illustrates that the reduction effect is the
strongest in the case of 3D soil arching, as in this case friction along all the sides of the soil overburden
has been taken into account. Other important aspects that can be obtained from Figure 46 are that,
for the given soil profile within the Eastern entrance, the original DIN model that includes 3D vertical
soil arching approaches the Jancsecz-Steiner model that includes vertical soil arching. One of the
reasons for this is that the incorporation of vertical soil arching to the DIN model is based on the same
method as that used for the Jancsecz-Steiner model. Both models take vertical soil arching into account
through a reduction of the vertical effective stress acting on the tunnel crown. Therefore, the vertical
effective stress from tunnel crown to tunnel invert decreases.
3.5.2.3 Combining horizontal and vertical soil-arching component
The previous two paragraphs and Figure 45-46 indicate that the modification of the horizontal soilarching component results in a higher minimum support pressure, and the inclusion of the vertical soilarching component leads to a lower minimum support pressure. In order to find the combined
behaviour of these two model components, the minimum support pressure has been calculated
including both components; the results are illustrated in Figure 47. This figure reveals that the offset
between the DIN model including 2D/3D vertical soil arching34 and the original DIN model has been
reduced. The DIN model that includes 2D vertical soil arching is equal to the original DIN model, and
around chainage 3900-4000 it becomes even higher than the original DIN model. The reason for this
is that in the original DIN model, the horizontal arching effect in terms of wall length reduction is highly
influenced by the thickness of the soil cover. For chainage 3900-4000, the soil overburden is so high
that the original model results in a lower minimum support pressure than the model that includes both
2D vertical soil arching and a modification of the horizontal soil-arching component. The offset between
the original DIN model and both Jancsecz-Steiner models remains constant, as those two models have
not been changed. In summary, the reduction of vertical soil arching within the DIN model is lowered
by including the modification of the horizontal soil-arching component.
3.5.3 Consolidation analysis of the additional surcharge
As described before, it is necessary to incorporate a (simple) consolidation analysis to the face stability
assessment. In order to do so, first the background of the consolidation analysis has been investigated
and thereafter a method is proposed for the implementation of this analysis within a face stability
assessment. In the Rijnlandroute project, the additional surcharge has been be placed at chainage 40804240, and a cross-section has been made each 10/20 metres. Due to a lack of information about the
soil improvement, only the zone without soil improvement has been analysed further (chainage 40804160). For each cross-section the following properties are determined:
• drainage paths;
• consolidation time;
• degree of consolidation.
In these calculations, it has been assumed that the additional surcharge had been placed two years prior
to tunnel boring35. The calculations of the relevant cross-section36 are presented in Annex 4, while a
summary of the results is detailed in Table 10. The background of these calculations are discussed in
detail for the normative cross-section.
33

In this analysis, the horizontal soil arching component is based on the original DIN model. This means that for
the wall length reduction, a depth z below the ground surface has been taken into account.
34
This model incorporates both vertical soil arching and the modification of the horizontal soil arching
component.
35
This assumption is made based on the available project information.
36
The relevant cross-sections are those in which consolidation occurs.
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Figure 46. Minimum support pressure required at the tunnel axis for the eastern entrance zone. The DIN
models indicated by a * take 2D/3D vertical soil arching into account in combination with the original
horizontal soil arching approach (depth z below the ground surface).
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Figure 47. Minimum support pressure required at the tunnel axis for the eastern entrance zone. The DIN
models indicated by a * take 2D/3D vertical soil arching into account in combination with the modified
horizontal soil arching approach (depth z below tunnel crown).
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3.5.3.1 One-dimensional vertical consolidation analysis
Both limit equilibrium models use the full weight of the additional surcharge as an increase in the total
vertical stress, which is thereafter converted to a horizontal (effective) stress at the tunnel face by
using the model’s parameters. The placement of the additional surcharge qo on the (soft) subsoil leads
to a total stress increment of Δqo. Due to the width of the embankment compared to the width of the
tunnel face, this problem can be approximated by a 1D vertical consolidation analysis with zero lateral
strain. In a first instance, this stress is fully carried by the excess pore water pressure ue. By draining
some of the pore water, the process continues until the excess pore water pressure set up by an
increase in the total stress has completely dissipated (Figure 48). Simultaneously, the vertical effective
stress increases from its initial value σ’vi to σ’v1 (=σ’vi + Δqo). At each moment during the consolidation
process, the sum of the vertical effective stress increase and the remaining excess pore water pressure
is equal to the change in the total stress Δqo.
In addition to the vertical stress change component due to consolidation, also the horizontal
stress change component due to consolidation is relevant. The excess pore water pressure is uniform
and therefore the lateral excess pore water pressure is equal to the vertical excess pore water
pressure. This means that the lateral excess pore water pressure dissipates with time equal to the
distribution ue as displayed in Figure 48. In contrast, the increase in horizontal effective stress is not
equal to the increase in vertical effective stress. The reason for this is that the horizontal effective
stress is obtained by a multiplication of the vertical effective stress with a lateral earth pressure
coefficient, which can either be equal to the active, neutral or passive earth pressure coefficient.
In case of tunnel face stability, the horizontal effective stress acting at the tunnel crown is
derived in the same manner as in the soil. Both Jancsecz-Steiner models, determine the horizontal
effective stress by a multiplication of the vertical effective stress with a coefficient KA3D. The value of
this coefficient is a function of the friction angle and is approximately equal to the active earth pressure
coefficient (Figure 32). In case of the DIN-model, the horizontal effective stress is determined by an
active earth pressure coefficient and reduced by the effect of cohesion. In addition, in case of a three
dimensional analysis, the minimum support pressure is reduced by introducing shape coefficients.

Figure 48. Consolidation analysis of a soil element under an increase in total vertical stress Δσ=Δqo.
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3.5.3.2 Normative cross-section
From the calculation results in Annex 4 and the summary in Table 10, a normative cross-section has
been chosen, for which a more-in depth study have been performed. From the analysis, it is possible
to conclude that chainage 4080 and 4100 are both normative. At these two locations, a large, not-fullyconsolidated clay layer (4C) is present during boring in front of the TBM. This layer leads to an
additional lateral stress, acting on the tunnel face, which has to be counteracted by the support
pressure. In addition, a soft low-permeable layer with a long consolidation time is also present above
the TBM. The consolidation process within this layer affects the vertical effective stress distribution
with time in the soil overburden and therefore also the vertical soil arching calculation.
As in chainage 4080 the soil layers in the overburden can be analysed separately, this crosssection has been used as the normative cross-section. In cross-section 4080 (Figure 49), the peat layer
(3) is completely situated in the soil overburden and the clay layer (4C) is situated both in the soil
overburden and the soil profile in front of tunnel face; consequently, the placement of an additional
surcharge leads to two different ‘mechanisms’ that need to be investigated. The first mechanism
corresponds to the maximum support limit (paragraph 2.2) and the second mechanism corresponds
to the minimum support pressure limit. The way in order to incorporate a consolidation analysis within
the calculation of the two limits is described in the next paragraphs.
Table 10. Summary of the calculation results of the consolidation analysis detailed in Annex 4.
Chainage
4080

4100

4120
4140
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Results consolidation analyse
Soil profile: The soil cover consists of a thick peat layer (3) and a clay layer (4C). The latter is
situated above and below the tunnel crown.
Consolidation time: The two soil layers have a long drainage path that, in combination with a
low consolidation coefficient, leads to a large consolidation time.
Degree of consolidation: The degree of consolidation at the (closed) boundary of the peat
layer equals 1% and 5% for the closed boundary of the clay layer.
Face stability problems: At the time of boring, the degree of consolidation for the 4C clay
layer is low, which leads to an additional lateral stress (excess pore pressure) that has to be
counteracted.
Maximum support pressure: The increase in vertical effective stress is almost nil;
therefore, the maximum support pressure needs to be calculated with the initial vertical
effective stress.
Soil profile: The soil cover consists of a clay layer (2A), a peat layer (3) and a clay layer (4C).
The latter is situated above and below the tunnel crown.
Consolidation time: The soil layers have a long drainage path that, combined with a low
equivalent consolidation coefficient, leads to a large consolidation time.
Degree of consolidation: The degree of consolidation at the middle of the three soil layers
equals 6%.
Face stability problems: At the time of boring, the degree of consolidation for the 4C clay
layer is low, which leads to an additional lateral stress (excess pore pressure) that has to be
counteracted.
Maximum support pressure: The maximum support pressure for the soil layers above the
tunnel crown is calculated by taking the increase in vertical effective stress into account.
Soil profile: The soil cover consists of a clay layer (2A), a peat layer (3), a clay layer (4C), and
a peat layer (3) is located at the tunnel face.
Consolidation time: The soil layers have a long drainage path that, in combination with a low
equivalent consolidation coefficient, leads to a large consolidation time (>2 years).
Degree of consolidation: The degree of consolidation at the middle of the three soil layers
together equals 30%. The degree of consolidation for the peat layer located at the tunnel face
equals 50%.
Face stability problems: The peat layer (3) is not fully consolidated, which leads to an
additional lateral stress (excess pore pressure) during boring.
Maximum support pressure: The maximum support pressure for the soil layers above the
tunnel crown is calculated by taking the increase in vertical effective stress into account.

Figure 49. The normative cross-section at chainage 4080. The two mechanism which needs to be reviewed
are indicated. For simplicity these mechanism are indicated within a homogeneous soil profile.

3.5.3.3 Consolidation process: Both layers
Both the 4C clay layer and the 3 peat layer in the normative cross-section are half-closed: In the top
peat layer, the excess pore pressures can only dissipates to the top, and in the bottom clay layer, the
excess pore pressures can only dissipates to the bottom of the layer (Figure 50a). From the calculations
in Annex 4, it resulted that the consolidation time for the peat layer equals 7494 days and the
consolidation time for the second layer equals 14779 days. In order to visualise the consolidation
process, the degree of consolidation for a time step of 1500 days is calculated. In addition, the increase
in vertical effective stress and decrease in excess pore pressure are calculated for each time step.
The distribution of the excess pore pressures within a soil layer as a function of time is
represented by isochrones as displayed in Figure 50b. Because of the set-up of this graph, the
distribution of the excess pore pressures within a soil layer for different drainage boundaries can be
determined. In case of a soil-layer with two drainage boundaries, the drainage path is equal to half of
the soil layer. The shape of the isochrones show that the degree of excess pore pressure dissipation
at the upper part of the soil layer is equal to the bottom part of the soil layer. In case of a half closed
soil layer, the excess pore pressures dissipates in only one direction. Therefore, the degree of excess
pore pressure dissipation at a point as a function of time and depth for a half closed layer can be
determined by the upper half or the bottom half of the graph.
For both soil layers, the increase in vertical effective stress and decrease in excess pore
pressure with time at the boundary between the two layers is calculated (Figure 50a&b). The reason
for this is that for both layers, this location has the longest drainage path and thus the consolidation
process take the longest time. Figure 51 indicates the increase in vertical effective stress and decrease
in excess pore pressure at the boundary of the two soil layers. It can be observed that at the layer
boundary for a given time, neither the increase in vertical effective stress nor the decrease in excess
pore pressure of the peat and clay-layer are equal. The reason for this behaviour is that the analysis
assumes that these layers are not ‘coupled’, so a separate analysis is performed for each layer. This
means that it is assumed that the boundary between the two layers is impermeable, and so no flow
occurs over this boundary.
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From the soil parameters it can be obtained that the peat layer has a vertical permeability of
4∙10-9 m/s and the clay layer has a vertical permeability of 5∙10-9 m/s. Despite the low values of the
vertical permeability, the soil layers are not impermeable and so drainage will occur at the boundary
of these two layers. The combined behaviour is modelled by using an equivalent consolidation
coefficient for the two layers together. The combined soil profile is free to drain on both sides and
therefore the drainage length changes to an equivalent drainage length Heq (Figure 50a). The increase
in vertical effective stress and decrease in excess pore pressures are calculated at the exact same
location and the results has been added to Figure 51. As this location is not located in the middle of
the soil profile, the ratio zdr/Hdr is not equal to unity, but a zdr/Hdr ratio = 3,4/7,35=0,46 applies. This
figure illustrates that the curves obtained lie exactly between the curves of the separate analysis.

Figure 50. The consolidation process for the soft soil layers. In (a) both a coupled as uncoupled consolidation
process for both soil layers is indicated and (b) the universal graph with isochrones is used to determine the
degree of excess pore pressure dissipation at a point as a function of time and depth (Kitch,2015).
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Consolidation process with an increase in total stress Δq=6 kPA
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Figure 51. Consolidation process for the peat layer, the clay layer, and the two layers combined,
due to the placement of an additional surcharge Δqo.
3.5.3.4 Consolidation process: Soil layer located in soil overburden
A soil layer located in the soil overburden contributes to the maximum and minimum pressure limits
of the support medium (Figure 49). The placement of an additional surcharge increases both the total
stress as the effective stress distribution within the soil cover. The effect of the consolidation process
for both support pressure limits is described in the following two paragraphs.
3.5.3.4.1 Influence consolidation process on the maximum support pressure limit
The maximum support pressure limit is a function of the weight of the soil cover that is present above
tunnel crown. As described in paragraph 2.2, the maximum support pressure limit is based on a blowout mechanism and this is schematised as the upward deformation of a soil column with height C. Due
to the upward movement, shear stresses are generated at the sides of the soil column (Figure 49). The
upper limit is calculated as the sum of the self-weight of the soil column (total stress) and the friction
forces (effective stress). This means that the placement of an additional surcharges affects both
components. In contrast to the total stress change, the increase in vertical effective stress is a function
of time and thus the friction forces acting at the sides of the soil column increases with time.
In paragraph 2,2, an equation have been set-up for the maximum support pressure for both
homogeneous and stratified soil profiles, including consolidation effects. As the total vertical stress
remains constant during the consolidation process, this means that only for the friction forces a timecomponent has been integrated within the equation. For the calculation of the maximum support
pressure at the time of boring pmax:r(tboring) the increase in vertical effective stress is required. As the
time span between the placement of the additional surcharge and the passing of the TBM is known, the
exact increase in vertical effective stress can be determined by a consolidation analysis. The
consolidation process for a soil layer located in the overburden can be simplified by using the average
degree of consolidation. This is a valid assumption, as instead of the exact vertical effective stress
distribution over the height of the soil layer as a function of time, the cumulative gain in effective
stresses with time is required. Instead of using the isochrones from Figure 50, the average degree of
consolidation Uaverage has been calculated utilising Equation 3.36. Figure 52 displays the average increase
in the vertical effective stress and the average decrease in the excess pore pressure with time for the
complete peat layer. For this consolidating soil layer located in the soil overburden, only the change in
vertical effective stress with time is important. The decrease in excess pore pressures can be neglected
unless the dissipation of these excess pressures is confined. As this is not the case for the Eastern
entrance zone, the lateral stresses have been neglected.
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3.5.3.4.2 Influence consolidation process on the minimum support pressure limit
The minimum support pressure limit is determined by using the vertical effective stress distribution in
front of the tunnel face. This stress distribution is a function of the soil profile above the tunnel face.
The placement of an additional surcharge leads to a total vertical stress increment over the complete
soil profile, and depending on the soil properties of each layer, the increase in vertical effective stress
is whether of or not instantaneously. The vertical (effective) stress distribution in front of the tunnel
face is not affected by a consolidating layer above tunnel crown, in which the vertical effective stress
increases with time.
In contrast, the incorporation of vertical soil arching within the soil overburden results in a reduction
of the vertical (effective) stress acting on the tunnel crown and, subsequently, on the vertical (effective)
stress distribution in front of the tunnel face (Figure 49). The reduced value of the vertical effective
stress including arching at tunnel crown is calculated with Equation 3.1 (homogeneous soil) or Equation
3.31 (stratified soil). Despite the fact that the additional surcharge qo and increase in vertical effective
stress with time are known, these parameters cannot be implemented simply within the formulas, as
these equations are based on drained conditions and thus the placement of an additional surcharge qo
on the surface leads to an instantaneous increase of the vertical effective stress within the soil layer.
There is currently no method to determine the amount of vertical soil arching in a consolidating soil
layer; however, this paragraph details a method that makes this possible. In order to determine a
possible method for incorporating vertical soil arching, it has been assumed that the peat layer analysed
resembles the complete soil overburden, e.g. a homogeneous soil overburden. For this soil layer, the
increase in vertical effective stress with time, due to the placement of an additional surcharge of 6 kPa
is indicated in Figure 52. Instead of setting the additional surcharge as equal to the 6 kPa, the additional
surcharge has been increased by time till a value of 6 kPa. The increase in additional surcharge at each
time step is equal to the increase in the vertical effective stress with time in the consolidating soil layer.
In this way, the value of the partial additional surcharge leads to an instantaneous increase of the vertical
effective stress within the soil layer equal to the increase in vertical effective stress resulting from the
consolidation process. It should be noted that this method is only applicable because the complete
layer lies within the soil overburden, like the peat layer, and is not part of the tunnel face, like the clay
layer. The reason for this is that, in the latter case, the average consolidation cannot be used and a
detailed consolidation analysis is required.
To ‘validate’ this method, the vertical effective stress acting on the bottom of the peat layer
for the normative cross-section 4080 has been determined for the situation without vertical soilarching, with 2D soil arching and with 3D soil-arching. In addition, these three situations have also been
calculated for a case without consolidation e.g. the situation including the additional surcharge reflects
the initial situation. The results of these six calculations are indicated in Figure 53.
This figure reveals that the curves of the three cases including the consolidation process have
the same shape but are located at a different offset. The reason for this is that the same increase in the
additional surcharge q has been used as an input for all three situations. By comparing the case including
consolidation (increasing qo) with the case without consolidation (constant qo), it can be seen that the
case including consolidation approaches the latter situation at the end of the consolidation process.
This is logical, as near the end of the consolidation process the additional surcharge is fully transferred
to the effective stresses and all excess pore pressures have been dissipated.
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From Figure 53 it can be seen that the vertical effective stress acting at the bottom of the peat
layer increases with time. In case of a conservative approach, equations 3.1 and 3.31 can be used by
taking the full load of the additional surcharge into account. This is a valid assumption as an increase in
the vertical effective stress acting at tunnel crown leads to a higher vertical effective stress distribution
in front of the tunnel face. For the same soil profile, a higher vertical effective stress distribution leads
to a higher value of the horizontal effective stress acting at tunnel face. For situations where a less
conservative approach is required, a similar analysis as described above is valid.
Consolidation process of the peat layer with time
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Figure 52. Average consolidation process with time for the peat layer located in the soil overburden.
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Figure 53. Vertical effective stress increase (including soil arching) at the bottom of the peat layer due to the
placement of the additional surcharge.
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3.5.3.5 Consolidation process: Soil layer located at the tunnel face
The soil profile located in front of the tunnel face contributes to the minimum support pressure limit.
The placement of an additional surcharge increases the vertical (effective) stress, and thus the minimum
support pressure (Figure 49). In the case of a consolidating layer situated in front of the TBM, the
vertical effective stress increases and the excess pore water pressures reduces with time.
In contrast to a soil layer located at the soil overburden, the incorporation of the consolidation
process for a soil layer located at tunnel face is different. In this situation, both the change in the vertical
effective stress over the height of the soil layer and the dissipation of the excess pore pressures over
the height of the soil layer with time are important. Therefore, in this case, the average degree of
consolidation is not applicable, and thus the degree of consolidation needs to be determined. The
degree of consolidation Uaverage at a point in the soil layer as a function of depth and time is calculated
using isochrone curves (Figure 50).
The soil profile in front of tunnel face consists of a 4C clay layer, a 4D sand layer and a 6A sand
layer (Annex 4.1). The placement of an additional surcharge at the surface leads to an increase in the
total vertical stress. For the 4D and 6A sand layer, this increase in total vertical stress is instantaneously
transferred to the vertical effective stress. This is not the case for the 4C clay layer, as the increase in
total stress is first carried by the pore water pressure (excess pore water pressure). This means that
the change in the vertical effective stress and excess pore pressure for each soil layer differ between
the layers within the soil profile in front of the TBM. This means that the set-up of the method to
incorporate the consolidation process has to be designed in such a way that the change in both
components per layer can differ.
The calculation method for the minimum support pressure in case of a stratified soil profile is
used as a starting point (paragraph 3.2-3.4 and Annex 3.1). The minimum support pressure for a
stratified soil profile is determined by dividing the failure mechanism into N horizontal layers, with a
possible variable thickness di and constant soil properties. In this approach, the shearing stresses
between the layers have been disregarded so that the entire soil profile above each soil layer can be
considered as a surcharge.
For the calculation, the consolidation process over the height of the soil layer is important to
determine. As described, the top boundary of the 4C clay layer is closed and the bottom boundary can
be seen as a drainage layer. Due to the fact that the clay layer is partly situated in front of the TBM,
instead of the top boundary, the location at the tunnel crown has been considered. These three
locations can be translated to the isochrones (Figure 54) and it can be observed that at the bottom
boundary of the clay layer, no excess pore pressure develops because at this location, the layer is able
to drain. In addition, at the top closed-boundary of this clay layer the highest excess pore pressure
develops, due to the longest drainage path at this location. Using these isochrones, the increase in the
vertical effective stress and the decrease in the excess pore water pressure with time at the tunnel
crown and bottom layer boundary have been calculated. The results are illustrated in Figure 55 and
this figure confirms the observations of the isochrone analysis.
The change in the vertical effective stress and excess pore water pressure due to consolidation
with time are taken into account by extending the minimum support pressure calculation for a stratified
soil profile with two time-dependent components called σ’consolidation(σ’con) and uconsolidation(ucon). Using these
additional two components, it is easy to differentiate between the increase in the vertical effective
stress and decrease in excess pore water pressure for each soil layer. The minimum support pressure
before the placement of the additional surcharge reflects the initial minimum support pressure. After
the placement of the additional surcharge per soil layer, the change in both the vertical effective stress
σ’con and the excess pore pressure ucon have been taken into account by the additional components for
each time step. In addition, in the case of a soil layer, where the placement of the additional surcharge
leads to an instantaneously transfer to the vertical effective stress, these additional components have
been set, as a constant, to σ’con = Δqo and ucon = 0.
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Figure 54. The locations at the isochrones (zdr/Hdr ratio) which are used to calculate the increase in vertical
effective stress and decrease in excess pore pressure with time for the clay layer located in front of the tunnel
face.
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Figure 55. Consolidation process of the 4C clay layer at the location of the tunnel crown and the 4C bottom
layer.
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With the analysis described above, the consolidation process can be integrated within a
minimum support pressure calculation. Due to the difference in model parameters, the incorporation
of this process differs between the Jancsecz-Steiner models (Equation 3.37a) and the DIN-model
(Equation 3.37b). For both models, the input values for the additional components σ’con and ucon have
been obtained through a separate analysis, based on the isochrones and the degree of consolidation
Uaverage.
The minimum support pressure for the normative cross-section 4080 has been calculated using
Equation 3.37 for a time step Δt of 1,500 days. In both sand layers (4D and 6A), the increase in total
stress is instantaneously transferred to the vertical effective stress, therefore these additional
components have been set, as a constant, to σ’con = Δqo and ucon = 0. For the 4C clay layer, the
consolidation process has to be taken into account, which means that at these locations the minimum
support pressure is a function of both the vertical effective stress and the excess pore pressure with
time.
The minimum support pressure with time has been calculated at both the tunnel crown and
the bottom boundary of the 4C clay layer. As described, this bottom boundary is a drainage layer;
therefore, no excess pore pressures are generated at this location, as indicated in Figure 55. This means
that the change in the minimum support pressure by including consolidation is clarified by plotting the
minimum support pressure at the tunnel crown as a function of time (Figure 56).
𝑝𝑚𝑖𝑛:𝑑 (𝑡𝑖 ) = 𝛾ℎ ((𝜎 ′ 𝑣 + 𝜎 ′ 𝑐𝑜𝑛 (𝑡𝑖 )) 𝐾𝐴3𝐷 ) + 𝛾𝑢1 (𝑢1 + 𝑢𝑐𝑜𝑛 (𝑡𝑖 ))
(𝜎 ′ 𝑣 +𝜎′ 𝑐𝑜𝑛 (𝑡𝑖 )) 𝐾𝐴 𝐷 𝑟

𝑝𝑚𝑖𝑛:𝑑 (𝑡𝑖 ) = [𝛾ℎ (
σ’con(ti):
ucon(ti):

𝐷

) − 𝑐𝐾𝑎𝑐 ] + 𝛾𝑢1 (𝑢1 + 𝑢𝑐𝑜𝑛 (𝑡𝑖 ))

[Equation 3.37a]
[Equation 3.37b]

vertical effective stress increase with time ti after start of the [kN/m3]
consolidation process (placement of the additional surcharge)
decrease in excess pore pressure with time ti after start of the [kN/m3]
consolidation process (placement of the additional surcharge)

The minimum support pressure at the tunnel crown before the placement of an additional
surcharge (ti < 0) equals 124 kPa. Immediately after the placement of the additional surcharge (ti = 0),
the increase in the total vertical stress is carried by the excess pore water pressure (ucon = Δqo). As
this stress is uniform, this means that this results in a lateral stress equal to the value of the additional
surcharge qo. From this time step on (ti > 0), these excess pore water pressures dissipates and hence
the lateral excess pore water pressure decreases. In addition, the vertical effective stress increases
simultaneously, and the horizontal effective stress increases consequently. An import aspect to note is
that the value of these horizontal effective stress is not equal to the vertical effective stress.
The minimum support pressure calculation including the consolidation process has been
repeated for different values of additional surcharge qo37 and the results are displayed in Figure 56. All
these cases starts from the initial minimum support pressure of 124 kPa. To conclude, for a soil layer
located at tunnel face, the effect of consolidation can have a high impact on the minimum support
pressure due to the consolidation-induced lateral excess pore water pressure acting on the tunnel
face.
In contrast to the maximum support pressure, the minimum support pressure decreases during
the consolidation process. This means that when the consolidation process not have been completed
at the moment of boring, the neglection of these lateral excess pore water pressures can lead to global
collapse, due to the use of a support pressure below the minimum support pressure limit.

37

It has been assumed that these additional surcharges are placed simultaneously.
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Figure 56. Decrease in the minimum support pressure for the clay layer, with time, for various values of the
additional surcharge. The DIN method has been used for this analysis.
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4

Transient face stability assessment

The previous chapters have analysed and compared three static face stability models in order to
determine the effect of the model differences on the minimum support pressure. In this static face
stability assessment, the time-dependent processes of slurry infiltration and soil excavation have been
neglected.
A continuous process of slurry infiltration and excavation takes place during tunnelling;
therefore, the interaction between the support fluid, advancement of the TBM and the soil needs to
be taken into account. The possible influence of the inclusion of these time-dependent effects on the
required minimum support pressure has consequently been investigated. In addition, a method has
been proposed for the transient face stability assessment.
This research starts by examining the two processes and assuming that they are not
interdependent. The time-dependent infiltration process has been investigated by neglecting the
advance rate of the TBM, and this situation reflects the ring-building phase. The time-dependent
excavation process has been investigated under the assumption that during boring a membrane model
(negligible penetration distance) is valid. This way, the separate effect of each of those two timedependent processes on the minimum support pressure becomes clear. The second part of this analysis
is based on the combined behaviour of these two time-dependent effects. Studies by Broere (1998)
and Broere & van Tol (2000, 2001) have determined that this interaction can lead to the build-up of
excess pore pressures in front of the TBM. The build-up of these excess pore water pressures cannot
be neglected, because these pore pressures influence the stability of the tunnel face. The last part of
this chapter proposes a method for including transient face stability. As with the static face stability
assessment, each analysis consists of a theoretical and practical component.

4.1

Infiltration process support medium

4.1.1 Time-dependent infiltration distance
Krause (1987) has determined the infiltration depth for the support medium, with time, for various
bentonite concentrations, excess pressures Δs and soil types. The results of this study all lie within a
certain bandwidth (Figure 57), which is described by a lower limit (Equation 4.1a) and an upper limit
(Equation 4.1b). The curves reflect the percentage (le) of the final penetration depth (emax), which is
reached after a certain time. The maximum penetration depth emax has been calculated using Equation
2.15 (Paragraph 2.5). The upper and lower limits of the infiltration process are a function of the
parameter a; this value represents the time required (seconds) in order to reach half of the maximum
penetration distance. The value a can be determined experimentally by performing column infiltration
tests. Krause (1987) has defined this value as equal to 60 seconds for the upper bound and 180 seconds
for the lower bound. The time-dependent infiltration process is therefore written in a more general
form as presented Equation 4.2.
Two phases can be distinguished from the curve in Figure 57. Phase 1 marks the beginning of
the experiment. During this phase, the suspension quickly penetrates under the excess pressure into
the soil. At the same time, a filter cake/penetration zone develops at the boundary between the
excavation chamber and the soil, and the penetration rate decreases. After some minutes, the filter
cake/penetration zone is almost completely built up. In the second phase, the penetration rate is small
and asymptotically approaches an almost constant value.
𝑡

𝑡

[𝑢𝑝𝑝𝑒𝑟 𝑏𝑜𝑢𝑛𝑑]

[Equation 4.1a]

= 𝑙𝑒 𝑒𝑚𝑎𝑥 [𝑙𝑜𝑤𝑒𝑟 𝑏𝑜𝑢𝑛𝑑]

[Equation 4.1b]

𝑒𝑡 = 𝑎+𝑡 𝑒𝑚𝑎𝑥 = 60+𝑡 𝑒𝑚𝑎𝑥 = 𝑙𝑒 𝑒𝑚𝑎𝑥
𝑒𝑡 =

𝑡
𝑎+𝑡

𝑒𝑡
𝑒𝑚𝑎𝑥

=
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𝑒𝑚𝑎𝑥 =

𝑡
𝑎+𝑡

𝑡
𝑒
180+𝑡 𝑚𝑎𝑥

[Equation 4.2]
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Figure 57. The upper and lower bound for the time-dependent slurry penetration process (Krause, 1987).

4.1.2 Pressure transfer mechanism
The type of pressure mechanism formed depends largely on the permeability of the soil. In fine-grained
soils, it is assumed that the entire support pressure is transferred onto the soil skeleton by an infinitely
thin membrane, also called filter cake. In coarse soils, the support pressure is transported onto the soil
skeleton over this inﬁltration length by drag forces. The pressure distribution over this filter
cake/penetration zone has been calculated using Equation 2.14 (Figure 16). This equation has been
derived based on an equilibrium analysis between the support pressure, the water pressure and the
shear stresses between the support medium and the surrounding soil. In addition, this analysis has
assumed a linear pressure drop over the filter cake/penetration zone. When the maximum penetration
distance emax is reached, the pressure drop equals the total pressure difference (excess pressure)
between the support pressure and the pore pressure at rest po.
The equations regarding the maximum penetration distance and the pressure drop over the
filter cake/penetration zone indicate that the only parameters that can be adapted are the yield strength
of the support medium and the excess pressure Δs. The effect of these two parameters on the
maximum penetration distance and pressure drop over the filter cake/penetration zone has been
determined using the case study project The Rijnlandroute. In addition, these results have also provided
an indication of the influence of these parameters on the minimum support pressure.
4.1.3 Case-study: The Rijnlandroute
During a standstill, e.g. the ring-building phase, there is no advancement of the TBM. It can therefore
be assumed that the maximum penetration distance has been reached. In the case of the two limit
equilibrium models, a small penetration distance is beneficial, as less slurry penetrates outside the
failure wedge and thus a high effectiveness of the support medium is obtained.
The effect of the yield strength and excess pressure on the maximum penetration distance has
been investigated by determining the maximum penetration distance for different values of the yield
strength and excess pressure. As obtained in test series 6, a penetration zone only develops in the
sand layer, while in the other layers a membrane model is valid. This analysis has therefore
concentrated on the sand layer. Its results are illustrated in Figure 58. In this analysis, a characteristic
grain size diameter d10 equal to 0.2 mm has been used for the sand layer.
In the analysis below, no limitations have been imposed on the yield strength, while in practice
this is the case. A higher yield strength contains a higher bentonite concentration and thus results in
higher costs. In addition, an increase in the yield strength leads to difficulties in the separation and
transport functions. An important aspect to note is that due to the thixotropic characteristics of a
bentonite suspension, the dynamic yield strength and static yield strength differ.
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Figure 58 illustrates that for a given excess pressure, the maximum penetration distance decreases
with the increasing yield strength of the support medium. The graph reveals that the strongest
reduction occurs for small yield strength values (τ <0.018 kPa), while for higher values (τ > 0.07 kPa)
this reduction is much smaller. Another aspect that can be obtained from Figure 58 is the effect of the
excess pressure Δs. It can be seen that for a given yield strength, the penetration distance increases as
the excess pressure increases.
The percentage of reduction in the maximum penetration distance with increasing yield
strengths starting from 5 Pa is indicated in Figure 59. For this analysis, the maximum penetration
distance for a yield strength of 5 Pa equals 100%. This graphical representation can be translated to
Equation 4.3.
𝑒𝑟𝑒𝑑𝑢𝑐𝑡𝑖𝑜𝑛 = 86,255𝜏𝐹 −1,246

[Equation 4.3]

𝜏𝐹 :
ereduction:
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Figure 58. Effect of yield strength and excess pressure on maximum penetration distance.
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0,095

4.2

Advance rate of the TBM

The advance rate of the TBM is a function of the excavation depth of the cutting wheel and the capacity
of the slurry treatment plant on the surface. The latter imposes a maximum advance rate for the
project based on the capacity of the slurry treatment plant (STP) pumps. The excavation depth of the
cutting wheel depends on the placement of the excavation tools on the cutting wheel (TBM layout)
and the revolutions per minute. The cutting tools that are placed on the cutting wheel are typically:
- discs cutters: for soft to hard rock and mixed face conditions;
- scraper tools: for cohesive to non-cohesive soils and mixed face conditions;
o buckets;
o cutting knifes;
o ripper tools.
In soft soil excavations, disc cutters are placed on the cutting wheel in order to excavate through the
concrete wall at the start/end of the TBM drive. In the remaining part of the trajectory, the discs do
not damage the filter cake/penetration zone but compacts it in an axial and tangential direction to the
disc penetration direction (Figure 60a) (Köppl, Thuro, Thewes 2015). Scraper tools are placed in pairs
(tandems) on one cutting wheel arm; only one tool can be active at any given time, while the second
moves passively without cutting. Compared to the discs, the cutting mechanism of scraper tools cuts
and displaces the soil (Figure 60b). This means that these tools damage the filter cake/penetration zone
(Thewis, Schoesser and Zizka, 2016).
Thewes et al (2016) have performed a case study to investigate the penetration scale of a tool
passing on the tunnel face. For each case, the cutter wheel has been divided into zones based on the
amount of cutting tools (tandems) within one circular cutting track. The cutting wheel excavates the
soil while the wheel simultaneously moves forward and rotates. This means that a single tool only
penetrates a certain part of the total penetration depth of the cutting wheel. The penetration depth of
a single tool is calculated by dividing the penetration depth of the cutting wheel per revolution by the
number of cutting tools (tandems) within one track (Equation 4.4-4.5). The time span between two
subsequent tool passes is the period in which the pressure transfer mechanism is formed without being
disturbed or damaged (Equation 4.6).

Figure 60. Cutting mechanism of (a) discs and (b) scrapers in soft non-cohesive soils (Thewes et al, 2016).
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𝑝𝑡𝑜𝑜𝑙 =

𝑝𝑤ℎ𝑒𝑒𝑙
𝑛

[Equation 4.4]

𝐴𝑅
𝑅𝑃𝑀

[Equation 4.5]

1
𝑛∙𝑅𝑃𝑀

[Equation 4.6]

𝑝𝑤ℎ𝑒𝑒𝑙 =
𝑡𝑡𝑜𝑜𝑙 =
Pwheel:
RPM:
AR:
Ptool:
n:
ttool:

penetration of cutting wheel per revolution
revolutions per minute of the cutting wheel
advance rate of the TBM
actual penetration of a single cutting tool per passing
through a particular point
number of tool tandems within one track
timespan between subsequent passes of cutting tools

[mm/revo]
[revolution/min]
[mm/min]
[mm/min]
[-]
[min/revo]

4.2.1 Rijnlandroute case study
The placement of the cutting tools on the cutting wheel for the case study project is determined,
among other things, by the geological conditions and the tunnel diameter. The TBM used for this
project is illustrated in Figure 61, where two zones can be identified: Zone 1, with two cutting
mechanisms within one cycle (dashed right) and Zone 2, with four cutting mechanisms within one cycle
(dashed left). The maximum advance rate of the TBM based on the capacity of the STP equals 10
centimetres per minute. For the complete trajectory, an average speed of 2.5 centimetres per minute
combined with 1-4 revolutions per minute (RPM) is applied.
For the case study project, the effect of the RPM and the number of cutting tools within one
circular track on the penetration depth of the cutting tools has been investigated. In addition, the effect
of these factors on the timespan between subsequent passes of the cutting tools has been studied. As
described, this is an important parameter regarding the available time for the build-up of the filter
cake/penetration zone.

Figure 61. Layout TBM: Overview and location excavation tools cutting wheel. Zone 1 contains two cutting
tools within one cycle and zone 2 contains four cutting tools within one cycle.
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Table 11. Penetration depth of the cutting wheel, penetration depth of the cutting tools and the timespan
between subsequent passes of the cutting tools, for a mean advance rate of 2.5 cm/minute for different RPM.

Number of tools
Zone 1 (2 tools):
Zone 2 (4 tools):
Zone 1 (2 tools):
Zone 2 (4 tools):
Zone 1 (2 tools):
Zone 2 (4 tools):
Zone 1 (2 tools):
Zone 2 (4 tools):

Revolution per minute
1 Revolution per minute
Pwheel [mm/revo]
Ptool [mm/revo]
25
12,5
25
6,3
2 Revolutions per minute
Pwheel [mm/revo]
Ptool [mm/revo]
12,5
6,3
12,5
3,1
3 Revolutions per minute
Pwheel [mm/revo]
Ptool [mm/revo]
8,3
4,2
8,3
2.1
4 Revolutions per minute
Pwheel
Ptool [mm/revo]
6,25
3.1
6,25
1,55

ttool [sec]
30
15
ttool [sec]
15
7,5
ttool [sec]
10
5
ttool [sec]
7,5
3,75

The penetration depth of the cutting wheel/cutting tools and the time span between subsequent passes
of the cutter arms for the case study project have been calculated using Equation 4.4-4.6. The results
are displayed in Table 11. From this table, it can be seen that the excavation depth of the cutting wheel
per revolution decreases with an increase in the RPM. In addition, the penetration depth of the cutting
wheel is not affected by the number of cutting mechanisms within one circular track. In contrast, the
excavation depth per tool and available time for the build-up of the filter cake/penetration zone
decrease with an increase in the RPM and in the number of cutting tools within one track.
In test series 6, the shape of the filter cake/penetration zone based on the maximum
penetration distance for both homogeneous and stratified soil profiles has been determined. From this
analysis, it resulted that the shape of the penetration zone is a function of the excess pressure and
characteristic grain size diameter. In the case of a filter cake, a constant negligible penetration distance
over the height of the tunnel face can be assumed. From the results of the analysis presented in Table
11, in combination with Figure 57, it is possible to conclude that the timespan during boring is too
short to reach the maximum penetration distance. Hence, during boring, a filter cake or incomplete
penetration zone can develop. Due to this incomplete development, the pressure drop over the
penetration zone is not equal to the excess pressure. The shape of the undeveloped penetration zone
is, in addition to the two parameters described above, also influenced by the excavation depth of the
cutting tools and the timespan between subsequent passes of the cutting tools. In order to determine
how to cope with the shape of this undeveloped penetration zone, the combined behaviour of the
slurry infiltration and excavation process is required. This topic is described in the following paragraphs.

4.3

Interaction between slurry infiltration and the excavation process

During boring, a simultaneous process of excavation and face support takes place. Each rotation of the
cutting wheel consequently (partly) excavates the filter cake/penetration zone. At the same time, the
slurry infiltrates the soil in order to rebuild the filter cake/penetration zone. During this process, there
is a continuous inflow of filtrate water into the soil, resulting in excess pore pressures in front of the
TBM. In this thesis, this interaction has been simplified by the assumption that the cutting depth of the
excavation tools is so large that the entire filter cake is removed by each passage of the cutting tools.
To conclude, in the interaction of slurry infiltration and excavation, the pressure drop over the
penetration zone/filter cake and the build-up of the excess pore water pressure in front of the TBM
needs to be analysed.
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4.3.1 Pressure distribution over the wedge
Broere (1998) and Broere & van Tol (2000, 2001) have developed a model to incorporate these two
aspects to a face stability assessment. Like the DIN and the Jancsecz-Steiner methods, the model is
based on the limit equilibrium, as it assumes a failure wedge in front of the tunnel face.38 Figure 62
presents the assumed pressure distribution over the wedge. The minimum support pressure S is the
sum of the pore pressures at rest p0 and the excess support pressure Δs (Equation 4.7). The latter can
be further subdivided into a pressure drop over the filter cake/penetration zone Δpf and the remaining
excess pore pressure Δpp (Equation 4.8). This first component takes the shape of the filter
cake/penetration zone, due to the interaction between slurry infiltration and excavation into account.
The second component Δpp accounts for the build-up of the excess pore water pressure in front of
the TBM. In order to model the build-up of excess pore pressure in front of the TBM, a groundwater
flow model has been incorporated to the wedge stability model. In the subsequent paragraphs, these
two components of Equation 4.8 are thoroughly described.
𝑆 = 𝛥𝑠 + 𝑝𝑜

[Equation 4.7]

𝛥𝑠 = ∆𝑝𝑓 + ∆𝑝𝑝

[Equation 4.8]

4.3.1.1 Pressure drop filtercake/penetration zone Δpf
The first component of the transient face stability assessment is the pressure drop over the filter
cake/penetration zone. This pressure drop has already been derived in Paragraph 2.5, based on a static
face stability assessment, and is built on the assumption that there is a linear relation between the
penetration distance et and the pressure drop over the filter cake at each moment in time, until the
maximum penetration distance emax is reached (Equation 2.15). This equation has been translated to
the wedge model displayed in Figure 62, resulting in Equation 4.9.
𝑝𝑓 (𝑥, 𝑡) = 𝑆 −

𝛼𝑟 𝜏𝑓
𝑑10

𝑥

𝑥 ≤ 𝑒𝑡

[Equation 4.9]39

Figure 62. Pressure distribution wedge, which consists of a pressure drop over filter cake/penetration zone
Δpf and the remaining excess pore pressures Δpp.

For the theoretical background analysis of this model, the readers are referred to Broere (1998).
The factor αr describes the relation between the grain size and the effective radius of a flow channel, and normally takes
values between 2 and 4, see Krause (1987) or Kilchert & Karstedt (1984). (Broere, 2000).
38
39
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Equation 4.9 makes it possible to determine the support pressure at each location within the pressure
transfer mechanism until the time-dependent infiltration distance et. The pressure drop over the filter
cake/penetration zone has been derived from Equation 4.9 and results in the following equation
∆𝑝𝑓 (𝑡) = 𝑒𝑡

𝛼∙ 𝜏𝑓
𝑑10

[Equation 4.10]

The time-dependent infiltration distance (Equation 4.2) is a function of the available time t for slurry
infiltration, parameter a and the maximum penetration distance (Equation 2.13). The available time t is
equal to the infiltration time tF, which is a function of the timespan between subsequent passes of the
cutting tools tt and the parameter a40 (Equation 4.11). The maximum penetration distance cannot be
determined analytically with Equation 2.15 due to the unknown value of the excess support pressure
Δs. This excess support pressure is a function of both the pressure drop over the pressure transfer
mechanism and the remaining excess pore pressure Δpp. In the case of no development of excess pore
pressures in front of the TBM, the latter component can be neglected and therefore the support
pressure Δs is equal to the pressure drop over the filter cake Δpf. It should be noted that this method
is equal to the static face stability assessment. The derivation of this time-dependent infiltration has
been simplified by using the previously stated assumption that the infiltration depth is equal to the
excavation depth of cutting tools. In this way, the pressure drop over the filter cake/penetration zone
can be determined analytically.
𝑡𝐹 =

𝑡𝑡
𝑡 −
ln(1+ 𝑡)

𝑎

[Equation 4.11]

𝑎

4.3.1.2 Rijnlandroute case study: Time-dependent infiltration length
Despite the assumption that the infiltration depth is equal to the excavation depth of the cutting tools,
the time-dependent infiltration distance et has been investigated in more detail. The results displayed
in Table 11 have therefore been extended by the infiltration time tf and the percentage of the maximum
penetration reached during this infiltration time. Both components have been calculated for both the
upper (a = 60 seconds) and lower (a = 180 seconds) bounds defined by Krause (1987). The results of
this analysis are displayed in Table 12. From this table, it can be seen that these a-parameters have a
negligible influence on the infiltration time, and the infiltration time tf is approximately equal to half the
timespan between subsequent tool passes. The time-dependent infiltration distance et (as a percentage
of the maximum penetration distance) increases with rising infiltration times and increases in the
parameter a.
4.3.2 Remaining excess pore pressure Δpp
In order to take the build-up of the excess pore pressures into account, a groundwater flow model
has been integrated to a wedge stability analysis. This model can be both a stationary and a transient
groundwater flow model; in both cases, the remaining excess pore pressure Δpp is used as an input
value. This value is obtained by subtracting the pressure drop over the filter cake/penetration zone Δpf
from the excess support pressure Δs (Equation 4.12). The groundwater flow problem has been
simplified to a single, one-dimensional, semi-confined aquifer, because the horizontal flow is dominant
and only small amounts of water enter or leave the aquifer through the confining layers above and
below it. The choice between a stationary and a transient groundwater flow is based on the time
required to reach a stationary flow. In the case of a stationary flow model, it is assumed that the excess
pore pressures reach equilibrium shortly after boring has started. For a transient flow model, the time
required to reach equilibrium is greater than the average time needed to excavate the length of a single
tunnel ring (Broere & van Tol, 2001).
∆𝑝𝑝 = ∆𝑠 − ∆𝑝𝑓𝑐

[Equation 4.12]

40

The parameter a represents the time required (seconds) to reach half of the maximum penetration distance.
The value a can be experimentally determined by performing column infiltration tests.
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Table 12. The available infiltration time tF for a mean advance rate of 2.5 cm/minute and different RPMs.
Number of tools

Time tool passing tt
ttool [sec]

Zone 1 (2 tools):
Zone 2 (4 tools):

½=30
¼ =15
ttool [sec]

Zone 1 (2 tools):
Zone 2 (4 tools):

¼ =15
1/8 = 7,50
ttool [sec]

Zone 1 (2 tools):
Zone 2 (4 tools):

1/6 =10
1/12= 5
ttool [sec]

Zone 1 (2 tools):
Zone 2 (4 tools):

1/8 = 7,50
1/16= 3,75

Infiltration time tf
1 Revolution per minute
tF [sec]
a=180
a=60
14,61
13,99
7,40
7,22
2 Revolutions per minute
tF [sec]
a=180
a=60
7,40
7,22
3,72
3,68
3 Revolutions per minute
tF [sec]
a=180
a=60
4,95
4,87
2,49
2,47
4 Revolutions per minute
tF [sec]
a=180
a=60
3,72
3,68
1,87
1,86

% penetration distance of emax
et [%]
a=180
7,51
3,95

a=60
18,91
10,74
et [%]

a=180
3,95
2,03

a=60
10,74
5,77
et [%]

a=180
2,68
1,36

a=60
7,51
3,95
et [%]

a=180
2,03
1,03

a=60
5,77
3,00

In the case of a stationary groundwater flow model, the excess pore pressure distribution has been
obtained using Equation 4.13. This equation determines the excess pore pressures at depth z and as a
function of the distance z from the face.
𝑒−𝑥
)
𝜆

[Equation 4.13]

∆𝑝(𝑥, 𝑧) = ∆𝑝𝑝 (𝑧) 𝑒𝑥𝑝 (

By using a transient groundwater flow model, the build-up of excess pore pressures during boring as
well as the dissipation of the excess pore pressures during a standstill has been determined. Bruggeman
(1999) has defined a solution for transient flow in a semi-confined aquifer with height H, a discharge Q
at x=0 and a constant head 𝜑0 at infinity (Equation 4.14). With this equation, the build-up of the excess
pore water pressures during boring have been calculated (Broere & van Tol, 2001).
𝜑 − 𝜑0 =

𝑄𝜆
𝑥𝑢
[𝑒𝑟𝑓𝑐 (
4 𝐾𝐻
2√𝑡

+

𝑥
√𝑡
) exp ( ) −
𝑢𝜆
𝜆

𝑥𝑢
2√𝑡

𝑒𝑟𝑓𝑐 (

𝑆

−

𝑥
√𝑡
) exp (− )]
𝑢𝜆
𝜆

[Equation 4.14a]41

𝑢 = √ 𝑘𝑠

[Equation 4.14b]

𝜆 = √𝑘 𝐻 𝑐̃

[Equation 4.14c]

𝜑:
Q:
𝜆:
erf:
𝑐̃ :
H:
k:
Ss:

41

groundwater head
discharge
leakage length of the aquifer
complementary error function
hydraulic resistance aquitard
height of the aquifer
permeability of the aquifer
specific storage coefficient

[m]
[m3/s]
[m]
[-]
[days]
[m]
[m/s]
[L-1]

Note that the flux q is given per unit area of the face, whereas the inflow Q is per unit width of the aquifer, so
that q has to be multiplied by the (average) height of the face or layer to obtain Q
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Once boring has stopped, the pressure distribution in the aquifer is initially given by the steady state
hydrostatic pressure in a semi-confined aquifer (Equation 4.14). From this moment on, it can be
assumed that no more water enters or leaves the working chamber. The excess pore water can
therefore flow away from the face. This dissipation of the excess pore water has been calculated using
Equation 4.15 (Broere & van Tol, 2001).
𝜑 − 𝜑0 =

Δ𝜑
𝑥𝑢
[𝑒𝑟𝑓𝑐 (− 2 𝑡
2
√

√𝑡

𝑥

𝑥𝑢
√𝑡

+ 𝑢𝜆) exp (− 𝜆 ) + 𝑒𝑟𝑓𝑐 (2

√𝑡

𝑥

+ 𝑢𝜆) exp (𝜆 )]

[Equation 4.15]

change in head

𝛥𝜑:

4.3.2.1 Unconfined flow
In the case of no confining layers above the tunnel, the leakage length is adapted to unconfined
conditions through a change in the leakage length (Equation 4.16).
[Equation 4.16]

𝜆 = 𝐷√𝐶/𝐷

4.3.2.2 Discharge q
The discharge component in the transient ground water flow model has been calculated by equating
the amount of water displaced by the penetrating slurry for each full turn of the cutting wheel to the
amount of pore water in the excavated soil (Equation 4.17).
𝑞=
q:
lcut:
tcut:
n:

𝑙𝑐𝑢𝑡
𝑛
𝑡𝑐𝑢𝑡

[Equation 4.17]

= 𝑣𝑒 𝑛
specific discharge of the aquifer
cutting depth cutting wheel
time needed for a full turn of the cutting wheel
porosity of the soil

[m/s]
[m]
[s]
[-]

4.3.2.3 Rijnlandroute case study
A parameter study (Figure 63) has been performed in order to investigate this transient groundwater
flow in more detail, by considering the following four aspects:
1. ratio between the diameter of the TBM and the height of the aquifer (D/H ratio);
2. advance speed v of the TBM;
3. permeability of the aquifer k;
4. leakage length λ;

Figure 63. Project conditions parameter analysis [Case 1].
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For this parameter analysis, the case of a TBM situated within a semi-confined aquifer with height H
and permeability k has been investigated (Figure 63). For the first three aspects, the influence of the
leakage length has been neglected by using a constant value for the leakage length that is equal to the
diameter of the tunnel.
The excess pore pressure distribution at the tunnel face (x = 0) with time for Case 1 (Figure
63) is displayed in Figure 64. From this graph, two phases can be identified: The build-up of the excess
pore pressures during boring and the dissipation of these excess pore pressures during ring building.
An important aspect to note is that not all pore pressures have dissipated at the time of boring
(remaining excess); therefore, the second boring phase starts at a different offset. As during this phase
the same amount of excess pore pressures develops, the final excess pore pressure at the end of the
boring phase is higher than in the previous phase.
The excess pore pressure distribution with a distance x from the tunnel face is displayed in
Figure 65 for different time steps for one boring and one ring-building phase. It should be noted that
the excess pore pressure distribution in Figure 64 represent the build-up and dissipation of the excess
pore pressure at x = 0 in the graph of Figure 65. The excess pore pressure distribution with distance
x at the end of the boring phase (Equation 4.14) does not coincide with the excess pore pressure
distribution with distance x at the start of the ring-building phase (Equation 4.15). The reason for this
is that the dissipation curve starts from the steady state solution and not from the excess pore pressure
distribution at the end of the boring phase, as obtained by Equation 4.14. In the case of an incomplete
boring process, the dissipation behaviour of this built-up excess pore water pressures does not start
from the steady state excess pore water pressure.
4.3.2.3.1 Height H of the aquifer
The effect of the aquifer height on the build-up of the excess pore pressure distribution has been
determined by varying the height H of the aquifer and keeping the other parameters constant. All
calculations have been detailed in Annex 5.1 and a summary has been provided in Table 13. It can be
seen that an increase in the aquifer height leads to lower excess pore pressures at the tunnel face and
vice versa. The reason for this behaviour is that with an increase in the aquifer height H, the
transmissivity kH (m2/d) of the aquifer increases. It should be noted that the latter two cases (Case 5
and Case 6) do not resemble the actual behaviour, as the aquifer height is lower than the diameter of
the TBM. In practice, this means that part of the confined layer is present in front of the tunnel face.
At these locations, a filter cake is formed instead of a penetration zone. If for these cases the diameter
of the tunnel is adapted to the aquifer height (D/H=1), then the same maximum excess pore pressure
occurs at the tunnel face as in Case 1, with D/H =1. This means that the value of the maximum excess
pore pressure at the tunnel face depends on the D/H ratio. The highest excess pore pressure occurs
at a D/H ratio equal to unity and decreases with a decreasing D/H ratio (increase in the height of the
aquifer).
Excess pore pressure at tunnel face (x=0) with time [Case 1]
Excess pore pressures [kPa]

35
30
25
20
15
10
5
0
0

1

2

Build-up during Boring

3
4
Time [hours]

5

6

7

Dissipation during ring building

Figure 64. Excess pore pressure distribution at the tunnel face (x=0), with time, for Case 1.
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Excess pore pressure distribution with a distance x from the tunnel [Case 1]
30

Excess pore pressures [kPa]
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Distance x from tunnelface [m]
0,1h after start boring
Stop boring phase
0,4h after start ringbuilding

0,5h after start boring
Start ringbuilding/Steady state
0,83h after start ringbuilding

Figure 65. Excess pore pressure distribution with distance x from the tunnel face.

4.3.2.3.2 Advance speed v
The effect of the advance speed on the excess pore pressure distribution has been determined by
varying the advance speed of the TBM. All calculations have been presented in Annex 5.1 and a
summary has been provided in Table 13. It can be seen that an increase in the advance speed leads to
higher values of the excess pore pressure and that the opposite effect occurs with a decrease in the
advance rate. The change in the excess pore pressure at the tunnel face is proportional to the change
in the advance speed. The reason for this is that the amount of discharge q is calculated by multiplying
the soil porosity with the advance rate of the soil (Equation 4.17). As the soil porosity is constant, it
can be seen that an increase in the advance speed leads to an increase in the discharge q.
4.3.2.3.3 Permeability K of the aquifer
The effect of the soil permeability on the excess pore pressure distribution has been determined by
varying the permeability of the soil. All calculations have been presented in Annex 5.1 and a summary
has been provided in Table 13. It can be seen that a decrease in the permeability (Case 1  Case 9)
leads to lower excess pore pressure values generated at the tunnel face. In the case of an increase in
permeability (Case 1  Case 10), this leads to higher excess pore pressure values. The reason for this
behaviour is that, with a decrease in the permeability k of the aquifer, the transmissivity kH (m2/h) of
the aquifer increases.
4.3.2.4 Leakage length λ
The effect of the leakage length on the transient groundwater flow analysis has been investigated by
determining the excess pore water pressure at the tunnel face at the end of the boring process, as a
function of the leakage length. The results are displayed in Figure 66. This figure reveals that, for the
given project conditions, the development of excess pore water pressures is highly influenced by the
leakage length until around 50 metres. For a leakage length higher than 50 meters, the influence can be
neglected. This assumption is not affected by a change in the D/H ratio, permeability or advance speed,
but this results in a higher or lower offset (based on the conclusion in the previous paragraphs).
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Table 13. Effect of the advance speed on the excess pore pressure distribution.

Case

Parameter
Maximum excess pore pressure at tunnel face [kPa]
Ratio tunnel diameter and height aquifer (D/H) [-]
D/H= 1 (H=11m)
29
D/H=2/3 (H=16,66)
19
D/H=0,5 (H=22m)
14
D/H= 0,4 (H=27,5m)
11
D/H=2 (H=5,5m)
57 (29)
D/H=4 (H=2,75m)
114 (29)
Advance rate [m/h]
1,5
29
3
57
0,75
14,3
Permeability [m/h]
0,108
29
0,216
15
0,0108
134

Case 1
Case 2
Case 3
Case 4
Case 5
Case 6
Case 1
Case 2
Case 3
Case 1
Case 9
Case 10

Effect leakage length on the development of excess pore water pressures.
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Figure 66. Effect of the leakage length on the build-up of excess pore water pressures at the tunnel face.
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4.4

Implementation of the limit equilibrium models

In order to compare the static and transient face stability assessments, a groundwater flow model has
been incorporated to a limit equilibrium model. Unfortunately, the time-dependent pressure
distribution over the wedge is not applicable to the Ruse-Vermeer method, as it is a limit stress method.
The method described in the subsequent paragraphs is therefore only applicable to the JancseczSteiner and DIN models.
4.4.1 Determination minimum support pressure S
In the case of a transient face stability assessment, the minimum support pressure is determined by the
pressure drop over the pressure transfer mechanism and the remaining excess pore pressures. These
components have been thoroughly described in the previous chapters. This analysis has resulted in that
an iterative solution procedure is required in order to solve this interdependence.
The iterative calculation sequence for this pressure distribution is as follows:
• S: support pressure;
• p0: equilibrium pore pressure;
• Δs: excess support pressure, which is the pressure difference between S and p0;
▪ Δpf: pressure drop over the filtercake/penetration zone;
▪ Δpp: remaining excess pore pressures;
o p(x,z): excess pore pressure distribution (Steady state or transient).
The iterative sequence starts with an estimate of the support pressure S. Along with the equilibrium
pore pressures, the excess pressure between the support pressure and the equilibrium pore pressure
has been determined. The pressure drop over the filter cake/penetration zone Δpf has been subtracted
from this excess pressure and the remaining excess pore pressure has been obtained Δpp. Depending
on the assumptions, a transient or steady state groundwater flow model has been used. Where
equilibrium was lacking, a new assumption of the support pressure was made until equilibrium was
achieved.
The implementation of an iterative calculation method is not preferable in the case of an
analytical method, so another approach has been suggested. The analysis in the previous paragraphs
resulted in that it is possible to determine the remaining excess pore pressures Δpp without using any
of the components of Figure 62 (Equation 4.7-3.12). By using a transient groundwater flow analysis in
which only the TBM’s characteristics and the ground parameters serve as inputs, the remaining excess
pore water pressures have been determined. As the values of these pressures are known, the other
two remaining factors are the pressure drop over the filter cake/penetration zone and the minimum
support pressure. Equations 4.7 and 4.8 have resulted in that only one of these two parameters is
required, as the other follows from equilibrium. In the foregoing, the (time-dependent) infiltration
process during a standstill (Paragraph 2.5) and during boring (Paragraph 4.3) has been discussed. The
maximum penetration distance is reached in the case of a standstill; this value has been calculated using
Equation 2.13. In contrast, the time-dependent infiltration distance during boring depends on several
factors and cannot be easily determined. Due to this difficulty, this thesis has assumed that the timedependent infiltration distance is equal to the excavation depth of the cutting wheel. By using this
transient groundwater flow model in combination with the assumption on the time-dependent
infiltration distance, the minimum support pressure can be obtained. This method is based on the
previously discussed calculation method, in an inversed direction. This way, from a fixed bottom
boundary (equilibrium pore pressure), a support pressure is eventually obtained. In this analysis, the
following sequence has been followed:
• p0: equilibrium pore pressure;
• p(x,z) excess pore pressure distribution (transient analysis);
▪ Δpp: remaining excess pore pressures;
▪ et: depth penetration zone = excavation depth cutting tools;
▪ Δpf: pressure drop over the penetration zone;
▪ Δs: pressure drop between the support pressure S and equilibrium pore pressures;
▪ S: support pressure.
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The second step in the implementation of transient face stability to a wedge stability analysis is to check
the wedge stability. This stability has to be verified because the excess pore pressures influence it. The
excess pore pressures result in an uplift force Ps that counteracts the weight of the soil overburden.
This uplift force is calculated by the integral of the excess pore pressure distribution multiplied with
the width of the wedge B (Equation 4.18). In addition, the excess pore pressures also affects the shear
forces Pt that act on the wedge sides (Equation 4.19). The reason for this is that the shear stresses act
in the opposite direction as these excess pore water pressures. The reduction of these shear stresses
is calculated by the integral of the amount of excess pore water pressures which develops within the
zone of the failure wedge. If the stability of the wedge is not ensured, then a higher support pressure
value is required.
𝑡𝑐

𝑃𝑠 = 𝐵 ∫0 ∆𝑝(𝑥, 𝑧. 𝑡) 𝑑𝑥
𝑧

𝑤(𝑧) 1
𝐾
𝜁− 𝑦

𝑃𝑇 = 𝐵 ∫𝑧 𝑏 ∫0
𝑡

tan 𝜑 ∆𝑝(𝑥, 𝑧. 𝑡) 𝑑𝑥𝑑𝑧

𝜁− = tan 𝜑 cos 𝜃 − sin 𝜃

[Equation 4.18]
[Equation 4.19]
[Equation 4.19b]

4.4.2 Case study Rijnlandroute
In order to make a comparison between the static and transient face stability assessment, a transient
face stability assessment is performed for the eight case-studies discussed in paragraph 3.4. As obtained
in test series 6, a penetration zone only develops in the sand layer, while in the other layers a membrane
model is valid. This analysis, therefore, concentrates on the sand layer and thus case B and D are
disregarded. In the remaining cases, it is assumed that the bottom boundary of the tunnel face is equal
to the bottom boundary of the aquifer. As the most obvious difference is obtained by the determination
of the excess pore pressures, this case study analysis concentrates on the built-up and dissipation of
these excess pore water pressures with time during boring and during the ring building phase. In Annex
5.2 all the calculation results are displayed and a summary is shown in Figure 67.
4.4.2.1 Case A: Homogeneous sand profile (C/D= 1,0)
Case A consists of a homogeneous sand profile with a soil cover equal to the diameter of the tunnel
face. In this case, no confining layer is present above the tunnel face and therefore equation 4.16 is
used, for the calculation of the leakage length. The height of the aquifer is equal to the sum of the
tunnel face and the soil cover and thus equal to twice the diameter of the tunnel face. By using a
transient groundwater flow analysis, an excess pore water pressure equal to 14 kPa is obtained at the
tunnel face (x = 0). The build-up of these excess pore pressures during boring and the dissipation
during a standstill are displayed in Annex 5.2.
4.4.2.2 Case C: Homogeneous sand profile (C/D= 1,5)
Likewise case A, case C also consists of a homogeneous sand profile. The only difference is the height
of the soil cover. Due to this height difference, not the same value for the leakage length applies. By
using a transient groundwater flow analysis, an excess pore water pressure equal to 13 kPa is obtained
at the tunnel face (x = 0). Despite the larger height of the aquifer compared to the previous case,
almost the same value for the excess pore water pressure is obtained. The reason for this is the higher
value of the leakage length in case C which leads to the development of a higher amount of excess
pore water pressures acting at the tunnel face (Figure 66).
4.4.2.3 Case E/F/H: Heterogeneous soil profile (C/D= 1,0)
Case E/F/H consist of a heterogeneous soil profile and the three cases differ in the soil profile of the
soil cover and in front of the tunnel face. Despite this fact, in all three models, the height of the aquifer
is equal to half the diameter. The remaining part of the tunnel face is situated in a clay layer and it can
be assumed that a filtercake develops. Therefore, the diameter of the tunnel has been reduced equal
to the height of the aquifer. From Figure 66, it is obtained that leakage lengths greater than 50 meters
do not have an impact on the built-up and dissipation behaviour of the excess pore water pressure.
Due to this reason, the leakage length have been set equal to 50 meters within this analysis. From the
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analysis displayed in Annex 5.2, an excess pore water pressure equal to 42 kPa is obtained at the tunnel
face. As described, the main reason for this increase in excess pore pressure is due to a higher value
of the leakage length. The effect of this leakage length on the excess pore pressure distribution at a
distance x from the tunnel face is also indicated in Figure 67 and Table 14. It can be seen that due to
the higher value of the leakage length, a higher value of the excess pore pressures is present at a value
of the distance x from the tunnel face.
4.4.2.4 Case G: Heterogeneous soil profile (C/D= 1,0)
Likewise Case E/F/H, Case G consists of a heterogeneous soil profile with a soil cover height equal to
the diameter of the tunnel. In this case, no confining layer is present above the tunnel face and therefore
equation 4.16 is used, for the calculation of the leakage length. The height of the aquifer is equal to the
sum of half the diameter and the height of the soil cover. The bottom half of the tunnel face is situated
in a clay layer and therefore no penetration zone is developed within this zone. Therefore, the diameter
of the tunnel has been reduced equal to the height of the aquifer. From the analysis displayed in Annex
5.2, an excess pore water pressure equal to 12 kPa is obtained at the tunnel face.
Table 14.The value of the excess pore water pressure at the tunnel face which are developed during the
boring phase and the value of the leakage length used within this analysis.

Case

Generated excess pore water
pressure at tunnel face
[kPa]
14
13
42
12

[-]
A
C
E/F/H
G

Leakage length
[m]
10,96
13,42
50
15,49

Excess pore water pressures with a distance x from the tunnel
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45
40
35
30
25
20
15
10
5
0
0

5

10

15

20

25

30

35

40

45

50

distance x from tunnelface [m]
End boring phase Case A
End boring phase Case E/F/H

End boring phase case C
End boring phase case G

Figure 67. The build-up of the excess pore water pressure with a distance x from the tunnel face at the end
of boring phase.
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4.5

Conclusion transient face stability

In this chapter, the static face stability assessment is extended by taking the continuous process of
slurry infiltration and excavation into account. This assessment distinguishes between two cases, the
ring-building phase and the boring phase. In the ring-building phase, a lack of advancement of the TBM
has been assumed; therefore, only the slurry infiltration process has been considered. On the contrary,
in the boring phase, the time-dependent excavation process has been investigated under the
assumption that a membrane model (negligible penetration distance) is valid. Both time-dependent
components have been reviewed separately in order to determine their behaviour by varying certain
parameters. Hence, a parameter study has been performed for each component. The second part of
this analysis was based on the combined behaviour of these two time-dependent effects.
The time-dependent slurry infiltration process has revealed that the maximum penetration
distance, yield strength, characteristic grain size d10 and pressure difference are strongly related. The
only two factors that can be controlled are the yield strength and the excess pressure. From the
parametric analysis, it turned out that an increase in the yield-strength leads to a reduction of the
maximum penetration distance and the increase of the excess pressure leads to an increase in the
maximum penetration distance. As described in chapter 2, the yield strength is an important parameter
since it affects also other functions of the support medium. For the stabilisation function, the highest
possible yield strength is required and for the transport function, the lowest possible yield strength is
required. This means that the yield strength should be the optimal balance between multiple functions.
The analysis of the time dependent slurry infiltration process is based on the assumption that the TBM
does not advance and thus the available time-span is sufficient in order to reach the maximum
penetration distance. However, during boring a continuous process of slurry infiltration and excavation
takes place and the available time-span is insufficient in order to reach the maximum penetration
distance. Although the penetration distance with time can be calculated as a function of the maximum
penetration distance, this method is not applicable in the case of a transient face stability analysis. The
reason for this is that the excess pressure is unknown.
In soft soil excavations, the type of excavation tools that are used are scraper tools and disc
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cutters . For both type of tools, the cutting mechanism of the pressure transfer mechanism are
described. As the scraper tools only affects the pressure transfer mechanism, the analysis has been
focussed on this type of tool. The time-dependent excavation process has revealed that the number of
cutting wheels per track and the RPMs strongly determine the advancement of the TBM and the
penetration depth of the tools and wheels. In practice, this excavation speed is limited due to the
capacity of the slurry treatment process. Within this analysis, the effect of the advancement of the TBM
on the available time-span for the development of the pressure transfer mechanism has been
investigated. It turned out, that a high advancement of the TBM is negative for the available timespan
in order to built-up the filtercake/penetration zone, but positive for the timespan of the project.
The continuous process between excavation and slurry infiltration leads to the build-up of
excess pore pressures in front of the tunnel face. These excess pore pressures result in an increase of
the support pressure. Broere (1998) and Broere & van Tol (2000, 2001) have developed a model to
incorporate these two aspects to a face stability assessment. Within this model, the minimum support
pressure S is the sum of the pore pressures at rest p0 and the excess support pressure Δs. The latter
can be further subdivided into a pressure drop over the filter cake/penetration zone Δpf and the
remaining excess pore pressure Δpp. In order to take the build-up of the excess pore pressures into
account, a groundwater flow model has been integrated to a wedge stability analysis. By using a
transient groundwater flow model, the built-up of excess pore pressures during boring and the
dissipation of these excess pore pressure during the ring building have been investigated. A parametric
analysis have been performed in order to determine the effect of the parameters within this analysis.
It turned out that it is important for project design processes to review this aspect, as excess pore
pressures can reach high values.
42

In soft soil excavations, disc cutters are placed on the cutting wheel in order to excavate through the concrete
wall at the start/end of the TBM drive. In the remaining part of the trajectory, the discs do not have a specific
function.
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5 The role of slurry the TBM parameters on ground
deformation
At the face of the TBM, called the bore front, a pressurised slurry has been used as a face support. In
order to ensure stable working conditions, the support pressure applied lies between two limits that
correspond to certain failure mechanisms, e.g. ultimate limit states. A support pressure below the
lower limit results in a deformation of the soil toward the face, causing a large settlement at the ground
surface. A support pressure above the upper limit results in an upward deformation of the soil or in a
blow out, with the subsequent loss of the support medium. In practice, the value of the support
pressure used is determined by the serviceability limit state. The serviceability limit state focusses on
keeping the ground deformations below a pre-determined limit and determines the support pressure
based on the required ground deformation limit.
Previous chapters have discussed the concept of ultimate limit states in the static face stability
assessment and both of the support medium’s limits have been determined. In this analysis, the effect
of the support medium’s properties on the minimum and maximum support pressure has been
determined. Nevertheless, the effect of these support medium properties and other TBM parameters
on ground deformations has not been considered.
This chapter begins with a short introduction on the different volume components that induce
settlement during tunnelling and the corresponding empirical assessment of these settlements. The
second part focusses on the volume components that are affected by the face support and support
medium properties. By using the eight case studies presented in Paragraph 3.4, a connection has tried
to be established between the support medium/TBM properties and ground deformations.

5.1

Volume loss in tunnelling

The loss of volume is an important parameter for estimating ground movements in the design stage;
this value is often determined by experience. Mair and Taylor (1997) have summarised the following
primary ground movement components associated to closed shield tunnelling (Figure 68):
• volume loss at the tunnelling face VL,f;
• volume loss along the shield VL,s;
• volume loss at the tail VL,t;
• volume loss due to deformation of the lining (minor importance)
• radial ground movement toward the lining due consolidation VL,c;
The total volume loss VL during the tunnelling progress can therefore be estimated as:
𝑉𝐿 = 𝑉𝐿,𝑓 + 𝑉𝐿,𝑠 + 𝑉𝐿,𝑡 + 𝑉𝐿,𝑐

[Equation 7.1]

5.1.1 Volume loss at the tunnel face
During the boring process, the soil at the tunnel face tends to move into the cavity created by the
TBM. The volume of soil that moves toward the face depends on the support pressure applied, the
soil conditions and the hydraulic conditions. The settlement can be controlled by assuming neutral
ground conditions (Paragraph 2.3). When an adequate face support exists, this first ground deformation
component is relatively small.
5.1.2 Volume loss along the shield
The radial ground loss around the tunnel shield can occur due to one of the following possibilities:
- overcutting, due to a larger diameter of the cutting wheel in front of the TBM than the diameter
of the shield;
- a gap, called annulus, between the shield skin and the surrounding soil, due the tapered shape
of the TBM;
- additional gapping when the TBM moves in curves (Festa, 2015).
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5.1.3 Volume loss behind the TBM
The volume loss at the tail is due to radial ground movements into the tail void (gap between the lining
and soil formation). This component is usually the major cause of settlement and can be minimised by
grouting. The volume loss depends on the grout pressure applied: A high grout pressure leads to local
heaves, while a low grout pressure results in settlement. In addition, if the grout along the tunnel lining
consolidates and forms a grout cake, this leads to long-term consolidation settlements in the soil
volume above the tunnel. As this topic falls outside the scope of this thesis, this topic has not been considered
further.
5.1.4

Empirical assessment of settlements

5.1.4.1 Transverse surface settlement of the settlement trough
Regardless of the tunnelling method used, the ground becomes loaded or unloaded and deformations
inevitably take place, leading to the typical Gaussian settlement through described in Figure 69 (Möller,
2006). The transverse settlement shape of the ground surface (Equation 7.2) is based on the value of
the maximum settlement Sv,max at the surface directly above the tunnel axis, and the trough width
parameter i (Schmidt,1969)(Peck,1969)(Figure 70). The volume of this settlement trough Vs depends
on the ground loss component Vt, which is the volume of ground that has deformed into the tunnel
after the tunnel has been constructed. When tunnelling in undrained ground, the settlement volume is
more or less equal to the ground loss component, but when tunnelling in drained ground the settlement
volume is somewhat smaller (Vs ≈Vt.). As the ground loss component Vt is a function of the excavated
area of the tunnel face, this component can also be expressed as the ratio between the ground loss
component and the excavated area At (Equation 7.3)(Figure 70). The volume of the settlement trough
(per unit length of tunnel) is obtained by integrating Equation 7.2, which leads to Equation 7.4 (Möller,
2006).
−𝑦2

𝑆𝑣 (𝑦) = 𝑆𝑣,𝑚𝑎𝑥 ∙ 𝑒
𝑉

( 2)
2𝑖

[Equation 7.2]

𝑉

𝐺𝐿𝑅 = 𝐴𝑡 ≈ 𝐴𝑠

[Equation 7.3]

𝑉𝑠 = ∫ 𝑆𝑣 𝑑𝑥 = √2𝜋 𝑖 𝑆𝑣,𝑚𝑎𝑥 ≅ 2,5 𝑖 𝑆𝑣,𝑚𝑎𝑥

[Equation 7.4]

𝑡

𝑆𝑣,𝑚𝑎𝑥 ≈
𝑆𝑣 (𝑦) = 𝑖∙
Sv:
Sv,max:
y:
i:
Vs:

97

𝑡

𝐴𝑡
𝑖∙√2𝜋

𝐺𝐿𝑅 ≈

𝐴𝑡
𝐺𝐿𝑅
√2𝜋

0,31 𝑉 𝐷 2
𝑖

−𝑦2

𝑒

( 2)
2𝑖

settlement at a given location
maximum settlement at the tunnel axis location
horizontal distance between the observed location
and the tunnel axis
horizontal distance from the tunnel centre line to the point
of inflection of the settlement trough
volume of the settlement trough (per unit length of tunnel)

[Equation 7.5]
[Equation 7.6]
[mm]
[mm]
[mm]
[mm]
[mm3]

5.1.4.2 Width of the settlement trough
The width of the settlement trough has been described using a Gaussian distribution. In the setup of
this distribution, the parameter i reflects the horizontal distance from the tunnel centre to the point
of inflection. At the point of inflection, the depth of the settlement trough equals 60% of the maximum
settlement depth. In the case of homogeneous soil conditions, the parameter i can be calculated as the
multiplication of a trough width parameter K43 and the depth of the tunnel zo (Equation 7.7).
[Equation 7.7]

𝑖 = 𝐾 𝑧𝑜

Figure 68. Volume loss components (Vu Minh, 2016).

Figure 69. Tunnel-induced settlement trough (Möller, 2006, after Attewell et al, 1986).

43

The trough width parameter equals K≈0.5 for clayey ground and K≈0.25 for sandy ground (Möller, 2006).
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Figure 70. Gaussian curve for transverse settlement trough and ground loss Vt (Möller, 2006).

Figure 71. Horizontal surface displacements and transverse settlement trough (Möller, 2006).

For tunnels in layered ground, Equation 7.7 has been rewritten to take the effect of the different ground
layers into account. The point of inflection i can be calculated as the sum of the trough width parameter
Ki and thickness of the soil layer zi for each soil layer.
[Equation 7.8]

𝑖 = ∑ 𝐾𝑖 𝑧𝑖

5.1.4.3 Horizontal displacement of the settlement trough
Like vertical displacement, horizontal displacement is important to consider, as it can lead to building
damage. O’Reilly and New (1982) have proposed a relation between the vertical and horizontal
displacement of the settlement trough (Equation 7.9)(Figure 71). By combining Equation 7.9 with
Equation 7.6., the horizontal displacement can be immediately calculated from the parameters of the
Gaussian distribution. In Figure 71, the horizontal surface settlement has been plotted together with
the transverse settlement trough. This figure reveals that the theoretical maximum horizontal
displacement Shmax occurs at the point of inflection.44
𝑆ℎ (𝑦) =

𝑦
𝑧𝑜

𝑆ℎ (𝑦) =

𝑦 𝐴𝑡
𝑧𝑜 𝑖 √2𝜋

𝑆ℎ (𝑦) =

𝑦
𝑧𝑜
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[Equation 7.9]

𝑆𝑣
−𝑦2

𝐺𝐿𝑅 𝑒

( 2)
2𝑖

0,6 𝑆𝑣𝑚𝑎𝑥

At this location, 𝑆𝑣 (𝑦) = 0.6 ∙ 𝑆𝑚𝑎𝑥 , as indicated in Figure 70.
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[Equation 7.10]

[Equation 7.11]

5.2

Processes around a TBM

The total volume loss during closed shield tunnelling is controlled by the volume loss at the face, along
the shield and behind the TBM. The volume loss at the face can be directly affected by adequate
support. In contrast, the volume loss along the shield is highly influenced by processes around the TBM
and is indirectly affected by the other two components. These processes around the TBM are the
consequence of the gap between the shield skin and the surrounding soil, the face support method and
the grouting of the tail void.
5.2.1 Processes in front of the TBM
A support pressure is required at the face of the TBM in order to counter the horizontal effective
stress and pore water pressure acting on the tunnel face (Figure 72). As the pressure of the support
medium is greater than the pore water pressure, the slurry infiltrates the soil to a certain extent. The
value of the support pressure used is a function of the two limit state approaches and lies between the
two limits of the support medium.
Due to overcutting (when the excavated diameter is larger than the shield diameter) and the
tapered shape of the TBM, a joint is present between the shield skin and the soil formation. It has been
assumed that the shield has been ‘positioned’ concentrically within the excavated diameter so that the
shield is hydraulically connected to the tunnel face. This means that the annulus is pressurised with
bentonite slurry originating from the face (Bezuijen, 2007) (Mooney et al, 2016). Due to the uniform
pressure of the support medium, the slurry radial shield pressure at the annulus is equal to the slurry
pressure at the tunnel face (Figure 72). Along the depth of the annulus, the slurry pressure is constant.
The support medium in the TBM excavation chamber varies between the tunnel crown and the invert
due to the unit weight of the slurry used.
5.2.2 Behind the TBM
The gap between the lining and the soil formation is called the tail void. In order to prevent the
surrounding soil from moving into the gap, the void is filled by a grout injection. Due to the very short
gel time of grout compared to the time required for a ring cycle, it is reasonable to assume that only
one ring’s annulus is subjected to pressure from the grout during a ring advance. In addition, the grout
present in all trailing rings solidifies and primarily contains elastic properties (Mooney et al, 2016).
Ground deformations may occur if the grout pressure is less than the total vertical stress or if
grout voids occur (Li et al, 2015). As the grout pressure during grout injections is higher than the soil
pressure, the soil is pushed away from the TBM and grout flows from the tail over the shield (Bezuijen
and Talmon, 2008). In this thesis, the grout pressure at the tail void is likewise the face support pressure
limited to a pressure of around 90% of the total vertical stress of the soil cover. This flow has therefore
not been taken into account.
5.2.3 Flow around the TBM
This analysis has assumed that the annulus between the shield skin and the soil formation is pressurised
with the bentonite slurry that flows from the tunnel face. The flow of grout from the tail void is
restricted by a maximum support pressure limit.

5.3

Relation of the TBM parameters and ground deformations

The face support pressure applied counteracts the horizontal effective stress and the pore water
pressure acting on the tunnel face. As the support medium’s flow has been taken into account, this
means that the support medium also pressurises the annulus along the shield. In order to obtain zero
surface deformations, the support pressure must match the exact geostatic stress conditions at the
location of the tunnel axis, the tunnel crown and invert, the annulus and the tail void. If this is not the
case, then ground deformations inevitably occur. The problem in this analysis is that it is impossible to
match the exact geostatic stress at all locations, due to the properties of the support medium and the
difference in the horizontal and vertical effective stress.
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Mooney et al (2016) have performed a data-driven modelling study to characterise the relation
between ground deformations and the TBM slurry parameters. For this analysis, a coupled soil-fluid
finite difference model has been used. In this model, the top model boundary (z = 0) was set to be
free, whereas the vertical movement at the bottom boundary was fixed. In order to model the soil
conditions, a homogeneous, highly permeable granular soil has been used (Table 15). The diameter of
the TBM equals 6,9 metres with a soil cover of 19 meters (C/D=2,8). The unit weight of the support
medium equals 12 kN/m3 and the unit weight of the grout equals 21 kN/m3. The influence of coupling
the slurry pressure with the face and the annulus has been determined by using three types of pressure
distributions (Figure 73). The green pressure distribution was obtained when the support pressure
distribution equals the geostatic stress at tunnel invert, the red distribution equals the geostatic stress
at the tunnel axis and the black pressure distribution equals the geostatic stress at the tunnel crown.
In addition, the blue pressure distribution represents the geostatic stress conditions at each location.
In order to determine the limitations of the support medium properties and the TBM
parameters, in first instance, the hydraulic connection between the face and the annulus is neglected,
e.g. case B (Figure 73). The horizontal stress acting at the top of the tunnel crown equals 227 kPa and
326 kPa at the tunnel invert. Figure 73 reveals that the pressure gradient of the support medium is
insufficient to match the geostatic stress at each location of the tunnel face. For the given situation, a
support pressure gradient of around 14 kPa is required.
Figure 73 indicates that due to the hydraulic connection between the tunnel face and the
annulus, the same stress is present, whereas the geostatic stress at these two locations is different. At
the tunnel crown annulus (Case A), the geostatic stress is equal to the total vertical stress of the soil
profile above the TBM, while the geostatic stress at the tunnel crown (Case B) is equal to the horizontal
stress acting on the tunnel crown. The pore water pressure at both locations is equal, as the pore
water pressure is equal in all directions. This means that, due to the ratio between the vertical and the
horizontal effective stress, the geostatic stress cannot be matched at both locations.
Mooney et al (2016) have determined the vertical displacement of the ground surface
corresponding to the four stress distributions45. As expected, when the geostatic stress is not exactly
matched at each location, the surface settles. In this analysis, all three pressure distributions have led
to approximately the same vertical displacement. The reason for this is a combination of the dense,
stiff, till material and the high face support pressures. The latter results from the use of an earth
pressure coefficient equal to neutral ground conditions.

Figure 72. Schematic overview of the TBM slurry shield and pressure components (Mooney et al, 2016).

45

The blue pressure distribution is a fictional pressure distribution that cannot be reached in practice.
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Figure 73. Three possible stress distributions for the support medium have been obtained in order to
determine the relation between the TBM slurry parameters and ground deformations.
Table 15. Assumed homogeneous soil, slurry and grout properties.
Property
Dry unit weight soil [kN/m3]
Saturated unit weight soil [kN/m3]
Young’s modulus [MPa]
Poisson’s ratio [-]
Friction angle [°]
Dilatation angle [°]
Coefficient of lateral earth pressure at rest [-]
Slurry pressure gradient [kN/m3]
Grout pressure gradient [kN/m3]

Value
16
20
200
0,3
40
10
0,5
12
21

5.3.1 Rijnlandroute case study
The total vertical and horizontal stress distribution in front of the tunnel face has been determined for
the eight case studies discussed in Paragraph 3.4 (Annex 6). The total vertical stress distribution has
been used to determine the geostatic stress along the shield. As it has been assumed that the shield is
positioned concentrically within the excavated diameter, this means that an annulus is present along
the entire circumference of the TBM. The annulus pressure must therefore match the exact geostatic
stress along the entire height of the tunnel face and not only at the location of tunnel crown and invert.
The total horizontal stress acting at the tunnel face has to be counteracted by the support medium. In
the calculation of the horizontal effective stress it is assumed that the soil has zero lateral strain;
therefore, a neutral earth pressure coefficient has been used. The pressure distribution of the
excavation chamber has been determined using a support pressure gradient equal to 12 kN/m3.
Due to the hydraulic connection between the tunnel face and the annulus, the same stress is present,
whereas the geostatic stress at these two locations is different. At each location within the annulus the
stress difference between the geostatic stress and the support is determined. Figure 74 indicates the
calculation results for a homogeneous sand profile. Due to the constant unit weight of the soil, all
pressure distributions increase linearly with depth. As the pressure gradient of the support medium is
lower than the gradient of the soil, an offset is present between the horizontal stress and the support
pressure. Figure 75 indicates the calculation results for a heterogeneous soil profile (Case G). In
contrast to the homogeneous soil profile, these pressure distributions do not increase linearly with
depth, but a jump is present at the boundary between the two layers. Due to this discontinuous
pressure distribution, a large offset is present at the upper layer between the horizontal stress and the
support medium. This much larger support pressure than required does not benefit the construction
costs or time, but on the other hand, it results in smaller ground deformations.
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Pressure distribution [Case A]
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Figure 74. Pressure distribution at the tunnel face, annulus and excavation chamber for a homogeneous sand
profile (Case A).
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Figure 75. Pressure distribution at the tunnel face, annulus and excavation chamber for a
heterogeneous soil profile (Case G).
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6 Conclusions
The goal of this thesis was to find an answer to the question:

What is the difference between static and transient face stability? Case study: The Rijnlandroute.
To be able to answer this question, sub-questions were stated. The answers to the sub-questions are
as follows:
1. What is the required minimum support pressure based on a static face stability
assessment for the eastern entrance zone (chainage 3900-4300)?
a) What are the differences between the three original face support models, and what is
the effect of these differences on the value of the minimum support pressure?
This research consists of a comparative study between the Ruse-Vermeer model (2002), the JancseczSteiner model (1994) and the DIN4126+4085-model (2007,2013). The latter two models are both based
on limit equilibrium, which assumes a failure mechanism in front of the tunnel face. The Jancsecz-Steiner
model is based on a three-dimensional wedge model that consists of a sliding wedge loaded by a soil
silo. The DIN model originates from the stability of diaphragm walls and therefore assumes a twodimensional sliding wedge extending from the tunnel invert to ground surface. In contrast to the limit
equilibrium models, the RV model is a limit stress method that assumes a possible stress distribution
at the tunnel face and from that determines the support pressure at collapse. The parameters in this
model can be considered as safety factors (called stability numbers) obtained by performing multiple
numerical calculations.

Regardless of the choice of model, all three face stability models can be written as a summation of the
horizontal effective stress σ’h multiplied by a safety factor γh and the pore water pressure u1 multiplied
by a safety factor γu1. For all three models, the input values for the pore water pressure are the same,
whereas the input values for the horizontal effective stress differ.
The Jancsecz-Steiner model46 calculates the horizontal effective stress acting at the tunnel face
by a multiplication of the vertical effective stress in front of the tunnel face with a three-dimensional
earth pressure coefficient KA3D. The value of this coefficient for friction angles (> 20°) is approximately
equal to the active earth pressure coefficient. This model does not take the influence of cohesion into
account. Vertical soil arching can be implement in the soil profile above the TBM and this leads to a
reduction in the vertical effective stress distribution. In contrast, the horizontal soil arching component
is implemented within the KA3D coefficient. A disadvantage of this model occurs when both soil arching
components are implemented simultaneously. The reason for this is that the horizontal soil arching
component is based on the vertical effective stress distribution next to the wedge and the vertical soil
arching component is based on the vertical effective stress distribution in front of the tunnel face. In
cases where vertical soil arching has been implemented, the vertical effective stress in front of the
tunnel face reduces but this is not the case for the vertical effective stress distribution next to the
wedge.
In the DIN-model, the horizontal effective stress acting at the tunnel face is calculated by a
multiplication of the vertical effective stress in front of the tunnel face with an active earth pressure
coefficient. In case of a non-zero cohesion component, this horizontal effective stress is reduced by
the effect of cohesion. As this model originates from the stability of diaphragm walls, no soil cover
above the TBM is present and therefore, vertical soil arching is not considered. In contrast, horizontal
soil arching is taken into account by shape coefficients. These shape coefficients reduces the horizontal
stress based on the depth/length ratio of the tunnel face. An important aspect to note is that within
this thesis there are some uncertainties about this horizontal soil arching component.

46

Only the KA3D model is described.
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In the Ruse-Vermeer model, the horizontal effective stress distribution at the tunnel face is
calculated with one single equation. This horizontal effective stress is assumed to be constant and equal
to the horizontal effective stress at tunnel invert. The equation consists of stability numbers in order
to account for an additional surcharge on ground surface, reduction due to a cohesion component and
the unit weight of the soil. One of the most important assumptions in the Ruse Vermeer model is that
for friction angles larger than 20º and C/D >1, the stress arch carries the ground cover (and additional
surcharge) regardless of the magnitude of its thickness. In the equation of the model, this effect is
translated to a vertical effective stress equal to zero at tunnel crown. The disadvantage of this model
is that the above assumption is based on the soil profile in front of the tunnel face instead of the soil
profile above tunnel crown. Therefore, this model needs to be used with great caution.
In order to determine the effect of these models’ differences on the minimum support pressure, eight
case studies have been set up. The first test-series is based on the original models and the outcomes
of this test series showed that for each case the Ruse-Vermeer model results in the lowest minimum
support pressure. The Jancsecz-Steiner model (without vertical soil arching) and the DIN-model result
in the highest minimum support pressure. The Jancsecz-Steiner model including vertical soil arching
lies between those two limits.
b) Is it possible to improve the three face stability models by using aspects of other
models?
Yes, in this research the DIN-model is extended in order to take vertical soil arching into account by
the same method as used in the Jancsecz-Steiner model. From the background analysis of the DINmodel, it resulted that this model is based on the stability of diaphragm walls. This method is translated
to a tunnel face stability assessment, by replacing the diaphragm wall through a TBM. However, the
failure wedge is still based on the presence of a diaphragm wall. Compared to a retaining wall, the
tunnel face does not extend to ground surface but extends from tunnel invert to tunnel crown. This
‘reduced wedge’ is taken into account, by assuming that an active state is only valid at the location of
the TBM. Due to this modification, we can assume that the soil profile above the TBM acts as a
surcharge. This situation is equal to the Jancsecz-Steiner model and therefore we use the same method
in order to incorporate vertical soil arching within this model.
In test series 4 of the case study analysis, the effect of this incorporation in the DIN model, on
the minimum support pressure is determined. As expected, the inclusion of this vertical soil arching
component leads to a lower minimum support pressure. The obtained support pressure can even be
lower than the Jancsecz-Steiner model including soil arching due to the cohesion reduction effect and
horizontal soil arching component of the DIN-model. As described, there are some uncertainties about
the horizontal soil arching component of the DIN-model.
The DIN-model takes vertical horizontal soil arching into account by using shape-coefficients.
These shape coefficients determine a reduced value of horizontal effective stress which acts on the
tunnel face. The amount of reduction depends on the depth z below ground surface and length of the
tunnel face. As described, the failure wedge of a diaphragm wall extends from wall toe to ground
surface with no ground cover on top, while in the case of a tunnel face stability assessment, it is assumed
that an active state is only valid at the location of the tunnel face. This means that horizontal soil arching
only occurs at the location of the tunnel face. Due to this, the depth z below ground surface has to be
modified for the depth z below the tunnel crown (z*). This modification is supported by the JancseczSteiner wedge model. In this wedge model, horizontal soil arching is taken into account by shear
stresses which acts on the sides of the wedge. The corresponding shear forces are determined by the
multiplication of these shear stresses with the areas of the triangular sides of the wedge. As the height
of this wedge is equal to the diameter of the tunnel, this means that the height of the soil overburden
does not influence the area of this triangular failure plane.
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c) How do the support medium properties influence static face stability?
The support medium fulfils several roles during tunnelling, and for each role, different parameters are
important. Therefore, not for each function, the most optimal parameters can be used. For the
transport function as low as possible yield strength is required and for the stabilisation function as high
as possible yield strength is required. The support medium properties that influence static face stability
are part of the stabilisation function of the support medium.
At the face of the TBM, called bore front, a pressurised slurry is used as face support. Due to
the pressure difference between the support pressure and the (equilibrium) pore water pressure, the
bentonite suspension infiltrates the soil. In the case of fine-grained soil, this infiltration length is
practically zero and a small impermeable layer develops, also called filter cake. In case of an filtercake,
the excess pressure is transferred onto the soil skeleton by an infinitely thin membrane. In the case of
coarse-grained soil layers, the slurry penetrates a certain distance into the soil, also called penetration
zone. In this case, the support pressure is transported onto the soil skeleton over the infiltration length
by drag forces. The excess pressure is fully transferred when the maximum penetration distance is
reached.
In case of static face stability assessment, the time-dependent infiltration process is neglected,
and therefore we assume that in each case the maximum penetration distance is reached. This
maximum penetration distance of the support medium is a function of the excess pressure Δs, the
characteristic grain size diameter d10 and the yield strength of the support medium. The effect of these
parameters on the minimum support pressure are equal for both a static and transient face stability and
therefore the results are discussed at research question 2a.
d) How can the effect of slurry infiltration be modelled in the case of static face stability?
From a study by Xanthakos (1979), it resulted that the stabilizing force of the support medium depends
essentially on the penetration distance of the support medium into the ground. In case of a limit
equilibrium model which assumes a pre-defined failure mechanism, the amount of slurry that penetrates
outside this failure mechanism exerts its thrust on a soil zone that is not involved in this mechanism.
Therefore, the amount of forces outside the failure mechanism reduces the effectiveness of the support
force. As the infiltration process of the support medium is time-dependent, this process cannot be
integrated within a static face stability process. Nevertheless, the effect of slurry infiltration can be
incorporated by using the two limit cases; the membrane model (negligible penetration distance) and
the penetration zone model (maximum penetration distance). By using these limits, the effectiveness
of the support medium can be determined as the ratio between the penetrated zone within the wedge
As with the total penetrated zone of the support medium At.
In test series 6, the effectiveness of the support medium is investigated for both a homogeneous
and heterogeneous soil profile. In case of a homogeneous soil profile, the slip angle of the wedge is
constant and therefore the shape of the wedge is easily determined. In addition, the shape of the
penetration zone as a function of the maximum penetration distance increases with depth. The reason
for this is that the excess pressure Δs increases with depth, due to the difference in unit weight between
water and the support medium. In case of a heterogeneous soil profile, the slip angle and the
characteristic grain size diameter d10 are not constant over the face. Despite these facts, a method has
been developed to determine the effectiveness of the support medium in case of a stratified soil profile.
In this method, each soil layer is seen as a separate wedge analysis, and for each layer, the amount of
support medium which infiltrates outside the failure wedge is determined. The main reason which
supports this calculation method is the fact that the penetration distance of each layer is independent
of the soil properties of the other layers.
The results of test series 6 indicate that a soil layer with a high permeability (d10 value) has the
greatest effect on the effectiveness of the support medium when this layer is situated at the bottom of
the wedge due to the smallest dimensions of the wedge as this location. In addition, the total area of
the suspension saturated zone is not the main parameter, but the total area of the suspension saturated
zone outside the failure wedge.

106

2. What is the minimum required support pressure for the eastern entrance zone
(chainage 3900-4300) based on a transient face stability assessment?
a) How can the time-dependent infiltration process be modelled?
In order to model the time-dependent infiltration process, it is assumed that the infiltration process is
not interdependent with the time-dependent excavation process. Therefore, this process has been
investigated by neglecting the advance rate of the TBM, and this situation can be reflected by the ringbuilding phase.
The infiltration depth of the support medium with time is determined by using the equation
obtained by Krause (1987). This equation reflects the amount of percentage le of the final penetration
depth (emax) which is reached after a certain time. The percentage le is a function of the parameter a;
this value represents the time required in order to reach half of the maximum penetration distance.
The value a can be determined experimentally by performing column infiltration tests.
In this research, the parameters which affects this penetration distance are investigated. From
this research, it turned out that the only two factors which can be controlled are the excess pressure
and yield strength of the support medium. It can be concluded that for the same soil profile, an increase
in the yield strength parameter leads to a smaller penetration depth of the support medium. In contrast,
an increase in the excess pressure leads to an increase of the penetration depth.
For a transient face stability assessment, an as small as possible penetration distance is
beneficial. The reason for this is that in case of a penetration zone model, the excess pressure will only
be fully transferred when the maximum penetration distance is reached. In addition, during boring the
available time-span for the built-up of the filter cake is limited. Therefore, the most optimal yield
strength of the support medium is highly influenced by the time dependent excavation process.
b) How can the time-dependent behaviour of the excavation process be modelled?
In order to model the time-dependent excavation process, it is assumed that the excavation process
is not interdependent with the time-dependent infiltration process. Therefore, this time-dependent
excavation process has been investigated under the assumption that during boring a membrane model
is valid. The advance rate (mm/min) of the TBM is a function of the lay-out of the cutting wheel,
revolutions per minute and the capacity of the slurry treatment plant (STP) on the surface. The latter
imposes a maximum advance rate for the project based on the capacity of the STP pumps.
For a transient face stability assessment, two parameters are important which are the
penetration depth of the cutting wheel/tools and the time span between subsequent passing of the
cutting tools. The time span between two subsequent tool passes is the period in which the pressure
transfer mechanism is formed without being disturbed or damaged. From this thesis, it can be
concluded that for the same advance rate (mm/min), an increase in the revolutions per minute (RPM),
results in a lower value of the excavation depth per tool passing in combination with smaller time span
between tool passing. The most optimal combination between the advance rate and revolutions per
minute depends highly on the properties of the support medium.
c) How can the built-up of excess pore pressures be modelled?
During boring, a simultaneous process of excavation and face support takes place. Each rotation of the
cutting wheel consequently (partly) excavates the filter cake/penetration zone. At the same time, the
slurry infiltrates the soil in order to rebuild the filter cake/penetration zone. During this process, there
is a continuous inflow of filtrate water into the soil, resulting in excess pore pressures in front of the
TBM. In this thesis, this interaction has been simplified by the assumption that the cutting depth of the
excavation tools is so large that the entire filter cake is removed by each passage of the cutting tools.
The development of the excess pore pressures during boring can be modelled by using the
method developed by Broere (1998) and Broere & van Tol (2000, 2001). In his model, the built-up of
the excess pore water pressure in front of the TBM are determined by the inclusion of a groundwater
flow model in a wedge stability model. By using a transient groundwater flow model, the built-up of
excess pore pressures during boring as well as the dissipation of the excess pore pressures during a
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standstill has been determined. A parameter study has been performed in order to investigate this
transient groundwater flow in more detail, by considering the following four aspects: advance speed of
the TBM, permeability aquifer k, leakage length λ and the ratio D/H. From this analysis, it resulted that
an increase in the height and permeability of the aquifer, the excess pore water pressures decreases.
The reason for this behaviour is that the transmissivity kH of the aquifer increases. As the advance rate
of the TBM is increased, more excess pore water pressures will be generated at the tunnel face due
to the fact that the discharge of the TBM has increased. The leakage length has, till a certain value, a
high impact on the amount of excess pore water pressures which develops. From the parametric
analysis, it turned out, that a leakage length larger than 50 metres have a negligible influence on the
excess pore pressure distribution.
The only factor from the parametric study which we can control is the advance speed of the
TBM. In certain cases, it is highly required to reduce the built-up of the excess pore water pressures
due to the fact that a groundwater flow is induced. For example, in case of a contaminated zone within
the soil, this groundwater flow will spread this contaminant further. At such locations, the ground
water flow can be limited by reducing the advance rate of the TBM.
d) How do the support medium properties influence transient face stability?
The answer to this research question is described at research question 2a.
e) What is the effect of the additional surcharge on the minimum required support
pressure?
The placement of the additional surcharge on ground surface leads to a total stress increment equal to
the load qo of the surcharge. With time, this total stress increment is transferred to the effective stress
component. In case of a not fully consolidated soil layer above or in front of the tunnel face, at the
moment of boring, this consolidation process affects both the maximum and minimum support
pressure limits. In this thesis, two methods have been proposed in order to incorporate the effect of
consolidation process within a face stability assessment. These two methods are described in paragraph
3.5.3.
3. What is the influence of the (slurry) TBM parameters on ground deformations?
a) What are the components that determine the amount of ground deformations?
The amount of ground deformation that occur due to tunnelling is a function of the volume loss
components which occur at the face of the TBM, along the shield, at the tail and due to the deformation
of the lining. Despite the fact that this thesis is based on tunnel face stability assessment, both the
volume components at the face and along the shield are important. The reason for this is that due to
overcutting (when the excavated diameter is larger than the shield diameter) and the tapered shape of
the TBM, a joint (annulus) is present between the shield skin and the soil formation. It has been assumed
that the shield has been ‘positioned’ concentrically within the excavated diameter so that the shield is
hydraulically connected to the tunnel face. This means that the annulus is pressurised with bentonite
slurry originating from the face (Bezuijen, 2007) (Mooney et al, 2016). Due to the uniform pressure of
the support medium, the slurry radial shield pressure at the annulus is equal to the slurry pressure at
the tunnel face. In order to obtain zero surface deformations, the support pressure must match the
exact geostatic stress conditions at the location of the tunnel axis, the tunnel crown and invert, the
annulus and the tail void.
b) How can these ground deformations be assessed analytically?
This calculation method is described in paragraph 5.2
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c) How do the support medium properties influence the support pressure distribution
over the tunnel face?
The total vertical and horizontal stress distribution in front of the tunnel face has been determined for
the eight case studies. The horizontal stress is calculated by assuming neutral ground conditions. The
pressure distribution of the excavation chamber has been determined using a support pressure gradient
equal to 12 kN/m3. From this research, it turned out that it is not possible to match the exact geostatic
stress at each required location due to the support pressure gradient and the hydraulic connection
between the face and annulus. In contrast to the homogeneous soil profile, these pressure distributions
in case of a heterogenous soil profile do not increase linearly with depth, but a jump is present at the
boundary between the two layers. Due to this discontinuous pressure distribution, a large offset is
present at the upper layer between the horizontal stress and the support medium. This much larger
support pressure than required does not benefit the construction costs or time, but on the other hand,
it results in smaller ground deformations.
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Annex 1:Tunnel alignment
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Annex 2: Wedge -model
Equilibrium in the horizontal direction:
∑ 𝐻 = 0 → 𝐸 + 2𝑇 cos 𝜃 + (𝐾 + 𝑅) cos 𝜃 − 𝑁 sin 𝜃 = 0

[Equation A]

Equilibrium in the vertical direction:
∑ 𝑉 = 0 → 𝐺𝑠 + 𝐺𝑤 − 2𝑇 sin 𝜃 − (𝐾 + 𝑅) sin 𝜃 − 𝑁 cos 𝜃 = 0

[Equation B]

Substitute equation C in equation A and B, this results in equation D:
𝑅 = 𝑁 tan 𝜑

[Equation C

1

1

−

−

𝜁

𝐺𝑠 + 𝐺𝑤 + 2𝑇 𝜁 + 𝐾 𝜁 + 𝐸 𝜁+ = 0

[Equation D]

𝜁− = tan 𝜑 cos 𝜃 − sin 𝜃

[Equation D-1]

𝜁+ = tan 𝜑 sin 𝜃 + cos 𝜃

[Equation D-2]

−

Solve equation D for E:
𝐸= −

𝜁−(𝐺𝑠 +𝐺𝑤 )+(𝐾+2𝑇)
𝜁+

[Equation E]

𝐺𝑠 = 𝐵 𝐷 cot 𝜃 𝜎 ′ 𝑣 (𝑧𝑡)

[Equation F]

𝐵 𝐷 2 cot 𝜃
𝛾′
2

[Equation G]

𝐺𝑤 =
𝐾=

𝐵𝐷
𝑐
sin 𝜃

𝑇=

𝐷 2 cot 𝜃
(𝑐
2

[Equation H]
+ 𝐾𝑦 ̅̅̅̅
𝜎′𝑣 tan 𝜑)

1
̅̅̅̅
𝜎′𝑣 = 𝜎 ′ 𝑣 (𝑧𝑡 ) + 3 𝐷 𝛾′

[Equation I]
[Equation J]
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Annex 3: Calculation minimum support pressure
Case study (Series 1)
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DIN-model (Serie 1- All cases):
• Comparing Case A (homogeneous sand) with Case B (homogeneous clay) show that a higher
support pressure is required for the sand layer. The friction angle is higher for the sand layer
than for the clay layer and therefore the earth pressure coefficient is lower for the sand-layer.
Despite this lower friction angle, the unit weight of the sand-layer results in a much higher
vertical (effective) stress than the clay-layer. These two factors combined lead to a higher
support pressure for the sand-layer.
• Comparing Case A (homogeneous sand C/D=1,0) with Case C (homogeneous sand
C/D=1,5) show that these two cases result in the same support force at a depth of -17,6m
NAP and -22,8 m NAP. This means that the support pressure increases linearly with depth,
due to the homogeneous soil profile. In addition, the wall length reduction is also the same for
these two cases at these two locations due to the same depth and friction angle. This also
applies for the comparison of Case B (homogeneous clay C/D=1,0) with Case D
(homogeneous clay C/D=1,5).
• Comparing Case E (sand above; upper part clay and lower part sand) with Case F (clay above;
upper part clay and lower part sand) show that the change in soil profile above the TBM results
in a strong reduction of the support force. The reason for this is that the vertical effective
stress distribution in front of the tunnel face is lower due to the lower unit weight of clay than
sand. The soil profile in front of the TBM is the same and therefore also the earth pressure
coefficient are constant. This also applies for the comparison of Case G (sand above; upper
part sand and lower part clay) with Case H (clay above; upper part sand and lower part clay).
• Comparing Case E (sand above; upper part clay and lower part sand) with Comparing Case
G (sand above; upper part sand and lower part clay) show the effect of the variation of the soil
profile in front of the TBM. For both cases a high vertical (effective) stress distribution is
present due to the sand cover. The friction angle is lower for the clay layer than for the sand
layer and therefore the earth pressure coefficient is higher for the clay-layer. As this layer
situated on top, this high coefficient is multiplied with the weight of the soil cover and clay
layer. When this layer is located at the bottom, this high coefficient is multiplied with of the
soil cover of sand, upper layer of sand and clay layer. Therefore, the presence of a soft soil
layer has the greatest effect on the support pressure when this layer is located at the tunnel
invert. This also applies for the comparison of Case F (clay above; upper part clay and lower
part sand) with Case H (clay above; upper part sand and lower part clay). Jancsecz-Steiner All
cases
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Jancsecz-Steiner model (Serie 1- All cases):
• Comparing Case A (homogeneous sand) with Case B (homogeneous clay) show that a higher
support pressure is required for the sand layer. The friction angle is higher for the sand layer
than for the clay layer and therefore the earth pressure coefficient is lower for the sand-layer.
Despite this lower friction angle, the unit weight of the sand-layer results in a much higher
vertical (effective) stress than the clay-layer. These two factors combined lead to a higher
support pressure for the sand-layer.
• Comparing Case A (homogeneous sand C/D=1,0) with Case C (homogeneous sand
C/D=1,5) show that these two cases result in the same support force at a depth of -17,6m
NAP and -22,8 m NAP. This means that the support pressure increases linearly with depth,
due to the homogeneous soil profile. This also applies for the comparison of Case B
(homogeneous clay C/D=1,0) with Case D (homogeneous clay C/D=1,5).
• Comparing Case E (sand above; upper part clay and lower part sand) with Case F (clay above;
upper part clay and lower part sand) show that the change in soil profile above the TBM results
in a strong reduction of the support force. The reason for this is that the vertical effective
stress distribution in front of the tunnel face is lower due to the lower unit weight of clay than
sand. The soil profile in front of the TBM is the same and therefore also the earth pressure
coefficient are constant. This also applies for the comparison of Case G (sand above; upper
part sand and lower part clay) with Case H (clay above; upper part sand and lower part clay).
• Comparing Case E (sand above; upper part clay and lower part sand) with Comparing Case
G (sand above; upper part sand and lower part clay) show the effect of the variation of the soil
profile in front of the TBM. For both cases a high vertical (effective) stress distribution is
present due to the sand cover. The friction angle is lower for the clay layer than for the sand
layer and therefore the earth pressure coefficient is higher for the clay-layer. As this layer
situated on top, this high coefficient is multiplied with the weight of the soil cover and clay
layer. When this layer is located at the bottom, this high coefficient is multiplied with of the
soil cover of sand, upper layer of sand and clay layer. Therefore, the presence of a soft soil
layer has the greatest effect on the support pressure when this layer is located at the tunnel
invert. This also applies for the comparison of Case F (clay above; upper part clay and lower
part sand) with Case H (clay above; upper part sand and lower part clay).
• Comparing Case A&B (JS model) with Case A&B (DIN model) show that the difference
between a homogeneous cohesionless layer and a homogeneous cohesive is higher in the DINmodel. The reason for this is that in case of the DIN-model the earth pressure component is
reduced with a cohesion component.
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Jancsecz-Steiner model* (Serie 1- All cases):
• Comparing Case A (homogeneous sand) with Case B (homogeneous clay) show that a higher
support pressure is required for the sand layer. The friction angle is higher for the sand layer
than for the clay layer and therefore the earth pressure coefficient is lower for the sand-layer.
Despite this lower friction angle, the unit weight of the sand-layer results in a much higher
vertical (effective) stress than the clay-layer. These two factors combined lead to a higher
support pressure for the sand-layer.
• Comparing Case A (homogeneous sand C/D=1,0) with Case C (homogeneous sand
C/D=1,5) show that these two cases result in the same support force at a depth of -17,6m
NAP and -22,8 m NAP. This means that the support pressure increases linearly with depth,
due to the homogeneous soil profile. This also applies for the comparison of Case B
(homogeneous clay C/D=1,0) with Case D (homogeneous clay C/D=1,5).
• Comparing Case E (sand above; upper part clay and lower part sand) with Case F (clay above;
upper part clay and lower part sand) show that the change in soil profile above the TBM results
in a strong reduction of the support force. The reason for this is that the vertical effective
stress distribution in front of the tunnel face is lower due to the lower unit weight of clay than
sand. The soil profile in front of the TBM is the same and therefore also the earth pressure
coefficient are constant. This also applies for the comparison of Case G (sand above; upper
part sand and lower part clay) with Case H (clay above; upper part sand and lower part clay).
• Comparing Case E (sand above; upper part clay and lower part sand) with Comparing Case
G (sand above; upper part sand and lower part clay) show the effect of the variation of the soil
profile in front of the TBM. For both cases a high vertical (effective) stress distribution is
present due to the sand cover. The friction angle is lower for the clay layer than for the sand
layer and therefore the earth pressure coefficient is higher for the clay-layer. As this layer
situated on top, this high coefficient is multiplied with the weight of the soil cover and clay
layer. When this layer is located at the bottom, this high coefficient is multiplied with of the
soil cover of sand, upper layer of sand and clay layer. Therefore, the presence of a soft soil
layer has the greatest effect on the support pressure when this layer is located at the tunnel
invert. This also applies for the comparison of Case F (clay above; upper part clay and lower
part sand) with Case H (clay above; upper part sand and lower part clay).
• Comparing Case A-H (JS model without arching ) with Case A-H (JS model with arching)
show that the minimum support pressures are lower due to the effect of vertical soil arching.
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Ruse-Vermeer model (Serie 1- All cases):
• Comparing Case A (homogeneous sand C/D=1,0) with Case C (homogeneous sand
C/D=1,5) at a depth of -17,6m NAP and -22,8 m NAP show that the value for the support
pressure is constant over the complete tunnel face. The reason for this is that the soil cover
is neglected due to a friction angle greater than 20°. This also applies for the comparison of
Case B (homogeneous clay C/D=1,0) with Case D (homogeneous clay C/D=1,5).
• Comparing Case E (sand above; upper part clay and lower part sand) with Case F (clay above;
upper part clay and lower part sand) show that the due to the neglection of the overburden,
the same support force applies while the soil profile above the TBM varies. This also applies
for the comparison of Case G (sand above; upper part clay and lower part sand) with Case
H (clay above; upper part clay and lower part sand).
• Comparing Case E (sand above; upper part clay and lower part sand) with Comparing Case
G (sand above; upper part sand and lower part clay) show that a soil type with a low friction
angle at the bottom results in a higher support force at this part as the vertical stress is
multiplied with an higher earth pressure coefficient. This also applies for the comparison of
Case F (clay above; upper part clay and lower part sand) with Case H (clay above; upper part
sand and lower part clay).
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Case-study (Series 2)
•

Case E: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of clay and a bottom layer of sand. The soil cover
consists of a sand layer.
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•

Case F: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of clay and a bottom layer of sand. The soil cover
consists of a clay layer.
Minimum support pressure with depth (horizontal effective stress)
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RV Case F2

RV Case F1

•

Case G: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of sand and a bottom layer of clay. The soil cover
consists of a sand layer.
Minimum support pressure with depth (horizontal effective stress)
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Case H: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of sand and a bottom layer of clay. The soil cover
consists of a clay layer.
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Case study (Series 3)
•

Case E: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of clay and a bottom layer of sand. The soil cover
consists of a sand layer.
Minimum support pressure with depth (horizontal effective stress)
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•

Case F: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of clay and a bottom layer of sand. The soil cover
consists of a clay layer.
Minimum support pressure with depth (horizontal effective stress)
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RV Case F3

140

•

Case G: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of sand and a bottom layer of clay. The soil cover
consists of a sand layer.
Minimum support pressure with depth (horizontal effective stress)
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Case H: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of sand and a bottom layer of clay. The soil cover
consists of a clay layer.
Minimum support pressure with depth (horizontal effective stress)
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Case study (Series 4)
•

Case A: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=1,0).
Minimum support pressure with depth (horizontal effective stress)
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•

Case C: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=1,5).
Minimum support pressure with depth (horizontal effective stress)
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JS Case C1*

RV Case C1

•

Case B: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=1,0).
Minimum support pressure with depth (horizontal effective stress)
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Case D: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=1,5).
Minimum support pressure with depth (horizontal effective stress)
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Case-study (Series 5)
•

Case A: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=1,0).

Minimum support pressure with depth (horizontal effective stress)
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•
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Case C: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=1,5).
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JS Case C1*
DIN Case C5 (2D)

RV Case C1
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•

Case I: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=2,0).
Minimum support pressure with depth (horizontal effective stress)
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Case J: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=2,5).
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•

Case B: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=1,0).
Minimum support pressure with depth (horizontal effective stress)
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Case D: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=1,5).
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Support pressure [kPa]l
JS Case D1
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•

Case K: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=2,0).
Minimum support pressure with depth (horizontal effective stress)
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•
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Case L: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=2,5).
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Case study (Series 6)
Maximum penetration distance during a standstill
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DIN standstill Case E

JS standstill Case E

8

Maximum penetration distance during a standstill
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Annex 4: Consolidation calculations
Chainage 4080
Location 4080: Consolidation calculation

Parameters
Consolidation
Drainage length d
coefficient cv
[m2/s]
[m]
3∙10-8
4,4
1∙10-7
11,3
-8
6∙10
7,85

Layer

Thickness
layer
[-]
[m]
3 Peat
4,4
4C Clay
11,3
Combined 15,7
𝑡=

𝑇𝑣 ∙𝑑2
𝑐𝑣

(𝑐𝑜𝑛𝑠𝑜𝑙𝑖𝑑𝑎𝑡𝑖𝑜𝑛 95% 𝑐𝑜𝑚𝑝𝑙𝑒𝑡𝑒 ≈ 𝑇𝑣 = 1,0)

𝑐𝑣:𝑐𝑜𝑚𝑏𝑖𝑛𝑒𝑑 =

Consolidation
time
[days]
7496
14779
11887
∑ 𝐻𝑖
𝐻
∑ 𝑖

𝑐𝑣𝑖

Face support calculations
Placement additional surcharge 2 years (63 113 852 seconds) before construction
- Half-closed peat layer  maximum ue bottom peat layer (assume no interaction)
𝑇𝑣 =

𝑐𝑣 𝑡 3 ∙ 10−8 ∙ 63 113 852
=
≈ 0,01
𝑑2
4,42

𝑇𝑣 =

𝑢𝑒
= 0,98 𝑠𝑜 𝑢𝑒 = ∆𝑞 = 5,88 𝑘𝑃𝑎
∆𝑞

Half-closed clay layer  maximum ue top clay layer (assume no interaction)
𝑐𝑣 𝑡
𝑑2

=

1∙10−7 ∙63 113 852
11,32

≈ 0,05

𝑢𝑒
∆𝑞

= 0,96 𝑠𝑜 𝑢𝑒 = ∆𝑞 = 5,76 𝑘𝑃𝑎

Pore waterpressure distribution
𝑘𝑒𝑞 =

∑ 𝐻𝑖
𝐻
∑ 𝑖
𝑘𝑖

=

∑(3,4+11,3+3,4)
∑(

3,4
11,3
3,4
+
+
)
4𝐸09 5𝐸09 6𝐸06

= 5 ∙ 10−9 𝑚/𝑠

∆ℎ

𝑞

𝑞𝑖 = 𝑘 𝑒𝑞 ∙ 𝑖 𝑒𝑞 = 𝑘 𝑒𝑞 ∙ 𝐻 → ∆ℎ𝑖 = 𝑘𝑖 ∙ 𝐻𝑖
𝑖

𝑖

∆ℎ1 = 0,24 𝑚
∆ℎ2 = 0,64 𝑚
∆ℎ3 ≈ 0 𝑚
∆ℎ ≈ 0,88 𝑚
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Chainage 4100
Location 4100: Consolidation calculation

Layer

Thickness
layer
[m]
0,8
3,4
11,3
15,5

[-]
2A clay
3 Peat
4C Clay
Combined
𝑡=

𝑇𝑣 ∙𝑑2
𝑐𝑣

Parameters analysis
Consolidation
Drainage length Consolidation
coefficient cv
d
time
[m2/s]
[m]
[days]
-8
4∙10
0,8
185
3∙10-8
x (3,4)
x (4460)
1∙10-7
11,3
14779
-8
6,3∙10
7,75
11034

(𝑐𝑜𝑛𝑠𝑜𝑙𝑖𝑑𝑎𝑡𝑖𝑜𝑛 95% 𝑐𝑜𝑚𝑝𝑙𝑒𝑡𝑒 ≈ 𝑇𝑣 = 1,0)

𝑐𝑣:𝑐𝑜𝑚𝑏𝑖𝑛𝑒𝑑 =

∑ 𝐻𝑖
𝐻
∑ 𝑖

𝑐𝑣𝑖

Face support calculations
Placement additional surcharge 2 years (63 113 852 seconds) before construction
- Open layer  maximum ue middle (-8,5 m NAP)
𝑇𝑣 =

𝑐𝑣 𝑡 6,3 ∙ 10−8 ∙ 63113852
=
≈ 0,06
𝑑2
7,752

𝑢𝑒
= 0,96 𝑠𝑜 𝑢𝑒 = 0,96∆𝑞 = 11,52 𝑘𝑃𝑎
∆𝑞

Pore waterpressure distribution
𝑘𝑒𝑞 =

∑ 𝐻𝑖
𝐻
∑ 𝑖
𝑘𝑖

=

∑(3,4+11,3+3,4)
3,4
11,3
3,4
∑(
+
+
)
4𝐸09 5𝐸09 6𝐸06

∆ℎ1 = 0,23 𝑚
∆ℎ2 = 0,64 𝑚
∆ℎ3 ≈ 0 𝑚
∆ℎ ≈ 0,87 𝑚
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= 5 ∙ 10−9 𝑚/𝑠

∆ℎ

𝑞

𝑞𝑖 = 𝑘 𝑒𝑞 ∙ 𝑖 𝑒𝑞 = 𝑘 𝑒𝑞 ∙ 𝐻 → ∆ℎ𝑖 = 𝑘𝑖 ∙ 𝐻𝑖
𝑖

𝑖

Chainage 4120-4140
Location 4120/4140: Consolidation calculation

Layer

Thickness
layer
[m]
0,7
3,1
2
5,8
0,8

[-]
2A clay
3 Peat
4C Clay
Combined
5 Peat
𝑡=

𝑇𝑣 ∙𝑑2
𝑐𝑣

Parameters analysis
Consolidation
Drainage
coefficient cv
length d
2
[m /s]
[m]
4∙10-8
0,7
3∙10-8
X (3,1)
-7
1∙10
2
4,14∙10-8
2,9
7∙10-8
0,4

(𝑐𝑜𝑛𝑠𝑜𝑙𝑖𝑑𝑎𝑡𝑖𝑜𝑛 95% 𝑐𝑜𝑚𝑝𝑙𝑒𝑡𝑒 ≈ 𝑇𝑣 = 1,0)

Consolidation
time
[days]
142
X (3708)
462
2351
106

𝑐𝑣:𝑐𝑜𝑚𝑏𝑖𝑛𝑒𝑑 =

∑ 𝐻𝑖
𝐻
∑ 𝑖

𝑐𝑣𝑖

Face support calculations
Placement additional surcharge 2 years (63 113 852 seconds) before construction
- Open layer  maximum ue middle (-4,5 m NAP)
𝑇𝑣 =

𝑐𝑣 𝑡 4,14 ∙ 10−8 ∙ 63113852
=
≈ 0,31
𝑑2
2,92
=

𝑇𝑣 =

𝑘𝑒𝑞 =

𝑢𝑒
= 0,6 𝑠𝑜 𝑢𝑒 = 0,6 ∆𝑞
∆𝑞
15,6 𝑘𝑃𝑎 (4120) 𝑜𝑟 19,8 (4140)

𝑐𝑣 𝑡 7 ∙ 10−8 ∙ 63113852
𝑢𝑒
=
≈ 0,52
= 0,37 𝑠𝑜 𝑢𝑒 = 0,37 ∆𝑞
2
2
𝑑
2,9
∆𝑞
=
9,62 𝑘𝑃𝑎 (4120) 𝑜𝑟 12,21 (4140)
Pore waterpressure distribution

∑ 𝐻𝑖
𝐻
∑ 𝑖
𝑘𝑖

=

∑(3,4+11,3+3,4)
∑(

3,4
11,3
3,4
+
+
)
4𝐸09 5𝐸09 6𝐸06

= 1,23 ∙ 10−8 𝑚/𝑠

∆ℎ

𝑞

𝑞𝑖 = 𝑘 𝑒𝑞 ∙ 𝑖 𝑒𝑞 = 𝑘 𝑒𝑞 ∙ 𝐻 → ∆ℎ𝑖 = 𝑘𝑖 ∙ 𝐻𝑖
𝑖

𝑖

∆ℎ1 = 0,49 𝑚
∆ℎ2 = 0,25 𝑚
∆ℎ3 ≈ 0 𝑚
∆ℎ4 = 0,12 𝑚
∆ℎ ≈ 0,88 𝑚
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Annex 5:Transient face stability
Parameter study
Case-study 1
Conditions
Conditions case 1
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
11
u
0,08
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 1]

Excess pore pressures [kPa]
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Case-study 2
Conditions
Conditions case 2
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
16,66
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 2]
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Case-study 3
Conditions
Conditions case 3
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
22
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 3]
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Case-study 4
Conditions
Conditions case 4
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
27,5
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 4]
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Case-study 5
Conditions
Conditions case 5
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
5,5
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time

Excess pore pressure with time [Case 5]
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Case-study 6
Conditions
Conditions case 6
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
2,75
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 6]

Excess pore pressures [kPa]
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Case-study 7
Conditions
Conditions case 7
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
11
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
3
Discharge q [m/h]
-1,2
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-13,2
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 7]
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Case-study 8
Conditions
Conditions case 8
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
11
u
0,081
Porosity n [-]
0,4
Advance speed v [m/h]
0,75
Discharge q [m/h]
-0,3
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-3,3
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 8]
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Case-study 9
Conditions
Conditions case 9
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,216
Height aquifer H [m]
11
u
0,06
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 9]
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Case-study 10
Conditions
Conditions case 10
11
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,0108
Height aquifer H [m]
11
u
0,25
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
11
Radius tunnel [m]
5,5
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation excess pore pressures with time
Excess pore pressure with time [Case 10]
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Case study Rijnlandroute

Case-study A
Conditions
Conditions case A
10,96
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
21,92
u
0,08
Porosity n [-]
0,4
Advance speed v [m/h]
1,5
Discharge q [m/h]
-0,6
Diameter tunnel [m]
10,96
Radius tunnel [m]
5,48
Discharge Q [m3/h]
-6,6
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation of the excess pore pressures with distance x from tunnel face
Excess pore pressure with distance x from the tunnel face [Case A]
16
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Case-study C
Conditions
Conditions case C
13,42
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
27,4
u
0,08
Porosity n [-]
0,40
Advance speed v [m/h]
1,50
Discharge q [m/h]
-0,6
Diameter tunnel [m]
10,96
Radius tunnel [m]
5,48
Discharge Q [m3/h]
-6,57
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation of the excess pore pressures with distance x from tunnel face

Excess pore pressure with distance x from the tunnel face [Case C]
14
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0,5h after start boring
Start ringbuilding/Steady state
0,83h after start ringbuilding

50

Case-study E/F/H
Conditions
Conditions case E/F/H
50
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
5,48
u
0,08
Porosity n [-]
0,40
Advance speed v [m/h]
1,50
Discharge q [m/h]
-0,6
Diameter tunnel [m]
5,48
Radius tunnel [m]
2,74
Discharge Q [m3/h]
-3,28
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation of the excess pore pressures with distance x from tunnel face

Excess pore pressure with distance x from the tunnel face [Case E/F/H]
50

Excess pore pressures [kPa]

45
40
35
30
25
20
15
10
5
0
0

5

10

15

20

25

30

35

40

45

50

distance x from tunnelface [m]
0,1h after start boring
Stop boring phase
0,4h after start ringbuilding

0,5h after start boring
Start ringbuilding/Steady state
0,83h after start ringbuilding

166

Case-study G
Conditions
Conditions case G
15,49
Leakage length λ [m]
Storativity soil Ss [m-1]
0,0007
Permeability soil k [m/h]
0,108
Height aquifer H [m]
16,44
u
0,08
Porosity n [-]
0,40
Advance speed v [m/h]
1,50
Discharge q [m/h]
-0,6
Diameter tunnel [m]
5,48
Radius tunnel [m]
2,74
Discharge Q [m3/h]
-3,28
Boring time [h]
5/8= 1,33
Ring building time [h]
5/6= 0,83
Build-up and dissipation of the excess pore pressures with distance x from tunnel face
Excess pore pressure with a distance x from the tunnel face [Case G]
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Annex 6: Pressure distributions cases
•

Case A: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=1,0).
Pressure distributions soil/excvation chamber[Case A]
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Case B: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=1,0).
Pressure distributions soil/excvation chamber [Case B]
0

100

200

300

400

500

600

-12,3
-14,3

Depth [m NAP]

•

Vertical total stress
Excavation chamber

-16,3
-18,3
-20,3
-22,3
-24,3

Total stress/ support pressure [kPa]
Horizontal total stress
Stress difference annulus

Vertical total stress
Excavation chamber

168

•

Case C: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous sand profile (C/D=1,5).
Pressure distributions soil/excavation chamber [Case C]
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•
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Case D: Minimum support pressure (horizontal effective stress) with depth for a
homogeneous clay profile (C/D=1,5).
Pressure distributions soil/excavation chamber [Case D]
0

100

200

300

400

500

-12,3
-14,3

Depth [m NAP]

-16,3
-18,3
-20,3
-22,3
-24,3
-26,3
-28,3
-30,3

Total stress/ Support pressure [kPa]
Horizontal total stress
Stress difference annulus
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Vertical total stress
Excavation chamber
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•

Case E: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of clay and a bottom layer of sand. The soil cover
consists of a sand layer.
Pressure distributions soil/excavation chamber [Case E]
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Case F: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of clay and a bottom layer of sand. The soil cover
consists of a clay layer.
Pressure distributions soil/excavation chamber [Case F]
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•

Case G: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of sand and a bottom layer of clay. The soil cover
consists of a sand layer.

Pressure distributions soil/excavation chamber [Case G]
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•

Vertical total stress
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Case H: Minimum support pressure (horizontal effective stress) with depth. Soil profile in
front of the TBM consists of an upper layer of sand and a bottom layer of clay. The soil cover
consists of a clay layer.
Pressure distributions soil/excvation chamber [Case H]
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Vertical total stress
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