25-6-90-2

January 1990

Summary of the research on
bolted beam-to-column
conhnections

Ir. P. Zoetemeijer

Library
Steel Structures













Preface

This report embodies the result of much research and many detailed and
intensive discussions within the Committee "Connections” of the Staal-
bouwkundig Genootschap (Structural Steelwork Association).

In those discussions the emphasis was not only on economic aspects, but
more particularly also on aspects of structural safety. For example, in
the case of calculations based on elastic theory it will, in order to
obtain the necessary safety, often be necessary to ensure that particu-
lar plastic deformations can occur.

Besides making theif valuable contributions to the Committee's activi-
ties, the members often ensured that manpower and material were made
available to enable the extensive testing of specimens to be carried
out. The tests were performed in the Stevin Laboratory of the Delft Uni-
versity of Technology. At the time of completion of this report the Com

mittee "Connections" comprised the following members:

Prof.ir. J. Berenbak : Delft University of Technology
Hollandia-Kloos, Krimpen a/d IJssel

Ir. L.P. Bouwman : Delft University of Technology

Ir. F.5.K. Bijlaard : TNO-IBBC, Rijswi jk

H.G.A. Evers : Evers Staalconstructies, Hillegom

Staalbouw Commissaris b.v., Haarlem
H.C.G. b.v., Leiden
Delft University of Technology

Ing. C.D. Lucas

Ing. L. van Osch
Ing. A.A. Roodnat
Ir. W.J.M. Voorn

.

Ingenieurs- en Adviesbureau
Polydee b.v., Breda

Ir. R. v.d. Waal
Ir. J. Weenink ¢ Public Works Department, Rotterdam

..

Ingenieursbureau Veth b.v., Dordrecht

Ir. P. Zoetemei jer

.o

Delft University of Technology.













TABLE OF CONTENTS

Notations

Introduction

1 Influences of connection behaviour and design methods on the
behaviour of frames

1.1 Introduction

1.1. Data relating to frames

1.1. Data relating to connections

1.1. Relations between the frame and the behaviour of the connections

1.2 Elastic analysis or plastic analysis

1.3 Plastically designed connections in elastically designed frames

1.4 Elastically designed connections in plastically designed frames;
required deformation capacity and associated stiffnesses of
connections

1.5 Design example of an unbréced frame

1.6 Can the flexibility of the connection be neglected?

1.7 Influence of the stiffness of connections in a braced frame

1.8 Considerations with a view to simplifying the analysis of a
braced frame

1.9 When should the flexibility of semi-rigid connections be taken
into account?

1.10 Main points of Chapter 1

2 Design rules for stiffness, strength and rotational capacity

2.1 Introduction

2,2 Strength of T-stub connections

2.3 Strength of column flanges without stiffeners

2.4 Strength of column flanges with stiffeners

2.5 Strength of a connection with projecting end plate and four

bolts on the tension side

~N o U~

12

13
15
16
19

24

25

27
27
28
30
31
32




P N N

Strength of a connection with more than one row of bolts on

tension side between the beam flanges

2.6.1 Bolt forces in a group of bolts
2.6.2 Design strength of the connection
2.6.3 Distribution of forces in the web behind end plate or column
flange
2.7 Deformation capacity
2.8 Deformation capacity and bolt force capacity
2.9 Stiffness
2.10 Increasing the stiffness of the connection
2,11 Increasing the strength of the connection
2.11. Tension side (packing plates)
2.11.2 Compression side
2.11. Shearing zone
2.12 Interaction of mechanisms
2,12, Compression and shearing of column web
2.12.2 Compression and compression in column web
2.12.3 Compression and bending in column web
2,13 Main points of Chapter 2
3 Standardization
3. General
3. Angle cleats
3. Extended end plates
Connections subjected to impact loading

1 Introduction

2 Tests

3 Main points of Chapter 4
References
Appendix A

Appendix B

33

34
36
39

40
42
43
45
46
47
47
48
49
49
49
49
50

53
53
54
35

60
60

60

61

63

68
74




Notation

2

A, (@)
B,

D (N)

E (N/mz)
F (N)

Fe

FE

13 (N

F (N)
F, M

Fp (M)

G

1 @)
Me (Nm)
Mp (Nm)
Mv (Nm)
f, (Nm)

R

a (m)

b (m)

b (m)
bmo (m)

c (Nm/rad)
Cy (Nm/rad)
f (m)

fy (N/mz)
h (m)

i

k

1 (m)

stressed cross-sectional area of bolt

tensile design strength of a bolt in the ultimate limit
state

shear force

modulus of elasticity (Young's modulus)

actual force

strength (loadbearing capacity) of a frame

Euler buckling load of a frame

design strength in the ultimate limit state

force at time “"zero"

prestressing force

design strength of a plate in the ultimate limit state

point on moment-rotation diagram where the calculated
uniformly distributed load causes Just the permissible
deflection of a beam

moment of inertia of beam

elastic moment of beam in the ultimate limit state
plastic moment of beam

moment in the connection

design strength (moment capacity) of the connection in
the ultimate limit state

reduction factor

distance

width

effective length of plate or flange

effective length of packing plate

spring constant

spring constant of column

deflection at mid-span

guaranteed yield point

depth of beam or connection, or height of column
subscript, or number of bolt rows

ratio of stiffness of connection to stiffness of beam

span of beam
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(M)
(N)
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(m)
(m)
(N/m)
(N/m)

(m)
(m)
(m)
(m)
(s)

(m)
(rad)

and kz

(N/m?)

distance from centre of bolt to point of fixity of the
plate

distance from centre of bolt to point of fixity of the
end plate .

distance from centre of bolt to point of fixity of the
column flange

plastic moment per unit length of plate or flange
plastic moment per unit length of packing plate

distance from centre of bolt to point of action of prying
force

number

distance from centre of bolt to free edge of plate
bolt spacing

uniformly distributed load per unit length of beam

uniformly distributed load in the ultimate limit state of
the beam

plate thickness or flange thickness
flange thickness

web thickness

end plate thickness

duration of time

factor which, multiplied by the plastic moment per unit
length, gives the plate strength (see Fig. 2.5)

ratio of plate strength to bolt strength
n/m < 1.25

deflection or displacement

angular rotation

ratios

actual stress.




Introduction

The object of this report is to improve the understanding of the behav-
iour of bolted beam-to-column connections.

This has been made possible by supplementary research wvhich has been
carried out since the publication of the "Code of practice for the
calculation and detailing of bolted beam-to-column connections” in 1978.
The research is concerned chiefly with beam-to-column connections which
can resist bending moment and comprise two or more horizontal rows of
bolts in end plates which, on the tension side of the connection, either
- do not project beyond the flange of the beam, so-called flush end

plate, or
- project beyond the flange of the beam, so-called extended end plate,

connected either to

- column flanges with stiffeners, or to

- column flanges without stiffeners.

The connections dealt with in this report are chiefly:
- semi-rigid connections;

- partial-strength connections.

These designations are used also in Eurocode 3/3/.

A connection is semi-rigid if the design stiffness of the connection
(moment-rotation ratio) is less than the stiffness of the connected beam
over a length equal to half the depth of the column section.

In a partial-strength connection the design strength of the connection

is less than the strength of the connected beam.
A connection which is completely rigid is not necessarily a full-strength
connection, and vice versa.

In analysing the structure (calculating the distribution of forces) in

accordance with elastic theory the stiffness (or rigidity) of the con-

nections is important. In a calculation in accordance with elementary

plastic theory their strength is important.

In Chapter 1 it is explained why a.distinction is drawn between struc-—
tures which are analysed in accordance with plastic theory and with

elastic theory respectively.




Then follows a discussion of the effects that the reduced stiffness and
strength of the structural connections have upon the results of the cal-
culations.

It is also considered how the calculations can be simplified by imposing
requirements as to stiffness and deformation capacity of the connections.
In this context a distinction is drawn between calculations for braced
frames (without sidesway) and unbraced frames (with sidesway).

Chapter 2 gives the formulae with which the stiffness and strength of a
connection formed with an end plate and one or more rows of bolts can be
calculated. |

The design rules for the temsile strength of connections formed with T-
stubs, extended end plate and flush end plate are found to be identical.
The rules are summarized in a chart in which the strength can be read if
the plate strength/bolt strength ratio of a plate portion with a group
of bolts is known. This is illustrated with the aid of design examples.
The plate strength/bolt strength ratio is found also to be a criterion
of deformation capacity.

The formula for the calculation of stiffness is based on the summation
of the flexibilities of the various components of the connection. It can
be taken into account that components which have not yet reached failure
are less flexible than those which determine the design strength of the
connection. Design examples elucidate the method.

The available possibilities for increasing the strength and stiffness of
the connection are also indicated in Chapter 2. With reference to some
test results it is shown that the strength of connections is influenced
only by very high normal stresses in the columns. This must be taken in-
to account with the aid of the reduction formulae given.

Interaction of shear stresses and normal stresses in the column web need
not be considered. Test results which provide confirmation for the theo-
ry set fort in Chapter 2 are discussed in Chapters 3 and 4. The tests
reported in Chapter 3 were carried out for the purpose of standardiza-
tion of structural connections formed with angle cleats and extended end
plates. It appears from these tests that in the design of structural
connections it is necessary to take account of the differences in the
load~deformation relationships of the componen&s of the connection, un-

less. these components possess sufficient deformation capacity.




To be certain of sufficient deformation capacity, the upper limit of the
yield point would have to meet particular requirements. Since this is im-
practicable, standardization of angle cleats for structural design calcu-
lations is based on elastic theory.

In standardizing the end plates it is not known in advance whether the
required deformation could be provided also by other parts of the comnnec-
tion, e.g., the flange of the column. In the case of extended end plates
the requirement of sufficient deformation capacity results in such small
thicknesses for these plates that their strength is too greatly reduced
{f it were desired to employ these end plates in a structure designed on
the basis of elastic theory.

This has led to the conclusion that it is the design rules, not the struc-
tural components, that should be standardized. The tests described in
Chapter 4 were performed in order to show that structural connections, &as
specified in Chapter 2, can resist large loads due to explosionms if it is
ensured that the connections possess deformation capacity.

Each Chapter is followed by a summary of the main points. The results of
the research have been incorporated in EC3/3/,

A substantial proportion of the design rules presented here has already
been incorporated in the draft entitled “Concept N.P.R.-verbindingen” /2/.
The present report is intended as explanatory comment on the above men-

tioned proposal and draft.




1.1

Chapter 1:

Influences of connection behaviour and design methods on the behaviour of

frames.

Introduction

The draft design rules /2/ state the requirements to be satisfied by the
structural connections. They are summarized in Fig. 1.1. The present re-
port is concerned chiefly with semi-rigid or partial-strength connections.
The moment-rotation behaviour of semi-rigid connections must be known in
order to be able to calculate the interaction of the parts to be con-
nected. The actual stiffness and strength of the connections can be calcu-
lated only with a limited degree of accuracy. Therefore it is necessary to
have a conception of the influence of these properties upon the behaviour

of the frame structure.

1.1.1. Data relating,to frames

Fig. 1.2 presents an overview of the possibilities that play a part in de-
signing a structural frame and its connections.

In the first place, the distribution of forces in the frame and the con-
nections can be analysed in accordance with elastic theory or with plastic
theory. Alternatively, different theories may be used for the frame and
for the connections, subject only to the limiting condition that a connec-
tion which remains elastic up to failure cannot be employed in a structure

designed on the basis of plastic theory unless the connection is stronger

‘than the connected beam. In the latter case the requisite deformation can

be provided by the plastic hinge that develops adjacent to the connection.
In the analysis of the frame it may be necessary to take account of sec-
ond-order effects. This means that the product of the lateral displacement
of the columns and the normal forces in the columns is so great that it

gives rise to additional moments and displacements.
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REQUIREMENTS APPLICABLE TO CONNECTIONS,

The behaviour of the connection must be in conformity with the assumptions
on which the analysis of the structure, i.e., the calculation of the dis-
tribution of forces in it, is based. The structure may be analysed in ac-

cordance with elastic theory or in accordance with plastic theory.

For an analysis in accordance with elastic theory the connections may be

assumed to be:

- either hinged,
- or fully rigid,
- or semi-rigid.

In all cases the connections must be able to resist the calculated forces.

Hinged connections must be able to undergo the required rotation without

causing moments of any appreciable magnitude to develop in the structural

members in consequence of the action of internal forces in the connections.

Fully rigid connections are moment-resisting connections in which the de-

formations have no effect on the calculated distribution of forces and on

the deformations of the structure.

Semi-rigid connections are moment-resisting connections whose flexibil-

ity influences the distribution of forces in the structure. The moment=-ro-
tation behaviour must be known if the structure is to be accurately analy-

sed.

For an analysis in accordance with plastic-theory the connections may be

assumed to be:
- either full-strength (moment-resisting)

- or partial-strength (moment-resisting) connections.

In the case of full-strength connections the design moment of the connec=

tion must not be less than the plastic moment of the connected structural

member.

In the case of partial-strength connections the connection may be weaker

than the connected member, provided that the rotational capacity is SO
great that all the plastic hinges required for the collapse mechanism can

develop.

Fig. 1.1: Requirements applicable to connections.




These additional moments and displacements may in turn affect the behav-
iour of the frame and must therefore be taken into account.

In relation to this it makes a great difference whether or not the frame
is laterally supported, i.e., whether or not it is braced or restrained

against “sidestf. The terms "braced frame" (without sidesway and "un-
braced frame" (with sidesway) are employed in this context.

1.1.2. Data relating to connections

The overview presented in Fig. 1.2 applies only to partial-strength con-
nections. The exceptions for full-strength connections will be mentioned
in due course. Partial-strength connections may be either rigid or semi-
rigid. If the distribution of forces in the conmnection is determined on
the basis of elastic theory, the connection will in general be more rigid
than if the distribution of forces is determined on the basis of plastic
theory. The validity of this statement is conditional upon so detailing
the connection that the principles of the elastic or of the plastic theory
are valid. This will be i1llustrated with the aid of some examples.
Application of elastic theory presupposes that plane sections remain plane
in a member that undergoes bending (Bernoulli's assumption). This is uti-
lized for calculating the distribution of forces in the bolts connecting
an end plate to a column. For this it must be ensured that the end plate
and the column flange remain plane when subjected to load. If this re-
quirement is satisfied, a rigid connection will as a rule be obtained be-
cause the deformation is caused only by strain in the bolts.

In applying-.plastic theory it is assumed that the connecting elements can
undergo so much deformation that a component in which early failure occurs
will deform to such an extent that other parts of the connection can also
fail. This has certain consequences for the design of a beam-to-column
connection which does not allow'of elastic analysis because; for example,
the column flange is too thin. In that case the end plate or the column
flange must be able to deform so much that not only the row of bolts in
the extended part of the end plate attains its design strength, but also
the rows located in the less deformed parts of the end plate or column

flange between the beam flanges (see Chapter 3).
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Data of connection
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pistribution of forces in connection
calculated by:
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Likelihood of
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Very 1likely| Possible Less likely
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Fig. 1.2:

structural frame and connections.

Overview of the possibilities associated with the design of a



The consequence 1s that such a connection is in general less rigid than

a connection designed on the basis of elastic theory. From the foregoing
it appears that it is sometimes necessary to apply plastic theory unless
stiffeners for the column flanges are installed. The principle adopted
in this report is that the designer will try to avoid as much as possible
the use of stiffeners because fitting and welding them are expensive.

In some cases, however, their use cannot be avoided, and for this reason

the design procedure for connections with stiffeners is also indicated.

1.1.3. Relations between the frame and the behaviour of the connections

Which relations between the design methods for frames and for the struc-
tural connections require further elucidation is apparent from Fig. 1.2.
The behaviour of frames designed by the elastic method, with fulirigid
connections likewise of elastic design, is known. This used to be the de-
slgn procedure in all cases.

Connections designed by the elastic method which behave elastic ally up to
failure are not permissible in frames of plastic design unless such con-
nections are stronger than the connected beams.

On the other hand, connections designed by the plastic method are allowed
to be used in frames designed by the elastic method. In such cases the
stiffness of the connection need not be known if the frame is not suscep-
tible to second-order effects. But in the frame is susceptible to second-
order effects, there are misgivings as to employing plastically designed
connections which are semi-rigid.

The above mentioned points will be examined in this Chapter. In Fig. 1.2
the names of Sugimoto /34/ and Jones /35/ are mentioned with reference to
braced frames designed by the elastic method and taking account of second-
order effects. Those investigators use the stiffness of the connection
with attached beam to reduce the effective (buckling) length of the braced
column.

Snijder et al. /33/ have shown that this entails consequences for the
strength of the beam, because the resistance that the connection offers to

column buckling has to be provided by the beam.




1.2

In this Chapter only those situations will be considered where the rota-
tional resistance of the connection is utilized for increasing the over-
all stability of the frame or the strength and stiffness of the connected
beam.

For those situations where the rotational resistance stiffness of the con-
nection with the attached beam is utilized for reducing the effective
length of the column the reader is referred to the above-mentioned publi-
cations.

First, the most general case of the unbraced frame is discussed.

Next, ways and means of simplifying the analysis are dealt with which are
possible on increasing the stiffness of the connection and/or the overall
rigidity of the frame. Particularly for braced frames it proves possible
to simplify the analysis of the frame (calculation of the distribution of

forces) and of the deformation behaviour.

Elastic analysis or plastic analysis

According to the draft design code /2/ the structure can be analysed, i.e.,
the distribution of forces in it be calculated, on the basis of elastic
theory or of plastic theory. This 1is true of all structures in which the
distribution of forces is not susceptible to the effect of lateral dis-
placement (sidesway such as braced frames or very rigid unbraced frames).
In ref. /4/, which gives a classification into several categories, these
structures are assigned to categories 1 and 1I, comprising frames in which
the lateral displacements have no influence on the distribution of forces.
In category 1I, however, the risk of instability of an individual column
is not negligible, and additional rules for checking are available for
such frames.

In the case of unbraced frames in categories III and IV a first-order
plastic analysis will not always suffice. This will be explained with re-
ference to Fig. 1.3. In an unbraced frame the column ends can undergo dis-
placement in relation to the system lines of the frame in its undeformed
condition. Because of these displacements the axial forces in the columns
cause additional bending moments (second-order moments) and additional

displacements (second-order displacements).
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A. Situation with fully rigid and full-strength connections in an unbraced

frame compared with the situation in case B.
B. Situations with reduced strength and stiffness of the connections in an

unbraced frame compared with the situation in case A,

In consequence of reduced stiffness the Euler buckling load decreases and

the deformations increase. The Euler buckling load is determined from an

elastic calculation.

In consequence of reduced strength the load at which the frame collapses,
as determined by a first-order plastic analysis, becomes less.

Schematic representation of the influence of reduced stiffness
(or rigidity) of the connections on the design strength of an

Fig. 1.3:

unbraced frame.



As a result of the additional moments it may occur that the ultimate (or
failure) strengths of the connections and other structural components are
exceeded at a lower magnitude of the load on the frame than follows from

a first- oprder plastic analysis. The maximum load that can be supported is
therefore partly dependent on the product of lateral displacement and ver-
tical load on the columns.

Fig. 1.3 schematically indicates the load-deformation characteristics that
can be determined with the respective methods of analysis. The character-
istic which approximates most closely to reality is represented by the
heavy curve. This characteristic is obtained when the additional moments

(second-order effects) due to lateral displacement of the frame and also

the development of plasticity in parts of the structure are taken into ac-
count.

For complex structures the actual force-displacement curve can be satis-
factorily approximated only by making use of a computer program which duly
takes account of second-order effects and the development of plasticity in
parts of the structure.

The draft code /4/ is so arranged that the maximum load represented by the
curve can be approximated by performing a first-order elastic and a first-
order plastic analysis and applying the relevant checking rules.

The Euler buckling load /5/ of the structure is determined from the first-
order elastic analysis. The maximum load Fc is calculated from the formu-
la:

1/Fc = 1/FE + 1/1-‘p (1.1)

where:

Fc = loadbearing capacity of the frame

F = loadbearing capacity of the frame determined on the basis of first-
order plastic theory involving the formation of a collapse mechanism

F = theoretical elastic buckling load (Euler) of the frame.

E
The maximum load F ijs in this case the design strength of the frame.
The force—diSplacement diagrams in Fig. 1.3b show what happens if, instead
of fully-rigid and full-strength connections, semi-rigid and partial-

strength connections are employed.




Because of the lower stiffness of the connections the frame is less rigid,
so that the Euler buckling load is reduced. And because of the lower
strength of the connections the loadbearing capacity of the frame deter-
mined by first-order plastic theory is likewise reduced. The combination
of reduced rigidity and/or strength of the frame results in lower design
strength.

The Euler buckling load of the frame is calculated for a particular stiff-
ness (or rigidity) of the connections. This stiffness can be calculated
with the formulae given in section 2.9. These formulae are so contrived as
to enable the actual moment-rotation characteristic to be approximated as
closely as possible (see the dotted curve in Fig. l.4a).

Another possibility is to adopt a bilinear diagram as the approximation to
the moment-rotation characteristic. The ascending branch of the bilinear
diagram connects the origin to the point obtained from the stiffness anal-
ysis at the design strength of the connection (see the dotted straight
line in Fig. l.4a). It is a safe assumption to adopt this last—mentioned
stiffness in calculating the Euler buckling load of the frame. This will
be illustrated with the aid of a simple example (see Fig. 1.4b).

Consider an infinitely stiff column supported by a spring. This column and
spring assembly is a model often used in studying the stability of a frame.
The spring corresponds to the lateral stiffness of the frame. More accurate
results are obtained by conceiving the frame as composed of several infin-
itely stiff columns with springs, because the actual buckled shape of the
frame can thus be better approximated. For the theoretical background see
ref. /5/.

The stiffness of the frame is in this case represented by a spring with a
characteristic as shown in the right-hand diagram in Fig. 1.4b. The value
of the vertical force F for which the infinitely stiff member just ceases
‘to be in equilibrium follow from determinations of the equilibrium of mo-
ments about the hinge at the base of that member. It is called the criti-
cal load. Its value is found rapidly to decrease when the force acting in
the spring reaches the second branch of the spring characteristic (see

Fig. l.4c). The critical load is comparable to the Euler buckling load of
the frame, the stiffness of the frame being represented by the spring.
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Fig. |.4a: Moment-rotation characteristic of the structural connections.
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Fig. 1.4b: Schematization of the structure with spring
characteristic for lateral displacement.
From the equilibrium of moments about point a.follows:
f I0mm|{ Fx f=f % 100/10 * h Fk = 10 h kN
f=11mm|F % 11 =(100 + 1 % 20/10) * h Fk = 9,3 h kN
f=12mm|F % 12 =(100 + 2 % 20/10) % h Fk = 8,7 h kN
£f=13mm|F % 13 =(100 + 3 % 20/10) % h Fk = 8,2 h kN
£=14mm|F % 14 =(100 + 4 x 20/10) %z h Fk = 7,7 h kN
f=20mm{F % 20 =(100 + 20 ) * h Fk = 6 h kN
f=30mm|F % 30 =120 * h Fk = 4 h kN
Conclusion: The critical load rapidly
F decreases if the spring stiffness is no
Ak 1 1 b ilibri { :
10 b onger linear,but equilibrium continues to
be possibie if the vertical load decreases.
| i I I [ gwf
20
Fig, 1.4C: Approximation of the critical load of the structure.

Fig. 1.4: Influence of the stiffness of the connections on

structural stability.
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1f we continued to work with the initial spring stiffness in determining
the Euler buckling load while increasing the lead. no equilibrium would be
possible.

But if we adopt the critical load calculated with the spring stiffness re-
presented by the dotted line in Fig. 1.4b, equilibrium is possible until
the load attains the design strength of the spring.

The conclusion is that a safe value for the Euler buckling load of the
frame is calculated when the spring stiffnesses of the connections are
adopted which exist when the connections attain their design strength.

In the above example it has been assumed that the force-deformation char-
acteristic of the frame can be represented as a diagram comprising three
branches. In reality the force-deformation characteristic of the frame is
a curve which is influenced by the loads in the connections. By taking ac-
count of the stiffnesses of the connections as described above we assume
all the connections to be loaded to the design strength.

In reality the forces in many of the connections will be smaller than cor-
responding to the design strength when the frame is subjected to its de-
sign load; the stiffnesses of those connections are therefore greater than
the values adopted in the calculations. This means that many reserves of
safety are incorporated in the proposed method of analysis, which has been
devised in this way because the actual stiffnesses of the connections can
be determined only with a limited degree of accuracy, as is explained in
section 2.9,

In the foregoing it has chiefly been explained how the flexibility of semi-
rigid connections affects the distribution of forces in the structure.

It will be shown below that this influence is negligible in many struc-
tures, moreAparticularly those structures which according to ref. /4/
should be checked in accordance with criteria of the categories I and II.
These will, in the further treatment of the subject, be referred to as
"braced” structures. The structures assignable to the categories III and
IV will be referred to as "unbraced". |

First, we shall take a closer look at the assertion that elastically de-
signed connections must not be used in frames analysed on the basis of
plastic theory if the connections are not full-strength connections,
whereas there are no restrictions upon using plastically designed connec-

tions 1f the frame is analysed on the basis of elastic theory.
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1.3 Plastically designed connections in elastically designed frames

In the analysis of a frame (calculation of the distribution of forces in
the frame) on the basis of elastic theory it is not the limit state of the
frame that is calculated, but the bending moments that occur in it in con-
sequence of the design load.

1f the ratio of the Euler buckling load of the structure to the design
load is low (£ 10), second-order effects must be taken into account.

This is done by applying an amplification factor n/(n-1) to all the mo-
ments that cause lateral displacement /6/, where n denotes the ratio of
the Euler buckling load to the design load. If the moments obtained in
this way are less than the design strengths of the connections, the struc-
ture is satisfactory.

The design strengths of the connections are calculated with the formulae
given in Chapter 2. Those formulae have been derived on the basis of plas-
tic theory, which means that plastic deformations may have occurred when
the connections have attained their design strengths.

In section 1.2 it has already been explained that this is taken into ac-
count in calculating the Euler buckling load if we adopt for the stiffnes-
ses of the connections those values which correspond to the design strength
and can be calculated with the formulae given in section 2.9. These are
lower stiffness values than actually occur in those connections which are
less several loaded, i.e., not up to their design strength.

On the other hand, the moments which are produced in the connections by
the vertical loads on the beams are found to decrease when the connections
are reduced in stiffness. This will be considered in section 1.7.
Therefore, in order to ensure that the actual moment will not be larger
than the calculated value, the stiffness of the connection should be
adopted at its highest possible value in the calculation. This is at vari-
ance with the earlier advice that relatively low stiffness associated with
the design strength of the connection should be adopted.

However, in section 1.7 it is also shown that the adoption of a lower
stiffness for the connection in the calculation will not adversely affect
the conngction {f it has sufficient capacity for deformation. This can be

obtained by allowing plastic deformation in the connection.
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This means that unbraced frames will be safely analysed 1f low values of
the stiffnesses of the connections are introduced, provided that the con-
nections can deform sufficiently. If they cannot deform sufficiently
(elastically designed connections), it would in principle be necessary to
carry out two analyses - one with low stiffnesses, the other with high
stiffnesses of the connections. The second of these analyses is not neces-
sary if the connections are stronger than the connected beams or have suf-
ficient deformation capacity.

In the case of braced frames a safe analysis is obtained by neglecting the
flexibility of the connections (see section 1.7). However, a more economi-
cal design will be obtained by adopting a low stiffness of the connection
in the calculation, provided that sufficient deformation of the connection
is possible.

From the foregoing it follows that in frames which are to be designed on
the basis of elastic theory it is advisable to use connections which can
undergo plastic deformation. These connections should be designed on the
basis of plastic theory. In calculating the Euler buckling load and the
deformations of the structure it will be necessary to allow for the lower

stiffness that plastically designed connections may have.

Elastically designed connections in plastically designed frames; required

deformation capacity and associated stiffnesses of connections

In a structure in which more than one plastic hinge must develop before
the assumed collapse mechanism is attained the first plastic hinge and the
then following ones will have to deform so much that the last hinge can
also develop. This applies both to braced and to unbraced frames.
Partial-strength connections which remain elastic up to failure must not
be used in such structures because these connections have insufficient de-
formation capacity.

A method of determining the required rotational or deformation capacity of
connections in braced frames i1s given in section 1. The required rotation-
al capacity in unbraced frames is higher. From simple "manual”™ calcula-
tiong it can be inferred that this required rotational capacity need be no

more than 0.04 radian for most frames.
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Basing oneself on this value it may be asked whether the calculation of
the Euler buckling load as laid down in section 1.3 is indeed appropriate.
This will be examined with reference to the moment-rotation characteris-
tics and force-deformation characteristics as represented in Fig. 1.5.
Suppose that the distribution of forces in the structure shown in Fig. 1.5
is such as to give rise to the successive formation of the plastic hinges
1 to 4, as found in a first-order plastic analysis (see Figs. 1l.5b and
1.5¢). Now if the first hinge develops a rotation of 0.04 radian by the
time the last hinge is formed, the first hinge will have the notional
stiffness as indicated by the dotted line in Fig. 1.5a. The stiffness is
less than the notional stiffness with which the Euler buckling load has
been calculated.

Application of formula (1.1) with which the vertex of the actual force-de-
formation characteristic is approximated is based on a combination of the
results of the first-order plastic analysis and the calculation of the
Euler buckling load without taking account of the reduction in stiffness
due to the formation of plastic hinges. In the procedure proposed here,
the Euler buckling load is calculated for a stiffness of the structure
which is less than envisaged by formula (1.1).

In reality not all the connections will have attained their design
strength when the vertex of the force—~deformation characteristic has been

reached. The proposed procedure is therefore on the safe side.

Design example of an unbraced frame

The effects of semi-rigid and partial-strength connections on the strength
are well illustrated in an example which Tautschnig /7/ gives in his dis-
sertation (see Fig. 1.2). He has written a computer program which takes
account of second-order effects and can also take account of actual mo-
ment-rotation characteristics determined experimentally (see Fig. 1.2).

He compares the results of the calculations for this example with those
for a frame assumed to have full-strength fully rigid connections and
those for a frame in which the connections have the bilinear moment-rota-
tion characteristic with the design stiffness and strength obtained from
the formulae of Bakker and Voorn /8/.
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F. for actual spring stiffness,
Fc for assugmed spring stiffness.

» 6

Fig. 1.5: Spring stiffness of the connection to be taken into account

is not determined by the required rotational capacity;
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On the basis of these calculations Tautschnig arrives at the, in our opin-
ion, incorrect conclusion that connections without stiffeners should, for
the present, not be employed in unbraced frames because of their sensitiv-
ity to lateral load.

The results of the calculations are considered in Appendix B. The analysis
of the frame with the bilinear moment-rotation characteristic of the con-
nections has been done over again because the values which Tautschnig used
are not in agreement with our present rules. The design strength of the
connections in the frame without stiffeners is determined by shearing of
the column web. In that case the design rules given by Bakker and Voorn
are no longer in agreement with our present rules either. Experimental re-
search /9/ has shown the interaction of compression and shear according to
the Huber-Hencky-von Mises ylelding criterion to be negligible.

The results of the calculations are presented in Fig. 1.6. It emerges that
the design strength of the frame for which Tautschnig takes into account
the actual moment-rotation characteristics of the connections is consider-
ably higher than the value calculated with the bilinear moment-rotation
characteristics. This difference is due to the large difference between
the actual failure moment of the connection and the design strength (fac-
tor of 2.6), " This large difference had already been observed
earlier in tests in which the failure moment is determined by shear of the
column flange /10/. The reality may be much more favourable than the de-
sign rules suggest. Tautschnig rightly considers that this favourable ef-
fect should be utilized, since the design strength of many structural
frames is indeed governed by column web shearing. The solution that he
proposes 1s not yet practicable, however, because it is based on the ex-
perimental determination of the moment-rotation characteristics of the
connections to be used (see design example in Appendixf}).

That the design strength of the frame calculated with the actual moment-
rotation characteristic is so much higher than that calculated with the
bilinear diagram is of little importance in the present context if the re-
quirement is imposed that the lateral displacement under service load 1s
not allowed to exceed 1/200 of the height. If the frame attains this per-
. missible displacement, the load according to the calculation is less than
the design strength of the frame divided by a factor of 1.5. Therefore the

deformation criterion governs.
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If the stiffness requirement is reduced to 1/100 of the height, the design
strength becomes the governing criterion {f the calculation is based on
the bilinear diagram of the connection. In that case the design strength
of the frame (224.6 kN), approximated with formula (1.1) by combining the
Euler buckling load (3510 kN) and the loadbearing capacity based on first-
order plastic theory (240 kN), comes closest to the last-mentioned value,
because the ratio of the two values in question is high (FE/Fp = 14.6).

1f the calculation were based only on elastic theory and the bilinear dia-
gram, the design strength of the frame would turn out very low (116 kN).
Yet this is preferable to the conclusion that Tautschnig draws from his
calculations, namely, that connections without stiffeners should, for the
present, not be used in unbraced frames because of their semsitivity to
load causing lateral displacement (sidesway). It is not clear why this
ghould not be permitted, provided that the lower stiffness of those con-
nections without stiffeners is taken into account.

Furthermore, the influence of the lower stiffness of the connections is
strongly dependent on the stiffness ratios of the frame. This will be

shown in the next section.

Can the flexibility of the connection be neglected?

This will depend on the stiffness ratios, as will be explained with refer-
ence to Fig. 1.7, which represents the relations between loads, moments
and deformations for some commonly encountered situations for unbraced
frames. Each of these relations is expressed in the corresponding relation
for infinitely rigid connection multiplied by a reduction factor R which
is a function of the factor k.

The latter is the ratio of the spring stiffness of the connection to the
flexural stiffness of the beam, i.e., k = cL/EI, where c denotes the de-
sign stiffness of the connection. The reduction factor R in all cases in-
creases from O to 1 with increasing value of k.

The last two columns in Fig. 1.7 give the reduction factor R with respect
to the situation for k = . Under the table of factors these relations

have been plotted in graphic form for the examples 1, 3 and 4.
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It appears that for k = 1000 the connection is to be rated as fully rigid,
because R = 1. For cases where k > 25 the reduction factor has diminished
by less than 20%.

From Fig. 1.3 it is apparent that the design strength of a frame is deter-
mined by a combination of the Euler buckling load and the loadbearing ca-
pacity determined on the basis of first-order plastic theory. From the ex-
amples 7 and 8 in Fig. 1.7 it follows that for k > 25 the Euler buckling
load has diminished by less than 10% in comparison with its value for

k = @ in the case of normal column and beam proportions.

From the information contained in Fig. 1.7 it is inferred that the stiff-
ness of the connections need not be considered in the calculations when

k > 25. In all other cases it is possible also to employ semi-rigid con-
nections, provided that the spring stiffness of the connection is taken

into account.

Influence of the stiffness of connections in a braced frame

In analysing a braced frame it is meaningful to take account of the stiff-

ness of the connections only 1f:

a. it is desired to determine the deformation under service load;

b. the design strength of a beam is defined as the load at which the de-
sign strength of the connection is attained.

In both cases an elastic analysis is envisaged. In the second case a high-

er design strength is obtained if a lower design stiffness of the connec-

tion is adopted. This contrasts with the situation for unbraced frames,

where a reduction in the stiffness of the connection may cause greater

second-order effects so that larger moments occur.

The favourable effect of low stiffness of the connections in a braced

frame is apparent from Figl 1.8. In this diagram the values on the hori-

zontal axis represent the design strength of the connection as a dimen-

sionless quantity obtained by dividing it by the plastic moment of the

beam. Those on the vertical axis represent the design strength of the beam

as the product of uniformly distributed load and the square of the span

divided by the plastic moment of the beam.




- 17 -

The relation between the design strength of the beam on the vertical axis
and the design strength of the connection on the horizontal axis is given
by the sloping lines through the origin. The slope of each of these lines
depends on the ratio k of the stiffness of the connection to the stiffness
of the beam. The derivation of this relation is given in Fig. 1.8.

From the diagram it appears that the strength of the beam decreases if the
stiffness of the connection increases. But the diagram does not allow for
the case where the stiffness of the connection may be so low that the
plastic moment of the beam at mid-span is attained before the design
strength of the connection. The effect of this situation is shown in Fig.
1.9. The intersections of the horizontal lines in this diagram and the
sloping lines in Fig. 1.8 are all located on one straight line. This line
represents the situation where the mid-span plastic moment and the design
strength of the connection are attained simultaneously (see Fig. 1.10).
Theoretically a beam mechanism then develops. This is the starting point
of a first-order plastic analysis. Despite the stiffness of the connec-
tion, this situation can always be attained provided that the connection
possesses sufficient deformation capacity. An example will serve to illus-
trate this.

Consider a conmnection with a moment-rotation characteristic as shown in
Fig. 1.11. With the formulae of Chapter 2 the design strength'(moment ca-
pacity) of the connection is calculated as 0.4 Mp, and a spring stiffness
value ¢ is obtained which, in combination with the data of the beam, gives
k = 6. The actual spring stiffness is found to be higher. It will be shown
here that this does not matter. For this purpose the so-called beam line
concept will be employed, which will now first be explained:

For a simply-supported beam carrying uniformly distributed load q, with
equal end moments M acting at the supports, a formula for the rotation at
the ends can be derived (see Fig. 1l.l).

Next, a linear relationship between the counteracting support moment and
the rotation of the end of the beam can be plotted in a moment-rotation
diagram. The so-called beam line intersects the vertical axis of the dia-
gram at a point corresponding to the moment in a beam with fully fixed
ends (q12/12) and intersects the horizontal axis at a point corresponding

to the end rotation of a simply-supported beam (q13/24EI).
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The intersection of the beam line with the actual moment-rotation charac-
teristic represents the situation of the connection (moment and rotation)
or a particular load.

If the actual moment-rotation characteristic of a connection is known, it
can be determined what moment and what rotation occur in the connection
under various loading conditions. For the moment-rotation characteristic
in Fig. 11 this has been done in Fig. l1.13a. The uniformly distributed
loads have been so chosen that the design strength ﬁv = Mp is just
attained in the connections. These loads have been read, for various val-
ues of the stiffness of the connections, in Fig. 1.13b, which is a summa-
ry of the diagrams in Figs. 1.8 to 1.11.

The vertical line at ﬁv = M first intersects the line k = @ at a point
corresponding to ﬁlleP = 4.8 and then intersects the lines representing

other stiffnesses at points corresponding to the values listed in the fol-

lowing table: ﬁ - 0,4 M _§li
v p M
k p
© 4,8
6 6,4
3 8
2 9,6
1,5 11,2
1 10,3
0,5 9,2
0 8

The values thus found have been plotted in Fig. l.13a. It emerges that the
highest load can be attained when k = 1.5, For that stiffness ratio there
exists in the beam an elastic moment distribution which corresponds to a
distribution as adopted in an analysis based on plastic theory, namely,
0.4 Mp at the connection and Mp at mid-span.

A designer wishing to base himself only on elastic theory but adopting too
low -a stiffness for the conmection, so that k = 1 is in fact applying
plastic theory. Now this need not be dangerous, provided that the connec-
tion possesses so much deformation capacity that it can adjust itself to

the assumed stiffness at k = 1.5 (shown dotted in Fig. 1l.13a).
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In other words: in calculating the design strength of a braced frame it is
permissible to nmeglect the stiffness of the connection if the latter has
enough deformation capacity to enable the mechanism assumed in the analy-
sis to be duly attained.

In establishing the formulae for calculating the design strength (moment
capacity) of the connection, as presented in Chapter 2 it has been ensured
that the connection does indeed possess adequate deformation capacity.
This has been achieved by checking all the test results agalmst the beam
line concept and formulating further requirements on the basis of this, as
will be explained in the next section.

The stiffness of the connection under service load is likewise of impor-
tance in calculating the deflection of the beam. In establishing the de-
sign rules one of the aims has been to avoid having to calculate deflec-
tion. This has been achieved by imposing limits upon the span of the beam,
which will also be explained in the next section.

Considerations with a view to simplifying the analysis of a braced frame

The conclusion from the foregoing is that the stiffness of the connection
can permissibly be ignored in calculating the strength of the beam of the
connection in question possesses sufficient deformation capacity. This ca-
pacity should be so great that the mechanism assumed in the analysis of
the frame can indeed be attained.

Another condition to be fulfilled is that under service load the connec-
tion is of such stiffness that the deflection at mid-span of the beam does
not become too large. Both these conditions have received due attention in

verifying the correctness of the design formula with experimental results.

“This will be explained here.

In the experimentally determined moment-rotation characteristics of a con-
nection (see Fig. 1.14) the beam line has been drawn which corresponds to

a load calculated on the basis of a beam mechanism and a particular span/

depth ratio (&/h) of the beam. The load is q = 8 (fi, + Mp)/ﬂ.
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The moment-rotation characteristic must intersect the beam line, otherwise
there will not be sufficient rotational capacity. Next, the beam line as-
sociated with a load which is lower by a factor of 1.5 (= the load factor),
i.e., q =8 (M + M )/1 5 22, has been drawn.

The moment-rotation characteristic must intersect this last-mentioned line
at a rotation which is less than, or equal to, the rotation corresponding
to the permissible deflection of the beam under service load. According to
the T.G.B. code this deflection is 0.0042.

This deflection requirement can also be represented by a linme in the dia-
gram for the moment-rotation characteristic. The formula for this line 1is
given in Fig. 1.14, where it 1is called the rotation line. The moment-rota-
tion characteristic must therefore pass to the left of the intersection of
the beam line and rotation line (point G in Fig. 1.14). If it fails to do
this, it means that the beam exceeds the permissible deflection under a
load which is less than that calculated on the basis of the strength for-
mulae and the beam mechanism.

The structure then does not satisfy the stiffness requirement. In that
case the designer may adopted a lower value for the load or for the length
of the beam. In either event the intersection point G, but also the beam
line for the rotational capacity, will move nearer the origin of the dia-
gran. This is appérent, for example, from a comparison of the diagrams
presented in Fig. 1.15.

These diagrams give the minimum requirements for the moment-rotation char-
acteristics for spans equal to 20, 25, 30 and 40 times the depth of the
beam. They are based on the theoretical considerations described above.
Hence they éorrespond to load determined on the basis of beam mechanisms
with end restraint moments which are equal to the said strengths (moment
capacities) of the connectionms, which have been divided by the plastic mo-
ment of the beam to obtain dimensionless quantities.

These diagrams are determined by the location of the point G, the design
strength ﬂv and the beam line which has to be passed in order to have suf-
ficient rotation capacity for the beam mechanism (see Fig. 1.15b).

There is moreover a line applicable to cases where the beam span/depth ra-

tios are small. Connections possessing low stiffness are then permissible.
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In such cases it may occur that the plastic moment at mid-span is attained
before the design strength of the connection. The line representing this
situation extends from the intersection of the beam line with the design
strength ﬁv to the point ¢ = MP.X/BEI on the horizontal axis, where

fi, = 0.

Figs. l1.16a and b give typical examples of the requirements for short beam
spans, as envisaged in Fig. 1.15. Figs. l.16c and d give typical examples
of the requirements for long beam spans. In Fig. 1l.16c it is notable that
in order to pass to the left of point G the moment-rotation characteristic
has to attain a higher value of the moment than the design strength of the
connection. This means that the design strength of the connection is ex-
ceeded already under service load. In order to avoid this, the span/depth
ratio of the beam should be so chose as not to exceed the values listed in
the following table. The values have been obtained from Fig. 1.15 and are

also stated in the draft design rules for structural connections:

g r:1v . étmws\' so&isg—y:

. M’; S
< 0,1 < 20
< 0,2 < 25
< 0,3 < 30
< 0,4 < 35
< 0,5 < 40

Four moment-rotation characteristics I to IV are also indicated in Fig.
1.16 and will be discussed here.

Connection I with ﬂv = 0.8 Mp is typically a comnection designed for an
elastic analysis. If the calculation adopts ﬁv = 0.8 MP and a beam mech-
anism is envisaged, this connection has insufficient deformation capacity
for short and for long spans, as is apparent from Figs. 1.16b and d.

The connection does, however, possess sufficient deformation capacity 1if
the load is calculated on the basis of f, = 0.2 Mp (see Fig. 1.16a).

For that purpose it is assumed that 0.2 Mp occurs at the connection and

that Mp occurs at mid-span.
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In reality, however, 0.8 Mp occurs at the connection and 0.4 Mp at mid-
span, this being a moment distribution conforming to elastic theory.

This shows that, although ﬁv = 0.2 Mp is adopted in the calculation, the
parts of which the connection is composed, such as welds, must be designed
for a higher value of the moment, namely, 0.8 M in this case.

However, this is an extreme example. P

From checks on the test results it has been established that the welds in
connections which possess sufficient deformation capacity to enable a beam
mechanism to develop should be designed to resist a moment which is 1.4
times the design strength of the connection (see Fig. 2.16). If these con-
nections are employed in an unbraced frame, their parts should be designed
for a moment equal to 1.7 times the design strength (see explanatory notes
on Fig. 2.16).

The parts of the comnection, however, need never be made stronger than the
connected beam, although it appears from Fig. 1.15 that a connection pos-
sessing very high stiffness with a design strength equal to Mp may inter-
sect the line of sufficient rotational capacity at a point corresponding
to 1.33 Mp. This situation could arise of the yield point of the parent
material of the beam is 33% higher than the guaranteed yield point, which
is quite possible because the relevant codes do not lay down an upper lim-
it for the yield point. The moment distribution is then in agreement with
the distribution calculated from elastic theory for § = 16 Mp/lz, with
1.33 Mp at the connection and 0.67 at mid-span. In that case, however, it
1s no longer a connection that satisfies the condition that sufficient ro-
tational capacity is to be provided. But if this last-mentioned condition
is satisfied, it will suffice to design parts of the connection, such as
welds, for MP at most. How connections may be designed for achieving the
required deformation capacity is explained in section 2.7.

Connection II in Fig. 1.16d is an example of a connection that satisfies
all requirements.

Connection III does indeed satisfy the requirement of sufficient deforma-
tion capacity, but not the stiffness requirement in the case of a high
span/length ratio (40) of the beam. Such a connection, with a design
strength of 0.8 Mp, which does not satisfy the stiffness requirement under
service load for 2/h = 40 has not been encountered in checking the test

results.
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Fig. 1.16: Examples of minimum requirements.and moment-rotation
characteristics which are and are not satisfactory.
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On the other had, there have been cases as represented by connection 1v,
with a design strength of 0.2 Mp, which satisfies the stiffness require-
ment for L/h = 20 and also (only just) for &/h = 25, but mot for L/h =

40. An example of such a connection is one having a flush end plate and
designed to provide deformation capacity.

On the basis of all the checks of the test results against the minimum re-
quirements represented in Fig. 1.15 the rules indicated in Fig. 1.17 have
been established. They are based on the assumption that the columns are
infinitely stiff. This is the case if, among other possibilities, the two
sides of the column are subjected to loading by a beam moment of equal
magnitude.

If the column is not infinitely stiff, the diagrams in Fig. 1.15 are not
valid; in that case the stiffness of the connection and that of the column
must together be taken into account as indicated in Fig. 1.17. The stiff-
ness of the connection can be calculated with the formulae presented in
section 2.9.

The diagrams in Fig. 1.15 are not valid for loading conditions other than
uniformly distributed load either. If the diagrams are used for other load-
ings, however, the result will be on the safe side because the area of the
positive bending moment diagram in such cases is always less than in the
case of a beam carrying uniformly distributed load, except for a beam sup-
ported on a hinge-type bearing at one end. In those exceptional cases the
designer will have to prepare his own diagrams or charts for checking
whether a moment-rotation characteristic of any particular connection sat-
‘isfies the basic assumtions. For this purpose ref. /11/ can prove useful;
it deals comprehensively with the derivation of the formulae relating to
Fig. 1.15.

The diagrams as represented in Fig. 1.15 provide a better conception of
the possibilities. An example of this is the use of Fig. l.15a, from which
it appears that for a low span/depth ratio of the beam the connection need
possess no stiffness in order to satisfy the stiffness requirement under
service load, while on the other hand the design strength of the connec-
tion (e.g., 0.1 Mp) can be utilized for increasing the load. This knowl-
edge can occasionally prove useful in the design of beams with shear con-
nections which are just inadequate in strength, whereas they can be shown
to be adequate when the low strength of the connections is taken into ac-

count.
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_ Simplified aﬁalysis for stiffness.

Service loading - M
' q €8 Mp+ Av . )
' 1,51 G
Requirement: I A | N !
¢ This does not apply if the

deflection < 0.004 &
columns undergo deformation
Cv

For braced frames this is
satisfied provided that the

length of the beam:

/nlif mv/ng

<40 <10

<30 <05 ‘

<25| . <03 In that case: 1.1.1
: [+ Ck Cv

The above rules are valid only if the loading has been determined on the

In the case of elastically designed beams the

basis of a beam mechanism.
hosen.

loading is in general less and a longer span can be ¢

d from test results for simplifying the

Fig. 1.17: Rules derive
s in braced frames;

stiffness analysis of beam
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1.9 When should the flexibility of semi-rigid connections be taken into

account?

It follows from the foregoing that the flexibility of structural connec-
tions can be neglected in analysing:
- braced frames;
- unbraced frames with connections for which the ratio of their stiffness
to the stiffness of the beam i1s k = c/EI » 25.
In all other cases of unbraced frames the actually occurring moments may
exceed the calculated moments if the flexibility of the connections is ne-
glected. The reason why this possibility exists is that the actual stiff-
ness of the frame is less than the calculated stiffness, so that the lat-
eral displacements and the moments which cause them are increased.
On the other hand, the moments in the connections due to the vertical load
on the beam are decreased if the flexibility of the connections is taken
into account.
Which of the two above mentioned effects predominates will depend on the
ratio of the horizontal to the vertical load and on the sensitivity of the
structure to second~order effects. This is something that will have to be
investigated for each case individually. The data given in Fig. 1.7 can be
used for obtaining a quick indication of the sensitivity of the structure
to the consequences of neglecting the flexibility of the connections.
In braced frames there is no need to check the deformations under service
load if the beam span does not exceed certain values indicated in Fig.
1.17.
In the case of unbraced frames the checking of the lateral displacement is
subject to the same considerations as those already mentioned with regard
to analysing the frames. If the ratio of the stiffnesses of connection and
beam is less than 25 (k = cL/EI < 2) it is permissible to neglect the
flexibility of the connections in the analysis..
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1.10 Main points of Chapter 1

Depending on the stiffness (or rigidity) in the lateral direction, a dis-
tinction is drawn between braced frames (without sidesway) and unbraced
frames (with sidesway).

A braced frame can be analysed, i.e., the distribution of forces that oc-
curs in it can be calculated, in accordance with elastic theory or plastic
theory. An unbraced frame can be analysed in accordance with elastic theo-
ry or can be approximated by a combination of the results of a calculation
based on first-order plastic theory and a calculation of the Euler buck-
ling load based on elastic theory. The behaviour of semi-rigid and partial-
strength connections influences the results of the calculations.

A connection is said to be semi-rigid if its design stiffness is less than
that of the connected beam over a length equal to half the depth of the
column section.

A connection is said to be a partial-strength comnnection if its design
strength is less than that of the connected beam.

These two distinctive properties may occur in combination with each other,
but not necessarily. The design strength and stiffness of the connection
can be determined with formulae given in Chapter 2. These formulae have
been checked against test results. The design strength is found to core-
spond to the bending moment at which large plastic deformations commence
or the moment which is lower by at least a factor of 1.4 than the moment
at which bolt failure occurs. The ascending branch of the moment-rotation
characteristic i1s appoximated with the design stiffness.

In determining the distribution of forces in accordance withelastic theory
the design‘stiffness is important only if the stiffness ratio k = c/EI

is less than 25.

In the case of a braced frame a higher design strength is calculated for
the frame if lower values are adopted for the design stiffoesses of the
structural connections.

In reality the stiffness of a connection is allowed to be greater, provid-
ed that the connection possesses so much deformation capacity that the

more favourable distribution of forces can be attained.
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If the actual stiffness of the connection is adopted in the analysis and
all possible loading conditions are considered, the connection need not
possess deformation capacity.

Nor need the connection possess deformation capacity if its design
strength is greater than that of the connected beam. In determining the
Euler buckling load of an unbraced frame it is necessary to take account
of the stiffness of the connections which exists when the design strength
of the connections is attained.

The maximum design strength of the structure is attained with a first-
order plastic analysis. In that case it is not necessary to take account
of the stiffness of the connections, but maximum deformation capacity of
the partial-strength connections is essential. To procide this deformation
capacity the welds must be made stronger than the design strength indi-
cates (1.4 ﬂv < Mp for braced, 1.7 ﬁv < Mp for unbraced frames).

Partial-strength connections which remain elastic up to failure are un-
suitable for structures whose design strength is determined on the basis
of plastic theory.

Connections whose design strength is determined on the basis of plastic
theory may be employed in elastically designed structures.

In unbraced frames with connections for which k = c2/EI < 25 it will have
to be investigated how sensitive the frame is to the consequence of ne-
glecting the flexibility of the connections. For this purpose the informa-
tion given in Fig. 1.7 may be used.

Beams in braced frames satisfy the stiffness requirement under service
load 1f the beam span/depth ratios do not exceed certain values as indi-
cated in Fig. 1.7.
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Chapter 2:

Design rules for stiffness, strength and rotational capacity.

Introduction

This chapter will first deal with the design method for the tension side
of flexurally stiff (bending moment resisting) structural connections.

The treatment of the subject will more or less follow the development se-
quence. First, a design method for T-stub connections /12/ was developed
next, a method for column flanges without stiffeners and with the projec-
ting end plate /13/; then a method for column flanges with stiffeners and
the flush end plate /14, 15/ with one or more rows of bolts on the temsion
gside of the connection. For this purpose the plastic and the elastic theo-
ry were applied, and the results of the calculations were checked against

test results.

It proves possible to assemble the design rules for all the above men-
tioned connection components in one diagram, the only difference being

the effective (structurally co-operating) length of the plates.

A table is given for determining this effective length (see Fig. 2.12).
The use of the rules for each component is illustrated in design examples.
It will be apparent from the above mentioned diagram whether the design
strength of the connection is calculated on the basis of elastic theory or
plastic theory or a combination of the two. Also, the diagram provides an
insight into the deformation of the connection. This will be explained in

due course.

In Chapter 1 it has been shown that the welds joining the end plate to the ‘
beam should be stronger than the connection itself if the latter has to
provide deformation capacity. The required extra strength of the bolts al-

ready follows from the results of the formulae.
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It has alsp?been egplaihéd in Chapter 1 in which cases the stiffness of
the connection éhgdi& Be'takeh into account. In the present chapter the
stiffness formulae are discussed which have been established on the basis
of test results §£d elastic theory. Next, some special subjects are dealt
with, such as increasing the strength and the stiffness of the connection,
and necessary reductions of the design strength of the connection because

of the interaction of stresses in the web or the flanges of the column.

Strength of T-stub connections

In tests performed on T-stubs as shown in Fig. 2.la there were found to be
three failure mechanisms. These are represented schematically in Fig. 2.1b;
below them are indicated the shear force diagrams and bending moment dia-
grams in the flange plates. In the case of mechanism I the flanges of the
T-stubs undergo yielding at the bolt row and at the transitions from the
flanges to the web. Since the difference in bending moments is equal to

the area of the shear force diagram, it follows that the external load is:
f=2 Mp/m (2.1a)

where:

Mp = plastic moment of the flange over the width of the T-stub.

m = distance from the bolts to a line at one-fifth of the radius of
the transition or the width of the weld between web and flange
of the T-stub.

If the bolts are not strong enough, mechanism II develops.

Tests have shown that in this case first the plastic moment at the flange-
to-web transition is attained, in consequence of which the plates bend and
a so-called prying force acts at their edges. Failure of the connection
occurs if the prying force together with the externally applied force ex-
ceeds the strength of the bolts. From the bending moment diagram it fol-
lows that:
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Explanation: n' = edge distance

Flg, 2.1:

n = distance from the bolts to, the assumed point
of application of the prying force.

assumption: n = n' as long as n' < 1,25 m
: otherwise n = 1,25 m

Derivation of the formulae for the analysis of T-stubs and
the diagram based on these, with formulae forming the basis
for the analysis of all connection components involving a
plate loaded perpendicularly to its plane.




- 29 -

Mp + (z Bt - f) n =Vf.m

which can be rewritten as:

¢ . M + z Bt.n
m+n (2.22)
where:

E Bt = design strength of all the bolts on one side of the T-stub.
n = distance from the bolts to the assumed point of application

of the prying force.

If the edge distance n' is not too large, the prying force will act at
the edge of the plate. Checks of formula (2.2a) against test results
have shown that the distance n should not be made more than 1.25 m.
According to the Netherlands code of practice (T.G.B. Staal 1972 the de-
sign strength of the bolts should be taken as equal to 0.7 of their ul-
timate strength. If a load factor of 1.5 is applied, as 1s done in the
Netherlands code, this definition of the design strength of a bolt cor-
responds to a factor of safety of more than 2 against failure.

If, in accordance with the Eurocode, the design strength of the bolts

1s taken as equal to 0.8 of the ultimate strength and if a load factor

of 1.5 is likewise applied, the factor of safety against failure will

be 1.88. From formula (2.2) it is apparent that this reduction in safety
is to some extent reflected in the design strength of the connection, but
this effect diminished according as z B .n approaches M more closely.
For Z B n = Mp the failure mechanism I is attained.

If the flanges are very thick, the strength of the bolts may be insuffi-
client to enable yielding of the flange plates to take place. If the bolts
yield, whereas the plates merely deform elastically, the plates will be-~
come detached from each other; the externally acting tensile force is then
equal to the design strength of the bolts. In that case meéhanism III de~-

velops, for which:

f =18 | (2.3a)
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The design strength of a connection can be determined by substitution of
the formulae (2.1a), (2.2a) and (2.3a). The lowes result determines which
mechanism is the governing failure mechanism.

The three formulae can be rewritten and be represented as in Fig. 2.lc,
namely, the formulae (2.1), (2.2) and (2.3). The values on the vertical
axls of the diagram represent the ratio of the design strength of the con-
nection (combination of plate and bolts) to the total design strength of
the bolts. This ratio has its maximum value of 1 if formula (2.3) corres-
ponds to the governing condition. The values on the horziontal axis repre-
sent the ratio B of the design strength of the plate to that of the bolts.
The design strength of the plate is determined with formula (2.la).

The relation between the vertical and the horizontal axis is given by the
three straight lines of which the diagram is composed. The slope of the
second line (mechanism II) depends on the ratio y = n/m, which can have a
maximum value of 1.25. The slope of the first line, starting at the origin
(mechanism I), is always 45°.

The design procedure described above is valid only for connections subject
to static loading. In the case of dynamic loading it is necessary to en-
sure that the bolts will not be cyclically stressed by load alternationms,
for under such conditions they can, as tests have shown /16/, resist only
7% of the static strength. Load alternations in the bolts can be prevented
by giving the bolts a prestress which is greater than the external tensile
force acting on them and by ensuring that the resultant of the contact
pressure due to the prestress coincides with the line of action of the ex-
ternal load /17/. In this way the external load will be resisted by reduc-
tion of the contact pressure instead of by tension in the bolts.

Fig. 2.2 pfesents a design example which illustrates the use of the formu-

lae and diagram.

Stfength of column flanges without stiffeners

In the testing of column specimens as illustrated in Fig. 2.3 relating to
example 2 the failure mechanisms found to occur were similar to those of

T-stubs.
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Design example 1:

T-stubs, -
Bolts M24 8.8. B, = 197,75 kN £B,=395,5 kN
. o = 240 N/mm?
15 € /
o e i
J =8
/
I__-_}.-..N- h/ b R R SRR QT
—'i'""}’r A Y A AT (4481
40+ 110 %40 . 35 ¢ 110 ’ 35
jﬁ 190 180
n =40 mm< 1,25 % 38,44
R With formulqe:
Plate thickness 15 mm 25 mm 30 mm
(2.1) F= Mo _2x180 x § %152 % 240 126,4 kN | 351,1 kN | 505,7 kN
' m 38,44 : ’ ’
- M +£é 0N 2
2. - P 1 - 180315 %x240+395500x40 - 2.6 kN 287, N 325,6 kN
(2.2) F T 38,44 + 40 232,6 k 7 k
(2.3) F= 1B, 395,5 kN | 395,5 kN | 395,5 KN
Relevant formula. (2.1) (2.2) (2.2)
With diagram:
y = _;'.] = 3___._3044 = 1,04 Plate thickness 15 mm. 25 mm 30 mm
M
2y _ P 126,4 kN . 351,1 kN {505,7 kN |
Try - 0,676 B = ™ = 3955 kN (zie boven) | =5e5§=|395,5 kN
t
8 = 0,319 < T§§7 = 0,676 <| 0,888 1,28
2 c ooem o B+2Y «n _IB*+2Y ~p _
B < T;%§-->F- BEB=0,319 # 395,5= | ooy IB,= i 1B =
= 126,4 kN 287,7 kN {325,7 ki

Fig. 2.2: Example of the application of formulae (2.1) and (2.2) and
the diagram in Fig. 2.1C to T-stubs;
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Design example 2: Column flaq&%{)@{@li&?ﬁ?ﬁ? HE 3004 h = 230 mm
---------- b = 300 mm )
Material Fe 360  with T4 © 240 N/mm*
TZF Bolts M24 8.8 with Bt = 197,75 kN
— S
I
Iz '%Z tf=l4 mm
HE 300 A tw=8,5 mm
y/ T=21 mm
vz 7222
[ ]
—_——
l?F
4Q_110_40 35 110 35
o0 ! ' 180

Column portion:
110 - 8,5 —20,8 x 2 x 27 = 29,15 mm

n =
Nt = 300 - 110 _ 95 mm n 1,25 % 29,15 = 36,43 mm
2 o = 35 mm (determined by T-stub)

(2.4) effective length b+ = a + 4m + 1,25n' = 110+ 4 %29,15 + 1,95 % 95 = 345 mm
With formulae: (2.1 t/m (2.3)

1

. 2 M \ | |
(2.1) F o= - p - 2 ¥ 345 % } % 14 ¥ 240 - 278,4 Kl

- M_,  IB..n 2

Cllpr TPt 345 % § % 142 x 240 + 395500 % 35 -
(2°2> F = - 2,25 n 29,15 277,9 kM
(2.3) F = 18, = 395,5 kN
With diagram :
_n_ 3 _278,4

Y=f=prs= 1,20 B =g 0704

F= 0,704 ¥ 395,5 = 278,4 kN

T = 0,706
Combination with T-stubs of design example 1],

126,4 kN (T-stub is governing component)

?late thickness ¢t = 10 mm
ot o= 25 mm

1y MY

278,4 KN (column flange is governing
component).

Fig. 2.3: Example of the application of formulae (2.1) to (2.2) and
formula (2.4);
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With the aid of the yield line theory /13/ it has been shown that the de~
sign strength of the connections to column flanges can be calculated with
the formulae (2.1), (2.2) and (2.3) if the portion of column in question
1s conceived as having a notional effective length equel to:

b=a+4+ 1.25 n! (2.4)
where a denotes the distance between the outermost bolts.

It has furthermore been established that the design strengths of T-stubs
and column flanges can be determined independently of each other /13/.

Strength of column flanges with stiffeners

In tests on column specimens with stiffeners as shown in Fig. 2.4 relating
to example 3 the same three failure mechanisms as those of T-stubs were
found to occur. It emerges, too, that the same formulae and diagram can
be employed if the design strength of the plate as determined from the
diagram in Fig. 2.5 is introduced.

This last-mentioned diagram has been compiled by analysis of the yield
line mechanisms observed in the tests and by making use of theoretical
approximations. On the horizontal axis is indicated the location of the
bolts in relation to the web of the column. The bolt location is repre-
sented by the ratio of the distance m, (from the bolt to the radiused
transition) to the width of the column flange, i.e., Kl = ml/(m1 + n').
On the vertical axis of the diagram is indicated the ratio of the dis-
tance , (from the bolt to the weld of the stiffner) to the width of the

column flange, i.e., A, = m2/(m1 +n').

The design strength 1szthe product of the plastic moment per unit length
of the plate and the value a read from the coordinates of the bolt from
the diagram. For this purpose it is permissible to interpolate between the
curves for which the values of a are indicated.

The design strength of the combination of the bolt and plate is determined
with the aid of the same formulae and diagram as employed for the T-stubs,

except that for FP - ZMP/m we must now substitute the value ?p = oo,
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Nesipen example 3: Column flanges with §§i_f_feners and T-stubs,
Bolts : M26 8.8 ... B, = 197,75 kN
Material: Fe 360 G = 240 N/lmlz'
4 2F e
. 1
. . il i i te=14mm
P
i
HE 300 A 15 mn t =8J5 uh
1
a=8 =27 jom
1%
T T 1
], |
¢ _L._.__u
| 3511035,
my = LO'_%M z 23'?5 o 95 1110 | 9
- - 300
my = 110 lg 228 /2 36,18 mn
A - 2?.75 = 0,20 Ay @ _2_36,.13 =0,304ma = T (see diagram in Fig. 2.5}
a 2 - N, B,
i—’p 4 2} 2142 2240 = 17,8 KN Y = oyp s 1,47
L1418 Y.
g 7,75 0,747 Ty - 0,747
F = 0,747 %.395,5 = 295,3 kN _
Combination with T-stubs of example 1;
Plate thickness:t = 15 mm ... (T-stub is governing component)
t = 25 mm ... (T-stub is governing component)
t =30 mm ... (column flange is governing
component).
Fig. 2.4: Design example for column with stiffeners.
|
{
)‘2 n * la
! i
12 - |
I =
T - VR i
______ J re72¢
11—ttt 1??%:_- =
+ 1 o+
i
08 ___/—-i{/’-’—— -
! 0y
06+ ) m,+n
-2 \ \ ///////I;//I(////’.’//II/IIIIIJ
FI777 z
04 \—D M2
+ \ é )\2: ¢
; / m, + N
N
0.2 %‘?ﬁ ‘__ -89
4 » .
B In EC 3, January 1988, this graph is made
0 . ) consistant with the formula for effective
0 02 04 06 0,8 length per bolt in a flange without stiffenes
' >\ bm=4m+1,25n'. ‘
Fig. 2.5: Diagram for determining the design strength of an end plate

or column flange with stiff

ener loaded by a bolt.
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where:
2
t = thickness of plate or flange

fy = guaranteed yield point of plate or flange material.

In this text the terms "plate"” and "flange" are both used because it has
been found that the part of the end plate between the beam flanges can
be designed in the same way as the column flange with stiffeners.

A design example is presented in Fig. 2.4.

Strength of a connection with projecting end plate and four bolts on the

tension side

In the case of a beam connection with projecting end plate, as shown in
Fig. 2.6, the strength of three component parts of the comnection should
first be calculated:

- the side of the column, with or without stiffener;

- the projecting part of the end plate;

- the part of the end plate between the beam flanges.

The method applicable to T-stubs can be applied also to the projecting
part of the end plate. For the part of this plate situated between the
flanges of the beam the method applicable to the column flange with stif-
fener can be employed (see design example 4, Fig. 2.6).

The force transmitted by a bolt is equal to the lower of the values calcu-
lated for the strength of the column flange with bolt or of the end plate
with bolt. Also, it is necessary to satisfy the condition that there is
equilibrium between the forces on the tension side and those on the com-
pression side of the connection. The force on the compression side is lim-
ited by the design strength of the column web without stiffeners on the
compression side of the connection (see Section 2.11) and the design
strength of the column web in shear (see Section 2.11). Shearing of the
column web may occur in consequence of unequal load acting on the two
sides of the column, as may occur with knee or T-stub connections (see de-
sign example 5, Fig. 2.7).
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Design example &4: Conmection with projecting end piate,
Bolts M24. 8.8
Material Fe 360
- /a=7 mm + + 1-40 88,25 mm
‘ 110 T
- =7 mm ' 4+ 4+ A
a I
La=4m | 400
; - 8,8 338,24
| |
: 1
| B
35 110 35713'°
1. i
| LI
__Projecring part__ 180
oo 110 - 13,5 -20,8 %2472 _ 4033 m o - 40 mn
with plate thickness t = 15 mm t=25mn|t=230m
7
. My 2 x 1 x 180 % 15,02 % 240 _
Fe—bt= 7073 = 120,5 kN 334,7 kN| 482 kN
: . Mp+£ét‘n= 13180%157 £240+395500440 _ 507 2 kN 2610 k| 317.8 K
min 340, 33+40 ’ ' ’
F = 1B, = 395,5 kN 395,5 kN| 395,5 kN
_Part_betveen the flanges,
T o=9,3
| ny = 110 - 8,6 - 82 _ 45y n=35mm Ay = 34f45 = 0,56
2 from diagram
110 - 13,56 - 2 % 7V2 _ _ 38,5 _
m2 = 5 = 38,5 mm >\2 = 35 - 0,481 in Fig. 2.5
Plate _t_h_i_c_k_a_e_s_s_ t= _1 5 mm
i " ] _ 1256 _
Fo 9,3 :55 x 152% 2402 125,6 kN B = Tg74% 0,632 . §+§ I
- D— = e = - .Y - + .Y t
y=3=32=0,777 » 5% 0,608
= By ;i . 0,632+ 2% 0,777 )
F =S By = =77 x 395,5 = 243,3 kN
Plate_thickness_t_=_25 m®
===" ; ) _ 348,8 _
Fo = 9,3 % } % 257 x 240 = 348,88 kN B = 57¢ = 1,764 : w2
= AT Ty Tt
Yy =077 vy - 0,608
- B2y o _ 1,764 + 2 % 0,777 )
F = 515l 1B, = 2Ty x 395,5 = 369,4 kN
plate thickness t = 30 om
- \ ) 307 £ 240 = 502,2 kN B = —092sZ = 2,54 > 24 F= 1B =395,5 KN
Fo=9,3%3% % = » 197.75 _ °* t 7

Fig. 2.6: Design example for connections with projecting endplate.
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Design example 5: End plate in combination with HE 300A
(shearing);
(for design strengths of the tension side see examples 2 and

Eé=5 % (terr) ot. o = 5(14+27) x 8,5 = 240 = 418 KN (see Section 2.11) (2.8
End plate 13 nm
15 m e
N T T 4?_-— 3
r 110 > F
-+ —>
F2
HE 300A IPE 400 ED
\ !
i . . .
'] —F +F, <f
l// S

Shear 310 kN

Top row of bolts flange, see example 2 278,4 kN
end plate, projecting part 120,5 kN 120,5 kN

Bottom row of bolts ¢y,,00. 278,4 kN
end plate between flanges 243,3 kN 243,3 kN

The design strength of the shearing zome is 310 kN < 363.8 kN.
Bottom row of bolts 310-120.5 = 189.5 kN|

M, = 120,5 % (0,455-0,040) + 189,5 % 0,345 = 50 + 65 = 115 kNm

Cnd plate as T-stub 2 ¥ 120,5 % 0,4 = 96 kNm

jhy{ plate 25 mm
end plate, projecting part 281 kN 278,4 kN
flange 278,4 kN

Bottom row of bolts 310 - 278,4 = 31,6 kN

M, = 278,4 % 0,415 + 31,6 x 0,345 = 115,5 + 10,9 = 126,4 kNm

End plate as T-stub 310 % 0,4 = 124  kNm

~

Fig. 2.7: Design example for connection with end plate if shearing is
the governing mode.
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If the sum of the design strengths of the connecting components on the
tension side is greater than that on the compression side or greater than
the design strength of the column web in shear, the strength on the ten-
sion side should be reduced to such an extent that equilibrium is achieved
(see design example 6, Fig. 2.8). This reduction may begin with the bolts
located closest to the centre of compression, i1.e., the centre of reaction

on the compression side.

The design strength of the connection is equal to the sum of the products
of the forces determined as indicated above and their lever arms with re-
spect to the centre of compression. In determining the lever arms it must
be taken into account that in the case of the connecting components simi-
lar to T-stubs the calculated tensile force 1s located at the tramsition
from web to flange'and that in all other components it is located at the

row of bolts.

To simplify the calculation, the end plate may likewise be conceived as

a T-stub and the supporting effect of the beam web be neglected.

The resultant of the forces is aligned in the continuation of the tension
flange of the beam. In that case there is only one lever arm to comsider.
The calculation procedures described above are incorporated in the design

examples 4 to 7. Example 7 is contained in Appendix B, Fig. B.1.

Strength of a connection with more than one row of bolts on tension side

between the beam flanges

The following applies to connections formed with a flush end plate as well
as those formed with a projecting end plate, provided that the projecting
part of the end plate can undergo sufficient deformation to enable the
yield line pattern between the beam flanges to develop (see note under
Fig. 2.10). The projecting part of the end plate should be taken into ac-
count in the same way as has been described for the projecting end plate
with four bolts (see Section 2.5).
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Design example 6: End plate in combination with HE 300A
(column loaded symmetrically),
Bolts M24 8.8,
- —‘-
1 —>F,
| IPE 400 HE 300 A IPE 400 345
: b -
\ B -1 e F1+F2 FC
End plate 15 mm |
’I‘op row of bOlté flange', se? example 2, H 278,4 kN 120’5 kN
end plate, projecting part : 120,5 kN
Bottom row of bolts flange: 278,4 KN i} 243,3 kN
end plate between flange. 243,3 kN —_—

The design strength of the compression side, see example 5 418 kN > 363,8 kN

-

MV = 120,5 % (0,455-0,040) + 243,3 = 0,345 = 50 + 84 = 134 kNm

End plate as T-stub: MV =2 % 120,5 % 0,4 = 96 kNm
End blate 25 mm
Top row of bolts’ flange _ : 278,4 kN
endl plate, projecting part : 281 KN 278,4 kN
Bottom row of bolts flange 278,4 kN
end plate between flanges 369,4 kN 278,4 kN

Th? design str?ﬁgth of the compression side, see exahplgns 418 kN < 556,8 kN
Bottom row of bolts 418-278.4 = 139.6 kN

MV = 278,4  (0,455-0,04) + 139,6 % 0,345 = 115,5 + 48,2
End plate as T-stub: MV = 418 % 0,4

163,7 kNm
167  kNm

"

A stlffener between the flanges on the tension side is of
l%ctle use here, because then:
Zs

Top row of bolts flange with stiffener, 295,5 kN
see example 3 281 KN
end plate, projecting part. 281 kN

MV = 281 % (0,455-0,04) + (418 - 281) x 345 = 116,6 + 47,3 = 163,8 kNm

Fig. 2.8: Design example for connection with projecting end plate if
behaviour 1is governed by the compression side;
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Here, too, it 1s necessary to do a separate calculation for the column
flange (with or without stiffeners) and the part of the end plate between
the beam flanges.

It will first be explained how the bolt forces in a group of bolts and

then how the design strength of the connection should be determined.

2.6.1. Bolt forces in a group of bolts

Tests have shown that in the part between the beam flanges then first
develops a yield line pattern around the bolt which is located nearest
to the tension flange of the beam and the beam web (see Fig. 2.9).

If another bolt is added, the yield lines extend to it, but the force

in the first bolt remains the same as that corresponding to the origi-
nal yield line pattern. This effect has been ascertained from bolt force
measurements in tests /14, 15/. What consequences this has for the de-
sign méthod are indicated schematically in Fig. 2.10 and 2.11.

To start with, the design strength of the plate with one bolt is deter-
mined, as indicated in Figs. 2.1A, B, C. Next, the effect of adding a
bolt is considered. It is possible that the second bolt, e.g., as shown
in Fig. 2.10D, does nothing, because it has been placed within the yield
mechanism formed by the first bolt.

The difference between the design strengths of two groups of bolts is the
maximum force that a row of bolts can tramsmit. The force must be deter-
mined from the difference between the two bolt groups because the addition
of a bolt may change the type of failure mechanism, e.g., from a mechanism
with bolt failure (II) to a mechanism with complete yielding of the end
plate or column flange (I). That is why it is necessary first to determine
the design strengths of a number of bolt groups in the comnection.

This number is equal to the number of bolt rows on the tension side of the
connection which it is desired to include in the design calculation.

The design strength of a bolt group is determined with the same formulae
as those used for the column flange without stiffeners or with the diagram
in Fig. 2.1C.




.= 3ha -

Fig. 2.9: A yield line pattern first develops around the bolt which
is located nearest to the tension flange of the beam and
the beam web.
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Fig. 2.10: The effectiveness of added bolts depends on the yield line
pattern formed by the first bolt.

Note: In the connections shown in Figs. 2.10 G, H and I the
yield line pattern in the part between the beam flanges can
develop only if the part outside the flanges has sufficient
deformation capacity. In Chapter 3 this is explained for a
comparable situation with the aild of test results.
Sufficient deformation capacity is obtained by ensuring that
yielding of the plate or the flange occurs.
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This same diagram is reproduced in Fig. 2.13, but now with the formulae
relating to T-stubs, in order to highlight the similarity between the two
methods. This similarity is apparent when the plastic moment of the T-stub
is replaced by the product of the effective length bm and the plastic mo-
ment per unit length mp of the end plate or column flange. The strength

of the bolt is then equal to the sum of the design strengths of the bolts
in the group. The design strength of the plate or column flange is:

Fp = 2 bm.mp/m (2.5)

where:

bm = effective length of a bolt group.

The effective length of a bolt group is equal to the sum of the effective
lengths as given in the table in Fig. 2.12. As the table shows, only the
effective lengths associated with the first bolt vary, depending on the
mechanism that may be formed. The effective length for the added bolts is
always equal to the distance between the bolt rows because the yield line
pattern of the first row is increased by an amount equal to the bolt
spacing in consequence of the added row. This is shown schematically in
Fig. 2.11.

The total effective length for a group of bolts can never exceed the total
length of the welds along the tension part of the beam flange and beam
web. In the vertical direction there is no advantage in installing addi-
tional bolts if the effective length already extends to the compression
side, unless the plate is still fully elastic |, > 2).

In the last mentioned case the addition of a bolt will have the effect of
reducing the ratio B of plate strength to bolt strength, so that the fail-
ure mechanism involving complete yielding of the plate is more closely at-
tained (Bi < 2v/(1+2Y)). . '
It has been shown in /13/ that the design strengths of the end plate and
column flange can be determined independently of each other and that the
lower strength is the governing strength with regard to the bolts.

An example will serve to i1llustrate this.




- 35a -

<
L
Q]
"~
~—
+
|
N

En'

m+ 1,2

s

pe—e--

The effective length 1s limited by the dimensions of

Extension of the yield line pattern proceeds from the first row
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of bolts.

2.11:

Fig.



- 35b -

Column flanges. end plate
without with stiffener flush projecting
— b — Rkt T — ot — = T — e }‘ —————y
T h T T 4T o
+ U
@I 1
+ |+ P I
+ + +
L4t _1 4. X _ ]
' i
mn n, n
LSS i
<:> column flange without stiffener first bolt row bm =4 m+ 1,25 n'
(:) column flange end plate second bolt row b = p
m
: , per side _ ' o)
@ e,x\-_ev\;h.cgpart of end plate per bolt bm =4 m+ 1,25 n' < 5
<:> column flange with stiffener %gg%ago%grrow(see b am ( \ ?l y
= See ol
end plate between flanges) m__Z Ll
(:) bolt group between flanges bm > bm
o 4
!3 gl e
!
A2 + 5%*" 1m,
p——TOLL 2
ZEE
i L
—-L‘.
1
08 ‘
N\ 11

\
x \ 1
04/ \\\\%\ -
N}

) e
\\ 3 \‘:‘ -g‘g m1+n

0,2 31’/ ,T\ \\. \\ §
0 - T
0O 02 04 06 08
_—.’kd

Note: This is the same diagram as in fig. 2.5.

Fig. 2.12. Table for determining the effactive length of the end
plate or column flange.
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-59-
Formulae for T-stubs for two sides
F. L.bnMe [complete ylelding of plate
m ~
[ Z-bmﬁ\mpr:zgtn ngt25m [ yielding of plate + bolts |
+
F- 5B, [bolt failure.]

Now for part of plate or flange with one bolt with:

2brrm n 2‘.
= ————.—-‘L and ==L
b= =5 ° 0=
F lt d—_J_Lb
; 7. &
t ————
] = _Be20 &
290 4 | F'%WB‘
1420 i
ﬁ: B.B.
0 201 2 k
1420

complete ylelding|ylelding of part bolt failure
of part of plate |of plate or flange
or flange for restraint and

yielding of bolt.

Fig. 2.13: Similarity between the design methods for the T-stubs and
the end plate or column flange with bolt row is evident on
rearranging the formulas for the T-stubs;
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Suppose that the bolt force distributions as represented in Fig. 2.14a
have been determined. The large bolt force in the top bolt row in the col-
umn flange is due to the large effective length assigned to the first bolt
row. The yield line pattern is extended in consequence of the bolt rows
located below that top row. For these rows only the bolt spacing is avail-
able as the effective length. Hence the bolt forces in these rows are
smaller. The bolt force distribution obtained for the end plate is charac-
terized by the fact that the bolt row in projecting part of this plate can
transmit less force than the first bolt row in the column flange.

In this case the strength of the projecting part of the end plate must be
adopted in calculating the design strength of the connection. The second
bolt row in the column flange can now transmit more force.

This redistribution of forces cannot be assumed to occur if the column
flange is supported by a stiffener located between the first and the sec-
ond bolt row. In that case the bolt grbups above and below the column
stiffener function independently of each other. In the foregoing example
it has also been assumed that the connection can deform to such an extent
that the yield line pattern can develop. There are conceivable situations
where this is not necessarily so, as will be considered in the next sec-

tion.

2.6.2. Design strength of the connection

If the design strength of the bolt rows is known, the design strength of
the connection (ﬁv) can be determined. Various possibilities have to be
taken into account. All of them (108) have been assembled in Fig. 2.15 and
numbered from 1 to 108. The associated formulae for calculating the design

strength of the connection as given in Fig. 2.16.

The failure mechanisms which may occur in the beam flange and the end
plate are indicated schematically in Fig. 2.15. This table is divided into
four sections in which are accommodated the combinations of the column
flange with or without stiffener with the flush end plate or the projec-
ting end plate. On the left in each combination is shown the mechanism of

the column flange, and on the right the mechanism of the end plate.
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A. Calculated bolt force B. Bolt force distribution to

distribution. be adopted.

Fig. 2.14 Calculated bolt force distributions and derivation of a bolt -
force distribution to be adopted, taking account of redistrib-
ution to be adopted,taking account of redistribution.
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Is the following condition satified? Z Fi f’Fp or £ Fq
yes no
Flush end plate ‘ ébc*&hnokmc& end plate
g‘ @D ) n oA @ i n o restrict the number of
o o= L F..h. = (,z_;1 F..h. + Fe.h) bolt rows to be takeni
o v 1=l 1 v 1=l into account in such a
0 way that
; ®r‘4 (Fi.hy + Fouhy) @M 2 F .h 3
= v it T e v e’ ;L) Fy S F, or Fy
T-stub
® (hlz + h22) ® . ) w?ereln is the number
i =28 M =4 B_..h of bolt rows or parts
o v t lil v t thereof to be taken inl
° account. Next, applyonc
= @ T h.2 . A I h.2 +h2 of the fortfmlae.(l) to
o fo=28, —— i =28 1 e (8) given in this table
o v t h v t—  h.
5 1 e
©
—
]
£ _ strength of the bolt row in the exXewdsd part of the
e end plate
Fi = strength of the ith bolt row between the beam flanges
ht
. - L -
= - r Fc = a— i ] > 2.
Fn = strength of a bolt group up to and including the ith bolt row
.i
.+ 2
- By + {28 if g, > 2y
2+ 2y t iTTE R
. AR 2y
= 1 . < .
B,.1.2By if By STy
B, _ B for the plate with bolt group up to and including the ith
1 bolt row
h - distance from the bolt row in the projecting part of the end
€ plate to the centre of compression
hi = Jistance from the ith bolt row to the centre of compression
h _ distance from the tension flange of the beam to the centre
of compression

Figz. 2.16 : Formulae for calculating the design strength of the
connection (see Fig. 2.15)

~

Note: F

~

F
s

ultimate strength of compression zome

ultimate strength of shear zone
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2y

T—;—Ey-schematized to:

l. = complete yielding of plate or flange B <

d ... column flange with stiffener

b... column flange without stiffener, flush end plate

¢ ... column flange without stiffener, esxkewdad end plate
d ... exkencledl part of the end plate

¢ ... part of the end plate between the beam flanges.

2. = partial yielding of plate or flange with bolt failure I iYZY <P <2

schematized to:

+.. column flange with stiffener

++. column flange without stiffener, flush end plate

+++ column flange without stiffener, exte.dec end plate
«oo exkeudad part of the end plate

«+. part of the end plate between the beam flanges.

Or- rv-roh -0

3. = bolt failure without yielding of plate or flange B » 2; in this case
the plate or flange remains virtually undeformed, as is indicated by

straight line segments.

The tubular presentation in Fig. 2.15 is so arranged that on a horizontal
line the mechanism of the column flange and the mechanism of the end plate
between the flanges remain the same, while the projecting part of the end
plate becomes progressively stiffer.

In the vertical direction as presented in the table the three possibili-
ties for the part of the end plate between the beam flanges are repeated,
while the column becomes progressively stiffer.

This means that the situations relating to the column flange with stif-
fener, with equal mechanisms on each side of the stiffener, are repeti-
tions of the three groups of situations relating to the column flange
without stiffener. .

Thus the situations 37-48 are equivalent to the situations 1-12; the situ-
ations 73-84 are equivalent to 13-24; and the situations 97-108 are equiv-
alent to 25-36. The number of possibilities has accordingly been reduced
to 72.

Each combination is marked by a number enclosed in a circle. This number
refers to the formula in Fig. 2.16 with which the design strength of the
connection should be calculated. The odd numbers refer to the formulae for
the flush end plate, the even ones to those for the projecting end plate.
The higher the number, the stiffer is the connection. For numbers above

the connection behaves elastically.
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In Fig. 2.15, with reference to the possibilities with projecting end
plate, situations are indicated in which formulae should be used, although
this formula is actually applicable to the flush end plate.

Such situations correspond to the case where the part of the end plate be-
tween the beam flanges is so strong in relation to the projecting part
that the part between the flanges cannot be expected to deform to such an
extent that the calculated force will indeed be attained in the projecting
part. Such situations were encountered in the tests, as will be reported
in Chapter 3. The co-operation of the projecting part of the end plate can
then best be neglected.

On the other hand, it may occur that the projecting part of the end plate
is much stiffer than the part between the beam flanges, e.g., in the case
where the column flange has a stiffener.

Above the stiffener there is, for example, only on bolt, which is not suf-
ficiently strong to bring about yielding of the column flange. Below the
stiffener there are several bolts, and these do cause complete or partial
yielding of the column flange. In that case the part above the stiffener
is so stiff that the mechanism between the beam flanges cannot develop be-
fore the bolt in the projecting part fails. Then only the bolts near the
stiffener can be taken into account. Therefore formula (4) or (6) should
be used for a projecting end plate, and formula (3) or (5) for a flush end
plate if in the latter case the stiffener is installed between the first
and the second row of bolts.

With the projecting end plate there then exists the situation where this
end plate can be calculated as a T-stub, subject to certain conditions be-
ing satisfied, as appears from Fig. 2.15. Fig. 2.15 also indicates situa-
tions for which it cannot be decided in advance whether the connection
should be calculated as a flush end plate or as a T-stub. For example, see
the cases 19, 20, 23 and 24, or 79, 80, 83 and 84. In those cases the for-
mulae (1) and (4) will have to be applied in order to see which of them
yields the lower value. |

Obviously, the formulae (7) and (8) in Fig. 2.16 give the highest strength
of the connection. For applying these formulae the designer should be sure
that the plates concerned remain straight up to failure of the bolts.

The analysis can then be based on elastic theory.
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The deformation capacity in that case is very low. Most deformation capac-
ity is obtained if the formulae (1) and (2) in Fig. 2.16 can be applied.

Probably the lowest strength is obtained if the formulae (3) and (4) have
to be applied.

It is also indicated in Fig. 2.16 that the condition 2 } f; < f_ or < F
should be verified, i.e., whether the sum of the forces on the tension
side can equilibrate the design strength of the compression side ?c or
equilibrate the shearing panel of the column web FB. The formulae for cal-
culating ﬁc and fs are given in Section 2.11.

If the sum of the tensile forces exceeds Fc or fs, the total temsile force
should be reduced. This can be achieved by succesively neglecting the
forces, proceeding from the centre of compression, until equilibrium is
reached. In that case the design strength of the connection is equal to
the sum of the products of the remaining forces and their lever arms with
respect to the centre of compression.

Fig. 2.17a schematically shows the situation where the formulae (1) to (4)
should be applied because the end plate or the column flange is not suffi-
clently stiff and strong to justify the assumption of elastic behaviour.
Should it nevertheless be desired to apply elastic analysis, then the ra-
tio of plate strength to bolt strength will have to be increased.

For column flanges it then becomes necessary to employ stiffenmers, as shown
in Fig. 2.17b, where a simple rule for calculating the end plate thickness
is also indicated. This rule has been adopted from the American literature
/18/ and 1is based on the assumption that the tensile force in the beam
flange is transmitted entirely through bending from the end plate - i.e.,
without supporting action from the beam web - the top row of bolts.

2.6.3. Distribution of forces in the web behind end plate or column

flange

If an elastic analysis 1s dispensed with and if the distribution of forces
as imposed by the plate strength to bolt strength ratio is accepted, the
end plate thickness can be adapted to suit this.
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Fig. 2.17: Possible distributions of forces in the connections depend on
the plate strength/bolt strength ratio B.
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Fig. 2.18: If the thickness of the end plate is adapted to the forces
that the column flange can transmit, the forces must pass
via the beam web to the beam flange.




2.7

- 40 -

It should then be realized that the design method is based on the assump-
tion that the forces are transmitted via the beam web to the beam flange
and that the web must be capable of so functioning /19/ (see Fig. 2.18).
If the end plate need not develop any deformation capacity, the simple
(elastic) method of calculating the thickness of the end plate, as de-
scribed above, is the least time-consuming. It will always be necessary
to check that the bolt forces can be transmitted by the webs behind the
column flange and end plate. For this purpose it is permissible to take
account of redistribution of forces in the web. The effective length of
the web can be taken as equal to the effective length in the flanges or
the end plate.

Deformation capacity

The deformation capacity of a connection may be due to:

a. yielding of the column wed in consequence of shearing;

b. ylelding of the column web on the compression side of the connection;

c. yielding of the column flange or end plate on the tension side of the
connection.

In general, the phenomenon mentioned in point a. will provide the greatest

deformation capacity. It cannot occur in symmetrically loaded connections,

however. In that case the phenomenon mentioned in point c¢. must be presumed.

From tests /14, 15, 27/ it has emerged that considerable deformation capac-

ity 1s obtained from the tension side of the connection if:

B < T

either 2. the whole bolt group in the case of column flanges without
stiffeners (situations 1-12 in Fig. 2.15),

or b. the bolt groups in ihe parts of the column flange above and bé-
low the stiffener (situations 37-48 in Fig. 2.15),

or c. the bolt group in the end plate, provided that the part there
of projecting outside the flanges also deforms sufficiently
(situations 13, 14, 25, 26, 49, 50, 61, 62, 73, 74, 85, 86, 97
and 98 in Fig. 2.15).
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In these cases there occurs complete ylelding of one of the plate com-

ponents mentioned. In the intermediate range 7 iYZY < B < 2 the bolt

strength is sufficient to cause yielding at the at the transition form
plate to web, but the bolts fail before the prying force at the edge of
the plate becomes so large that yielding of the plate at the bolts also
occurs. The deformation then remains limited. From the test results an
approximate formula for the deformation capacity in that situation has

been deduced, namely 1if:
2vy/(2y + 1) < B < 1,75

then the rotational capacity is:

_10.6 - 48

¢ 1.3h

where:
h = the distance in mm between the first bolt row from the tension flange

and the centre of compression.

1f B > 2, then no deformation of the plate occurs. The connection behaves
elastically up to failure of the bolts. The deformation will in that case
have to be supplied by the strain of the bolts. Safe values for the plas-
tic strain are 2 mm for 8.8 bolts and 1 mm for 10.9 bolts.

It is however, important to avoid having the deformation capacity provided
by failure of the bolts. To ensure that this condition is satisfied, it is
seesntial that B < 1.75.

This latter value has been chosen because in checking the test results
with respect to deformation capacity the design strength adopted for the
bolts was 0.7 of the guaranteed ultimate strength. It is likely, however,
that this requirement for the design strength will be raised to 0.8 in the
foreseeable future. In anticipation of this the value B = 2 has been re-

duced to % x 2 = 1,75.
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2.8 Deformation capacity and bolt force capacity

In Chapter 1 it has been explained that the components of the connection
must be stronger than the design strength of the connection if the lat-
ter is to provide rotational capacity. The welds between the end plate
and beam must be designed to a bending moment which is higher than the
strength of the connection by a factor 1.4 or 1.7 in a braced or an un-

braced frame respectively (see Fig. 2.19).

It may be asked whether this applies also to the bolts. That this is not
so 1s apparent from Fig. 2.20. The connection show on the right in Fig.
2.20a has an end plate and column flange which are so thick in relation
to the bolt strength that plate and flange remain elastic up to failure
of the bolts. The plate strength to bolt strength ratio is higher than 2,
as 1s indicated in Fig. 2.20b. The moment-rotation characteristic is al-
most linear (see Fig. 2.20c).

Suppose that a thinner end plate is used, so that the plate strength to
bolt strength ratio becomes lower than 2y/(l + 2y). As a result, defor-
mation capacity is obtained because more than 1/(l1 + 2y) of the design
strength of the bolt is used for causing the plate to yleld at the bolt
row by the action of the prying force.

In the example: Yy = 1.25 and therefore 1/(1 + 2y) = 28.5%, say 30%.

The design strength of the connection becomes about 30% lower than that
of the connection, which behaves elastically up to failure of the bolts
(see Fig. 2.20c). In consequence of the large deformations of the end
plate, membrane forces are developed in it, which ensure that the resis-
tance of the connection continues to increase with increasing rotation.
With this procedure 30% of the bolt force capacity is therefore sacri-
ficed in order to obtain deformation capacity. As a result the moment-
rotation characteristic continues to rise, and it is not correct to de-
maﬁd extra bolt force capacity to maintain safety against failure at
this higher moment.

In the situation where the rotational capcity is due to shearing of the
column web or failure of the compression side it is, however, necessary
to provide extra bolt force capacity if the end plate or column flange
reﬁains elastic up to failure of the bolts, i.e., if 8 > 2.




With increasing deformation the
force on the tension side of
the connection continues to
increase because embrane forces
develop inthe deformade plate
components. The welds must be
able to transmit this increase
inforce., It appears from the
test results that the moment-
rotation characteristic
intersects the line pf required
rotational capacity for a value
opf the moment which is 1.4
times the design strength inthe
case of braced frames. Analyses
of unbraced frames show that
the required rotational
capacity is no more than 0.04
radian, As the test results
indicate, the moment is then
higher by a factor of 1.7 than
the design strength of the

connection
P
|
3 .
Y . 17M,
14 M,
] Y -
B 0,04 rad

Fig. 2.19 : In the case of connections which have to provide rotational

capacity the welds should be made stronger than the end plate
with bolts.
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Fig. 2.20: Comparison of the behaviour of connections with and without de-
formation capacity, from which it appears that no extra bolt
force capacity 1s necessary.
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2.9 Stiffness

The method of analysis for stiffness is based on observations made from
tests and on theoretical approximations. It provides insight into the con-
tribution that each component of the connection makes to the deformation.
From Chapter 1 it appears that the introduction of too low a stiffness of
the connection into the calculation presents no problems if the connection
possesses sufficient rotational capacity. By undergoing plastic deforma-
tion the connection adjusts itself to the under-estimated stiffness.

On the other hand, if too high a value is adopted for the stiffness of the
connection, this is liable to have adverse consequences for the actual
stiffness and stability of the structure.

That is why the formula in Fig. 2.21 gives an approximation of the stiff-
ness of the connection in & situation where plastic deformations may per-—
missibly have already occurred, namely, the design strength of the con-
nection. However, the formulation has been so contrived that the initial
stiffness of the connection can also be approximately determined.

It remains an approximation because its actual stiffness depends on the
force with which the bolts are tightened and on the location of the con-
tact pressure /17/. This latter aspect will be considered in the next

section.

The with aid of formula (2.6) in Fig. 2.21 the spring stiffness of the
connection corresponding to the design strength ﬁv of the connection 1is
determined. The basic principle is that the flexibility is a summation
of the flexibilities due to (see Fig. 2.22):

a. shear deformation of the column web,

b. compressive deformation of the column web,

c. tensile deformation of the column web ) at the bolt row
column flanges ) outside the beam
bolts end plate ) flanges

if the projecting end plate has sufficient stiffness and strength, and
otherwise at the first bolt row between the flange. The correct choice of
the bolt row must be determined from an analysis of the two possibilities.
The lower of the two values obtained is the governing value. This will be
further considered in the context of the design examples (see example 17,
Fig. C10).




. ’ - M : - 6 "'1 2
fhe stiffness factor ¢ =-—7 s ¢ =( I fi ) ~ E.h (2.6)
1 e i=1
= —i2
where fi ‘ — X ( ?')
1
fi = flexibility factor of component i
¢, = stiffness factor of component i
Fi = actual force in component i
ﬁi = design strength of component i

The total deformation is composed of deformations due to:

F i) R
/ L £
M Shearing  Tension in Compression Tension in Tension in Tension on
Z of column column web in column column web bolts end plate
c, for F, : ¢y =0,24t c, =0,8t ¢, =0,8tw c,= °f Ce= 'S C.= e
W 2 W ’
i i 3 o 8 1, 12m

The deformation on the tension side is determined by one bolt row. The
effect of the other bolt row is taken into aacount by multiplying by the
quotient of the design strengths of the actual connection and the notational
connection with one bolt row.

Fig. 2.2]1 : Schematic representation of the method of analysis of the

stiffness of the connection.

Tension side

.
! ad

shearing panel

compression side

e
o

Fig. 2.22 : Possible deformations in the connection in the ultimate limit
state,
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Design example 12: Stiffnes analysis

Same connection as in example 5: behaviour at failure governed by shearing

zone and projecting part of end plate(end plate thicjness t.= 1 5mm)

First bolt row between flanges determines rotation.

o R
Co F F, ! ¢ ¢
mpongnt or Formula of Ci for Fi ( 1 ) 1 1
mechanism mF;— for MV for ﬁp/l,S
Shearing of C1 = 0,24 t =0,24 x 8,5 1 2 4,6
column web W
. 2 ¥
TEnsion on C,=0,8t =0,8%8, Zgﬂ
column web 2 W 5 (310) 15 15
Compression on C3 =0,8 tw = 0,8 % 8,5 (%%g)z 12 15
column web
ol 14} 278,
Tension-ebending (¢, = = £/8 1,7 1,8
of column web 4 qpr g %29,152 (189)
: : 2A 2
Tension 1n _ s _ 2 x 353 243
bolt C5 = ]b = 50 (‘I’gg)z 19,5 26,5
Tension-bending _ t? _ 15° 243
of end plate  Up ° T2N,u?; - 12#0,481%85¢  |(189) 0,48 0,65
* ﬁi for tension= bm‘ tw. Oe = 345 % 8,5 ¥ 240 = 704 kN
F,i 2
(=) < 2,25
i
Spring stiffness for the notional connection with one bolt row.
1 1 1 1 1 1 5 2
= o = 4 c 2,1 %1 345¢ =
('Yt T,7 o5 0. ) ¢ 0% % 34
5 2
C = 0,296 % 2’11;610 * 345° _ 7410 kNm/rad for notional connection
For the actual connection
_ 115 ) i} v =
C = m x 7281 = 1,76 % 7410 = 13042 kNm/r‘ad for MV 115 kNm
_ 115 -3
p = 13047 = 8,82 % 10 rad for 115 kNm
For 1.5-fold lower loading, i.e. for 77 kNm
_ 1 1 1 1 1 1 5 2
c = (H+T§+T§+m+—_26,5+_0.,65 ) ¥ 2,1 % 10° % 345
5 2 '
¢ = 0,402 % Ziés* 10° % 345", 1 76 = 10.0686 # 1,76 = 17721 kNm/rad
) e 7 = 4,35 x 10~% rad for 77 kNm
17721 }
Fig. 2.23 : Analysis for the stiffness of the connection considered

in example 5.
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The deformation on the tension side is assumed to be independent of the
number of bolt employed. This means that the stiffness of a connection
can first be calculated with one bolt row. The actual stiffness of the
connection can then be found by multiplying this result by the quotient
of the strengths of the actual and of the notional connection.

The flexibility of each component of the connection is expressed in the
reciprocal value of a stiffness factor Cl' This factor can be multiplied
by a quadratic term if the load on the component is lower than the design
strength thereof. The deformation of a component is assumed to increase
linearly with the load up to 67% of the design strength of the component
and then increases quadratically. Because the stiffness factor C1 is giv-
en in conjunction with the design strength of the component, this means
that at 67% of the strength the stiffness is 2.25 times as great as that
which is calculated for the design strength of the compoment.

In determining the stiffness of the notional connection with on bolt row
it is, for calculating the load on the compression side of the shearing

zone, necessary to take account of the force which equilibrates the sum

of the forces of all the bolt rows, however. Fig. 2.23 presents a design
example for the connection already considered in example 5.

Calculating the stiffness comprises the following operations:

a. Determine the load of the compression zone,
the shearing zone,
the first bolt row.

b. Determine the quotients of the design strengths and loads of the above
mentioned components and square these values; the squares must not ex-
ceed 2.25.

c. Determine for each component the stiffness factor C, and multiply these

1
factors by the quadratic terms already calculated.

d. Find the sum of the reciprocal values of the stiffness factors thus de-
termined.

e. Take the reciprocal value of the sum obtained in this way and multiply
this value by the modulus of elasticity and the square of the distance
between the centre of compression and the bolt row assumed.

f. Multiply the value thus obtained by the quotient of the design strengths
of the actual connection and of the notional connection with one bolt

Trow.
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With the calculation procedure outlined above it is also possible to cal-
culate the stiffness of a connection at a lower value of the load than its
design strength. Up to 67% of the design strength this spring stiffness is
constant and approximately twice as high as it is at the design strength.
Fig. 2.24 summarizes the moment-rotation characteristics which have, in
Appendix C, been calculated by the above method for the connections of ex-
amples 5 to 8.

The dash lines represent approximations at loads lower than the design
strengths. For these lines only the point corresponding to 67% of the de-
sign strength has been calculated (see design examples).

In example 17 it is investigated whether, in determining the spring stiff-
ness of the projecting end plate, the calculation should be based on a no-
tional connection with one bolt row in the projecting part of the end
plate or with one bolt row between the beam flanges. In borderline cases,
both calculations will have to be performed in order to determine which of
them yields the lower governing value.

In the .other examples the choice is found to be more or less obvious 1if
the projecting part of the end plate is of such low stiffness that it
fails before the connection does. This is the case in the connections with
an end plate thickness of 15 mm in the examples 5 and 6. The behaviour of
these connections 1s comparable to that of a flush end plate connection,
as appears also from Fig. 2.24. A small increase in design strength of the
connection, so that it no longer fails due to shearing of the column web,
results in large deformations of the end plate: in consequence, the design

stiffness rapidly diminishes with increasing design strength.

Increasing the stiffness of the connection

It is sometimes necessary to increase the stiffness of the connection.

For that purpose, as the formula for the spring stiffness indicates, the.
most effective measure consists in increasing the distance between tension
and compression side, because the distance hS occurs squared in the formu-
la (see Fig. 2.25a).
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Fig. 2.24: Summary of moment-rotation characteristics of examples 12 to 18

(see Appendix B).
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A. Increasing the lever arm by means of a haunch under the beam is very
effective because the lever arm occurs squared in the stiffness formulea.
Tests have shown that such a haunch need not have a flange.

.
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1
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l‘ p [ o ¢ i
f
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B. In the case of connections without stiffeners the haunch without flange

is to be recommended because the forces must be transmitted into the webs
of the column and beam.

Als: R>F
Y,
2 2
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C. Prestressing the bolts with a force larger than the tensile force has the
effect that the bending of the end plate and column flange can be neglected,

provided that the contact pressure acts in alignment with the column web
and beam web.

Fig. 2.25: Possibilities for increasing the stiffness of the connection.
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Increasing this distance, 1.e., the depth of the connection, can be
achieved quite simply by installing a thick haunch plate under the bean,
as shown in the left-hand diagram of Fig. 2.25b.

With the aid of the appropriate formulae given in the code of practice
it must be shown that this inclined platé will not buckle prematurely.
If no stiffeners are needed for tranémitting the compressive force in-
to the web of the beam or of the column, this method of increasing the
depth is in better agreement with the pattern of forces than is the so-
lution with a solid haunch as shown on the right in Fig. 2.25b, where
the transmissio of force is concentrated at the end plate and beam
flange and then spreads into the haunch. With the inclined thick haunch
plate the force is distributed over the height (or depth) of the con-
nection. A design method for this last-mentioned type of haunch and the
connecting welds is proposed in /19/.

Another possibility for increasing the stiffness of the connection 1is by
prestressing the bolts. This is, however, méaningful only if the contact
pressure due to the prestress is aligned with the column web and beam web.
Such alignment is indeed quite likely, because the end plate will, as a
result of shrinkage of the welds, acquire a shape as shown in Fig. 2.25c.
If it is ensured that the contact pressure is greater than the maximum
force occurring on the tension side of the connection, then the transmis-
sion of force will be accomplished by reduction of the contact pressure,
in which case the deformations due to bending of the end plate, bending
of the column flange and tension in the bolts can be neglected in calcu-
lating the stiffness of the connection (see Fig. 2.25c).

Increasing the strength of the connection

The usual methods of strengthening the connection, more particularly by
providing stiffeners between the column flanges, will not be considered

here. These are adequately dealt with in the existing literature.
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2.11.1. Tension side (packing plates)

The column flanges can be strengthened with packing plates as shown in
Fig. 2.26, as a result of which the plate strength Fp = me.mp/m is in-
creased by a factor (L + b m /2b_.m ),
opo m P
where: bo = length of the packing plate < bm’
mpo = plastic moment per unit length of packing plate,
bm = effective length of column flange of T-stub flange,

mp = plastic moment per unit length of column flange.

In this factor and in the formulae given in Fig. 2.26 it is clearly appar-
ent that the plastic moment at the web-to-flange transition is not in-
creased by the packing plates. Hence it follows that there is no point in
using these plates if B > 2y/(1 + 2y), because then yielding occurs only
at the web-to-flange transition and failure of the bolts 1is the governing
condition. In the case where B < 2y/(l1 + 2y) the strength of the connec-
tion can be substantially increased, e.g., by a factor 1.5, by giving the
packing plate a length equal to the effective length and a thickness equal
to that of the column flange.

2.11.2. Compression side

For the compression side of the connection a thickening (strengthening)
plate applied to the column web as in Fig. 2.27c does not provide an ade-
quate solution. It introduces eccentricity which cancels the advantage of
increasing the cross-sectional area.

The solution illustrated in Fig. 2.27d does indeed achieve an increase in
the strength of the compression side of the connection, but the number of
experimental results is insufficient for establishing a formula for calcu-
lating the increase. Tests have shown that strengthening of plates as il-

lustrated in Fig. 2.27a can be calculated with the formula:

P, = [tfl +2t +2a¥ 2+ S(tfk + rk)] (twk + kto) £ (2.8)
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where:

a = thickness of fillet weld between end plate and beam flange (throat

thickness),

te = thickness of beam flange,

1
te = thickness of end plate,
tf = thickness of column flange,

k
L, - radius of column web-to-flange transition,
tw = thickness of column web,

k
to = thickness of strengthening plate.

It appears from this formula that only half the thickness of the strength-
ening plate is taken into account. If the width/thickness ratio of this
plate is above 40, plug welds must be employed. The throat thickness of
the weld along the column flange should be equal to the thickness of the
strengthening plate. The horizontal welds should have a throat thickness
equal to %to Y 2. '

2.11.3. Shearing zone

If the column web is too weak in shear, it can be strengthened with a
plate as shown in Fig. 2.27b. The distance a. should be made as small as
possible, but sufficient to enable the fillet weld joining the plate to
the web to be properly executed.

Local yielding will occur over the distance a., but the resulting defor-
mations are small. The strength of the column web can be calculated with

the formula:

f, = [(hk -2t ) t, + bo.to] 0.58 fy (2.9)
) k k

where:

hk = depth of column section,

bo = width of strengthening plate,

to = thickness of strengthening plate.
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Fig. 2.26: Effect of packing plates.
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Strengthening as envisaged in formula (2.8)
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— <«— Strengthening of the column
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Fig. 2.27: Strengthening of column web with thickening plates.
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2.12 Interaction of mechanisms

2.12.1. Compression and shearing of column web

Tests /9/ have shown that interaction of normal and shear stresses, as
given by the Huber-Hencky-von Misses criterion, need not be taken into
account in the determination of the design strengths of the shearing zone
and compression zone of the column web. This means that these strengths
can be determined independently of each other with the formulae (2.8) and
(2.9).

2.12.2. Compression and compression in column web

Tests /9/ have shown that an axial compressive stress bn in the column web
exceeding one-half of the yield stress will adversely affect the strength
on the compression side of the connection. This is taken into account bf
applying a reduction factor (1.25 - O.SCTn/fy) to the value obtained with
formula (2.8).

2.12.3. Compression and bending in column web

Because of the large deformations of the column flanges, as shown in Fig.
2.19, a compressive force in the column flange can be expected to have an
adverse effect on the strength in the tension zone of the connection.

The problem has been investigated in some tests using a set-up as shown
in Fig. 2.28, where a specimen after undergoing testing is also illus-
trated /20/. Fig. 2.29 presents some characteristic test results.

First, a reference test without axial compressive force in the flanges
was performed (test A). The moment-rotation curve obtained in this test

is shown in the two bottom diagrams in Fig. 2.29.
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Fig. 2.28: Test set-up and specimen with which the effect of an axial
compressive force was investigated,
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Fig. 2.29: Comparison of moment-rotation curves for various loading
situations.
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Next, a test was perfofmed in which a moment corresponding to the design
strength in the ultimate limit state (M, = 142 kNm) was applied.

The compressive force was then increased and it was investigated at what
value of the compressive stress the rotation, for constant moment, began
to increase (test B).

As appears from the top left-hand diagram in Fig. 2.29, this occurred at
a stress of 180 N/mmz. The actual yield point of the material was 252
N/mmz, so that this test can be regarded askrepresentative of steel grade
Fe 360. A test was then performed in which an initial stress of 180 N/mm2
was applied in the flanges, after which the moment was increased (test C).
The results are represented in the top right-hand diagram of Fig. 2.29,
from which it can be inferred that the strength decreases when the stress
in the column flange increases above 180 N/mmz. For this reason the draft
code for N.P.R. connections and draft Eurocode 3 include a reduction fac-
tor for the plate strength. This factor has to be applied in the compres-

sive stress in the column flange exceeds 180 N/mmz. It is expressed by:
R = 205 - 2¢n/fy

where bn denotes the normal stress in the longitudinal direction of the
column flange. Therefore:

2b .m
m

Fp = —m—P- . R (2.10)

I1f it is desired to obviate the adverse consequences, the column flanges
will have to be strengthened with stiffeners or a column with larger

cross-sectional dimensions be chosen.

2.13 Main points of Chapter 2

The design strength of a connection is: ﬁv = ?1.hi.
where: ?i = the force that a bolt row can transmit,

hi = the distance from the bolt row to the centre of compression.
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The force, that a bolt row can transmit is determined as the difference
between the design strengths of the bolt groups with and without the bolt
row in question. The design strength of a bolt group is calculated from
the plate strength/bolt strength ratio:

a = FP/E ﬁt = me.mp/m.Z ﬁt

as represented in the formula (2.1), (2.2) and (2.3) in Fig. 2.10.

For connections with column flanges not provided with stiffeners the plate

strength Fp must be reduced by a factor:
R=2.5-223/f 180~ > 180 N/mn’
n'’y n

The effective length for a bolt group is equal to the sum of the effective
lengths of the bolt rows, as shown in Fig. 2.21. The force that a bolt row
can transmit will, for reasons of equilibrium, never exceed:

a. the design strength of the compression side of the connection FC
determined with formula (2.8);

b. the design strength of the shearing zone of the column web Fs de-
termined with formula (2.9);

c. the design strength of the column web or beam web behind the bolt
group.

A connection has sufficient deformation capacity if the design strength

is governed by:

a. shearing of the column web;

b. failure of the column web on the compression side, or if the plate
strength/bolt strength ratio P = Fp/z B, < 2v/(1 + 2v).

The design stiffness of the connection can be determined with formula
(2.6), as represented in Fig. 2.21. The stiffness of the connection can
be increased by prestressing of the bolts only if it is certain that the
contact pressure will duly be aligned with the column web and beam web.
Alternatively, the stiffness of the connection can be increased by in-
creasing the lever arm between the tension and the compression side or

by providing more bolt rows.
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The strength of a connection can be increased by thickening the column
flange (see Section 2.11) or by installing packing plate behind the column
flanges. This latter solution is meaningful only if bolt failure is not
the governing condition, i.e., 1f B < 2y/(1 + 2y) (see Section 2.11.3.).

Compression in the longitudinal direction of the column affects the

strength of the connection for the following values of the stress:

> 120 N/mm2 for the compression side of the connection
(see Section 2.12.2.)

» 180 N/mm2 for the tension side of the connection
(see Section 2.12.3.).

The design strengths of all the components of the conmections can be

calculated independently of one another.
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Chapter 3:

Standardization

General

There is an increasing need to standardize structural connections.

Various manuals giving guidance on the subject, as exemplified in Fig. 3.1,
are already in existence in other countries /21, 22/.

It may well be asked why these standardizations are not simply adopted in
the Netherlands. One reason is that steelwork comstructors in this country
make use of them anyway, if required.

The principal argument against adopting them wholesale is, however, that
the strengths stated for these connections are based on elastic analysis
without sufficient attention being paid to deformation capacity.

From Chapter 1 of the present report it emerges that the calculation of
the design strength of a beam in a braced frame can be simplified if con-
nections possessing deformation capacity are employed. Also plastic theo-
Ty can be expected to be used more and more in calculating the design
strengths of unbraced frames because more and better facilities (computers
and software are becoming available. In such cases, too, it should be pos-
sible to employ connections which possess deformation capacity.

It would not be justified to introduce standardized solutions which are
liable to become obsolete within a few years.

Research has been carried out on the standardization of angle cleats (as
web cleats on beams), which is now nearing completion /23/, and on the
standardization of projecting end plates. This research has yielded rules
which have been incorporated in Chapter 2. One of the most important rules
is that in the design of connections it is necessary to take account of
the differences in force-deformation relations of the various components
of the connections, unless the components possess deformation capacity.
Another important conclusion from the research is that the design rules,
not the connections, should be standardized.

These points will be considered here with reference to a discussion of the

research.
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Fig. 3.1: Types of connection to be standardized or already standardiz

ed.
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3.2 Angle cleats

The reaction force of the beam is assumed to act at the end of the beam.
The bolt group with which the angle cleats are connected to the web of

the beam must transmit the reaction force plus a bending moment (see Fig.
3.2a). If the analysis is performed in accordance with clause 6.2.3.2.1.
of the Eurocode, i.e., based on elastic theory, the distribution of forces
as shown in the left-hand diagram of Fig. 3.2b is obtained.

The reaction force is conceived as equally distributed over the bolts.

In principle this means that plastic deformation is taken into account, be-
cause it is not possible to drill the holes in the cleats and in the beam
with equal dimensional tolerances. In determining the distribution of
forces due to the bending moment it is assumed that the forces are distrib-
uted proportionally to the distances from the centre of rotation. It is al-
so assumed that the centre of rotation coincides with the centroid of the
bolt group. The dotted arrows indicate the resultants of the forces thus
determined. It appears that more particularly the bolts which are located
far from the reaction force, but close to the assumed centre of rotation,
are very inefficiently utilized.

If an elasto-plastic analysis is performed in accordance with clause
6.2.3.1.1 of the Eurocode, a distribution of forces as shown in the right-
hand diagram of Fig. 3.2b can be expected. In some cases the reaction
force may turn out to be as much as 20% larger than that found by elastic
analysis. The precondition 1is, however, that the outermost bolts can un-
dergo so much deformation that those closer to the centre of rotation will
deform to such an extent that they can transmit the force assumed in the
calculatioﬁ.

It appeared questionable whether this would indeed still be possible in
the case of bolts with 2 mm clearance in their holes. To reduce this
clearance did not appear to be justified because the gain due to larger
loads would be offset by higher cost of erection. It was decided to carr§
out tests /25/ to verify the design method described by Fisher and Struik
/24/, the formulae for which are given in Fig. 3.2c. For that purpose a
test set-up was constructed for applying loading in the manner shown sche-
matically in Fig. 3.3a.
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In this arrangement two bolt groups are simultaneously loaded in bending
and shear. Some results are shown in Fig. 3.3b. Clearly, the deformation
at the outer rows was more than sufficient to enable the bolts in the rows
farther inwards as to transmit forces which had been taken into account.
All the test results were verified with a computer program in which the
actual force-deformation relation of plate and bolt had been incorporated.
This relation had been determined by means of some detail tests with and
without clearance of the bolt in the hole. The computer program was based
on a design procedure as described by Fisher and Struik. The test results
were in good agreement with the calculated values, justifying the conclu-
sion that an elasto-plastic approach gives satisfactory results, provided

that the actual load-deformation relation is known.

The last-mentioned condition was decisive in not basing the standardiza-
tion of angle cleats on elasto-plastic analysis. More particularly, the
reason is that with standardization the force-deformation relations that
occur are not known because an upper limit to the yield point of the mate-
rial is imposed. In the actual yield point of the plate material is much
higher than the guaranteed value and if the design value of the bolt
shearing force is not far from the upsetting force, shearing of the bolts
may actually occur. In that case it becomes questionable whether thye as-
sumed distribution of forces is indeed established.

On the basis of these tests it was decided, however, that the upsetting
factors given in the Netherlands code (T.G.B.-Staal '72) were too low.
For the purpose of standardization an upsetting factor of 3 has been
adopted if the edge distance is more than 3d. This is in agreement with

the Eurocode.

E)cteaaéhuA end plates

Connections formed with escrendiid end plates belong to the category of
moment-resisting connections. From the diagram in Fig. 1.9b 1t was appar-
ent that beams connected in this way can be utilized most effectively by
basing their design on plastic theory.
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This is true also if the connections are to be rated as partial-strength
connections; in that case they should possess deformation capacity, how-
ever. For the projecting end plate with four bolts at the tension flange,
as shown in Fig. 3.4a, the available bolt force capacity is insufficient
to form a full-strength connection for European wide-flanged beams greater
than about 300 mm in dept if M27-10.9 bolts are the maximum permissible
size. On the other hand, IPE beams can be formed with full-strength con-
nections in this way.

I1f a smaller bolt diameter and lower grade of bolt are chosen, the limits
will of course be lower. The above considerations lead to the conclusion
that most standardized connections formed with a projecting end plate and
four bolts are not full-strength connections and must provided deformation
capacity if the load on the beam is determined on the basis of a beam mech-
anism.

It has so far been assumed that connections derive their deformation ca-
pacity from:

a. deformation of the column flanges on the tension side;

B. deformation of the column web on the compression side and, in the case

of knee connections, shearing of the column web.

If connections with end plates are employed in structures as shown in Fig.
3.4¢c (secondary beams connected to main girders) the deformation capacity
will have to be provided by the end plates. In Section 2.7 it has been
noted that this is possible 1f complete yielding of the end plate occurs.
To achieve this the plate strength/bolt strength ratio should be made less
than 0.7 if the ratio Yy = n/m is taken as larger than 1.25.

It was decided, as a first approach, to base the standardization of pro-
jecting end plates on this knowledge. There was doubt as to the validity
of the generally accepted rule that a projecting end plate can be analysed
as a T-stub.

The question was whether this basic approach could be retained even if the
end plate must provide deformation capacity. In addition, the yield point
of the end plate material is of importance. If the yield point is much
above the guanranteed value, the plate strength/bolt strength ratio f may
in reality turn out to be higher than the desired value of 0.7.




B

Fig. 3.3: Test set-up (schematic) and test results with which the
deformation capacity under direct compression (upsetting)

was verified.

Standardized end plates

~%E===d Heavy-section beams h > 300 mm
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Fig. 3.4: Standardized end plates should provide deformation capacity
if they are not designed for full-strength connection.




- 57 =

This could result in bolt failure before the plate undergoes sufficient
deformation. This is represented schematically in Fig. 3.5c with the mo-
ment-rotation characteristic which does not cross the line of required
rotation (see Section 1.8). In view of these considerations some check
tests were carried out in which the yield point of the end plate was de-
liberately varied, whereas the thickness of the end plate was calculated
with respect to the guaranteed yield point. The data of the test speci-
mens are given in Fig. 3.6 /26/.

In this case the distance m is the distance to the toes of the angle
cleats connecting the end plate to the beam web, because the end plate

is conceived as a T-stub. Fig. 3.8a showé a typical moment-rotation dia-
gram. The bolts between the flanges ("inner" bolts in Fig. 3.8b) fracture
before those ("outer") in the projecting part of the end plate did (see
Fig. 3.7). This behaviour was attributable to the supporting effect of the
beam web, so that the plate strength/bolt strength ratio for the "inner”
bolts was not 0.7, but approximately 2, as appears from the results assem-
bled in Fig. 3.8c. The theory that bolt failure occurs when B > 2, as ex-
plained in Section 2.2, is thus confirmed.

A cleaner conception of this test result is obtained on making a compari-
gon of the force-displacement diagrams of the "inner" and "outer" parts
with their bolts (see Fig. 3.9). Because of the greater stiffness of the
inner part the bolt located there is already on the point of failure when
the force in the outer part is just beginning to increase. In other words,
the inner part must undergo more deformation (as shown dotted) in order

to allow the plate in the outer part to deform sufficiently to enable the
force adopted in the calculation to develop.

Another method to enable the outer part to cooperate would be to choose a
very thick end plate, so that the stiffness-increasing effect of the beam
web would be eliminated. However, this solution cannot be adopted here,
since the connection must provide rotational capacity, but it does explain
why it was formerly found that the projecting end plate could be analysed
as a T-stub, whereas this 1is now found not to be correct.

From the summarized test results plotted in Fig. 3.10 it is inferred that
a distance m > 30 mm, the use of 10.9 bolts and material with & high yield
point have an adverse effect on deformation capacity if the end plates are
designed as T-stubs for B = 0.7.
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Afb.3.7: Proefstukken na belasten.Bouten tussen liggerflenzen gebroken.

Tost | Bolt Bolt [Plate Actual | A
spacing | grade |thiskness | ylald- 7{;

" poing P

tom o N/

i 30 8.8 16 250 0,48
2 40 8.8 20 2N 0.3%2
3 60 8,8 22 28 10,48
4 30 8,8 16 341 0,48
5 40 8.8 20 366 0.52
6 60 10,9 22 260 0.44
7 30 10,9 19 263 0,63
8 40 8.8 22 270 [0,84
9 60 10,9 25 240 0,59
10 30 10,9 19 38 Q.62
11 40 8.8 22 260 0,54
12 60 10,9 25 356 0.60
13 40 8.8 20 345 Q.52

Fig, 3.6: Data relating to test-

specimens for which the

rotational capacity was

verified,
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Fortthis réason fresh tests ﬁefe pfOposed /26/, and subsequently carried
out, in which m = 30 mm was adopted and the end plate thickness was so
chosen that B = 0.7 for the inner part of the end plate.

The data relating to these tests are given in Fig. 3.11, and some results
are shown in Fig. 3.12. It was decided not only to vary the yield point

of the end plate material and the grade of bolts employed, but also to em-
ploy portions of column in some of the tests. This was done for the fol-
lowing reason. If the plate strength/bolt stength ratio is less than 0.7,
the end plates are fairly thin. The question is then whether, with thin
column flanges and thin end plates, the stiffness requirements under ser-
vice load, as discussed in Section 1.8, are still satisfied.

That this is indeed the case was confirmed‘By the test results /27/.

Fig. 3.13 summarizes the results of the first and the last series of tests.
The plate strength/bolt strength ratios in the ultimate limit state are in-
dicated on the horizontal axis of the diagram; the maximum widths of the
gap formed are indicated on the vertical axis.

The last series of tests is found to give considerably more favourable re-
sults than the first. It confirms the basic conception that rotational ca-
pacity is obtained by choosing a value of less than 0.7 for the plate
strength/bolt strength rather.

The main conclusion to be drawn from the whole research relating to the
standardization of projecting end plates is summarized in Fig. 3.l4.

The investigations aimed at obtaining rotational capcity. It emerges that
this is achieved at the expense of the strength of the comnection because
the bolt force capacity is limited and only 70% of it can be utilized.

If infinitely stiff connections are assumed on the basis of elastic theo-
ry, the end plates should in fact be able to resist large forces, whereas
the rotational capacity need not fulfil particularly exacting require-
ments.

This means that two types of "projecting end plates” would have to be
standardized: one suited to elastic theory, the other to plastic theory.
However, in addition to this there are so many other boundary conditions
governed by the steelwork fabricating workshop and design office that it
turns out to be more sensible to standardize the design methods than the

structural details.




Fig. 3.12: Specimens of the second test series with f§ = 0.7,
without bolt fallure.
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Fig, 3.13: Summary of all the test results.
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In future, design rules should be presented in such a form that they are
directly suitable for incorporation in computer programs which can be run
on microcomputers, so that even any small design office will have access

to, and be able to make use of, the available information.

Main points of Chapter 3

It appears from the test that the distribution of forces in the connec-
tion of beam webs by means og'éﬁéie cleats can be analysed on the basis
of plastic theory if upsetcing of the bolts is the gerrning criterion.
The uncertainty as to the upper limit of the yield point of'the'beam ma-
terial is the reason why this theory has not been applied to the stan-
dardization of angle cleats.

The tests have shown that a projecting end plate cannot be analysed as

a T-stub if this plate is to be so designed that it will provide deforma-
ion éapacity. On account of the supporting effect of the web of the bean
the deformation capacity of the part between the beam flanges may be lim-
ited by premature bolt failure. To obtain deformation capacity from the
end plate it is necessary to make the plate strength/bolt strength ratio
for the part between the beam flanges less than 0.7.

Since elastically designed structures require strength rather than defor-
mation capacity, it 1s not meanigful to standardize end plates for plas-
tically designed structures. End plates which are so standardized as to
possess maximum strewngth are in general not suitable for structures in
which a considerable amount of rotational capacity is required.

The above dilemma has led to the conclusion that what should be standar-
dized are not the end plates, but the design rules. In view of the in-
creasingly widespread use of microcomputers these rules will have to be

made suitable for direct incorporation in computer programs.

CONCLUSION

1. Standardization is necessary

2. No structural details

3. Design methods suitable for
microcomputers are required

Fig. 3.14 : Main conclusion from research relating to
standardization.
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Chapter 4:

Connections subjected to impact loading

Introduction

The behaviour of structural connections which are subjected to impact load-
ing will be considered here, because the test result provide confirmation
for the theory presented in Chapter 2.

The tests were carried out in order to establish design rules for comnec-
tions in explosion-resistant buyildings associated with chemical plants.
These buildings contain monitoring and controle equipment which must con-
tinue to function after an explosion. They are allowed to suffer damage

to such an extent that rebuilding may be necessary, but they must not col-
lapse.

To design the loadbearing structural system to resist the extremely severe
loads due to an explosion, which may be between 20 and 70 times the wind
loading, would be uneconomical. That is why the designer utilizes kinetic
energy to absorb the difference between the external loading and the stat-
ic resistance of such a building. When the external loading has diminished
to less than the static resistance, this kinetic energy must still be ad-
sorbed by plastic deformations of the structure. The kinetic energy and
the plastic deformations it causes will be less according as the strength,
stiffness and mass of the building are greater. For the theoretical back-
ground the reader is referred to /28, 29, 30/. Here follows a description
of the test results confirming the theory of Chapter 2.

Tests

The loading pattern was as shown in Fig. 4.1b. The duration of the loading
was 20 milliseconds. Figs. 4.2 and 4..3 schematically represent the con-
nections that were tested. Those in Fig. 4.2 were formed with end plates
on HE-100A beams.
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that were tested.
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that were tested.
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All the test specimens except No. 6 failed by bolt fracture. This confirms
the theory that bolt fracture occurs when the plate stremgth/bolt strenght
ratio is greater than 2.

According to /31/ there exists a risk of brittle failure if the increase
in strain per unit time de/dt exceeds 1000% per second.

This did not occur here, as is apparent from the moment-rotation diagrams
in Fig. 4.4. The elastic deformations of the structural members associated
with the connections were so large that the strain increase per unit time
remained below that value, despite the suddenness of loading. The moment-
rotation diagrams in Fig. 4.5 relate to the connections between IPE 300
beams and HE 200 B columns as schematically represented in Fig. 4.3.

The failure modes are cleary revealed in Fig. 4.6.

In none of the connections was failure found to occur. All the specimens
were rapidly loaded three times in order to find out whether they would
possess sufficient deformation capacity also if the duration of the load-
ing were greater than 20 milliseconds. The right-hand diagram in Fig. 5
shows the summation of the moment-rotation diagrams of the welded connec-
tion together with those of a specimen of similar construction, but loaded
slowly.

From a comparison of the last-mentioned diagrams it emerges that the con-
clusion arrived at by other investigators /32/, namely, that rapid loading
raises the yileld point, is correct. This was found to be the case in all
the specimens.

This fact could be utilized to adopt a higher value for the "kink" in the
bilinear force-deformation diagram in the analysis of a structure under
explosion loading than in the analysis of a structure under static load-
ing. In his tests Van Beek found this "kink" to be higher by a factor of
between 1.5 and 1.9 than the design moment calculated by the method given
in Chapter 2.

Main points of Chapter &

The conclusion to be drawn from this research is that connections sub-

jected to impact loading can be so designed that failure will not occur.
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Rapidly loaded knee connection with end plate thickness
t = 20 mm, Faillure governed by shearing of column web.

Rapidly loaded knee comnection with end plate thickness
t = 12 mm, Failure governed by end plate,

Fig. 4.6. Knee connections that were tested.
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For this purpose the rules given in Chapter 2 for statically loaded con-
nections may be used. In the case of knee connections there is no need to
impose any special deformation requirements on the end plate connections
if shearing of the column web is the governing criterion.

This latter failure mode provides sufficient deformation to ensure that
the increase in the strains will not be of such magnitude as to give rise
to brittle failure and provides sufficient deformation capacity to absord
the energy. In end plate connections in beams the deformation must be pro-

vided by the plates in order to avoid bolt fracture.
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Appendix A

Example of a calculation of the design strength of a frame with semi-rigid

and partial-strength connections.

Introduction

The frame shown in Fig. A.1 was chosen because Tautschnig /7/ had analysed
it with the aid of a computer program taking account of the actual moment-
rotation characteristic of the comnections. The actual experimentally de-
termined moment-rotation characteristic is shown in Fig.fi .2, together
with the curve that Tautschnig adopted in his analysis and also the bili-

near diagram corresponding to the design rules as given here.

The great difference between the actual diagram and the bilinear approxi-
mation is notable. This difference is due to the rule that the column web
i1s deemed to have failed in shear if the theoretical shear stressﬂ'e// 3
occurs over the area of the web. From the test results it always emerges
that the load can be further increased quite considerably after this theo-
retical failure stress has been exceeded /10/. Tautschnig approximates the
actual curve by assuming that the column web does not fail until the de-
sign strength of the compression side of the connection has been attained.
He proposes that the actual curve of each connection in the structure be
approximated by a combination of three curves to be obtained by tests per-
formed for three basic cases:

- column web loaded in direct (pure) compression;

- connection loaded chiefly in bending;

- connection loaded chiefly in shear.

He illustrates this proposal with a design example in which he employs de-
sign rules applied in the Netherlands to show that these rules are too
conservative. This conclusion may well be correct, but more test results
will be needed to enable the behaviour of every structure to be analysed
with greater accuracy, and not all designers have computer programs at
their disposal whereby the actual moment-rotation curve can be taken into

account.
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Nevertheless, Tautschnig's example is of considerable interest in demon-
strating how conservative our design rules are.

Fig. 4.3 shows the force-displacement curves which Tautschnig calculated
for the frame, as well the force-displacement curve calculated with the
bilinear approximation of Fig. A.2.

Fig. A .4 shows the moment distribution and deformations calculated by
Tautschnig of a load of 195 kN acting vertically and 29.25 kN acting hori-
zontally on the frame with infinitely stiff connections. The results cal-
culated for a similar frame taking account of the actual moment-rotation
curve of the connections, as well as those calculated with the bilinear
approximation of the moment-rotation curve, are also shown.

In this last-mentioned case a fresh calculation was performed for the
frame provided with a hinge substituted for the connection after the lat-
ter had attained its design strength.

For comparison Fig. i .5 gives the moment distribution which would have
been obtained at 195 kN if the design strength of the connection had not
been exceeded. Also shown are the moment distribution on attainment of the
design strength and the moment distribution which is added to it after the
design strength is exceeded. The moment distribution found here turns out
to be different from Tautschnig's.

There are two reasons for this. The first is that Tautschnig adopts a
spring constant of 22100 kNm/rad for the connection, whereas we obtain a
spring constant of 24098 kNm/rad with the design rules. This difference

in stiffness is, however, more than compensated by the difference in the
lengths adopted for the beams. Tautschnig takes the length of the beam
between the lateral faces of the columns, whereas here the system length

has been adopted, with a spring at the intersection of the system lines.

The second reason that can be adduced to account for the difference in mo-
ment distribution is that Tautschnig uses a computer program that takes
account of deformations due to axial forces and to second-order effects.
On the other hand, in het present case the distribution of the moments has
been calculated with the Hardy Cross method of analysis, not taking ac-
count of deformations due to axial forces. Second-order effects have, how-
ever, been taken into account by multiplying all the moments causing

sidesway by a factor m/(n-1).
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For the frame without plastic hinge the Euler buckling load is 3510 kN,
so that n = 18 and n/(n-1) = 1.06 for a vertical load F = 915 kN, while
n = 29.7 and n/(n-1) = 1.035 on attainment of the design stremgth of the
connection for F = 116 kN.

For the frame with plastic hinge the Euler buckling load is 2300 kN, so
that n = 11.8 and n/(n-1) = 1.09 for a vertical load F = 195 kN.




_71_

0,15F -
iil 1PE 300, S T IPE 300: EI = 17556 kNm’
o 2
1 13000 mn HE 180B :EI = 8043 kNm
F | M_ = 116  kNm
, p
**'—'—'—'—"Jr‘ _I_ connection. ¢ = 24098 kNm/rad,
IPE 300 | :
k = EI = 4,12
! | 3000 mm
! ! M, = 54 kNm (35,7% Mp)
%‘- $ 1
1000 2000
1300

Fig. B.l: Frame analysed with fully rigid and semi-rigid and with
full-strength and partial strength connections.

My y (ki [ MY, 5 = 140.9 KNNm)
1°o- e T
/4
. ' thgoretically approximated diagram
120 - "‘<T(Tautschnig) .
1545’6 experimenally deéermined diagram
100 A i
80 |
) !
8604 _ bilinear diagram adopted in design rules
] |
40- % e =346 1073 rad
1 I
‘ |
. = 2.21%x 10" kNm ‘ ‘\’k,c [red)
T I T T T T i
5 10 20 30 L0x(107]
ho = $:39%10°3 rad )

Fig. @.2: Moment-rotation diograms 'of the connections to which the
calculations relate.
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Fig. R.3: Influence of the stiffness and strength of the connections
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Euler buckling load

on the force-displacement behaviour of an unbraced frame,

(zie Fig. 1.6).
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P 229,25 kN P *29,25 kn P,=29,25 kN
— < — T - <
42,2 mm 59,1 mm 88,1 mm
P =19 kN . .
l y lpy 195k P, =195 kN
29,8 mm 38,7 745,4m
P 529,25 kN P #29,25 KN P,x29,25 ki
> H / —> = b —
p,=195 k P,=195 k P =195kN
103,1 KNm l 86,9 kNm 54KNm
AL
17,6 o 5 23,5 (N ) 48,6 NN\~ )
KNm khm || 118,8 km KNm 144,4 kNm
106,5 kNm

A with fully rigid connections D with actual moment-rotation
according to Tautschaiyg, dingrams, according to Tautschnig.

C with bilinair moment-rotation

diagrams ¢ = 24098 kNm/rud,

Fig. A.4: Moment distributions and deformations for the various
assumptions.
P _=29,25 = =
9‘ kN P 1714 kN k P“_lw kN
46,8 mm 27,0 mm a1,) m
P =199 kN - .
ly lpy-us N ry 79 en
31,9 mm 17,4 mm 28,0 mm
p =29, € k =il
a5 p 17!i4TL Pbgs e
P = P =11 s
y 195 kb y 6 k Py 79 kN
92,9 kNm 54 XNm
Al
32,8 18,4 [N_" ) 30,2 N o
km [N ) KNm N KN
71,6 kNm 72,8 khm
A lincar moment-rotation diagram, B linear moment-rotation diagram, C same as A and B, but nov with

¢ = 24098 kNm/rad.

¢ = 24098 kNm/rad. Fp = 3510 kNm
no reduction due-to design-

restricted by design strength of

strength of connection, connection to Qv = 54 kNm

Fig. y.5: Moment distributions and deformations if partial-strength

connections must be taken into account.

hinge at where strength is
exceeded, Fp = 2300kNm.
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Appendix B

Design examples
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Design example 7 : Column

Symmetricallly loaded with stifeners on tension side

and compression side. Bolts M24 8.8

o —h — -
I—

J ‘— 1
| e ;
| I |
! IPE 400 HE 300 A D IPE 400 !
a
| |
l JIVRIPARDPEERFFINBERD] N '
F 5_ L —
End plate 25 mm
Top row of bolts flange with stiffener (example 3) 295.5 kN }7 281 kN
end plate, projecting part (example 4) 281 kN
bottom row of bolts flange with stiffener (example 3) 295.5 kN 295.5 kN
end plate between flanges (example 4)  369.4 kN

Mv = 281 * (0.455 - 0.04 + 295.5 * 0.345 + 116.6 + 101.9 = 218.5 kNm

End plate as T-stub: M = 2 % 281 * 0.4 = 225 kNm

End plate 30 mm

Top row of bolts flange with stiffener (example 3) 295.5 kN 295.5 kN
end plate, projecting part ((example 4) 317.9 kN
bottom row of bolts flange with stififener (example 3) 395,5 kN 295.5 kN
end plate between flanges (example 4)  395.5 kN
M, =295.5 * 0.455 + 295.5 * 0.345 = 236.4 kNm < M_ = 312 kNm
= 236.4 kNm

End plate as T-stub: MV = 2 * 295,5 * 0.4

Figure B.1 :

Design example for symmetrically loaded column with stiffeners.
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i

i
l
1

Design example 8 : Column with stiffeners and more bolt row.

From example 6 it appears that tere is nothing to be gaine from
ners on the
Bolts M24 8.8

constructing this connection without stiffe
compression side.

| TJ ]
L T
= ﬂ T 110
L 1 ) : i
| 1l “ | 75
I T 2 : b
' IPE 400 B 1L HE 300 A 4B IPE 400 S I 75
| s \ 75
4 - . -
| E. T | 60
H- £ ! .
r AT p 60
End plate 25 mm r A I8

From example 6 it is also apparent that a 25 mm thick end plate is adequate

for the sake of completeness this will be checked here.
Projecting part ' 281 kN
Between flanges first bolt row 369,4 kN (see example 4)

b, = 943—%—55 = 209.3 mm

Second bolt row

Effective length, two bolt rows bm = 209.3 + 75 = 284.3 mm

2.b_.m * * * oc #
Strength of plate F_ = 2P 2 * 284.3 tlu 2 240
P m 5
b = plate strength _ 473.8 _ 1.198 B+ 27 _ 0.774
bolt strength 395.5 2 + 27

Y = 0.777 (see example H)

F for second bolt row = 612.6 - 369.4 = 243.2 kN

Third bolt row b = 284.3 + 75 = 359.3 mm

Plate strength = 359 474 = 599 kN » B = 39 . 1.00
284 3*197.75

B+ 27 572, F=0.718*%3*2%197.75 = 853 kN

2 + 27
F for third bolt row = 853 - 613 = 240 kN.

Before calculating the moment it should first be investigated

The calculationof the moment is given in example 11,

= 473.8 kN

, but

whether the column
flanges can transmit the forces calculated above. This will be done in example 9.

Fig. B.2 : Design example for end plate with more bolt rows.
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Design example 9 : Column with stiffeners and more bolt rows
Column flange with no stiffeners on tension side

iConnection similar in construction to that in example 8.
| From example 2 it follows that the two topmost of bolts can each transmit 278.4
 kN. Here follows a fresh calculation, because in example 2 it was assumed that the
gbolt rows are symmetrically loaded, whereas it is here supposed that the top bolt
' row develops te yield line pattern in which the second bolt row is located. In

| itself there is little point in this, because the projecting part o the end plate

ican resist only 281 kN (see example 8)..

top bolt row: effective length 4 m + 1.25 n';

-in column flange m = 29.15 mm
! n' = 95 mm  see example 2
i bm =4 * 29,15 + 1,25 * 95 = 235 mm
: 2b_.m * * » »*
| plate strength m_p_ 2723 1/4 * 1k 240 = 189.6 kN
m 29.15

B = 189.6 - 0.96 = plate strength B+ 2Y _ 0.764

197.95 bolt strength 2 + 2Y
y =035 g, 20 284 g0

m  29.15 1+2y 34,
|F = 0.764 * 395.5 = 302 kN
F for first bolt row: between the beam flanges then 2 * 278.4 - 302 = 254.8 kN
This is meaninglful only if the end plate thickness is chosen as > 25 mm,

{otherwise F for the top bolt ros will remain 281 kN instead of 302 kN as

| calculated here.
i

|
! Second bolt row
Effective length of three bolt rows is 345 + 75 = 420 mm

2D, My o % 2ho * 1/4 * 1l * 2ho
m 29.15

|
iplate strength = 338.9 kN

B = plate strength _ _338.9 0.571 complete yielding of plate
! bolt strength 3 * 197.75 therefore F for three bolt

Y rows = 2 x 338.9 = 677.8 kN

------ = 0.706
1+ 2Y

n

F for second bolt row = 677.8 - 556.8 = 121 kN

!

2y Dy L % 75 % 1/ * 1l * 240
n 29.15

= 121 kN

F for third bolt row

lIt can now be decided whether the column flange or the end plate is the governing
component. From a comparison it appears that the forces are determined by the
column flange.

Fig. B.3 : Design example for column flanges with more bolt rows.
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Design example 10 : Column with stiffeners and more bolt row.
Column flange with stiffeners. Bolt M24 8.8

|
I'r; ] MABTINFASRIP ST EUNY 110
| | K 1
| 3 75
| IPE 400 WE 300 A AL tPE 400 |
l $ ' 75
- L I
l i ]ummmunnmzzn: f:A 60
| 41~‘qnznnnzznnﬁ | ¥ drukpunt

Top bolt row and bolt row 1: see example 3

Second bolt row

4v % 23,75
Effective length first + second bolt rows = -——7?--L—— + 75 = 224 mm

]

2b, My 2 x 224 % ) x 182 % 280 | 505 yy
Plate strength m B 23,75 -

_ plate strength _ 222 0,5614

B = 5olt strength  395,5 . .
complete yielding

2y of plate
sy 0,747
% for two bolt rows = 2 x 222 = L4 kN
f for lst bolt row = 295,5 kN
F for 2nd bolt row = 148,5 kN

2
Each following bolt row is : 2 % 2 % 752§ ;5* 147 » 240 . 148,5 kN

because compiete yielding of the plate has already been attained at the
second bolt row.

The difference between the design strengths for the column flange with

or without stiffeners for the second and following bolt rows is due to

the difference in m.

In the case of the column without stiffeners 1/5 of the transition radius
is added to this. This must be done also for the part where the supporting
effect of the stiffener is zero, SO that F for the second and following

bolt rows is 121 kN (see example 9).

Fig. B.4 : Design example for column flanges with stiffeners and
more bolt rows.
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Design example 1!

Calculations and comparisons of desi

strengths

of column flanges with and without stiffeners
and with several bolt rows.

———tn § ——

+—-— o —

Column flanges without
stiffeners on tension
side (see ex. 3 and 9)

-

End plate 25 mm
(see examples &4
and 8)

Distributions of forces calculated in examples 3, L, 6, 7, 8, 9 and 10.

302(278) 281 278 278 x 0,455=
MRSk Sy -] e
1255(978) 309 | ! L8 | 278 % 0,345=
121 240 ! 121__1 121 x 0,270=
121 240 | 121, | 121 x 0,195=

121 240 ' 121 121 x 0,120=

[ .
2m+0,625n'=117 mm 919 kN
L.

Combination on
column flange
and end plate.

15 kNm

127 kNm

96 kNm
33 kNm

23 kNm

294 kNm

Conclusions

With the basic
plastic moment

of the beam: Mp

assumption that the connection must be

312 kim.
295 0,455
—
l 295 x 0,345

295 x 0,270

885 kN

[
312 kN l
|5
236 kN :
185 kN F::::::
133 kN |
82 kN
41 kN
989 kN
—~.—. A

With end plate and column
flange assumed to be in-
finitely stiff.

.
.

<
5

With results of
example 3 and 9

able to attain the

134 kNm

102 kNm
88 kNm
316 kNm

The distribution of forces for end plate and column flange assumed to be
infinitely stiff can be resisted, with redistribution of forces, by a
column flange with two stiffeners on the tension side. The end plate
should then be made 27 mm thick. With the method of analysis proposed
here the column flange without stiffeners can develop with five bolt
rows a moment of 29% kNm (0.94 Mp)°

Fig. B.5

Design example with design strength of connections.
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Design example 13 : Stiffness analysis

Connection of example 5 : shearing zone governs behaviour; end plate thick-
ness te = 25 mm

Topmost bolt row determines rotation.

Component or Formula for C, for £, F. 2 Ci for Mv .
mechditlem 1 1 ( 1 ) |
F |
Shearing of = - '
oolumn web Cl 0,24 tw 0,24 % 8,5 1 2 4,5
704, 2 2
. C, = 0,8 t = 0,8 * 8,5 (———) 15 15 [
Tension on 2 310 cee example 12
column web 418 )
C3 =0,8 tw = 0,8 ¥ 8,5 C?TG) 15
Compression on .3 3 278 2
column web Cy = f2 _ 14 - (278) 0,8 1,8
4m 4%x29,15
. . Z2A 3
Tension in _ “Ns _ 2x35
bolt Cs *ﬁ; =780 1 11,8 26
t 3 ) .
__e _ _es’ 281,°
Tension-bending C6 4m? 4*402 (?78) 2,5 5,5
of end plate
L L
-1
RS S S SR | 1 1 5 _anN2
C=( s+t 12t 0,8 * 118 t 7 ) ¥ 2,1 ¥ 10° % (455-40)°
2
C = 0,420 * 2,1 § 10_» 415 = 15166 kNm/rad for notational connection
10
C - 15166 ¥ ——12624 - 15166 % 1,09 = 16531 kNm/rad
278,4x% 0,415
_126,4 _ -3
g = 16531 ~ 7,65 ¥ 10  rad for 126,4 kNm

For 1.5-fold lower loading, i.e. for 84 kNm.

Cﬂ%§+%+%§+%§+%+§%)*2&*1?*(%&%V

5 2
- 0.884 % 2,1 % 10° % 35,y 09 - 34844 kNm/rad

10
P =t - 2,41 %107
34844 3 for 84 kNm.
Fig. B.6 : Stiffness analysis for a connection in which the projecting

part of the end plate is so strong that the lever arm for
the stiffness is reckoned as extending up to the topmost

bolt. The strength of the connection is governed by shearing
on the column web. ‘




Design example 14 : Stiffness analysis
Connection of example 6 : behaviour at failure governed by compression
zone and projecting part of end plate (end plate
thickness t, = 15 mm).
First bolt row between flanges determines rotation.
Component or Formula for C, for ¥, - C; for C; _for
mechanism 1 1 Fy M M
— v v
i 1,5
Shearing of
column web ==
_ _ 704, 2
Tension on 02 = 0,8 tw = 0,8 % 8,5 (331) 15 15
column web
C.=0,8¢t =0,8%8,5 (418, 9 15
3 W ’ ? 364
Compression on £ 3
column web f 142 278, %
Cpm s ® ) | ! b8
4m? 4 29,152
. . 2A 2
Tension in 5 2 x 353 243
bolt G =1, = 7%0 (573) 11,8 26,5
t 3 3 2
e 15 243
. . C, = = (57%) 0,29 0,65
Tension-bending 6 2 2 | ‘243
of end plate 12)\2m1 12x0,48x%45
L
_ 1 1.1 1 1 -} 5 )
C—(T§+-§+—1-+11’8+'672'§') *2,1*10 % 345
5 2
C = 0,2122 * 2’16* 107 % 3457 . 5306 kNm/rad for notational comnection
10 '
¢ =134 45306 = 1,6 % 5306 = 8490 kNm/rad
243 % 0,345 ’

p = 15,8 % 1072 rad for 134 kNm

For 1.5-fold lower loading, i.e. for 89 kNm

Loty !

5*tT8* %5 0,68 *olF 10° % 345

C =

+

—
ml -

[ 2
c- Q15 2 2,0 x 107 X 335" 4 1,6 = 17656  KNm/rad

@ = 5,04 x 107% rad for 89 kNm

Fig. B.7 : Stiffness analysis for connection of example 6 with 15 mm end
plate thickness. The lever arm extends to the first bolt row
between the beam flanges.
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Design example 15 : Stiffness analysis

Connection of example 6 : compression zone governs behaviour; end plate
thickness te = 25 mm.

Topmost bolt row determines rotation.

E’ 2 c £ C. for
Component or Formula for Ci for ﬁi ( 1 ) i Jor ',
mechanism '?; MV MV
1,5
Shearing of C. = . _
column web 1
= _ _ 704, 2
Tension on C, = 0.8 t° 0,8 x 8,5 = ( ET@) 15 15
column web
C, =0,8t=0,8%8,5 418,* 6,8 15
3 =0,8¢t=0,0%28, ( 718 )
Compression on . ,
column web _f 143 ZZ§
C4 = g7 T 729,157 ( 278) 0.8 1,8
3 : 2A 2
Tension in _ "¢ 2 % 353 278
bolt CS = —TE = "7%0 ('§7§) 11,8 26,6
t.s 3 2
= & 25 281
Tension-bending C6 Y3 = z—;zay ('§7§) 2,5 5,5
of end plate
_ 1 1 1 1 1 -1 5 ; )
C = (5 *g8*t08 1,8 75 ) T % 2,1 % 10° x (455-40)
C = | 0,51 % 2,1 § 10° # 4152) = 18561 kNm/rad for notational connection
10
C -

164 _ _ ;
778 %0,415 ¥ 18561 1,42 *.18561 26385 kNm/ra

_ 164 - -3
Q - 2638 = 6,2 * 10 rad for 164 kNm

For 1.5-fold lower loading, i.e. for 109 kNm

_ 1 1 1 i Loy - 2

2
¢ - ( Llx2,1210 X815 1 4p - 56493 km/rad

10°
_ 109 -3
P = 6493 - 1,93 % 10 rad. for 109 kNm
Fig. B.8 : Stiffness analysis for connection of example 6 with

25 mm end plate thickness
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Design example 16

Connection of example 7

Stiffness analysis

Symmetrically loaded, with stiffeners on

tension side and compression side; projecting
part of end plate governs behaviour (end plate

thickness 25 mm).

First bolt row between flanges determined Engtiop:“'
- E- 2 C. for
Component or Formula for C, for F, L !
mechanism . N (F;) Ci .for &
My v
1,5
Shearing of C, = o ® 0
column web 1
. CZ = o] =] =<}
Tension on
column web
C3 = o © )
Compression on ts 3 )
column web C, = f = 14 229) 1,33 3
4 = Tov,mZ T 17%0,30%23,7% | (296 ’
Tension in 2As 2 x 353 2962
bolt CS - ]b = 650 .(?'9“6') 11’8 26,5
t s e 3 2
. . = e’ _ 25 369
Tension-bending Ce = 12A2m12 - 12*0,41*457 1(7@3) 2,4 3,5
of end plate

C = ( 1}33 . 234 )" k2,1 % 10° % 3452
c . 08087 22,12 10° x 35 _ 101 yynyrad
10

C = 21401 x 7§E‘§l%j§15 - 45896 kin/rad
B = g = 4,77 %107 rad for 219 kim

For 1.5-fold lower loading, i.e. for 146 kNm
C o= (3¢ §€%§ + 5%? ™' x 2,1 % 10° % 345
¢ - 152257 2,1 2 10° x 345° 30057 Khn/rad

10
c 213 75 % 38057 = 2,14 x 38057 = 81615 Kin/rad
p = gree = 1,79 % 107" rad for 146 kim
Fig. B9 Stiffﬁess analysis or connection of example 7 with stiffeners

on tension side and compression side.
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TDesign example 17 Stiffness analysis

d, with stiffeners on tension
jde; column flanges govern - -
hickness 30 mm). ‘
he flanges continues to

symmetrically loade
side and compression s
behaviour (end plate t
first bolt row between t

Connection of example 7

It will be shown that the
determine rotation.

Tension-bending ted 3
of column flange|Cq = Tt = T?EU%%;?3—7T 1,33 3 3
a ’
Tension in bolt |C s . 22353 11,8 26,5 126,5
5 ]b = 60 H L3 s
Tension-bending _ ter 3 398, 2
of end plate of C6 - Zaf - 'Zi%af (fgg) ‘4»86 9,5
topmost bolt row
t 3 3 2
= - 30 396,
, Ce = To,m,?  T2%0,4T#57 (758! 4,85 } 6,1
First bolt row
L
_Topmost bolt Tov
-1 -
C= (T * T8 b k)T % 2,1 % 10° % (45540} = 0,959 % 2,1 % 105 & 4157

Bolt row between flanges (first bolt row)

1
( 17%;3 +'r%-g *'zjgg ) 2,1 %100 = 3452 = 0,959 % 2,1 % 10° # 3452

Jgggwst bolt row

c

236 _ £1003 kNm/rad

C = 34696 * 75r—50,455

Bolt row between flanges (forst bolt row)

¢ = 23970 kz 236 = 55582 kNm/rad (governing value)
* U, :
5 =236 _ 4,255 107 rad
= 'FS'S_S'? = 4, ¥ ra for 236 kNm

For 1.5-fold lower loading, i.e. for 157 khm

1 1 1 -1 5 2 5 2
C = + + . = 1,8 2.1 % 10% % 345
(’3‘ -2-6-:-5' B—’—T)xZI*IO x 345 1,87 % 2,
C = 46,720 kNm/rad
C = 46720 % 2§5‘§§%'§zs - 108335 kNm/rad
)
p = 157 - 0~" rad for 157 :kN
= 1083 = 1,45*1 ra or .i m
Fig. B.10 Stiffness analysis for connection with stiffeners on tension
gide and compression side of the connection. Checking of the
lever arm indicates that the bolt row between the beam flanges

determines the s

tiffness.
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Design example 18 Stiffness analysis l
Connection of example 8 symmetrically loaded, with stiffeners on
compression side and more bolt rows.
Column flange governs behaviour (end plate
thickness 25 mm).
Topmost bolt row determines rotation. S ‘
Component or Formula for C, for F, i ‘ l
mechanism L 1 ( F; ) G for M, Ci. for
MV
1,5
Shearing of C1 = ® ) o o
column web
Tension on C, =0,81t,=0,8%0,8 (%%%)2 9,6 15
column web
C3 = o ® (-] =)
Compression on
column web t.3
Cy = fe 2 (218, 0,8 1,8
Tensi 4m 4 %29,15
ension in ‘ 2A
_ _ 2 % 353 2782
bolt C5 = —TE = =F0 (273) 11,8 26,6
: , t,’ ’ 369, - :
Tension-bending C6 m—%Tr = m-%s’fw (m) ’ 3,
of end plate 2
S L S S S )" % 2,1 & 10° % 345%= 0,566 x 2,1 x 10° 3457
56708 I8 7.8
C = 13916 kNm/rad for notational connection
c 294 ¢ % 13916 = 3,06 # 13916 = 42660 kNn/rad bij M, = 294 Kiim(see example 1)

3

D = 1%2%6 . 6.69 % 10 rad for M, = 294 kim

For 1.5-fold lower loading, i.e. for Mv = 196 kNm

1

)
('%3 + Tlg 556 +'§lg) x 2,1 %10° % 3452 - 1,057 % 2,1 % 10° % 3452
’ ] ]

(e}
]

_ 294 2 -1
C = »7550,345 % 1,057 % 2,1 % 34572 10" .= 81034 kNm/rad

P

-3 ‘
2,82 % 100 rad for M, = 196 kNm

Fig. B.11 : Stiffness analysis for connection with stiffeners and more
bolt rows.






